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Twelveth International Conference on Geotechnique, Construction Materials and Environment,
Bangkok, Thailand, 22-24 November 2022, ISBN: 978-4-909106087 C3051

Preface

On behalf of the GEOMATE 2022 Organizing Committee, we would like to welcome you in attending the

Twelveth International Conference on Geotechnique, Construction Materials and Environment held at
Swissbtel Bangkok Rachada, Thailand in conjunction with School of Civil Engineering, Suranaree
University of Technology, The GEOMATE International Society, Useful Plant Spread Society, Glorious
International, AOI Engineering, HOJUN, JCK, CosmoWinds and Beppu Construction, Japan.

On Friday 11 March 2011, at 14:46 Japan Standard Time, the northeast of Japan was struck and severely
damaged by a series of powerful earthquakes which also caused a major tsunami. This conference was first
dedicated to the tragic victims of the Tohoku-Kanto earthquake and tsunami disasters. The Geomate 2022
conference covers three major themes with 17 specific themes including:

Advances in Composite Materials
Computational Mechanics
Foundation and Retaining Walls
Slope Stability

Soil Dynamics

Soil-Structure Interaction

Pavement Technology

Tunnels and Anchors

Site Investigation and Rehabilitation

Ecology and Land Development
Water Resources Planning
Environmental Management

Public Health and Rehabilitation
Earthquake and Tsunami Issues
Safety and Reliability

Geo-Hazard Mitigation

Case History and Practical Experience

Even with the COVID-19, this year we have received many submissions from different countries. The
participated countries are Bangladesh, Georgia, Germany, India, Indonesia, Japan, Morocco, Oman,
Philippines, Romania, Saudi Arabia, Singapore, South Korea, Sudan, Thailand and United Arab Amirates.
The technical papers were selected from the vast number of contributions submitted after a review of the
abstracts. The final papers in the proceedings have been peer reviewed rigorously and revised as necessary by
the authors. It relies on the solid cooperation of numerous people to organize a conference of this size. Hence,
we appreciate everyone who supports as well as participate in this joint conference.

Last but not least, we would like to express our gratitude to all the authors, session chairs, reviewers,
participants, institutions and companies for their contribution to GEOMATE 2022. We hope you enjoy the
conference and find this experience inspiring and helpful in your professional field. We look forward to
seeing you at our upcoming conference next year.

Best regards,

Prof. Zakaria Hossain,

Mie University, Japan, — A ner

Chairman (General)
Prof. Suksun Horpibulsuk,

School of Civil Engineering,
Suranaree University of Technology, Thailand, =N .

Chairman (Program)
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IMPROVED MECHANISTIC PERFORMANCE OF CEMENT-
NATURAL RUBBER LATEX STABILIZED SOILS AT VARIOUS
TEMPERATURES

Suksun Horpibulsuk, PhD

Suranaree University of Technology
Nakhon Ratchasima, Thailand

ABSTRACT

Thailand is an agricultural country, which is ranked the top in the world for the production and export of natural
rubber. This study investigated the influence of natural rubber latex (NRL) replacement on the mechanistic
performance improvement of cement stabilized soil. The mechanical strengths were investigated via unconfined
compressive strength (UCS), indirect tensile strength (ITS), flexural strength (FS), and indirect tensile fatigue tests.
The UCS, ITS, FS and indirect tensile fatigue life (ITFL) values were found to increase when increasing the NRL
replacement ratio, up to the highest values at the optimum NRL replacement ratio. The mechanistic performance
improvement was examined through the scanning electron microscopy (SEM) and energy dispersive X-ray
spectroscopy (EDS) analyses. NRL replacement was found to significantly enhance the mechanistic performance
of cement-NRL stabilized soil. Even though the NRL films within the soil-cement matrix improved the cohesion
of the soil matrix, it was found to retard cementation bonding. As such, the excessive NRL replacement not only
reduced the compactability but also retarded the cement hydration; hence the strength reduction.

The increased temperature at the early state of curing affects the fatigue properties of pavement base materials
especially at high cement contents. The cement-NRL stabilized soil was found to have superior ITS, ITFL and
indirect tensile resilient modulus (IT M) values, as compared to cement stabilized soil for the same cement content,
whereas having the same rate of reduction in ITS due to the raised temperature. For the NRL replacement ratio on
the dry side of optimum, the cement-NRL stabilized soil had lower rate of IT M, reduction than the cement
stabilized soil though they had the same ITS due to the higher toughness. Therefore, the rate of ITFL reduction of
cement-NRL stabilized soil was lower than that of the cement stabilized soil. It was proven in this research that
the NRL replacement could reduce the thickness (superior IT M;) of cement-NRL stabilized base course for a
given traffic volume and service life, and therefore the construction (material and operation) cost by 17.26%
benchmarked to cement stabilized base course. The outcome of this research will promote the usage of NRL as a
sustainable alternative to imported synthetic latexes for improving the mechanistic performance of cement
stabilized soil for pavement bases.



12th Int. Conf. on Geotechnique, Construction Materials & Environment,
Bangkok, Thailand, 22-24 November 2022, ISBN: 978-4-909106087 C3051

SOIL BIO-ENGINEERING: A SUSTAINABLE GROUND
IMPROVEMENT TECHNIQUE FOR STABILIZATION OF MARGINAL
SOILS

B. A. Mir, Ph. D., MASCE (USA), MISSMGE (UK), MIGS (1), C. Engg. (1)

Professor, Deptt. of Civil Engineering, National Institute of Technology Srinagar-190 006, Kashmir, J&K (India)
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ABSTRACT

Soil Bio-engineering is a novel technique for enhancement of stability of steep banks/slopes by means of
vegetative cover and reinforced structures. This technique enables the researchers and designers to work together
for sustainable management of ecosystem for the overall benefit of human beings and to safeguard the natural
environment. Many researchers have developed sustainable soil additives/stabilizers for ground improvement to
replace conventional tradional and non-tradional stabilizers, which are ecologically adverse and cause heavy
carbon foot print. Among these soil additives, soil bio-cementation by means of carbonate precipitation has been
found most suitable and eco-friendly ground improvement technique for enhancement of geotechnical properties
of marginal soils. Soil improvement using bio-engineering techniques, which include vegetative covers,
microbial induced carbonate precipitation (MICP) and enzyme induced carbonate precipitation (EICP) are eco-
friendly and sustainable in nature. In this paper, an innovative approach of MICP has been adopted to improve
the unconfined compressive strength and CBR of dredged soils. Dredged soils are dredged from water bodies
and cause tremendous environmental problems if not utilized scientifically. Therefore, to avoid these problems
by dredged soils, two bacteria’s, Bacillus subtilis (B.S) and Bacillus megaterium (B.M), were used under
controlled conditions at an optical density of 2.0 by bio-augmentation approach for improving the properties of
these soils. Based on test results, it has been seen that the dredged soils can be stabilized by MICP technique.
Thus, using soil bio-engineering technique reduces the cost of stabilization of marginal soils and also improves

their engineering properties for safe construction of Engineering Structures.

Keywords: Marginal soils, Soil bio-engineering, Vegetative cover; MICP; Environment, Remediation

INTRODUCTION

Soil is universally available as a construction
material or as a foundation medium for building of
various infrastructures safely. However, there is
scarcity of good construction sites as well as
construction materials due to huge population
increase and rapid urbanization around the world.
Therefore, there is lot of pressure on Geotechnical
Engineers to characterize marginal soils for
construction of various infrastructures. On the other
hand, due to rapid industrialization, lot of solid
waste materials are produced every day, which need
to be disposed-off in a scientific way to avoid any
environmental or health problems. Thus, there is a
dire need of identification of the sources and types
of solid waste materials produced for the sustainable
management and eco-friendly development. There
are various types of solid wastes generated such as
residential, commercial, institutional, construction
and demolition, municipal services, treatment plant
sites, industrial, agricultural and dredging of water
bodies such lakes and rivers. Among various such
solid wastes, this study deals with the solid waste
material generated by dredging the flood spill
channel of Jhelum River, Srinagar. Jhelum River is
essentially the backbone of all its economic

activities in Kashmir [1]. However, this River is also
the main cause of large and small-scale flooding in
the region and one of the most disastrous floods
occurred in September 2014. In view of this, various
flood control measures have been recommended and
one among them is flood spill channel which carry
excess water from Jhelum River during flooding.
But unfortunately, the present capacity of the
channel has decreased due to the encroachments and
sediment deposition in the river and flood spill
channel over the years. Therefore, the scheme for
shoreline dredging of flood spill channel was carried
for the eco-regeneration and  sustainable
development of the flood spill channel. However,
the dredging of the flood spill channel generated the
dredged soil in large quantity posing serious disposal
and environmental problems.

The scarcity of stable soil deposits and inherent
properties of dredged soils has put pressure on
geotechnical engineers for characterization and
stabilization of this soil as a resource for various
beneficial applications for the eco-friendly and
sustainable development of various infrastructures.
Many researchers have reported that the dredged soil
is no longer being regarded as a "spoil" or "waste"
but as a resource [2]-[5]. Its mineralogy and
Geotechnical properties qualify it for use in the
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manufacture of high value, beneficial use products.
However, in such a situation,
modification/stabilization of these soils through
ground strengthening is usually beneficial for eco-
friendly and sustainable development [6]. Also,
since few decades before, the marginal soils have
been improved extensively for the construction of
various infrastructural developments all over the
globe due to scarcity of stable soil deposits [7]-[10].
Soft clay deposits with high water content exhibit
high compressibility characteristics and low bearing
capacity. Due to huge population and urbanization,
there is increasing demand for more and more
infrastructural developments for which very limited
stable construction sites are available. Thus, there is
dire need for improvement of soft soil deposits by
means of various ground improvement techniques.
Although, large number of conventional ground
improvement techniques such as Mechanical Ground
Improvement Methods, Ground Treatment Methods
using Traditional/Non-Traditional admixtures and
Ground Reinforcement Methods have been
developed to improve poor ground conditions.
However, conventional ground improvement
methods are ecologically adverse and cause heavy
carbon emissions [11]-[14]. Therefore, ground
treatment using Soil Bio-Engineering Methods are
increasingly being used for soil stabilization and are
replacing the conventional methods. Soil bio-
engineering is a well-recognized component of
ecological engineering, defined as “the design of
sustainable systems, consistent with ecological
principles, which integrate human society with its
natural environment for the benefit of both”. Soil
bioengineering technique can also be used as
reinforced structures in the construction projects to
provide soil reinforcement such as living retaining
walls and live reinforced earth walls. The concept of

using Bio-Chemical or Biological process in soil
improvement, which is also known as bio-mediated
soil improvement method has proven as an eco-
friendly and a sustainable ground improvement
technique for stabilization of marginal soils [15]-
[18]. The processes of Soil bioengineering being
investigated range from use of living plant materials
to stabilize complex slopes [16], [19] to microbially
induced calcite precipitation (MICP) for solidifying
clays and sands to bio-film slimes generated to
reduce hydraulic conductivity [20]-[22]. Soil
microorganisms are broadly defined as a group of
microscopic life forms that include bacteria, archaea,
viruses, and eukaryotes like fungi.

Many researchers [23]-[24] have reported that
the microbially induced calcite precipitation (MICP)
is an eco-friendly and sustainable soil stabilization
technique, which is being explored by the
researchers all-over the globe. Also, Mitchell and
Santamarina [25] have reported that the bio-
chemical methods of soil stabilization is a novel and
emerging research area in geotechnical engineering
for the sustainable development of various
infrastructures.  Among  various  bio-chemical
methods, MICP technique can alter/enhance the
physical and mechanical properties of the marginal
soils, which can support the superstructures safely
[26]. Reichle [27] reported that the microbes
constitute about 70% to 85% of the living
component in the soil matrix/systems, which can be
successfully utilized as a sustainable means of soil
stabilization. However, researchers need to
understand about the metabolic rate for proper
forecasting and understanding of mechanism and
working principle of how the microorganisms
behave under different conditions [28]. The various
Bio-Engineering Techniques for treatment of
marginal soils are shown in Fig. 1.

“ GROUND IMPROVEMENT BY TREATMENT METHODS ]
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Fig. 1. Bio-Engineering Techniques for treatment of marginal soils
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In the present study, two different bacteria,
Bacillus subtilis (B.S.) and Bacillus megaterium (B.
M.) at an optical density (OD) of 2.0 were chosen
for stabilization of dredged soil. The soil specimens
for UCS and CBR tests were prepared at 0.85 yd(max)
and optimum water content (OMC) to ensure that
sufficient pore space is available for the bacteria and
cementing solution to percolate into the soil matrix.
The UCS samples were treated in both fabricated
brass moulds and full contact flexible moulds
(FCFM) made of non-woven geo-textiles under
controlled conditions and tested as per standard
codal procedures. The increase in UCS for 0.5
cementing solution molarity from 197 to 544kPa and
197 to 637 kPa for B.S. and B.M. bacteria treatment,
in fabricated brass moulds and 197-603kPa and 197
to 674kPa for B.S. and B.M. bacteria in FCFMs was
appreciable. The CBR values increased from 1.3%
to 8.4% for B.S. and 9.1% for B.M. bacteria
treatment in soaked conditions respectively. The
experimental results were also supported by
scanning electron microscopy (SEM) and Fourier
transform infrared spectroscopy.

MECHANISM OF BIO-CEMENTATION

The Mechanism and working principle of Bacteria
for Bio-cemented weak soils have been reported by
Wani and Mir [29]. Bio-cementation is a natural
process that occurs over millions of years and
utilizes microbes, nutrients and natural procedures to
efficiently develop the engineering properties of
soils. Mechanism of bio-cementation starts with
mixing of a urease producing bacteria to the oven-
dried soil and then treatment with external
cementing solution (CS). Through hydrolysis, urea
(CO(NH)2) is hydrolyzed by the enzyme into
ammonium (NH**) and carbonate ions (COs?). The
deposition of CaCOj crystals within the soil grains
by MICP is shown in Fig. 2.
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Fig. 2. Hlustration of MICP technique mediated by
urease and carbonic anhydrase

This COs> combines with calcium ions (Ca®*) from
the Cementing solution molarity (CSM) to form
calcite (CaCOs) which induces strength to the soils
by cementing the particles together (Egn.1):

CO(NH,), +2H,0 — 2NH; +COZ"
CaCl, — Ca?" +2Cl~ )
Ca** +COZ — CaCO, { (precipitated )

MATERIALS AND METHODS OF SAMPLE
PREPARATION AND TESTING

Soil Used in this Study

Disturbed and undisturbed soil samples were
collected from three distinct sites distanced 300m
apart on the flood spill channel of Jhelum River
(Fig. 3). The study area also falls near an
internationally recognized wetland, Hokersar in the
outskirts of Srinagar city, India. The process of soil
sample collection is shown in Fig. 4. The
undisturbed soil samples were carefully packed and
transported to Geotechnical soil testing laboratory so
that the in situ state of soil samples is not altered.
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Fig. 4. Process of dredging, collection of
undisturbed, disturbed soil samples
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The disturbed soil samples were air-dried and
pulverized in the laboratory for conducting various
basic tests such as soil grading, compaction, shear
strength and CBR tests. All the soil samples were
tested as per standard procedures [30]-[33]. The
particle size distribution (PSD) curves of three sites
are shown in Fig. 5 and the physical properties are
given in Table 1 respectively.

0.002 0.075 475
c| Silt size
100 '
[ 1 A Site-S1 ;
L 1 @ Sites2 [ L Sie ot 5|
= S0F 1O siess D1g 0003 NA  0.0033
& - D20 0006 0.0041 0.006]
o [ |D3p 0007 0.0088 0.000I
= 60 7 IDsg 0016 00185 0.021!
= [ IDgg 0019 0025 0.028'
& - ey 63 — 72 :
£ r 4 lcc 09— 07
2 s, 660 418 581 |
o 20 [ | | Sp: Suitability number > 50
I A | unsuitable for backfill |
[ | materrial 1
0 r sl il UEETT
0.001 0.01 0.1 1 10

Particle size (mm)
Fig. 5. PSD curves for different site samples

Table 1 Properties of soil samples used in the study

Properties Sitel Site2 Site3

In situ water content (%) 31.2 317 279
In situ dry unit weight

(KN/m?) 143 136 156
Specific gravity (G) 266 261 2.65
Percentage finer than 75 pm 99 95 92
Clay (%) 7.5 02 04
Silt (%) 915 93 88
Sand (%) 01 05 08
Liquid limit (%) 36.2 339 297
Plastic limit (%) 25,1 246 201
Plasticity index (%) 111 93 9.6
P.I, A-line 118 101 7.1
P.I, U-line 254 233 195
Clay mineral Kaolinite
Classification Ml ML ML
m%xb”}im/?nr%’)””'t Weight, 165 157 165
Optimum moisture content,

ORAC (%) 214 163 157
In situ UCS, q, (kPa) 25,7 155 159
UCS at OMC, qu (kPa) 39.2 333 338
CBR, Un-Soaked (%) 6.3 51 6.9
CBR, Soaked (%) 3.1 1.3 3.7

The test results show that the soil is poorly graded
silty soil with low to medium compressibility.
Hence, the soil is not suitable in its in-situ state as a
construction or foundation material.

Thus, based on basic  geotechnical
characterization of the soil samples, the weakest
sample (S-2) out of the three chosen sample was
selected for stabilization.

Bacteria Used in this Study

In this study, two urease producing bacteria
namely Bacillus Subtilis (B.S) and Bacillus
Megaterium (B.M) Bacillus along with a cementing
solution molarity (CSM) were used for improving
the unconfined compressive strength (UCS) and
CBR of dredged soils.

Bacteria culture

The bacteria culture process has already been
discussed in detail by Wani et al. [34]. In this study,
two bacteria’s Bacillus Subtilis (BS) and Bacillus
Megaterium (BM) were cultivated in the laboratory
as per standard procedure provided by the supplier.
The stock of bacteria was revived on LB-agar Plate
at 37°C overnight. Accordingly, single bacteria
colonies were patched on LB agar plate and grown
in a 37°C incubator. The bacteria cells were then
inoculated in a 5 ml LB broth and grown with180
rpm at 37°C overnight. Similarly, the sub-culturing
process was carried out by adding 2 ml of the
saturated culture in a 200 ml of LB broth and grown
with 180 rpm at 37°C overnight. The bacteria cells
were checked for optical density (O.D.) of 2.0
(equivalent to 2.108 cells/ml) at 600nm till the
desired O.D was attained. The bacteria colony
formation units were projected by the equation given
by previous researchers [35]:

C =859+107 (D%} 0

Where: D = reading at ODggo (the optical density
of a sample measured at a wavelength of 600 nm,
and C = concentration (cells per ml).

Cementing solution molarity (CSM)

In this study, the urea, CaCl,-2H,0O (hydrated
calcium chloride) and distilled water were used for
preparation of cementing solution molarity. A CSM
of 0.5 for UCS tests was prepared by mixing 30 g of
urea and 73.5 g of calcium chloride in a litre of
distilled water to make a litre of CSM solution.
Similarly, a CSM of 1.0 for CBR tests was prepared
by mixing 60 g of urea and 147 g of calcium
chloride to make a litre of CSM solution. The
aforesaid selected CSM values were chosen based
on extensive literature, which revealed that there is
significant enhancement in soil properties at lower
values of CSMs. However, many researchers in the
past have used different concentrations of media for
in-depth studies involving microbes [36]-[37].
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Fabrication of MICP setup

In this study, a customized setup was required
for microbial induced carbonate precipitation
(MICP). Accordingly, the MICP setup was
fabricated in the Institute workshop, which consisted
of unconfined compression test moulds, wooden
stand, over head supply tank and control knobs. The
customized setup is shown in Fig. 6a. The UCS
moulds were fabricated of brass material to avoid
rusting during continuous treating of soil samples
up to 48 hours. The moulds had screw arrangement
at the top and bottom to facilitate compaction at
desired density. Provision for accommodating
porous stones was provided inside the mould and the
final extruded sample was of standard size, 76mm
height and 38mm diameter. Also, full contact
flexible mould (FCFM) (Fig. 6b) was made from
non-woven geo-textiles for treatment of soil
samples.

- ~-& Overhead

Fig. 6. MICP setup for bacterial treatment of soil
samples

Specimen preparation

The remolded soil specimens were prepared at
0.85 ygmax and corresponding water content for
conducting UCS and CBR tests for stabilized soil.
The dry unit weight (yamay ) was chosen dry of
optimum to make sure that sufficient pore void
space is made available for the bacteria and the
cementing solution (CS) to percolate into the soil
specimen. Also, the purpose of using reduced
density was to ensure that there is homogeneity in
the distribution of calcite in the soil specimen. Two
different treatment procedures were adopted for
preparation of UCS samples [32]. In the first method,
the soil specimens were treated from bottom to top in
fabricated brass mould for 48 hours and then tested as per
standard procedure [38]. In the second method, the soil
specimens were treated in full contact flexible mould
(FCFM) made from non-woven geo-textiles. Both the
treatment methods are shown in Fig. 6a&b
respectively. Likewise, CBR tests on soil specimens
were conducted for both unsoaked and soaked
conditions. For unsoaked CBR tests, 48 hours
treatment was given to soil specimens by keeping
the soil moulds in CS buckets. These soil specimens
were tested after 24h rest period. Similarly, soaked
soil samples moulds were kept in CS buckets for
96h and the tested as per standard procedure [33].

RESULTS AND DISCUSSIONS

Effect of Biological Processes on the UCS Values
of Treated Soil

To study the effect of microbial induced carbonate
precipitation on the UCS values of treated soil
samples for site-2, the unconfined compression tests
were carried out on soils samples for different curing
periods. The soil specimens were compacted at
0.85y4max and corresponding water contents on the
dry side of optimum and treated with “BS & BM”
bacteria and Cementing solution (CS) in fabricated
brass and full contact flexible moulds. The stress-
strain curves for “BS & BM” treated soils for both
treatment methods are shown in Figs. 7 (a-b) & 8 (a-
b) respectively. The test results showed that the UCS
values increased from 197 to 544kPa for B.S.
treatment at 2.0 OD and 0.5 CSM for 3 days of
curing, whereas an increase from 197 to 637kPa was
observed for B.M. treatment for the same testing
condition in brass moulds. Similarly, the UCS values
increased from 197 to 603kPa for B.S treatment
with 2.0 OD and 0.5 CSM for 7days of curing,
whereas an increase from 197 to 674kPa was
observed for B.M. treatment for the same testing
condition in full contact flexible moulds (FCFM).
This overall increase in UCS is attributed due to the
formation of calcite which bonds the soil particles
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together. From Fig. 7(a-b), it can be seen that
“UCS” decreased after 3 days of curing period,
which can be attributed due to the access salt
accumulation in brass fabricated moulds and
inactive microbes in the soil matrix. Lee et al.
[2013] has reported that access salt accumulation is
unfavorable to bacteria growth and as such leads to
uneven calcite precipitation. Therefore, in this
study, to over-come this short coming, the soil
samples were treated in FCFM moulds by means of
full immersion methodology. This can also be
observed from Fig. 8(a-b) that “UCS” wvalues
increased after 3 days of curing period, which can
be attributed due to the fact that a uniform
distribution of precipitates in FCFM moulds. It may
be noted here that 2 days of treatment was given in
brass moulds whereas continuous treatment was
provided for FCFMs. This treatment procedure was
chosen for the expulsion of bacteria from the
moulds over large span of time. The test results
indicate that the treated soil samples failed at lower
strain compared to untreated soil, which can be
attributed due to stiffer behavior of treated soil
specimens. Wani and Mir [17] have also reported
similar behavior or bio-cemented soils. The
variation of “UCS” and modulus of elasticity with
increased curing period is given in Table 2. From
Table 2, it is observed that with increase in curing
period, the behavior of untreated soil from ductile to
brittle behavior for treated soil. The change in soil
behavior can also be observed from Figs. 7(a-b) and
8(a-b), which is clearly seen that the failure strain of
stabilized soil specimens is decreasing with increase
in unconfined compression strength and the curing
period for both treatment methods.

Table 2 Variation of “UCS” & modulus of elasticity
of stabilized soils with different curing days

%) —~ Y— =
> ] o 3
€ & 35878 I s
CSM OD 2 ¢ 3Bs T &8
5 S s°7 % B8
© o =<
05 20 0 534 3429 I Ues
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05 20 0 560 6.429 |
05 20 3 58  7.000 n
BS  rcrm
05 20 7 603 7.428
05 20 0 620 8000 I les
05 20 3 637 8571 BM "
moulds
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05 20 0 645 9285 |
n
05 20 3 650 9500 BM .M\
05 20 7 674 13333
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Effect of Biological Processes on the
Microstructure of Treated Soil

SEM tests were conducted on untreated and post-test
stabilized soil samples at a magnification ranging
from 2 to 3k. SEM images for untreated sample (Fig.
9a) showed less interaction between soil particles
and changes in soil  microstructure are
predominantly seen in treated samples (Fig. 9b-d).
The flocculated structure and reduced pore size
along with formation of new cementitious
materials after treatment are also seen in bio-treated
soil samples (Fig. 9b-d).Similar test results have
also been reported by various researchers for the
bio-cemented soils [40]-[41].

=

o v 4 g
SENL NITSgr WD6.3nrm 2.00kV  x2k 2um

Reduced
pore size

SEM.  NITSEr WD10.7mm 2.00kes2k «2um

Fig. 9. SEM image for: a untreated sample, b—d
bacteria- treated soil samples (Site-2)

Effect of Biological Processes on the CBR Values
of Treated Soil in both Unsoaked and Soaked
Conditions

Based on previous research finding, a predetermined
CSM of 1.0 for treatment of soil samples for CBR
[42]. This was done in agreement with the fact that
CSM is directly proportional to the amount of
precipitate [43]. The load-settlement curves for
CBR tests for site-2 under different treatment
conditions are shown in Fig. 10. From Fig. 10, it is
seen that the CBR value increased from 1.3% to
8.4% for BS treated soil and 1.3% to 9.1% for BM
treated soil in soaked conditions. Likewise, CBR
value increased from 5.1% to 13.1% for BS treated
soil and 14.1% for BM treated soil in unsoaked
conditions respectively.

6.0

Soaked CRB Tests
O Untreated soil
< 2.00D+1M (BS) 4 2.00D+1M (BS)
¥ 2.00D+1M (BM) ¥ 2.00D+1M (BM)

Diff. treatment conditions)

Unsoaked CRB Tests

@ Untreated soil
50 ;

4.0

3.0

Load, p (kN)

¥
&

Penetration, & (mm)

Fig. 10. CBR curves for untreated and treated soil
samples (site-2)

The increase in CBR may be attributed due to the
reaction of bacteria with the cementation reagent to
produce calcite, which binds the soil together and
fill the void spaces in the granular soil to increase its
strength [44]-[45]. Dejong etal. [15] attributed
increase in CBR to be due to higher relative density
and increased number of contacts per particle within
the dense sand, which contributed to the higher
CBR value. The higher precipitation of calcite at 1
CSM must be responsible for enhanced CBR values
as the precipitate fills the pores and increases
cohesion amongst the grains. The effect of bio-
cementation on CBR can also be correlated to the
bearing capacity of the same site location as has
been studied by the authors wherein the bearing
capacity increased up to 2 times in the treated state
[17]. The effects on CBR are comparatively low in
the unsoaked state when compared to other
stabilization techniques like cement, lime or use of
geo-synthetics, but still in accordance with Indian
Roads Congress for rural roads [46]-[47]. This
decrease in CBR can be attributed due increase of
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moisture content in the soil specimen, which is
given 24h of rest at room temperature (20-25°C)
after treatment. The post-test variation of moisture
content in the soil specimen with different curing
periods for both treatment methods is given in Table
3. From Table 3, it can be observed that the
moisture content of “UCS” soil specimen decreases
marginally with increasing curing period. However,
the CBR soil specimens have higher water holding
capacity due to their large area compared to “UCS”
specimens. Thus, the CBR soil specimen exhibit
low CBR values, which are permissible as per

standard Codes, and proves beneficial for the field
applications.

Table 3 Post-test variation of moisture content with
different curing periods test methods
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CONCLUSIONS

Based on the test results and discussions, the
following conclusions were drawn:

1.

The UCS values increased from 197 to 544kPa
and 197 to 637kPa for B.S. and B.M. treated
samples with 0.5 CSM for 3 day curing period
by Bio-cementation technique for soil samples
treated in fabricated brass moulds.

. The UCS values increased from 197 to 603kPa

and 197 to 674kPa for B.S. and B.M. treated
samples with 0.5 CSM for 7 days curing period
by Bio-cementation for soil samples treated in
FCFMs.
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. At 1.0 CSM and 2.0 OD bacterial concentrations,

CBR values increased from 5.1% to 13.1% for
B.S. treated soil and 14.1% for B.M. treated soil
in unsoaked conditions respectively. The increase
in CBR values may be attributed mainly because
of the precipitate filling the void spaces and
forming a thin crust of calcite over the sample.

. As the OD, CSM and curing time is increased,

the amount of precipitate in the form of calcite
increases proportionally. The values for B.M.
were considerably more in comparison with B.S.

. The SEM analysis showed reduced pore size and

agglomeration of particles in the stabilized soils,

which supports the test results.

The above experimental procedures have

scale effects, and as such, in situ response might
be different as the samples used in the laboratories
were small and homogeneous. The improvement
in the properties of soil largely depends on calcite
precipitation which is in turn dependent on many
other factors like pattern of precipitation, pH,
development of flow paths, temperature, mixing of
bacteria with the soil, etc. Taking all the above
factors into consideration, the optimization of
calcite distribution is not possible by means of

model testing in the

laboratory. Therefore, the

present results can only be taken to be qualitative
in nature.
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ABSTRACT

Unreinforced concrete members used in construction projects lead to low costs and easy construction, a nonlinear
three —dimension finite element technique utilized in present research to explore the load deflection of unreinforced
concrete beam rest on strip footings by using the computer program(ANSYS 5.4). , the criteria used by solving the
non-linear equation by conducting incremental and iterative method running load procedure. The developed Newton
—Raphson method been conducted for non-linear solution algorithm and load or displacement that used as a
convergence criterion. A vast Investigation been conducted to explore the effects on such parameters such as depth
,width and length of foundation. The results of the experimental and theoretical load — deflection curves showed a
great agreement with those analyzed by four applications using the finite element technique. The present finite element
and available experiential results showed a good agreement. the percentage of differences not exceeding 6% in the
ultimate load prediction and 15.6% in deflection in case of using interface element and critical state model.

Keyword: Strip footing, Finite element, Deflection, Depth, Length

INTRODUCTION

Design of different type of foundations has led to the
concept of transmitting the load to soil through
development a special member system. The
foundations types are varied according to different
requirements. Concrete or steel members like beams or
plates rest on layered soils have attracted the attention
of both structural and geotechnical engineers and
merges the effect on both superstructure and
substructure element.[1] presented his theory of the
modulus of subgrade reaction, the basic assumption of
this model is the relation between the applied surface
pressure and the vertical surface deflection at every
point. [2] studied interaction analysis for the design of
open plane frame resting on soil, the soil has been
modeled as 4-node isoparametric element, a plane
strain approach is adopted for representing the soil. A
comparison is made between the more realistic half-
space continuum and the plane-strain approach to
examine the approximation involved in the letter type
of representation of the soil. They concluded sagging
moments in superstructure beams as obtained using
plane-strain model were always greater than those
obtained from the elastic half. [3] investigated into
numerical analysis of most deep excavation and stated
that most designers careless about structural
modelling. They modify a 3D finite element method to
model in their solutions . The case study was a building
project located in Bangkok .The structure models used
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including diaphragm wall, diagonal braces and bored
piles. They concluded that the types of elements
implemented to model the structures distinctively
affect the analysis of finite element.

[4]) presented a finite element modeling of beam
resting on a two-parameter layered soil, in their model
analysis, they consider the strain energy solutions, the
shear strain of the beam element and soil foundation.
They concluded that the shear deformations showed
crucial influence on the beam, on the structure and on
the interface behaviors. [5] studied the development
of a methodology for the identification of optimal
design parameters for a system of beams resting on a
stone

column—improved soft soil. They conducted a finite
difference—based  simulation model and an
evolutionary multiobjective optimization model. In
their study tried to minimize the settlement at the
center of the beam and the maximum shear force. They
concluded that the evaluation of the system showed
that stiffness of the stone columns or modular ratio and
flexural rigidity of the beam are the most important
parameters for optimal design. [6] presented a
developed method for nonlinear analysis of Euler-
Bernoulli  beams resting on  heterogeneous
multilayered soil.
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They obtained the governing differential equations for
beam and soils displacements using the virtual work,
the equations been solved using one-dimensional
finite-element and finite-difference methods, the
analysis showed that beam responses with accuracy
comparable with those obtained from equivalent two-
dimensional finite-element analysis are obtained
within seconds. [7] studied a boundary element
method to analyze the elastic foundation finite beams
on 2D plane-strain and 3D multilayered isotropic soils.
They tried to explore the solution of multilayered
elastic soils that obtained to be a kernel function of
BEM analysis. They found that with the displacement
and stress condition of coordination between beam and
soil, the solution is acquired for beams resting on
multilayered

FOUDATION ANALYSIS METHOD

[8] established a computer program capable of

analyzing combined footing and irregular with
openings or notches and non —prismatic sections and
resting on layered medium ,by using the finite element
method . In his study used “the thin plate bending
theory”. [9]) analyzed the combined footings and mats
foundations utilized the finite grid method and
prepared nomograms which can aid the designer in
rapid prediction of displacements of displacements and
bending moments. The results of the study compared
with those obtained by finite element and Hetebyi
solution. He also studied the properties of each soil and
foundation ,variation of thickness and configuration of
foundation, effect of adding stone columns and
probable existence of soil voids. [10] proposed a non-
local viscoelastic foundation model to analyze the
dynamics of beams with different boundary conditions
using the finite element method. They conclude that
the case study, prdicted that the finite element
technique is efficient for the dynamic analysis of
beams with non-local viscoelastic foundations.
[11] investigate into behavior of shallow foundation
resting on multi layered and homogeneous soil under
dynamic loading. They used 2-dimensional finite
element software Cyclic TP to modeling the soil
foundation system. In their conclusion ,they compared
the results to understand the effect of layered soil on
dynamic load response of soil foundation system.

INTERFACE MODEL

The use of finite element for analysis of soil
structure interaction problems has been limited to
some extent, however due to difficulties in represent
the interface between soil and structure ,most analysis
been performed using one of two limiting
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assumptions concerning the characteristics of soil —
structure interface :

1- The interface is perfectly rough ,with no possibility
for slip between the soil and the structure .

2- The interface is perfectly smooth ,with no
possibility for shear stress that would retard  relative
movement between the soil and the structure ([12].
Many types of finite elements have been developed foe
representing the soil- structures interface in finite
element analysis in more realistic fashion. [13] In their
study to analyze the seismic of soil- structure
interaction in rigid rock ,applying the finite element
method ,there are many methods modified to input
earthquake on the lateral boundary of finite element
model. They concluded that the formulations and
ABAQUS implementations of these boundaries were
used . The accuracy properties of these boundaries are
then compared by numerical examples including the
free-field and SSI problems. The comparison studies
indicate that the free and VS boundaries failed to
reproduce the free-field and SSI responses when a
relatively small size SSI model is employed. [14]
studied the developments in the particle finite element
method (PFEM) that used for analysis of many
complex coupled problems in mechanics involving
fluid—soil-structure interaction (FSSI). They showed
some examples of application of the particle finite
element method to solve fluid—soil-structure
interaction problems like, the motion of rocks by water
streams, the erosion of a river bed near to a bridge
foundation, the stability of breakwaters and
constructions sea waves and the study of landslides.
[15] in their study to review the non-linear analysis of
soil structure interaction problem. They discussed the
coupled finite element modeling of soil structure
interaction (SSI) system with soil non-linearity and
interface element modeling. In their reviewing study
stated that the focusing is on advantages and
disadvantages of the methods discussed according to
their applicability, accuracy and caliber to idealize the
superstructure and soil.

MODELLING OF MATERIAL

The most powerful representation that incorporates
for concrete and soil behavior is the elastoplastic
model. The model exhibits nonlinearities, failure, and
residual strain upon loading to initial stress condition.
Several location of yield points are introduced due to
various material types , however yield is the starting
point of plastic behavior and the end points of elastic
behavior for the elastic- plastic material . the criteria
for deciding which combination of stress will cause
yielding and this called yield criterion. In present study
the concrete is modeled by Willam and Warnk yield
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surface, while the soil is modeled by Druker- Prager
yield surface.

MODELING OF CONCRETE MATERIAL

There are many constitutive models which have been
developed to predict the response of plain and
reinforced concrete under various stress states. The
main constitutive models are the elasticity based
models and plasticity based models. The elasticity —
based models describe the concrete as a linear elastic
or non-linear elastic material. The elasticity models
have been used to study the non-linear response of
plain and reinforced concrete beams, panels ,and shells
in which the main nonlinearity is introduced by the
cracking and widening of cracks in the concrete[16] .
Elastic model for concrete in compression can be
significantly improved by assuming a nonlinear elastic
stress-strain relationship. [17] proposed a nonlinear
elastic —strain relationships for concrete materials, they
can generally classify into

1- The total stress-strain formation in the form
of secant stiffness relation

2- The incremental stress-strain formulation in
the form of tangential stiffness formulation.

Finite element representation of interface

The present study describes a technique for solving
two and three dimensional interface problems. The
elements (contact 52) shown in Fig. 1 are adopted in
present research

The elements (contact 52) shown in Fig. 1 are adopted
in present research.

Y

Fig. 1 CONTACS52 3-D point —to- point
(ANSYS Manual 1997)

The interface element includes normal and sliding
forces [18] and [19]. This element has one of two
condition if the elastic COULOMB friction is used :

1- Stuck element (no sliding)
Mo [>fs |
Where:

p= coefficient of friction

fo=normal force

fo= Kn (Unj—uni+d)

Kn = normal stiffness

unj=displacement of node j in normal direction
un,i= displacement of node i in normal direction
d= distance between nodes.

Also

fs = Ks (Usj— Usi—Uo )

f= sliding force

Ks=sticking stiffness

us,= displacement of node j in sliding direction
usi= displacement of node i in sliding direction

Uo= distance that nodes i and j have slide with respect
to each other

Writing:
{F}=[K]{A} (1)
[ fn 7
fsy
fsz (2)
fn
{F}= | fsy
fsz
Where :

fn = normal force

fs = stick force (iny and z direction)
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Ui
Vi
Wi

A=y ®)

kn 0 0 -kn 0 O
0 ks 0 0 =-ks O

0 0 ks O

o
1
=~
w

[K]= 0 0 kn 0 O 4)
0 -ks O 0 ks O

0 0 -ks O 0 ks

1. Sliding element
It uifa [=Ifs |

Then sliding occurs in both directions, the stiffness
matrix (in element coordinate) is:

kn 0 0 -kn 0 0
0 0 O 0 0 0
0 00 0 0 0
[K]= -kn 0 0 kn 0 0 (5)
0 0 O 0 0 0
0 0 O 0 0 0

ANSYS Computer Program
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[20]in the present study used a computer program
ANSYS 5.4 to analyze plain concrete beams rested on
soil. The program has the capacity to solving linear and
nonlinear problems including the effect of cracking,
crushing, yielding of reinforcement (if existing) ,creep
,bond slip, temperature change ,with 165 different
elements conducted in the program.

Numerical applications

Numerical actual cases are conducted to compare the

results obtained by the present method of finite
elements with those obtained from experimental or
analytical solutions.
A number of numerical examples have been also
analyzed by the computer program ANSYS 5.4. The
examples also used to check the validity of the material
models used and the applicability and capability of the
analysis method adopted in present research where
different types of elements are employed. The
theoretical study is approximate in nature due to
different factors mainly:

1- Approximation in the material modeling of concrete

and soil.

2- Approximation inherent in discretization in finite

element technique.

3- Approximation in the integrations used in the

numerical analysis.

4- Approximation introduced due to the type of
procedure used in solving the nonlinear system of
equations.

The main results obtained by the solution introduced

through present study are the load — deflection

response, crack propagation and stress distribution.

BEAM REST ON STRIP FOOTING

A long strip footing with uniformly distributed load
of 450 MPa lies on a surface of homogeneous isotropic
linear elastic half space was analyzed numerically by
[21]. Table 1 , showed the details of the problem.
According to the symmetry, only one- half of the case
considered. A mesh of 1338 elements was used to
model the concrete , soil and interface . The details of
geometry and the finite element mesh are shown in Fig.
1 and Fig. 2 respectively. Fig. 3 shows the load —
deflection results obtained by the present study and
compared with results predicted by[21]) using the
finite element and infinite elements for the soil, the
results showed a good agreement. The cracks patterns
at the bottom surface of the beam at initial cracking
and at failure are shown in Fig.4 . It can be noted that
first cracking appeared at a load 300 KPa , the initial
cracks appeared at the bottom region of the beam. As
the load increased, the value of stress in tension zone
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increased and cracks extended towards the top and
sides. distribution stress.

[ Concrete beam
Parametric Study

There are some parameters that affect the behavior Sl : '
of the plain concrete strip foundation on soil under M
static load been studied. These parameters include the

effect of beam’s dimension like length, width and sm
depth.

7 03m

Effect of Beam Depth

The effect of depth of beam on deflection been
investigated by [20], where 6 values of depth been used i
while the length and width are kept constant, equal to S
6 mand 0.5 m respectively. Fig. 5 showed that there
is a distinctive decrease in deflection when increasing

2
the depth of the beam, under the same load. This result I 0'" 4
seemed to be reasonable for increasing the flexural 9
rigidity for strip footing
Effect of Beam Width Fig.1 Geometrical details of strip footing

The investigation of beam width on deflection
carried out using 8 values of beam width while
keeping the length and depth constant. Fig. 6 showed
that there a considerable increase in deflection of the

beam with increasing the width, this may attribute to d
the increase of the concrete mass. L ¥
@
Effect of Beam Length T S0,
The effect of length of the beam studied by oy .
considering 7 values of length while keeping the width Pl e
and depth f. "o
o F ‘
:* o
Table. 1 Material properties of strip footing ," iy i
Concrete | Young's modulus Ec . Ve &
(/mm?)23000 ' £ § g
Compressive fe (N/mm?)25 -
strength .4‘
Tensile strength f (N/mm?)2.5 At
Poisson' ratio ve0.2 f. &
Soil Young's modulus Eso (N/mm?)12
Poisson' ratio Vs00.3
Cohesion C (N/mm?)0 . . . .
Angle of internal 33 Fig. 2 Finite element mesh of strip footing
friction
Interface | Factor friction 0.3

constant, the results as shown by Fig. 7 that the
deflection decreased as the length increased, this also
due to increase of the mass of the concrete.
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Fig.3 Load -deflection curve of strip footing

Fig.5 Effect of thickness on load-deflection curve for

i # strip footing
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IS
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X X X X X N # .5 100
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Fig.4 Crack patterns of strip footing § 03 04 05 06 07 08 09 1

Width of beam(m)

Fig.6 Effect of width on load- deflection curve for
strip footing
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Fig.7 Effect of length on load- deflection curve

CONCLUSIONS

A numerical method of analysis for strip beam
foundation rest on soil under static load been
presented. The analysis implemented 8-node
brick has been wused to model the concrete
foundation. The soil been modelled by 8-node
brick element, while the interaction between the
soil and the concrete foundation is simulated by
contact interface element. Based on the present
finite element developed program ,which been
conducted through the present work , the
following conclusions can be drawn as follows:

1-The ability of wusing unreinforced concrete
eams in the foundation with a good performance
even after the occurrence some cracks.

2-The results obtained from the present finite
element method showed that the computational
model adopted in present research is suitable for
prediction  of  load-deflection  behavior  of
unreinforced concrete  foundation under static
load. The comparison between the numerical
and the available experimental results showed a
good agreement.

3- Increasing the depth of the strip footing leads
to decreasing the deflection under the same
static load. This seems reasonable due to
increase in the flexural rigidity.

4-The depth of the strip footing when increased

the inflection  will  experienced  distinctive
increase due to increase in concrete mass.
5- When increasing the length of the strip

footing ,showed increase in the deflection of the
beam due to decrease in stiffness of the strip
footing beam.
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ABSTRACT

Superimposed MSE walls or multi-tier MSE walls are frequently used due to their eye-pleasing, economical,
and safety requirements compared with single tall MSE walls. Designing an MSE wall requires checking the failure
modes in its external stability, internal stability, and global stability. Calculating the external stability and global
stability for superimposed walls is well explained. Internal stability, however, is more complicated in calculating
the additional vertical stress from the upper wall as an equivalent surcharge on the lower wall with its magnitude
determined by the offset distance. By varying offset distances, the additional vertical stress can be categorized into
three cases. Case 1 is the maximum additional vertical from the upper wall load when the offset distance is less
than Hitan(45-#/2). The additional vertical stress is zero in case 3 where the offset distance is greater than
Hitan(90-4). In case 2, the additional vertical stress is a hyperbola function that can be calculated easily using the
proposed equation o; = [(Hi-z1)/ (z2-22)](yHL+q) in Eq. (7) with geometric and algebraic explanations are used
through a numerical example in designing a superimposed wall.

Keywords: Additional vertical stress, Internal Stability, Mechanically stabilized earth walls, Multi-tier walls,
Superimposed walls.

INTRODUCTION designs.

Mechanically stabilized earth walls or MSE walls
are retaining walls consisting of facing units,
reinforcements using metal strips or geogrids, and
reinforced backfill soil. MSE walls can be single
walls or complex geometric walls like superimposed
walls. Superimposed walls or multi-tier walls are
frequently used due to their eye-pleasing,
economical, and safety requirements compared with

D
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single tall MSE walls. Designing an MSE wall -

requires checking the failure modes in its external Bt o iyton(asi- 5 0 > Hytan(as— 80
stability, internal stability, and global stability. ou 2l RS

FHWA [1] and AASHTO [2] provide details <) MAXIMUM TENSION LINES oo errovomte.

guidelines and clear calculation examples for
designing single walls. However, [1] provides only
two pages as shown in Fig. in designing
superimposed MSW walls.

FHWA/TX-2 [3] suggest design methods for WL o<t (45— 30
multi-tiered MSE retaining walls by treating the P
upper-tier wall as an equivalent surcharge on the Q3 D e (0603
lower-tier wall with its magnitude determined by the fl-o
offset distance. Different offset distances determine
different equivalent surcharges. Figure 1 shows that
there are three cases in which calculating the

3 =Dtandr
32=Dtan (45'+$)

-5
G O

additional vertical stress depends on the offset MR g <0< )
distance.
. . b) ADDITIONAL VERTICAL STRESS
FHWA/TX-1 [4] provides calculation examples ) YERTICAL STRESS
but with some parts of the internal stability checking Fig. 1 Design rules for superimposed walls [1]

which is rather complicated and may lead to mistaken
designs that are evidenced in some superimposed wall

X . An example of this complicated design concept is
damages due to misunderstanding concepts or P P g P

that FHWA [1] mentions that a footing located
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outside case 1 is not a surcharge on the lower wall in
Fig. 1 while an upper wall in case 2, that is outside
case 1, is a surcharge distributed to the lower wall.
This reflects the main question in designing a
superimposed wall is how much the superimposed
load or the additional vertical stress in Fig. 1 is at
different offset distances.

This study provides concepts and proposed an
easier formula than FHWA/T X [4] for calculating the
additional stress imposed on the lower wall. A
numerical example is used for calculation details for
the internal stability checking for 2 tiers of
superimposed walls at different offsets. External
stability and global stability are omitted due to space
limitations.

DESIGN CONCEPT

Let D be the offset distance shown in Fig. 2. Hy
or H, Fig. 2 is the upper wall height. H; or H, Fig. 2
is the lower wall height. @, is the reinforced soil
internal friction angle of both the upper wall and the
lower wall. y is the reinforced soil density of both the
upper wall and the lower wall. g is the surcharge on
the upper wall.

External stability

For external stability checking, there are 3 cases
as follows:

Case 1) If D < (Hy + H,)/20, the wall should be
designed as a single wall with a height H = Hy + H; .

Case 2) If (Hy+H.)/20 <D < H;tan(90 —
@,), the upper wall in a surcharge acting upon the
lower wall.

Case 3) If D = H;tan(90 — @,.), there is no
superimposed load from the upper wall to the lower
wall.

Internal stability

For internal stability checking, there are 3 cases as
follows:

Case 1) D < H;tan(45 - @,), g, = yHy. This
case includes the external stability case 1 and some
part of the external stability case 2 where (Hy + H,)/
20 < D < H tan(45 — @,)

Case 2) H tan(45 —0,/2) < D < H;tan(90 —
2.,

(YHy+q)-of

%= (z2—dp)tan(45—-0+/2) Lo+ g (1)
o = 722 (yHy + q) @)
Z1 = Dtan(br (3)
z, = Dtan(45 + 0,./2) (4)
Ly = (H, — dy)tan(45 — Q)T/Z) (5)

Ly is the active zone length of the i layer of
reinforcement.
d; is the depth of the i layer of reinforcement..

o; is the additional stress on the i" layer of
reinforcement caused by the upper wall.

ay; is the additional stress at the wall face on the it
layer of reinforcement caused by the upper wall.

Equation (1) is from a similar triangle in Eq. (6).
This similar triangle is also shown later in Fig 6.

(YHy+q)—of gi—0f
(z2-dptan(45-0,/2) _  Lg ©)

By substituting Eq. (2), Eq. (3), Eq. (4) in Eqg. (5),
or Eq. (6), g; shown in Eq. (7) remains constant for
all reinforcement layers and does not depend on the
layer depths, d;.

_ (Hp-zq1)
9 = (z2-21) (vH, + q) )

Case 3) If D = H, tan(90 — @,), g; = 0. This
case is the same as the external stability case 3.

Combining external stability and internal stability

When considering both external stability and
internal stability, there are four cases to calculate
additional stress (o;) as follows: case 1) D <
(Hy +H,)/20 , case 2) (Hy+H,)/20<D<
Hjtan(45 — @,), case 3) ) H tan(45— @,/2) <
D < H;tan(90 — @,.) and case 4) D > H,tan(90 —
8.

Let D, = (Hy + H;)/20,D, = H tan(45 — @,./
2), D; = H; tan(90 — @,.).The offset distances D;,
D,, D3 are shown in Fig. 3. In case 1, D is less than
D;, both the upper wall and lower wall will be treated
as one wall. In case 4, D is greater than D3, both the
upper wall and lower wall will be treated separately
as two walls. In case 2, D is between D; and D, the
additional stress is simply o; = yHy. In case 3, D is
between D; and D, the additional stress o; =

i’:L%Zl) (yH,, + q) as mentioned in Eq. (7).
2-21)

D3

D>

D: -3 -

90- ¢
45-l2

Fig. 2  Offset distances showing D1, Dy, D3
A NUMERICAL EXAMPLE

The soil parameters, surcharge, and wall geometry
for this illustrated example are shown in Table 1. The
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total height, H = Hy + H;, =3 + 4 =7 meters. For the

reinforcement length [1] with Hy; = 3 meters, the The reinforcement layers are shown in Fig. 4. The
upper wall reinforcement length is Ly = 0.7H; = reinforcement spacing is 0.5 meters where the top
0.7x3 = 2.1 meters. The lower wall reinforcement layers at both the upper wall (layer 14) and the lower
length is L, = 0.7(Hy + H,) = 0.7H = 0.7x7 = 4.9 wall (layer 8) are started at 0.25 meters below their
meters. The minimum lower wall reinforcement [1] surfaces. The reinforcement layer depths are also
L, = 0.6(Hy + H;) = 4.2 meters is not enough that is shown as d; in Table 4. The active zone length for
later shown in Table 5 at layer 8 representing the top each reinforcement layer is also shown in Table 4
reinforcement of the lower wall that Lt= 4.89 meters using Eq. (5).
which is less than 4.2 meters. With D = 3 meters. The reinforcement depths for 14 layers in both
z, = Dtan®, = 3tan(28) = 1.60 meters from (3). walls are shown in Fig. 4 denoted as d: to dis where
z, = Dtan(45 + @, /2) = 3tan(45+28/2) = 4.99 the lower wall has layer 1 to layer 8 and the upper
meters. The dimension of this 2-tier superimposed wall has layer 9 to layer 14. z; from Eq. (3) and z,
walls is shown in Fig. 3. from Eq. (4) are also included.
Table 1 Soil parameters, surcharge, and wall IR
geometry. Layer 13 d14l
Layer 12 dis
Item Symbol Value  Unit Layerll
Soil cohesion c 0 kN/m? LLZyirr 20 dus
Soil internal friction i/ 28 degree Layer-8 y o
Soil density y 18 KN/ Lay d:T
Surcharge q 10 kN/m? i yer d;
Upper wall height Huy 3 meter Laye
Lower wall height H. 4 meter , taye: g’
2
Offset distance D 3 meter ayer2
Note: All the retained soil, reinforced backfill soil, and the Layer 1 d,
foundation soil have the same properties dy
A2
d Fig. 4 Reinforcement layers for internal stability
Calculation of the additional stresses (a;)
* Hu For the superimposed lower wall, all
l reinforcement layers 1 to 8 fall in to the internal
Y g stability case 2 because D,(=2.4) <D(=3.0) <
D5 (= 7.52). The additional stresses can be calculated
1 H using either Eq. (7) or Eqg. (1) in any layer. All gives
the same result as shown as follows. For example,
! Using Eq. (7), o; = Z225 (yHy + q)
Z B 2741
% T = U190 (18134 10) = 45.30 KN/,
| (4.99-1.60)
! Using Eg. (1) for layer 6 as shown in Fig. 6.
le e LU\J di—z1
. < 2 FromEq. (2),0; = — (yHy + q)
Fig. 3 Dimension of the superimposed wall 125-160 . 24 ,
example D L.-D = 2.99-1.60 (18x4 + 10) =-6.50 KN/m*,

From Eq. (5), L, = (H, — d;)tan(45 — @, /2)

Compared with Fig. 2, D; = (Hy + H,)/20 = (4 — 1.25)tan(45 — 28/2) =1.65m.

(3+4)/20 = 0.35 meters. D, = H,tan(45 — @,./2) = From Eq. (1), 0; = (Hy+a)-of Lo +0;
4tan(45-28/2) = 2.4 meters. D; = H, tan(90 — @,) = (8x4410) £2(2_—6d5i())§an(45—®r/2)
4tan(90-28) = 7.52 meters. ' 1.65 + (—6.50)

" (4.99-1.25)tan(45-28/2)
= 45.30 kN/m?.
Using Eq. (1) for layer 3 as shown in Fig. 6.
From Eq. (2), oy = 21.75 kN/m? at d; = 2.75 m.

From Eq. (5), L, =0.75 m.

ADDITIONAL STRESSES

Reinforcement layers

25



GEOMATE - Bangkok, Thailand, 22-24 November 2022

From Eq. (1), o; = 45.30 KN/m?,

As shown in Table 4 and in Fig. 5, the additional
stress at the wall face, o, is negative if the
reinforcement depth, di, is less than zi. oy, is positive
if di, is greater than z;.

MHu
o = yer 8
O+ - 7'-”);1'
P Oi L L Layer7
N U= Layer6
OfS: L+ “MHu  Layer5
O 4 |F= +7Hu Layer 4
e ~ Layer 3
o3 =0 *-,_7++U ¥
O 4 46 1r;/Hu Layer 2
- -~
oh — . MHu Layer 1
A

Fig. 5 Offset distances showing D1, D2, D3

X3
L Xg g
X1y
X2
VE] Ya /
oy
TT de
4o} a
TT ds
Y1y,
45 + @4/2 |

Fig. 6  Similar triangle in Eq. (6)
Similar triangle of the additional stresses

Figure 6 shows that the additional stresses, a;, for
all the layers in the superimposed lower wall gives the
same value because they all possess the same similar
triangle properties. In this example, g; for layer 1 to 8
using Eq. (1) is 45.30 kN/m?. Fig. 5 also shows that
o; for layer 1 to 8 have the same magnitude.

Figure 6 also shows the similar triangle using Eq.

(YHy+q)-of __ 0i—0f
(6) where (z2-d)tan(45-0,/2)  Lg

For layer 3, y; = (yHy + q) — 053, ¥, = 0; — 0f3,
and x; = (z, — d3)tan(45 — 0, /2), x, = Ly,
For layer 6, y; = (YHy + q) — 0p¢, Y4 = 0; — Oy,
and x; = (z, — dg)tan(45 — @,./2), x4 = Lgg

Figure 7 shows that this similar triangle is also

held for Eq. (7) where o; = %(yHL +q) .
2741

Additionally, similar triangle in Eq. (2) where o

L% (1, + ) holds true with Eq. (7) where o; =

22—

ML=z (g + ) in which di in Eq. (2) is He in Eq.

(22-21)

).
w’q’\
\/\\;”L\ Hu
L
+ v 3
Mura ] /a2 |2
|
T K o He
H -z 2
22-11
- A
K 7/45-¢r/2 Ao

Fig. 7 Similar triangle in Eq. (7)

Additional stresses outside the internal stability
case 2

Eq. (1) or Eq. (7) to calculate the internal stability
are valid only D, < D < D;. Suppose that the offset
distance, D, is 2 meters, this superimposed wall falls
in the internal stability case 1 where D < D, at 2.4
meters. Thus, o; = yHy + q = 18x3 +10 = 64 KN/m?,
However, if the additional stress, o;, is wrongly
calculated using Eq. (1) or Eq. (7), then
Using Eq. (7), o; = 2225 (yHy + q)

From (3), z; = Dtan®, = 2tan(28) =1.06

From (4), z, = Dtan(45 + @,/2)

=2tan(45+28/2) = 3.33

From (7), g; = % (18x3 + 10)

=82.97 kN/m?.
A layer can be picked to calculate g;. For example,
arbitrarily pick layer 6, then
Using Eqg. (1) for layer 6

From Eq. (2),05 = Y5 (yHy + q)
Z3—7Z1
— 1.25-1.06 (18x4 + 10) =527 kN/mZ
3.33-1.60 (yHy+0)-0;
_ YHy+q)—
FromEq. (1), 0; = (z2—d;)tan(45—0;/2) Lato
(18x4+10)=(527) 4 ¢ 4 597

" (3.33-1.25)tan(45-28/2)
=82.97 kN/m2.
This value at 82.97 N/m? is incorrect since the
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similar triangle does not hold. In fact, Eq. (1) or Eq.
(7) are starting to be valid when D is D, which is 2.4.

Suppose that D is 8 meters which is in the internal
stability case 3 where D > D; at 7.52 meters. Using
Eq. (7) or Eq (1), o; = -1.79 KN/m? where the correct
value is g; = 0.

In conclusion, for internal stability case 1 where
D <D, = H tan(45 — ©,./2), 0; = yHy + q . For
internal  stability case 3 where D> D;=
H tan(90 — @,),0; =0

Additional stresses inside the internal stability
case 2

The additional stress (g;) by varying the values of
the offset distance (D) to be inside the internal
stability case 2 or D, < D < D3 is shown in Fig. 8.
Substitute Eqg. (3) and Eq. (4) into Eq. (7) leads to

Hp—-Dtan®,
0 = (Dtan((zl—sljl-(br/z)—D)tanQ)r) (Hy +q) (8)
in which o; is a function of gand D where D, < D <
D3, o; is a hyperbola function.

oi (KN/m2) ¢ =28
70 CETTIEI
60 |
50 |
40 | \

30 | N\

20 | i

10 |

0o 1 2 3 4 5 6 7 8

Fig. 8 Additional stresses by varying D at ¢ = 28

ail o
1.0
08 |
0.6 |
o4t o\
=24\ =36

0.2 { \\{‘\\\\\ N

\:Q; \‘\\“\\
0.0 ‘ BN .

0.0 0.5 1.0 15 2.0 D/HL

Fig. 9  Additional stresses ratio (ai/ ovn) by varying
offset distance ratio (D/H.) and ¢ increment by 2°

From Eq. (8), suppose o,y = yHy +q is the

0 ‘ ‘ ‘ i ‘ Emaane D (m)
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vertical stresses from the upper wall, then the
additional stress ratio is defined as a;/a,y. Also, let
define the offset distance ratio as D/H, . Varying
both the offset distances (D) and the internal friction
angles (¢) is shown in Fig. 8 where ¢ is increased by
2 degrees starting from 24 degrees to 34 degrees.

Figure 9 is further clarified in Table 2 and Table
3. Table 2 shows the offset distance ratios of Dy/H
and Ds/H at different ¢. At ¢ = 28 degrees, for
example, the offset ratio of Do/H. at 0.60 means that
if the offset distance (D) is less than 0.6 of lower wall
height, the lower wall will bear the full vertical
superimposed load from the upper wall (a,y). Also,
Da/H_ at 1.88 for ¢ = 28 degrees means that D must
be more than 1.88 times the lower wall height to get
away from the upper wall load.

Table 3 implies that at ¢ = 28 degrees, the lower
wall with a typical reinforcement length from 0.7L/H
to 1.1L/H [1] is not enough to bear the upper wall
load. 0.7L/H lower wall still needs to bear the
additional stress at 0.79 times the upper wall load.

Table 2 Offset distance ratios of Do/H and Ds/H at
different ¢.

@ 24 28 32 36
D2/HL 0.65 0.60 0.55 0.51
Ds/HL 2.25 1.88 1.60 1.38

Table 3 Additional stresses ratio (ai/ ovn) at different
D/H and different ¢.

) 24 28 32 36
07D/H 090 079 068 057

DH 051 041 032 022
11/H 042 033 024 015

INTERNAL STABILITY

The result from the internal stability calculation is
shown in Table 4 and Table 5, in which

oy =yd; +0; (8)

Ophi = kao-ui (9)

k, = tan?(45 — @,./2) (10)
Thax—i = oniVi (11)

Lei = 1.5Tp05—i/ Ctan(®,)yd;R .« (12)
Lpj = Lgi + Lg; (13)

where
o,; is the vertical stress at the i layer of

reinforcement.

oy; is the horizontal stress at the i layer of

reinforcement.
k, is the active earth pressure coefficient.

Trmax—i i the maximum tension at the it" layer of
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reinforcement.

V; is the tributary area at the i'" layer of reinforcement.
L,; is the embedment length in the resisting zone at
the i layer of reinforcement.

C is 2 for geogrid.

R is coverage ratio = 1.

o is scaling ration = 1.

Ly; is the total length at the i'" layer of reinforcement.

Table 4 Internal  stability showing additional
stresses, vertical stresses, and horizontal
stresses.

Layer di L Oii i Ohi
(m) (m) (KN/m?) (kN/m?) (KN/m?)
8 025 225 -2534 49.80 17.98
7 0.75 195 -1592 58.80 21.23
6 125 1.65 -6.50 67.80 24.48
5 175 135 291 76.80 27.73
4 225 1.05 1234 85.80 30.98
3 275 0.75 2175 84.80 34.23
2 325 045 3117 103.80 37.47
1 3.75 0.15 4059 11280 40.72
Emb 4.0

Note: d; is the reinforcement layer depth. L, is the active zone
length. o is the additional stress at the wall face. o is the additional
stress on the reinforcement layer. Emb is the embedment depth.

Table 5 Internal stability showing maximum
reinforcement tensions and reinforcement
lengths.

Layer d Vi Tmax-i Lei Lri
(m (m) (kN/m) (m) (m)
8 0.25 0.375 6.74 2.64 4.89
7 0.75 05 10.61 1.39 3.34
6 1.25 05 12.24 0.96 2.61
5 1.75 05 13.86 0.78 2.13
4 225 05 15.49 0.67 1.73
3 275 05 17.11 0.61 1.36
2 325 05 18.74 0.56 1.02
1 3.75 05 20.36 0.53 0.68
Emb 4.0

Note: d; is the reinforcement layer depth. V; is the reinforcement
tributary area active zone length of the reinforcement layer. Tpax.i is
the maximum tension of the reinforcement layer. L, is the active
zone length. Ly is the minimum reinforcement length.

The calculation detail can be followed as in [1]
that is not shown here. The tensile of the
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reinforcement layers can be determined using Eq.
(11) and the reinforcement length can be determined
using Eq. (13).

The external stability needs to check the sliding,
overturning, and bearing capacity. FHWA/TX-1 [4]
suggests that only the part of the upper walls directly
above the lower wall is treated as a surcharge. Global
stability in the limit equilibrium method or finite
element method is also omitted because of the space
limitation.

CONCLUSIONS

The key point for internal stability checking in
designing superimposed MSE retaining walls is to
treat the upper wall as an equivalent surcharge on the
lower wall with its magnitude determined by the
offset distance. By varying offset distances, the
equivalent surcharge magnitude or the additional
vertical stress can be categorized into three cases. The
additional vertical stress is maximum in case 1 which
is the full upper wall load where the offset distance is
less than Hitan(45-¢/2). The additional vertical
stress is zero in case 3 where the offset distance is
greater than H,tan(90-¢). In case 2, the additional
vertical stress is a hyperbola function that can be
calculated easily using the proposed equation o =
[(HL-z1)/ (z2-z1)]1(yHL+0q) in Eq. (7) with the geometric
and algebraic explanations.
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ABSTRACT

Flip-type ground anchors (hereinafter referred to as “flip anchors”) are a kind of ground anchors, which do not
require grouting to obtain the pull-out resistance. The flip anchors are directly driven into the ground from the
ground surface with their anchor heads closed. When pull-out forces act on the anchors, their anchor heads rotate
and open in the ground. Unlike ordinary pre-embedded plate anchors, there are few studies on flip anchors. Thus,
to investigate the pull-out behavior of flip anchors, and to estimate their pull-out resistance in sand grounds,
numerical analyses using the finite element method (FEM) were conducted. The Mohr-Coulomb model was
employed to model the soil. The numerical analyses were conducted to simulate full-scale field pull-out
experiments. In the field experiments, 5 sizes of actual flip anchors embedded or driven in the sand ground were
pulled out vertically. Pull-out force and vertical displacement were measured while pulling the anchors. In the
numerical analyses, not only the pull-out resistance but also the displacement of the ground due to the pull-out of
the anchor was investigated. By comparing the experimental results under various conditions with the calculated
results of the FEM analyses, a method of estimating the pull-out resistance of flip anchors by FEM was proposed.

Keywords: Ground anchor, Flip anchor, Numerical analysis, Sand ground

INTRODUCTION open in the ground when tensile force acts. For this
reason, percussion anchors (Figs. 2 & 3) are called
Anchors have been widely used for supporting “flip anchors” in this study.

structures on the ground mainly called earth anchors
or ground anchors. The types of anchors can be
broadly divided into those that are used with grouting
or those without grouting. Among the anchors
installed without grouting, there are mainly 2 types of >

anchors. One is pre-embedded in the ground and the 5
other is driven or penetrated into the ground.

Figure 1 is examples of pre-embedded plate
anchors. The plate anchors are expected to have pull-
out resistance due to earth pressure acting on the
anchor plates. The plate anchors can be used for a
wide variety of purposes, such as embankment
reinforcement, retaining wall reinforcement, tower
support, and so on.

Anchor od e

Fig. 3 Installation procedures of a flip anchor [2].

» Although the flip anchors have convenient

L workability, estimation of the pull-out resistance

—— —a according to ground conditions is more difficult

Fig. 1 Examples of pre-embedded plate anchors [1]. compared to general pre-embedded plate anchors, due

to their particular resistance mechanism. A number of

Among anchors that are driven or penetrated into previous research on empirical estimation of pull-out

the ground, there are commonly 2 types of anchors, resistance of plate anchors were conducted so far,

which are often called “percussion anchors” and such as [3]-[5]; however, there are few studies on flip
“helical anchors”. The pull-out resistance of anchors [6].

percussion anchors is obtained by earth pressures Pull-out resistance of plate anchors has been

acting on the anchor plates like the plate anchors, but estimated based on the ground failure models [7]-[9].

it differs from the plate anchor in that it rotates to As shown in Fig. 4, the ground failure models need to
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be divided into “Shallow anchor” model or “Deep vibration tamper to have a relative density D; of
anchor” model according to the embedment ratio H/L around 80% and a dry density pq of around 1.745 t/m>.
(H = embedment depth of anchor head, L = length of As shown in Figs. 5 & 6, five sizes of actual flip
anchor plate). It is because the slip lines extend from anchors made of ductile iron were used in the
edges of an anchor plate do not reach the ground experiments. The length of the anchor L, the breadth
surface when the anchor is installed deeper than the of the anchor B, and the projected area of the anchor
critical embedment ratio (H/L)e. If H/L is smaller A are different for each anchor. Each anchor was
than the (H/L)e, the failure pattern appears as a buried in the ground during ground preparation at
“Shallow anchor” model, and if H/L is equal or designated embedment depths H under Opened or
greater than (H/L)., the pattern appears as a “Deep Closed head conditions. In driven installation
anchor” model. In practice, (H/L)s can be set in condition, the anchors were driven into the ground
relation to the friction angle of soil ¢’ (Table 1). from the ground surface. After that, each anchor was

vertically pulled out with a hydraulic jack, and pull-
out force F and pull-out displacement w were
measured.

Qy

[ Hiad Biil
iﬁiﬁm" i

™J
[T

A. SHALLOW DEPTH B. GREAT DEPTH

PR

Fig. 4 Ground failure models above a plate anchor.

o

Table 1 (H/L) depending on ¢'[10]

@ 20° 25° 30° 35° 40° 45° 48°
(HL« 25 3 4 5 7 9 11

Merifield [11] estimates anchor break-out factor
Ny for horizontal square and circular anchors by
rigorous numerical analysis for various friction
angles of soil ¢'. The effectiveness of numerical
analysis to estimate pull-out resistance of plate
anchors has been verified.

In this study, pull-out resistance of flip anchors in
sandy ground is calculated by numerical analysis
using the finite element method (FEM). And the

calculated values are compared with measured values Fig. 6 Three installation conditions of flip anchors.
of field experiments. According to the calculated
results, ground failure modes are also investigated. Experimental Results
FIELD PULL-OUT EXPERIMENTS OF FLIP Maximum pull-out resistance Fiax of flip anchors
ANCHORS EMBEDDED OR DRIVEN IN A increased as the projected area of anchors 4 increased.
SAND GROUND Frax of Driven anchors were equivalent to Fmax of
Closed anchors. Fmax of Driven anchors, which is
Experimental Conditions corresponding to the practical installation condition
of flip anchors, reached about 80% of Fiax of
A full-scale model sand ground was prepared in a horizontally embedded plate anchors (Opened
test pit of 4.0 m in length, 4.0 m in width, and 2.5 m anchors). From the results of field experiments, w
in height in a field. The peak internal friction angle ¢’ required for the flip anchors to open sufficiently in the
of the sand, which was measured by direct shear tests, dense sand could be the same amount as plate length
was 42 degrees. The ground was compacted using a L orabout 1.5 times L.
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CALCULATION OF Fuax OF FLIP ANCHORS
BY NUMERICAL ANALYSIS (FEM)

Modeling of the Ground and Plate Anchors

The above field pull-out experiments were
simulated by the finite element method (FEM) to
examine the effectiveness of FEM for estimating pull-
out resistance of flip anchors. A FEM analysis
software Plaxis 3D was adopted.

As shown in Fig. 7, the ground with a length of
4.0 m, a width of 2.0 m, and a depth H of more than
H/L = 20 was modelled for each anchor used in the
field experiments. For the calculation, because the
flip anchor has a unique shape, the shape was
approximated to a rectangle having the same 4 by

adjusting the breadth of anchor B as B, (Table 2 & Fig.

8). For simplicity, the model was split in half, where
the anchor plate was halved (BJ/2). As the
displacement boundary conditions, the horizontal
displacement of the side surface and the vertical
displacement of the bottom surface were fixed. Mohr-
Coulomb model was applied to the soil constitutive
law.

Table 3 shows the parameters of the ground, based
on the ground conditions of the field experiments.
Residual internal friction angle ¢': was adopted in the
FEM analysis. Modulus of elasticity E' was
empirically estimated by £'=2700 N (kPa) based on
measured SPT N-values of the ground. Table 4 shows
parameters of an anchor plate based on the actual flip
anchors used in the experiments (Fig. 5). Interfaces
were set between the bottom of the anchor plate and
the sand for tension cut-off.

sl HiLt="1

S e HIL=3
i T HIL=5
H/IL=17
H/IL=9
H/L=11
H/L=13
H/L=15

sand
ground

anchor |
plate

o R S G|

f

H/L=20

Fig. 7 Modelling of the ground and plate anchors for
FEM analysis.

The following procedure were applied to simulate
the pull-out experiment.
Step 1: Ko self-weight analysis on horizontal ground
was performed with Ko = 1 — sing".
Step 2: An anchor plate was set.
Step 3: Upward vertical displacement that is equal to
L was applied to the anchor plates.
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Table 2 Dimensions of approximated rectangular
shapes of flip anchors for the calculation

Flipanchor L(m) *B.(m) B(m) A (m?
H50 0.160 0.043 0.050 0.007
HI110 0.160 0.079 0.110 0.013
HG100 0.340 0.088 0.100 0.030
HGI180 0.340 0.143  0.180 0.049
HG320 0.440 0.235 0.320 0.103
rectangular B:
anchor mode] €——>
B =
/" e
actual shape of .
plate anchor flip anchor

>
B

Fig. 8 An outline of an approximated rectangular
shape of a flip anchor for the calculation.

Table 3 Parameters of the sand ground for FEM

analysis

Item Value
Unit weight of the unsaturated soil, yinsar  17.10
(KN/m?)
Initial void ratio, einit 0.540
Modulus of elasticity, £’ (kPa) 8400
Poisson’s ratio, v 0.30
Cohesion, ¢ (kPa) 0.0

Residual int. friction angle, ¢’ (deg) 35

Dilatancy angle, y (deg) 0.0
The earth pressure coefficient at rest, Ko 0.43
Table 4 Parameters of the anchor plates for FEM
analysis
Item Value
Unit weight, y (kN/m?) 71.54
Thickness, d (mm) 50.0
Young’s modulus, £ (GPa) 176.0
Poisson’s ratio, v 0.27

Calculation of Fmax of Flip Anchors by FEM
Pull-out force F vs. pull-out displacement w

Figures 9-13 show the relationships of F' vs. w for
each H/L. F becomes larger with an increasing H/L.
The tendency of the relationship changes with
increasing H/L. When H/L < 5, Fmax was clearly
appeared; whereas when H/L > 5, Fnax cannot be
defined because F kept increasing with increasing w.
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The tendency of the relationship of F vs. w seems
to shift from general shear failure to local shear
failure with increasing H/L. And (H/L). is regarded
as a turning point of the tendency. Thus for Deep
anchors [(H/L)e < H/L], maximum allowable w is
need to be defined to determine Finax. Some references
[12] regard w where the gradient (AF / Aw) becomes
to the minimum as the maximum w at Fiax. For flip
anchors in this study, the amount of maximum
allowable w for Deep anchor is defined as L/2.

Figure 14 shows Fnax calculated by FEM vs.
measured Fmax. The calculated and measured values
are in good agreement. Finax of each anchor in deep
anchor condition was estimated from F" at w = L/2.
Fmax becomes larger with increasing 4 or H/L. The
increasing tendency of Fnax changes from an
exponential increase tendency to a linear increasing
tendency at (H/L). as the conversion point.
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5 40 [-E'=8400 kPa | ——H/L=n
2 40 —HIL=9
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2 2 ——HIL=5
2T 1|—HiL=3
HIL=1

Pull-out displacement, w (mm)

Fig. 9 F vs. w by FEM simulations for H50 anchor.
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Pull-out displacement, w (mm)

Fig. 10 F vs. w by FEM simulations for H110 anchor.
Displacement of the Ground

Figures 15 and 16 show the results of FEM
analysis on displacements of the ground when the
HG180 anchor was pulled until the w at Frmax. The
anchor displacements affected the ground surface
when H/L = 1; however when H/L = 5 or more, the
anchor displacements did not affect the ground
surface. From these results, H/L = 5 can be regarded
as (H/L).. This result certainly agrees with the
empirical values in Table 1.
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Pull-out displacement, w (mm)

Fig. 11 F vs. w by FEM simulations for HG100

anchor.
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Fig. 12 F vs. w by FEM simulations for HG180
anchor.
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Fig. 13 F vs. w by FEM simulations for HG320

anchor.
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Fig. 14 Measured Frax vs. calculated Fnax (by FEM).
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Fig. 15 Displacements of the ground at w = 20 mm
calculated by FEM (HG180, H/L = 1).
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Fig. 16 Displacements of the ground at w = 170 mm
calculated by FEM (HG180).

Calculation of Fmax of Half-Opened Flip Anchors
by FEM

Pull-out force F vs. pull-out displacement w

Figure 17 shows the comparison of F vs. w of
Opened (horizontal, = 0°) and half-opened (#=
45°) anchors pulled vertically. The inclined anchor
imitates the anchor in the middle of opening or the
anchor half opened. As shown in Fig. 18, if the anchor
half opened, F tended to be smaller than F of the
horizontal (completely opened) anchor. Fax of the
half-opened anchor was about 2/3 of Fnax of the
anchor completely opened.
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Fig. 17 F vs. w by FEM simulations for full opened
or half-opened HG180 anchor.
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Fig. 18 Measured (full-opened) vs. calculated (full &
half-opened) Fmax by FEM.

Displacement of the Ground
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Fig. 19 Displacements of the ground calculated by
FEM (at w= 170 mm, HG180).
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Fig. 19 shows the results of FEM analysis on
displacements of the ground when pulling the half-
opened anchor vertically. Although the basic
tendency is not so different from that of the fully
opened anchor, the displacement area seems to be
distorted and slightly smaller. That might be the
reason for the smaller Fimax. Thus, in practice, it is
particularly important to ensure that the anchor can be
fully opened to be perpendicular to the pull-out
direction. However, even if the anchor plate is half
opened, it could reach 70% of Finax of the fully opened
anchor.

What required to calculate Fmax of a flip anchor in
the same way as a plate anchor by FEM.

The above results agreed well with measured Fnax
of flip anchors; however these simulations do not take
into consideration the unique mechanism for flip
anchors that rotate and open in the ground after being
driven in closed state. The field pull-out experiments
have shown that flip anchors can attain about 80% or
more of Fmax of horizontal plate anchors having the
same A. Thus, if the amount of w required for flip
anchors to open sufficiently is taken into
considerations as Fig. 20, Fiax of flip anchors can be
estimated by FEM.

Compared to pre-embedded plate anchors at same
H, flip anchors should be installed (Driven) deeper by
at least L. If the anchor plate is not fully opened, Fimax
will be about 70% as shown in Fig. 18. It is necessary
to estimate Fmax With such possibility in mind.

Z\N
H
tail
i s Sl | Y
>
L L
plate anchor

flip anchor

Fig. 20 Difference in H between plate anchor and flip
anchor in calculation

CONCLUSIONS

In this study, the pull-out resistance of flip
anchors in sandy ground was calculated by FEM. The
ground failure modes were observed and the
calculated values were compared with measured
values of field experiments. Main conclusions in the
paper are as follows:

1) Fmax of flip anchors can be reasonably estimated by
FEM.

2) By FEM, the behavior of the ground affected by
the pull-out of flip anchors, and relationship F' vs.
w can also be obtained.

3) The ground failure patterns calculated by FEM
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analysis certainly changes from “Shallow anchor”
to “Deep anchor” at (H/L)e: = 5, which was in
common with the value assumed empirically in
[10].

4) In FEM analysis, F at w = L/2 is defined as Fiax in
the deep anchor condition.

5) When designing H of flip anchors, the amount of
w equivalent to L or 1.5 times L that is required
for flip anchors to open sufficiently, need to be
added to designed H for the installation depth.
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ABSTRACT

The integration of monitoring systems in critical infrastructure is becoming increasingly important for
assessing the safety and reliability of these structures. In geomechanics, a large number of these infrastructures
such as dams, dikes, embankments or bridge abutments contain geosynthetics as reinforcements. This paper
presents a novel approach to capture geogrid activation in terms tensile strains by using a fiber-based electrical
sensor system. The electrical properties of fiber materials as well as their ability to be integrated into or on a textile
justify a high potential for this fiber-based measurement concept. First, the metrological response of the fiber-
based electrical sensor materials to tensile strain is determined and transferred into calibration curves. The
measurement system was applied in geogrid tensile tests in air. Moreover, geogrid pullout tests are performed with
different confining stresses to verify the applicability of the fiber-based electrical sensors to be used on
geosynthetic-reinforced earthworks. The test results with redundant measurements of Linear Variable Differential
Transformers (LVDTs) prove that the novel measurement system is generally applicable for measuring
geosynthetic strains, but has to be improved in terms of reliability for monitoring purposes.

Keywords: Geogrid, Sensor Fibers, Tensile Test, Pullout Test

INTRODUCTION RWTH Aachen University in Aachen, Germany. In
order to avoid measurement disturbance through

Geosynthetic-reinforced  soil (GRS) is an moisture in the soil or environment, bicomponent

important component of infrastructure as it is widely thermoplastic filaments are spun, with a conductive

used for retaining structures for slopes, cuttings, core and insulating sheath. The melt spinning

dams, walls and abutments, to name but a few parameters and the materials used are described in [5].

applications [1]-[3]. Typically, geogrids are used as The characteristic properties of the employed

geosynthetic reinforcements to enhance the overall filaments are shown in Table 1 as well as a cross-

stability and to improve the settlement performance sectional microscopy image in Fig. 1.

of the structures by interaction mechanisms described

in [4]. Once the geogrids are embedded in the soil, the Table 1 Properties of the sensor filament

GRS is ablack box for the designer, as there is usually

no information available about the mobilization of the Property Units Value

reinforcement in the structure. However, the Fineness dtex 1280 (+ 83)

integration of monitoring systems in critical Diameter um 408.82 (+ 6.55)

infrast_ructure is becoming _inc_rgasingly important for Linear resistivity ~ MQ/m 3.9 (+ 0.5)
assessing the safety and reliability of these structures. i

In this context, this paper presents a novel fiber- Tensile strength  cN/tex 5.37(+0.34)
based electrical sensor material to measure Max. Elongation % 697.89 (+ 44.11)
geosynthetic tensile strains in GRS structures. The Elastic limit % 1.805 (= 0.043)
new measuring technique was tested in tensile tests in
air and in pullout tests in soil with the fiber attached

to the geosynthetic Condugti e
) nductive

MATERIALS AND METHODS

Materials

Fibers

200 pm

The sensor fibers employed in this work are

developed at the Institut fiir Textiltechnik of the Fig. 1~ Cross-sectional microscopy image of the
sensor filament.
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Geogrid

In this study, a biaxial geogrid made from
polyester (PET) was used. The general specifications
are summarized in Table 2 for machine direction
(MD) and cross-machine direction (CMD).

Table 2 Characteristic properties of the geogrid

Property Units Value
Polymer - PET
Aperture size, da mm 25%25
Mass per unit area g/cms3 160
Ultimate tensile strength,
Tt in MD/CMD kN/fm = 20/20
Strain at ultimate tensile 0
strength, & in MD/CMD % =100
Tensile stiffness, Jo-1% kN/m 357

Soil

A dry sand was used as fill material. According to
the Unified Soil Classification System (USCS) [6],
the soil is classified as a poorly graded sand (SP). The
characteristic properties of the sand are given in
Table 3 for a relative density of D, = 89%, which was
used in the subsequent pullout tests.

Table 3 Characteristic properties of the soil

Property Units Value
Grain density, ps glcms3 2.65
Mean particle size, dso mm 0.5
Void ratio, emin/€max - 0.482/0.842
Friction angle, ¢ c=o ° 43.9
Stiffness, Eoed MN/m? 52.9

Testing methods
Calibration curves

In order to understand the sensor response of the
filament, calibration curves are produced, which are

then used for the data interpretation of the trials in soil.

The filament is first contacted, in order to receive the
electrical signal from the core of the filament. To do
this silver paint was applied to the end of the filament.
This increases the accessible conductive area. This
silver-tipped filament is then connected to a standard
copper wire with a mechanical crimp.

To record the change in resistance during
straining, a digital multimeter is used (Keithley 2100
Series: 6,5 Digit USB Multimeter, Tektronix, Inc.,
Oregon, USA). The strain is induced using a tensile
tester, zwickiLine Z2.5, ZwickRoell GmbH & Co.
KG, Ulm, Germany. The strain rate for the calibration
curves was held at 1 mm/min, in order to match the
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strain rate of the later measurements. The
experimental set up for the calibration curve
generation can be seen in Fig. 2.

Sensor filament \\

50 mm
A
4
40 mm \ u
- Multimeter
- Electrical _—— "
3 contact _

Fig. 2  Experimental setup for the calibration

Application of fiber on geogrid

The application of the fiber-based sensor
technology on the geotextile is an essential issue for
ensuring the functionality of the system. The
application must ensure the transmission of the forces
and strains to the sensor fiber without influencing the
properties of the sensor fiber at the connection points.
In addition, the application method must be able to
withstand the stresses that occur during handling,
installation and operation. Regardless of the
application method, the sensor fiber must be applied
in a stretched state, so that stretching of the substrate
results in immediate stretching of the sensor fiber.

Bonding by means of individual clamps or textile
bonding methods such as sewing or embroidery are
ruled out because of the effort involved and the lack
of reliability of the bond. In addition, these methods
involve an increased risk of premature damage to the
sensor fiber due to mechanical clamping loads. In
comparison, the utilized adhesive bond is
uncomplicated to apply and avoids any additional
mechanical stress on the sensor fiber.

Tensile tests in air

In order to investigate possible changes in the
sensor response due to the application process, the
filaments applied the geogrid are also tested in air
before performing pullout tests in soil. For these tests
the tensile tester ZMART.PRO, ZwickRoell GmbH
& Co. KG, Ulm, Germany is employed. The
maximum tensile force of this device is 20 kN, which
is needed to apply strain to the geogrid. The strain rate
is held at 1 mm/min and the clamping length is
250 mm. The test setup for the tensile test in air of the
sensor filament applied to the geogrid can be seen in
Fig. 3.
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Sensor
filament

¥

Fig. 3  Test setup for tensile test of applied filament
on the geogrid in air

Pullout tests in soil

Pullout tests are typically used to quantify the
interfacial efficiency of geosynthetic reinforcements
with the fill. Its wide application is due to the ease of
experimental realization and the standardized
framework [7]-[8]. The experimental setup of the
pullout tests of this study is shown in Fig. 4.

_~ Load cell
| . s
S 5 T
(&}
Sty EEEEEEE Pullout
o AR direction
@ ‘ 43.7cm ‘ \
‘ ‘ Clamp
Gn
o Ut Fcl

(b)

7/

b &3 Actuator
Actuator pullout load

normal stress

L\ id

o [hoL e

Fig. 4  Experimental setup for pullout tests: (a) top
view, (b) side view, (c) final setup

In the tests, geogrids with dimensions of
750 x 210 mm in length and width were used. The
mid-section of the geogrid was embedded in the test
box filled with soil and the rear ends were led out of
the box. On top of the specimen, a constant normal
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stress was applied with an actuator loading the top
plate. Then, the geogrid specimen was pulled out of
the confined soil at the right end by a clamp moving
displacement controlled with 1 mm/min. The test
series comprises three tests with varying normal
stresses of on = 7.5, 15 and 30 kN/mz2. At each test, the
pullout load and displacement of the clamp were
recorded. Additionally, the fiber-based measurement
system was tested in the measurement section (A — B),
shown in Fig. 5. At the neighboring longitudinal
member conventional steel wires connected to
LVDTs outside the box were used as a redundant
control measurement.

steel wires ===z control
o | e i |

- .-

.
steel wire

Fig. 5 Detail of measurement section

RESULTS AND DISCUSSION

First, calibration curves of the fiber material are
developed that relate the electric resistance to the
tensile strain. Second, the performance of the sensor
fiber is evaluated in geogrid tensile tests in air. Third,
the novel measuring system is tested for geogrids in
soil subjected to pullout.

Calibration curves

In Fig. 6, the electrical response of the filament
alone is shown for 7 repetitions.

22
15 -
@ 1A
x
<
05 -
0 1 1 :
0 5 10
Strain [%]
Fig. 6 Initial calibration of the filaments alone



GEOMATE - Bangkok, Thailand, 22-24 November 2022

It is clear that the filaments have a slight increase
until 5%, then a rapid increase after this point. The
filaments are relativity homogenous at low strains (0—
5%), but deviate after this point. The focused region
of 0-5% can be seen in Fig. 7. The sensor response
can be considered linear at the lower strains and
homogeneous. This is only partially relevant for the
application at hand, since strains up to 10% can be
experienced by the geogrid as stated in Tab. 2.

0,08
y = 0,0091x + 3E-05

— 0,06 R = 0,9562
o 0,04 —”'
E “o"—
< 0,02 = gt

O .""_‘ T T T T g

0 5

2. 3
Strain [%]
Fig. 7 Sensor response 0-5%
Performance evaluation in air

The sensor response is then repeated for the
filaments which are applied to the geogrid to
investigate possible changes due to application. In
order to ensure reproducible results, the filaments are
applied in a pretensioned state. This is evaluated for a
pretension to reach a specific strain (10%) and
specific resistance (1 MQ). The resulting graphs of
the electrical response of the filaments in both states
can be seen in Fig. 8 and 9 (zoomed in to 0-5%).

to 10% pretensioned

0 - T >
5 10
Strain [%]

(o]
»
»

to 1 MQ pretensioned

O ' T T >
5 . 10
Strain [%]

Fig. 8  Sensor response for applied filaments, (a) to
10%, (b) to 1 MQ
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Fig. 9 Sensor response for applied filaments only
0-5%, (a) to 10%, (b) to 1 MQ

It is clear to see that the sensor response is
stronger for the 10% pretensioned (larger slope), but
that the response is more homogenous for the 1 MQ
pretensioned samples (larger R2). When comparing
the response of the single filament with the applied
filament, it can be seen that the response is much
lower for the single filament, but very homogenous.
These differences are compared in Fig. 10.

(a) 10% (b) 1 MQ (c) Filament
30 a 30 a 0,08 3
25 1 2,5 1
0,06 A
:2,0 k 2,0 1
X15 15 4 0,04 -
E il y ) il
<1,0 1 1,0 7
20,02 1
0,5 1 0,5
00 +——» 0,0 0,00 4

OStrain [%5] 0Strain [%? OStrain [0%]
Fig. 10 Comparison of the homogeneity and
sensitivity, (a) prestrained to 10%, (b) prestrained to

1 MQ, (c) not prestrained single filament
Performance evaluation in soil

Fig. 11 shows the tensile force-displacement
curves of the clamp, pulling out the geosynthetic from
the soil for the three confining stresses. Each test was
repeated (Test-1 and -2) and the good agreement of
the response curves confirmed the tests. Geogrid
pullout occurred for normal stresses up to 15 kN/mz2.
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Contrary, rupture at the clamp was observed at
30 kN/m2, because the pullout resistance exceeded
the ultimate tensile strength of the geogrid. The
rupture is evident from the rapid decrease of tensile

load at a displacement of about uci = 17 mm.
—Test-1 ----- Test-2
20
* o, = 30 kKN/m2 o, = 15 kN/m2

_ 16 y
E o ) - 1
= 12 H
= 8 p ;
TR B2 N

4 Op = -

7.5kN/m2
0 T T T T :

0 5 10 15 20 25 30 35
Ugy (mm)

Fig. 11 Results pullout tests

The interface coefficients were calculated for
normal stresses up to 15 kN/m?2 according to the total
area method, which assumes an average shear stress
along the full anchorage length on the top and bottom
of the geogrid. This assumption applies for the
present tests since pullout failure of the entire geogrid
was observed. In Fig. 12, the internal shear strength
of the soil and the maximum mobilized shear stresses
at the geosynthetic-soil interface from pullout tests
are plotted. By relating the interfacial shear stress to
the shear strength of the soil, the interface efficiency
/. was determined to 0.95 and 0.91 for normal stresses
of 7.5 and 15 kN/m?, proving a high interaction
efficiency of the geosynthetic with the soil.

A
A3O 1 Internal shear
£y - strength of soil
p4 .
3 sand vs. geogrid
©10 (rupture at clamp)
sand vs. geogrid (pullout)
O T T T T T T :I
0 5 10 15 20 25 30 35

o, (KN/m?)
Fig. 12 Interface efficiency from pullout tests

The fiber-based measurement of the geogrid
strains was tested in the measurement section as
shown in Fig. 5. The results of the measured geogrid
strains are summarized in Fig. 13 for the three
confining stresses, where the dotted lines represent
the control measurement with wires connected to
LVDTs and the and continuous lines represent the
fiber measurement. For the control measurements
with LVDT, the measured geosynthetic strains
increases as the pullout resistance was mobilized.
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Once the geogrid was pulled out of the soil, the
geogrid strain remained relatively constant, even
though a slight decrease was found at 7.5 kN/m2 and
an increase was detected for 15 kN/m2. Overall, the
geosynthetic strains were found between 2-7%,
where no clear tendency of strain magnitude was
found for different confining stresses.

As can be seen from Fig.13, the fiber
measurement technique resulted in geosynthetic
strains that were reasonably consistent (a, ¢) with the
control measurement, or significantly deviate from
the strains determined with LVDTs (b). For a normal
stress of 7.5 kN/m2, both measurements represent
similar tensile strains up to clamp displacement of
15 mm. Then, the fiber recorded a rapid increase in
tensile strain, which was not detected by the LVDTs.
The reason can be explained with a local stretching of
the fiber, which will be discussed in detail in the
chapter “limitations”. For a normal stress of 30 kN/m?,
the fiber measurement represented the tensile strain
of the LVDT measurement accurately during the
mobilization of the pullout resistance (up to
Ug =15 mm). From there, a constant tensile strain
was measured, which was, about 100% higher than
recorded by the LVDTs. For a normal stress of
15 kN/mz, the fiber measurement did not correspond
to the geosynthetic strain at any clamp displacements.

LVDT

..................................
.................

[
T T >

25 30 35

...............
.......

0 15 20 25 30 35
(b) Ug (Mm)

=30 kN/m?

0 5 10 15 20 25 30 35
Uel (mm)

(©

Fig. 13 Results pullout tests for normal stress of (a)
7.5 kN/m2, (b) 15 kN/mz2, (c) 30 kN/m?

In conclusion, the pullout tests revealed that the
fiber measurement technique is generally applicable
for measuring geosynthetic strains (Fig. 13 a, c).
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However, it should be emphasized that at the fiber
used in this study, was not reliable enough to
represent the tensile strain in all tests and significant
deviations were detected during one of the three tests.

LIMITATIONS

The test results of the previous section have
clearly revealed that current development stage of the
fiber measurement technique is not reliable enough to
be used in geotechnical structures as monitoring
system. The limitations of the system can be
summarized as follows:
¢ Inhomogeneous cross section of fiber resulting in
deviating electrical resistance due to not
optimized spinning process

o Difficult contacting of the filament to cable and
geogrid due to small dimensions

e Sensitivity of the filament to mechanical strains
outside of the testing area (Fig. 14)

e Filament relaxation from application to testing

e Sensitivity of the filament to mechanical impact
of the surrounding soil.

o

Sensing area

Fig. 14 Deformation of the filament

CONCLUSIONS & OUTLOOK

The results of this work are promising in showing
that the measurement of strains in geostructures is
principally possible when employing filament-based
sensors. However, the need for process optimization
has been demonstrated. In the next steps, the
processing parameters of the spinning trials for the
filament production will be further investigated and
improved. Afterwards, it is expected that the sensor
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response is not only more accurate but more sensitive.
Furthermore, the material used can be modified, as a
lower resistivity can actually contribute to a higher
sensitivity of the sensor. For this, the particle
concentration can be lowered in order to find the
maximum sensitivity of the sensor filament.

Additional work must also be carried out in the
sensor calibration. Possible other environmental
changes, such as pressure, moisture or temperature
can alter the electrical properties and must be
compensated. The sensors should be tested in cyclic
stress as well as relaxation, in order to understand the
long-term changes of the electrical resistance when
the filament is pretensioned during application.
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ABSTRACT

Human activities are increasingly altering subsurface conditions leading to unwanted ground deformations.
Excessive ground deformations endanger buildings, linear systems, underground facilities, and ultimately,
people’s safety. Thus, mapping and monitoring ground deformation are critical in managing disaster risk and
mitigating socio-economic damage from possible geohazards. Accessible and archived satellite data and the
continual development of advanced remote sensing technologies can now provide valuable information about the
earth’s surface for various applications. This study applied the descending Sentinel-1 Persistent Scatterer
Interferometric Synthetic Aperture Radar (PSInSAR) technique for long-term remote ground deformation
monitoring over the coastal city of Naga in Cebu Island in the Philippines. The Sentinel-1 PSInSAR technique
provided relatively dense ground monitoring points, specifically over built-up areas. The maximum ground
subsidence along the radar line-of-sight (LOS) estimated throughout the monitoring period from October 2014 to
September 2018 exceeds —50 mm, whereas the LOS mean displacement velocity exceeds —15 mm/yr. The two-
parameter hyperbolic model well fitted the PSINSAR results to describe the nonlinear behavior of ground
deformation. Ground deformation over the coastal city continues to evolve, and stabilization is yet to occur. This
study suggests that the Sentinel-1 PSInNSAR technique can provide technical support in mapping and monitoring
ground deformation over vast areas with less human labor and efficient cost.

Keywords: Sentinel-1 PSINSAR, Ground deformation monitoring, Hyperbolic model, Coastal city, Cebu Island

INTRODUCTION since 2014, which the scientific community is
enjoying for various earth and geoinformation
Reclamation projects along coastal cities for applications. Specifically, the Persistent Scatterer
industrial, residential, and commercial use have Interferometric  SAR  (PSInSAR) has been
allowed land expansions. Human activities aiding successfully  applied in various geohazard
continual urban sprawl over reclaimed lands are applications [4]. Theoretical and technical reviews of
increasingly altering subsurface conditions resulting different PSInSAR algorithms are available in the
in unwanted ground deformations. Excessive ground literature [5]-[6]. PSINSAR provided the opportunity
deformations endanger structures, linear systems, to detect, map, and monitor ground deformations
underground facilities, and ultimately, people’s along the coasts caused or enhanced by natural and
safety. Thus, ground deformation mapping and long- anthropic activities [7]-[12]. In low-lying coastal
term monitoring over coastal cities are critical to urban areas in Metro Manila, Philippines, ground
prevent disaster risk and mitigate socio-economic deformation  from  1993-t0-2010 has been
damage from such geohazards [1]. investigated using differential INSAR (DINSAR) [13].
Ground-based geodetic methods such as precise Nevertheless, limited studies are available in the
leveling and terrestrial measurements such as Global literature exploiting the S1-PSINSAR technique in
Positioning System (GPS) are standard monitoring other coastal cities in the Philippines experiencing
methods providing accurate and reliable ground short- to long-term nonlinear ground deformations
deformation [2]-[3]. However, these methods are reflecting the complex interaction among different
inefficient to deploy over vast areas and long term natural and anthropic processes.
because of the workforce needed and the high cost This study applied the PSINSAR technique for
associated. Meanwhile, accessible and archived long-term remote ground deformation monitoring
satellite Synthetic Aperture Radar (SAR) data and the over the coastal city of Naga in Cebu Island in the
continual development of advanced remote sensing Philippines using descending S1 SAR dataset
techniques have emerged as viable solutions for acquired between October 2014 and September 2018.
geohazard mitigation. The launch of the Sentinel-1 The cumulative line-of-sight (LOS) displacement
(S1) mission under the Copernicus Program of the acquired from the S1-PSINSAR analysis was modeled
European Space Agency (ESA) and European using a two-parameter hyperbolic model to describe
Commission (EC) has provided accessible SAR data the nonlinear ground deformation process over a
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multipurpose complex zone built over reclaimed land
in Naga city.

STUDY AREA AND SAR DATASET
Study Area

Cebu Island’s geological structure comprises a
Jurassic-Cretaceous igneous and metamorphic
basement complex and Cenozoic sedimentary and
volcanic rock units [14]-[15]. The island is classified
as a tropical rainforest [16]. The Philippine
Atmospheric, Geophysical and Astronomical
Services Administration (PAGASA 2022) reported a
mean annual rainfall of 1,565 mm for Cebu Island.
Naga city is located on the southeastern coast of Cebu
Island, characterized by karst terrain. Ridges and
valleys converged to a coastal plain in the
southeastern part of the city. Land use is
predominantly cultivated lands with quarry zones.
Small villages are located inland, whereas built-up
areas are concentrated mainly along the coastal plain.
The nearest potentially active faults are the South and
Central Cebu faults; the latter passes through Naga
city. Between October 2014 and September 2018, the
Philippine Institute of VVolcanology and Seismology
(PHIVOLCS 2018) recorded one earthquake of
magnitude 5.2, 7 earthquakes of magnitude between
4 and 5, 45 earthquakes of magnitude between 3 and
4, and 173 earthquakes of magnitude between 2 and
3 that shook Cebu Island. There were also 14
earthquakes with a magnitude below 2.

SAR Dataset

The SAR dataset exploited in this study was
acquired by the S1 mission operated jointly by ESA
and EC under the Copernicus Program. The S1
mission consists of two right-side looking satellites:
S1-A, which was launched in 2014, and S1-B, which
was launched in 2016. S1 sensors operate at a
wavelength 1 equal to 5.6 cm (C-band). The twin
constellation has a near-polar sun-synchronous orbit
with a 6-12 days repeat cycle over the exact location.
S1 SAR products acquired in the interferometric wide
swath mode have a ground range coverage of
approximately 250 km, thanks to the Terrain

Observation by Progressive Scans (TOPS) mode [17].

The geometric resolution in the range and azimuth
directions is 5 m x 20 m, respectively.

This study collected 139 S1 single look complex
SAR images from October 21, 2014, to September 18,
2018. The images were acquired by the S1
descending satellite (track 61), whose flight is from
north to south direction. The minimum and maximum
time gap between each successive image are 6 and 48
days, respectively, as shown in Fig. 1. All
interferometric pairs have a perpendicular baseline of
less than 150 m, thanks to the improved S1°s orbital
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tube. The image acquired on July 31, 2017, was set as
the master image to mitigate the decorrelation effect.
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Fig. 1 S1 SAR dataset. The vertical and horizontal
axes represent the perpendicular and temporal
baselines of interferometric pairs.

METHODS
Advanced Time Series INSAR Analysis

The S1 SAR images were processed following a
two-staged processing workflow, namely (1) multiple
differential interferogram formation and (2) time
series InSAR analysis. In Stage 1, the SeNtinel
Application Platform (SNAP), freely distributed by
ESA, was utilized, whereas, in Stage 2, the open-
source software package of Stanford Method for
Persistent Scatterers (StaMPS) was used [18].

Stage 1: SNAP pre-processing

First, a master image from the S1 SAR dataset is
selected under good weather conditions. To this aim,
the INSAR Stack Overview tool in SNAP was used.
Then, the open-source snap2stamps package tool
automated the pre-processing steps [19]. The area of
interest (AOI) was selected during the image splitting
and orbit file correction to reduce the computational
effort. Subsequently, the interferogram formation
followed immediately after the coregistration of slave
images to the geometry of the master image using
back-geocoding with Enhanced Spectral Diversity
(ESD). Afterward, the Shuttle Radar Topography
Mission digital elevation model (SRTM DEM) 1
arcsec data in the SNAP library allowed topographic
phase removal. Then, debursting of the coregistered
images and differential interferograms followed to
produce seamless image products. These products are
then exported in Stage 2.

Stage 2: StaMPS processing

After exporting the SNAP pre-processed image
products into the format supported for StaMPS
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processing in Matlab, an amplitude dispersion index
(ADI) of 0.42 was used to select and load initial PS
candidates (PSCs). Then, the phase noise value for
each PSC in every differential interferogram was
estimated iteratively. Based on the estimated phase
noise characteristics, final PSs were selected, and
those PSs deemed noisy were weeded afterward. The
final PSs in the wrapped phase were then corrected
for DEM error. The corrected phase information is
then unwrapped using the open-source software,
Statistical-Cost, Network-Flow Algorithm for Phase
Unwrapping (SNAPHU) [20]. Then, the spatially
correlated look angle (SCLA) error is estimated and
removed from the unwrapped data. Finally, phase
errors attributed to atmospheric perturbations are
mitigated using spatiotemporal filters.

The immediate results after Stage 2, such as the
LOS mean displacement velocity map and time
series, are relative measures concerning a selected
reference area. For this purpose, a preliminary S1-
PSINSAR analysis with an ADI of 0.60 was
performed, introducing more PSCs corrupted with
noise. Then, the AOI was inspected for a stable
reference area by evaluating the LOS mean
displacement velocity and time series of PSs groups
within a moving window with a 20-m radius. The
mean velocity within the selected reference area must
be between *1 mm/yr with a nearly horizontal
displacement time series.

Hyperbolic Modeling

Due to the success of applying and validating
advanced time series INSAR using various archived
SAR datasets, modeling the long-term temporal
evolution of ground deformation has been possible
with several mathematical functions [21]-[22]. The
fitted model describing the settlement curve obtained
from advanced time series INSAR is typically the
hyperbolic function. Advanced time series INSAR
results from existing literature utilized distributed
scatterers (DSs), whose phase behavior are different
from those of PSs. Generally, DS-based time series
INSAR techniques are preferred for non-urban areas
with considerable vegetation cover or when few SAR
images are available. On the one hand, the PSINSAR
technique is more suitable for ground deformation
monitoring in urban areas. Therefore, in this study, a
two-parameter hyperbolic model was fitted to our S1-
PSINSAR  results to describe the nonlinear
deformation phenomenon over Naga city, specifically
on the reclaimed land where a multipurpose complex
zone is built. The displacement d at a specific time t
described by the hyperbolic model is expressed in Eq.
(1), as shown below [23].

d=t/(a+pt) o))

where a and g are the PS point-specific constants
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derived using regression analysis. The root-mean-
squared error (RMSE) and coefficient of
determination (R?) were optimized to constraint the
two constants.

RESULTS AND DISCUSSION
Spatial Distribution of Measurement Points

After the S1-PSINSAR processing, 5,767 quality
PSs were recognized over the AOI. Figure 2 shows
the LOS mean displacement velocity map. PSs were
plotted relative to the selected reference stable area
(i.e., negligible ground deformation). Warm colors
represent a movement away from the radar (i.e.,
subsidence), and cold colors indicate a movement
towards the radar (i.e., uplift). Most PSs were
detected over built-up areas, characterized by houses,
buildings, and roads. On the one hand, there is the
complete absence of PSs over vegetated areas and
water bodies, which are normally subjected to rapid
changes between two S1 SAR image acquisitions.
These rapid surface changes lead to temporal
decorrelation.
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Fig. 2 LOS mean displacement velocity map over the
coastal area in Naga city, Cebu Island, Philippines.

Subsiding areas were detected and mapped during
the analysis period over the reclaimed land, the
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eastside of the coastline in Fig. 2, where a
multipurpose complex zone is built. However,
groundworks on the east side of the reclaimed land
during the monitoring period resulted in a lack of PSs.
The maximum subsidence rate exceeded —15 mm/yr.
The inland, located west side of the coastline, was
generally stable, with most of the PSs having a LOS
mean displacement velocity between +5 mm/yr. The
distribution of PSs concerning the ground movement
type is shown in Fig. 3.
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82500 1 W
8 100 \
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5 10 15 20 25
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Fig. 3 Distribution of LOS mean displacement
velocity for PSs over the AOI. The inset shows the
number of PSs with subsidence rate <15 mm/yr.

Temporal Evolution of Ground Deformation

Four representative PSs or measurement points
were selected within the subsiding zone near the
coastline over the AOI. These four points are labeled
as PSs D1-D4 in Fig. 2. PSs D1, D2, D3, and D4 are
located over the sports arena, public market,
industrial flour milling company, and national road.
The subsidence rate of these points exceeds —10
mm/yr. The cumulative LOS displacement time series
of the PSs are plotted in Figs. 4a-d. Accumulated
subsidence of the PSs varies depending on their
location over the AOI. At the end of the monitoring
period in September 2018, the subsidence values of
PSs D1, D2, D3, and D4 were —86.807 mm, —70.193
mm, -53.146 mm, and —45.074 mm, respectively.
The maximum subsidence was recorded for PS D1,
located over the reclaimed land. On the one hand, PSs
recognized over the inland (i.e., PS D4) record lower
subsidence values than PS D1.

The hyperbolic curve fitted to the S1-PSINSAR
displacement time series of PSs D1-D4 is also plotted
in Figs. 4a—d. Table 1 summarizes the optimized
hyperbolic model constants. The constant « is highly
dependent on the spatial location of the PSs than that
of the constant 5. The modeled cumulative LOS
displacements are in excellent agreement with the S1-
PSINSAR results with low RMSE (<4 mm) and
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relatively high R? (>0.90).
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Fig. 4 Cumulative LOS displacement time series of
PSs D1-D4, including the fitted hyperbolic curve.

Table 1 Optimized hyperbolic model constants

PS Model constants RMSE R
No. o p

D1 9367 -0.0049 2691  0.99
D2 6634 -0.0088 2847  0.98
D3  -13.965 -0.0087 3.222  0.95
D4  -27.809 -0.0045 2.747  0.94

The modeled displacement time series of the four
PSs implies that subsidence may have occurred
before the start of the satellite-based monitoring
period. However, the hyperbolic function might not
have captured the commencement stage of the
subsidence phenomenon [23]. Nevertheless, the
modeled results suggest that subsidence slowly
decelerates faster over time for PSs D2 and D3. For
PSs D1 and D4, the modeled results suggest that
stabilization is yet to occur over the coastal area.
Using the Google Earth Street View function, a
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walkthrough over the AOI showed signs of active
subsidence, such as hairline cracks on buildings, road
pavements, and masonry fences.

Potential Contributory Factors of Subsidence

The modeled cumulative LOS displacement time
series of PSs D1-D4 was plotted with the monthly
average precipitation from October 2014 to
September 2018 in Fig. 5 to verify the cause of
nonlinear subsidence over the coastal area. The
weather monitoring station of PAGASA in Cebu
Island is located at Mactan Station (10°19'18.15"N,
123°58'33.7"E). The collected precipitation data
shows good relation with the modeled displacement
time series.
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Fig. 5 Relation of modeled cumulative LOS
displacement of PSs D1-D4 with average monthly
precipitation from October 2014 to September 2018.

Most of the highest monthly average
precipitations (>200 mm) were recorded between
January 2017 and July 2018. In the case of PSs D2
and D3, subsidence may have decelerated after
precipitation has recharged the groundwater [24]-
[25]. In the case of PSs D1 and D4, subsidence may
be related to precipitation and other contributory
natural factors, including the geology of Naga city,
the thickness of compressible soil layers along the
coastal area, and the swarm of seismic activities
during the monitoring period. Anthropogenic
processes or human interventions such as excessive
groundwater exploitation, continual urbanization,
industrialization, and quarrying may have also
contributed to the different ground deformations over
the AOIl. However, detailed analyses were not
possible due to the lack of available ancillary data
collected during the study period. Further
investigation, including in-situ measurements to
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validate our observations, is indispensable.

Nevertheless, the S1-PSInSAR results reported
here recommend that continuous ground deformation
monitoring is needed until the ground has been
stabilized completely.

CONCLUSIONS

This study demonstrated the S1-PSInSAR
technique for long-term ground deformation
monitoring over the coastal city of Naga in Cebu
Island in the Philippines. The satellite-based SAR
data and advanced remote sensing technique detected,
mapped, and monitored the nonlinear ground
deformation in the multipurpose complex zone built
over reclaimed land. The two-parameter hyperbolic
model was fitted to the S1-PSInSAR displacement
time series to describe the nonlinear ground
deformation behavior. Overall, the modeled results
show excellent agreement with the S1-PSInSAR
results, suggesting maximum ground subsidence over
—50 mm and subsidence rate over —15 mm/yr. Ground
deformation over the reclaimed land continues to
evolve related to natural and anthropogenic
processes, and stabilization is yet to occur. This study
suggests that the S1-PSInSAR technique can provide
technical support in mapping and monitoring ground
deformation over wvast areas under different
meteorological conditions with less human labor and
efficient cost.
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ABSTRACT

Deep excavation for underground structures has become a common practice in the world. This study discusses
the parametric study of contiguous pile wall (CPW) reinforcement in a deep excavation in dry medium dense sand
soils. The parametric study focuses on studying the effect of excavation dimension ratio, pile diameter (d), and
cap beam dimensions on lateral displacement and bending moment behaviour of CPW reinforcement. The research
model is set as an example case of a square excavation in dry medium dense sand with a depth of excavation (he)
7.50 m, and the pile length is 18.50 m, with 11.00 m penetration depth (D). 3-D and 2-D finite elements are used
to support this research. Rocscience RS3 was used for 3-D analysis and RS2 for 2-D analysis. The result showed
that 3-D analysis is effective in a square excavation with a small dimension ratio (B/L < 2), while 2-D analysis is
more suitable for a square excavation with a large dimension ratio (B/L > 3). Increasing the pile diameter reduces
the lateral displacement of the pile, although it increases the bending moment. The cap beam on the pile head
reduced the lateral displacement on the pile by 45% and the bending moment by 54% compared to the pile without
the cap beam. Increasing the cap beam dimensions also reduced the lateral displacement of the pile but increased
the bending moment, although not significantly.

Keywords: Parametric study, Contiguous pile wall, Deep excavation, Finite element

INTRODUCTION excavation dimension ratio and cap beam on lateral
displacement and bending moment of the CPW
The main problem in deep excavation work and reinforcement were less studied.
sub-structure of high-rise buildings in dense urban This study focused on studying the lateral
areas is the narrow space and adjacent buildings. If displacement and bending moment behavior of CPW
forced, it will result in excessive ground movement, reinforcement based on variations in several
deformation, subsidence, and even damage to parameters such as excavation dimension ratio, pile
existing structures around the excavation site [1]. An diameter, and cap beam dimensions in 3-D and 2-D
alternative solution to the problem of deep excavation models using Rocscience RS3 and RS2. In 3-D
and sub-structure of high-rise buildings in narrow analysis, this study assumed the pile and the cap beam
land and adjacent buildings is contiguous pile walls model as a beam element to approach the actual
(CPW) reinforcement. CPW is an expensive condition of the reinforcement configuration in the
reinforcement, but it can save space and time, field. The 2-D analysis was used to verify variations
especially in dense urban areas. in the ratio of excavation dimensions in the 3-D
The study of deep excavation with CPW analysis.

reinforcement is a popular topic, especially in the
geotechnical field. Several researchers used two-

dimensional (2-D) and three-dimensional (3-D) finite NUMERICAL SIMULATION AND
elements (FE) to analyze the complexity of deep PARAMETERS USED

excavation problems. The 2-D analysis has proven

more economical and relevant in continuous Deep excavation design requires careful
modeling (plane strain), fast modeling, and consideration of the strength and stability of various
calculation. 2-D FE also does not require a high-specs structural elements at all stages during the
computer as required in 3-D. A 3-D analysis is the construction  process [25]. Excavated wall
most realistic analysis and approaches the actual deformation is crucial in selecting a stabilization
conditions in the field compared to the 2-D analysis system [9]. In this study, deep excavation modeling
[2]. Many studies have explored the behavior of soil with CPW reinforcement in homogenous dry medium
and reinforcement in deep excavations using FE, dense sand was carried out to represent the
including [2-17], advantages of 3-D analysis over 2- construction  sequences, the excavation and
D [18-23], and soil-structure interaction behavior: reinforcement behavior, soil-structure interaction,
[24-26]. In these previous studies, the effect of and conditions in the field. The Mohr-Coulomb (MC)
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constitutive model and the reinforcement parameters
used were determined based on the existing literature.
Figure 1 illustrates the model of a deep excavation
case in sandy soil with a square geometry used in this
study. It shows a model with an excavation depth (he)
of 7.50 m, and the pile length is 18.50 m, with 11.00
m pile penetration depth (D). A surcharge load of
10.00 KN/m? with a width of 10.00 m was applied to
each side of the excavation. The equation for
determining the pile distance (s) is:

s=d+0.10

1)

where: s = Pile distance (m), d = Pile diameter (m).

Since the excavation did not consider the wall
impermeability, the pile distance (s) was determined
by Eq. (1). Hence, the optimal pile configuration can
be obtained while still being easy and realistic to
implement in the field. The excavation dimensions
will be varied on the primary side (L) while the
complementary side (B) is fixed. Variations were also
made on the diameter of the pile (d) and the
dimensions of the cap beam. Rocscience RS3 and
RS2 simulated all execution sequences, such as
reinforcement installation, excavation, and surcharge
loading in 3-D and 2-D models.

STy IRE]
000 m T

Cap Beam

Concrere Pife

Medium dense sand

, Surcharge
\
1 ) N AN

Fig. 1 Excavation layout modelling with FE

Soil Constitutive Model and Material Properties

Medium dense sand soil analysis was carried out
under drained conditions using effective stress. Mohr-
Coulomb (MC) constitutive models in RS3 and RS2
were applied for sand idealization. A linear-elastic
perfectly plastic Mohr-Coulomb (MC) idealization
for sandy soil was adopted from several previous
studies such as those [2, 6, 11, 26]. Some properties
of medium dense sand, such as unit weight, Poisson's
ratio, friction angle, and Young's modulus, were
chosen as suggested by [27]. The determination of the
cohesion and the dilation angle of sandy soil using
[11]. The analyses used a low cohesion value (¢ =
1.00 kN/m?) for sandy soil to avoid numerical
instability and errors during calculations. The

48

physical and mechanical properties of medium-dense
sand are shown in Table 1.

Table 1 Physical and mechanical properties of soil

Parameter Value
Unsaturated unit weight (kN/m?3) 17.00
Saturated unit weight (kN/m?3) 20.00
Young’s modulus (kN/m?) 25x 10°
Poisson’s ratio 0.30
Cohesion (kN/m?) 1.00
Friction angle (degree) 35.00
Dilatancy angle (degree) 5.00
Material behaviour drained

The excavation support system in this study
consists of a contiguous pile wall and a cap beam at
the head of the pile, which were modeled in 3-D and
2-D conditions. Reinforced concrete piles used in
deep excavation analysis with 3-D and 2-D FE would
apply four types of diameters (d) variations,
including d-; = 0.60 m, d-, = 0.80 m, d-3 = 1.00 m,
and d-4 = 1.20 m. The distance between the piles (s)
is determined by Eq. (1).

The pile length was 18.50 m with 11.00 pile
penetration depth (D), and the excavation height (he)
was 7.50 m. Piles in the 3-D analysis were modelled
as circular vertical beam elements with linear elastic
behaviour.

In the 2-D analysis (plane strain), the
configuration of the CPW reinforcement must be
equivalent due to the limitations of the 2-D model.
Equivalence was carried out by modeling the pile
rows as a continuous structure (liner/plate). It was
assumed that the moment of inertia of the pile rows in
the 3-D model would equal the moment of inertia of
continuous structure (liner/plate) in the 2-D model.

Cap beam (CB) modeling on the pile head in the
3-D analysis was assumed to be a horizontal beam
element. Cap beam was only used for 3-D analysis
because, in the 2-D plane strain model, the
reinforcement is supposed to be a continuous
structure (liner/plate). The dimensions of the cap
beam are adjusted to the diameter of the pile (d). Fig.
2 shows the typical cap beam dimensioning as
suggested by [28]. Several variations of the
dimensions are used including: CB1: 0.825 x 0.90 m,
CB2:1.025x1.10 m, CB3: 1.225 x 1.30 m, and CB4:
1.425 x 1.50 m.
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Fig. 2 Cap Beam ECB) typical design (Wells, 2009)

At the surface level, a surcharge load (q) of 10.00
KN/m? with 10.00 m width was applied to each
excavation side. The application of surcharge load to
the model is shown in Fig. 1. Surcharge loads
represent external loads such as heavy equipment,
excavated soil, and other loads (SNI 8460:2017).

PARAMETRIC STUDY VARIABLES

The parametric study focused on studying the
effect of excavation dimension ratio (B/L), pile
diameter (d), and cap beam dimensions on lateral
displacement (Ui and bending moment (M)
behavior of CPW reinforcement. The variation
excavation dimension of 3-D models are model A (15
X 15 m?), model B (15 x 30 m?), model C (15 x 45m?),
model D (15 x 60 m?), while model E is two
dimensional. Each model was run by variation of pile
diameter which are d-; (0.60 m), d-; (0.80 m), d-3
(1.00 m) and d-4 (1.20 m). Cap beam effect analysis
was only carried out on the pile with d; = 0.60 m and
excavation (B): 15.00 x 30.00 m?.

NUMERICAL SIMULATION

Numerical simulations were conducted using 3-D
and 2-D models, as discussed before. The first step
was applying the surcharge load at the ground level
on each excavation side, and then the second step was
installing the pile and cap beam. Step-by-step
excavation was carried out after the installation of the
reinforcement. The result of lateral displacement and
bending moment used in the output graph is the
maximum value for the pile located at the middle of
the excavation in each analysis (critical pile).

The boundary conditions in the 3-D model varied
depending on the dimensions of the excavation to be
analyzed. The meshing configuration used was a 10-
noded tetrahedron graded with high-quality mesh
around the excavation area where the stress is high
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and medium-quality mesh for the boundaries area
where the stress is low. The 3-D excavation model is
shown in Fig. 3.

Fig. 3 Finite element model in 3-D

The boundary conditions for the 2-D model were
set at 105.00 m x 37.50 m, with a surcharge load
applied to each side of the excavation. The 6-noded
triangular grade was used as a meshing configuration
in the 2-D.

10.00 m B=15.00 m .q: 10 kKN/m?
He =750 m

~—— Structural InterfucelLiner|

D=11.00 m

"
Medium dense sand

105.00 m
Fig. 4 Finite element model in 3-D

RESULTS AND DISCUSSION

The analyses results in Fig. 5 consistently show
that with the more significant excavation dimensions
ratio (B/L), the lateral displacement (Uit) occurs in all
variations of pile diameters (d-1, d-2, d-3, and d-4) also
increases. The 3-D analysis has proven to be more
effective for a square excavation with small
dimension ratios (B/L < 1:2), such as excavation in
conditions (A) and (B). The 2-D analysis is more
suitable for a square excavation with large dimension
ratios (B/L > 1:3), such as excavation in conditions
(C) and (D).

Lateral displacement (Ui value in 3-D analysis
for excavation (C), on pile d-1= 0.60 mwas 0.0743 m,
d-,= 0.80 m was 0.0550 m, d-3= 1.00 m was 0.0455
m, and for d-4= 1.20 m was 0.0396 m. For excavation
(D), lateral displacement (Utt) on pile d-1= 0.60 m
was 0.0783 m, d-,= 0.80 m was 0.0583 m, d-;= 1.00
m was 0.0489 m, and for d-4= 1.20 m was 0.0436 m.

p 37.50 m
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In the 2-D analysis, the lateral displacement (Uy:) that
occurs on pile d-;= 0.60 m was 0.0789 m, d-,= 0.80
m was 0.0597 m, d-3= 1.00 m was 0.0518 m, and for
d-4=1.20 m was 0.0479 m. This shows that the value
of lateral displacement (Uyi) in 3-D analysis for a

Lateral Displacement (m)

0 0.03 0.06 0.09
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4
6
.8
E
N 10
1 —a— Excavation (A): 15x 15 m
—4—Excavation (B): 15x 30 m
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16 Excavation (D): 15 x 60 m
18 ('r —a&— Excavation (E): 15 m 2-D
(@) d-1=0.60 m
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0 0.03 0.06 0.09
0
2
4
6
8
£
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& Excavation (B): 15x 30 m
14
—o— Excavation (C): 15x 45 m
16 Excavation (D): 15 x 60 m
18 J: —— Excavation (E): 15 m 2-D

(c)d-3=1.00 m

square excavation with large dimension ratios (B/L >
1:3), such as excavations (C) and (D), is close to the
result of lateral displacement (Urw) of excavation (E)
or 2-D (plane strain).
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Fig. 5 Lateral displacement of CPW reinforcement in medium dense sand (He=7.50 m, g=10.00 KN/m?).

The cap beam at the pile head significantly affects
the lateral displacement (Uw:) and bending moment
(My) that occurs in a pile. It shows that the value of
lateral displacement (Ui) for piles without cap beam
(NO-CB) yielded lateral displacement (Uror) 0f 0.0698
m and bending moment (Mx) of -181.26 kN.m. In
contrast, the cap beam dimension (CB3) reduced the
lateral displacement (Uwt) significantly by 45% to
0.0378 m. The bending moment (My) was decreased
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by 54% to 83.240 kN.m. Figure 6 shows that
increasing the cap beam dimensions also reduced the
lateral displacement (Uiwi). However, it showed an
increased bending moment (My), although it is not
significant.

These results show the effectiveness of cap beam
as CWP reinforcement and stiffener. Enlarging
inertial stiffness of the cap beam ability in therefore
can potentially replace the use of invasive ground
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anchor or a space consuming battered pile. However,
the use of large cap beam should still consider the
specific environmental and architectural constraints.
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The use of a cap beam on the pile head also
changes the displacement pattern that occurs in the
CPW reinforcement.

Fig. . shows the displacement pattern of CPW
reinforcement without a cap beam, the piles tend to
work individually while the use of a cap beam with
the minimum dimensions (CB3) in

Fig. . shows a more concentrated displacement
pattern on the primary side (L) of the excavation
which indicates the reinforcement works in monolith.
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(b) Bending Moment (My)
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Fig. 6 Lateral displacement and bending moment of CPW reinforcement in medium dense sand (Excavation (B):
15.00 x 30.00 m, d-1= 0.60 m, He=7.50 m, and g=10.00 kN/m?).

CONCLUSION

In excavations with a square geometry in medium
dense sands, the ratio of excavation dimensions (B/L)
in the 3-D analysis proved to be very influential for
the lateral displacement (Uy). 3-D FE has proven to
be very effective in square excavations with
dimension ratios (B/L < 2), such as excavations (A)
and (B). 2-D FE (plane strain) is more suitable for use
in the case of excavations with a dimension ratio (B/L
> 3), such as excavations (C) dan (D).

Using a cap beam on the pile head in 3-D analysis
significantly reduced lateral displacement (Utt) and
bending moment (My) of the pile. Based on the 3-D
analysis, a cap beam is proven to reduce lateral
displacement (Uwt) in a pile by 45% and bending
moment (Mx) by 54% compared to without a cap
0 Total Dsplacement »

min (alf) m

min (stage) : 0.00025734 m
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ABSTRACT

Underground excavation for urban tunnels is one of the most important areas of study as it poses a great
challenge with respect to variation in geology, surface conditions and alignment of the tunnels. Due to spiderweb
network of metros undergoing in almost every major city across the world, it is seen that tunnels of different metro
lines could intersect at different heights and also at different angles. The urban tunnels are generally twin tunnels
having 6 m diameter each, with different pillar widths. 3D FEM models are prepared for shallow depth tunnel at
10 m, 15 m, 20 m and 25 m i.e., incremental depths of every 5Sm for the shallow tunnel while deeper tunnel depth
at 40 m with angles of intersection at 30°, 60° and 90° to understand the effect of settlements on the surface, and
deformations of the shallow tunnel with respect to progression of deeper tunnel. It is found that the construction
sequence, separation distance with respect to depth between tunnels and angle of intersection have profound effects

on the existing tunnel response.

Keywords: Metro Tunnel, Rock, Intersecting Tunnels, Numerical Analysis.

INTRODUCTION

The necessity for tunnels and the benefits they bring
can be visualized in the modern-day very vividly.
Tunnels improve connections and shorten lifelines.
The utilization of underground space for continuous
traffic, storage, power and water treatment plants,
civil defense, and other activities is often a must give
limited space, safe operation, environmental
protection, and energy-saving. Of course, the
construction of tunnels is risky and expensive and
requires a high level of technical skills.

For urban metro tunnels it is seen that the
shallower tunnel is generally constructed earlier due
to the availability of space, but the deeper tunnel is
excavated at a later stage to cater to the proposed
requirement at a later stage. As a result of this, it is
expected that there would be change in the stresses,
deformations and settlements of the shallow tunnel as
well on the surface due to the effect of the
construction of the deeper tunnel. Henceforth, it
shows that the intersection of the tunnels at various
depths is the major area of concern in the present
scenario of a spiderweb network of tunnels in most
areas worldwide. As a result of this, it is very
important to study the effect of tunneling due to
varying depths, and angles of intersection between
the tunnels. Though there are studies reported on
interaction of twin tunnels and tunnel-pipeline
interaction [1 — 8], studies on intersecting tunnel are
limited.

In the present study, the effect of angle of
intersection and depth of the tunnels are investigated
through three-dimensional analysis. The shallower
tunnel shall be excavated for different tunnel depths
starting from 10 m and incremented by every 5 m
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until a depth of 25 m while the deeper tunnel shall be
at a depth of 40 m. The settlement and deformation
results are required to be obtained from twin
intersecting tunnels for different angles of
intersection of 30°, 60° and 90°.

GEOTECHNICAL DATA

Lithological data pertaining to one of metros in India
are considered. Top layers are mainly comprised of
backfilled soils followed by Silty/ Sandy clay for
about 4 to 5 m. Below this, highly to moderately
weathered rock formations are observed. Major rock
types occurring in the area are fine-grained, greenish
basalt to black colored associated with acidic and
basic tuffs, volcanic breccia.

The rock is identified as highly weathered
Volcanic Breccia to slightly weathered/ Fresh
Volcanic Breccia with core recovery varying from 13
to 100 % and Rock Quality Designation (RQD) is
varying from 13 to 100 %. Bulk rock density is
varying from 22 to 26 kN/m®. The design parameters
of the soil adopted in the analysis are shown in
Table 1.

Table 1: Soil shear strength parameters

Thickness  Density c @ E
layer (kN/m*)  (kKN/m?) (°) (MPa)
0-2m 19 10 28 14

The design parameters of the different grades of
Breccia rocks as per the weathering grades which
have been obtained from Rock lab software [9] and
summarized in Table 2.
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Table 2: Rock shear strength parameters

Grade Density c @ E
(kN/m?*)  (KN/m?) (®) (MPa)
IV(2-6m) 22 26 25 111
III (6-56m) 22 108 51 912
11(56-100m) 24 262 59 3310
MODELLING OF TUNNELS

The tunnels having 6 m diameter have been excavated
in FEM analyses followed by installation of liners
which have a thickness of 400 mm and a modulus of
elasticity of 31622 MPa. The surcharge loads have
been applied on the surface with an average load of
10 kPa per floor. The in-situ stress condition has been
considered as unity for the analyses in FEM.

The construction methodology of the analyses has
been considered such that the tunnel on left is
excavated followed by application of liner.
Correspondingly the same approach is used for the
right-hand side tunnel. Along the length of tunnel,
excavation length of 10 m is adopted with
corresponding application of liner.

The typical geometry of the problem analyzed for
intersecting twin tunnels is shown in Fig. 1 for
different angles of intersection of 30°, 60° and 90°.

(b)
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(©)
Fig. 1. The typical layout of the problem analyzed
for different intersecting tunnels at (a) 30°, (b) 60°,
and (c) 90°.

RESULTS AND DISCUSSION

Surface Settlement

The surface settlement results have been derived from
the FEM models and the same have been plotted in
Fig. 3.InFig. 2, the maximum surface settlement is
shown in Y-axis and E-/D is plotted in X-axis where
E: is the vertical clear distance between the tunnels at
the intersecting location and D is the diameter of
tunnel for different angles of intersection. It is
inferred from the figure that the s settlement
decreases as the depth increases, i.e., as the clear
distance between the tunnel increases. The percentage
increase in settlement due to intersecting tunnels is
calculated and is shown in Fig. 3. From Fig. 4, itis
seen that the maximum settlement increases by
almost 85 to 250% with the excavation of deeper
tunnel. Such a trend of settlement increase is reported
for existing pipeline and tunnel interaction in [1] and

[5].

AGotil .
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60 degree shallow
L75 90 degree shall
'\\\.\ 30 degree ce‘:;;‘m
kS \k\\\ 60 degree deep
125 1 MQ‘QE\&‘@S_@% deep
N —
1 X
075 ‘\
0.5 \\ \-
———
02
EZD
2.75 325 35 375 4 425 45 475 525 55

Fig. 3. Variation of maximum surface settlement
with normalized clear distance between the
intersecting tunnels.
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Fig. 4. Variation of increase in settlement (%) with
normalized clear distance between the intersecting
tunnels.

The variation of maximum surface settlement
with angle of intersection for different depths of
tunnel is shown in Fig. 4. From Fig. 5, it is observed
that as the angle of intersection increases the
maximum settlement decreases, and the average
decrease of settlement is around 10 to 15% with
increase of the angle of intersection. The trend of
decrease is similar for tunnels located at all depths
analyzed.

1.75TSurface settlement (mm)

1'25\\ -
1om
20m

Angle of intersection
»

40 50 60 70 80 90

Fig. 5. Variation of maximum surface settlement
with angle of intersection.

The surface settlement troughs obtained from the
analyses are plotted in Fig. 5. It is evident from
Fig. 6 that with an increase of the degree of
intersection, the influence area of the settlement
trough also increases for different angle of
intersections (30°, 60° and 90°).

“4Surface settlement (mm)

Distance (m)

30 degree shallow|
60 degree shallow|
90 degree shallow
30 degree deep
60 degree deep
90 degree dccg

Fig. 6. Settlement troughs obtained for the different
cases.
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It can also be deduced from Fig. 5 that the
maximum settlement decreases with the overall
increase in the angle of intersection with a
corresponding increase in the influence area. Also, for
90° intersecting tunnel, the influence area is more
gradual than the 60° intersecting tunnel. But the
settlement increases after a certain point because of
the settlement occurring due to excavation of the
deeper tunnel.

Deformation of existing tunnel

The existing shallow tunnel would undergo
deformation due to the construction of deeper new
tunnel. The deformation of crown of shallow tunnel
with the normalized clear distance is shown in Fig. 6.
From Fig. 7, it is noticed that the maximum tunnel
crown deformation increases by almost 10-80 % with
the excavation of the deeper tunnel.

5“Shﬂllow tunnel deformation(mm)

4.5

30 degree shallow
60 degree shallow

90 degree
30 degree deep
60 degree deep
90 degree deep

4!

hall
hallow

35

3

EzD
525

275 3 325 35 375 4 425 45 475 5

Fig. 7. Variation of shallow tunnel deformation with
normalized clear distance between the intersecting
tunnels.

The variation of deformation at crown of shallow
existing tunnel with angle of intersection is shown in
Fig. 7. It is clearly evident from Fig. that the angle
of intersection has considerable effect on the
deformation of shallow existing tunnel which could
not have been captured in two-dimensional finite
element analysis. It is also interpreted from the figure
that there is about 15% to 20% reduction in tunnel
deformation occurs with an increase of angle of
intersection.

4 5“Shﬂllow tunnel deformation (mm)

Angle of intersection
40 50 60 70 80 90 !

Fig. 7. Variation of deformation of tunnel crown with
angle of intersection.
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SUMMARY AND CONCLUSIONS

The effect of construction of new and deeper tunnel
intersecting the shallow existing tunnel is
investigated using three-dimensional finite element
analysis. The angle of intersection and depth of
shallow and deeper tunnels have been varied in the
analysis. Based on the results of numerical analysis
the following conclusions are drawn:

1. The construction of deeper tunnel is found
to have considerable deformation of
existing shallow tunnel as well as surface
settlement.

2. The angle of intersection of two tunnels and
the clear distance between the two tunnels
are having pronounced effect on both
surface settlement as well as existing tunnel

deformation.
3. Three-dimensional analysis could capture
the effect of angle of intersection

efficiently. The settlement trough at surface
and the zone of influence/point of inflection
of trough are significantly affected by the
angle of intersection of tunnels of different
lines.

4. Tt showed that the maximum surface
settlement was encountered for 30° while
the minimum settlement was encountered
for 90°.

The study considered limited geotechnical data and
further detailed parametric study is required for
different rock mass conditions so that generalized
guidelines can be arrived at for quantifying the effect
of intersecting tunnels.
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ABSTRACT

Extreme rainfall data are valuable for assessing an area’s susceptibility to landslides. Previous research
generated an Intensity—Duration—Frequency (IDF) curve of extreme rainfall by using a generalized extreme value
(GEV) distribution. The stationary generalized extreme value model is the most common method for generating
an extreme rainfall dataset; however, extreme rainfall may also occur under non-stationary conditions, requiring
the trend to be analyzed from past to present. Therefore, the non-stationary generalized extreme value model may
be an alternative method for analyzing extreme rainfall data. This study compares the stability of residual soil
slopes under extreme daily rainfall using stationary and non-stationary generalized extreme values. The study
analyzes the daily rainfall at the Chiang Mai meteorological station from 1952 to 2021. The three return periods
explored were 5-, 100-, and 1000-year. The residual soil slope is analyzed using the analytical framework for the
stability of infinite slopes under steady unsaturated seepage conditions. The results show that an increasing annual
maximum of daily rainfall has been found in Chiang Mai. The study finds that the safety factor differs for slopes
under stationary and non-stationary conditions based on the amount of rainfall. The safety factor is lower for the
residual soil slope under non-stationary conditions than in stationary conditions. Moreover, the safety factor gap
between stationary and non-stationary conditions increases over time.

Keywords: Slope stability, Extreme rainfall, Generalized extreme value, Landslide

INTRODUCTION conditions.

Extreme rainfall is a significant triggering factor METHOD AND DATA
in natural and man-made slope failure [1].
Historically, disastrous landslides have occurred in There are three main steps in this study. First, the
many parts of Thailand as a result of heavy monsoon historical rainfall data at Chiang Mai meteorological
rains. Nowadays, Thailand has experienced an station from 1952 to 2021 are analyzed using
increment of heavy or extreme rainfall events due to stationary and non-stationary GEV distributions.
climate change and climate variability. IPCC 2021 Second, the pore water pressure is generated based on
reported an increase in heavy rainfall in the South- the vertical steady seepage conditions. Finally, the
East Asia region [2]. This may increase the stability of the residual soil slope is analyzed using an
occurrence of landslides in Thailand. infinite slope stability model.

Considering extreme value theory, a generalized
extreme value (GEV) distribution is widely used to fit Extreme Daily Rainfall Analysis
the distribution of extreme rainfall. The GEV is based
on the block maxima method of extreme value theory. In the first step of the analysis, the study used a
The block maxima method considers and extracts the generalized extreme value (GEV) distribution. The
maximum value from periods of equal length. The historical daily rainfall data were measured from
assumption of GEV can be divided into two forms of 1952 to 2021 at Chiang Mai meteorological station.
analysis: stationary and non-stationary conditions. The annual daily maximum rainfall data were
For a non-stationary assumption, the parameters of extracted and fitted using a generalized extreme value
the GEV distribution function are time-dependent in (GEV) distribution. The GEV distribution consists of
contrast to the parameters for a stationary assumption, three types: (1) Gumbel distribution (& = 0), Fréchet
which are time-independent. [3]-[5] distribution (& < 0) and the Weibull distribution (&>

Given this context, this study aims to compare the 0). The GEV distribution function is given by [5]

stability of residual soil slopes under both the

stationary and non-stationary assumptions of GEV -y,

distribution. The method of slope stability analysis is E(x)= 11 X—H : 1
based on the analytical framework for the stability of (x)=exp e o @
infinite slopes under wvertical steady seepage
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where x4, o, and & are the location, scale, and

shape parameters,

Used to estimate the Intensity—Duration—
Frequency (IDF) curve of extreme daily rainfall, the
quantiles of the GEV distribution are given by

o2} |

where T is return level.
For stationary model, the location (), scale (o),

()

and shape (5) parameters are constant. In order to
investigate the non-stationary model, the scale (o)
and shape(é) parameters are remained constant. The
location () varies linearly over the time.

u(t)= 4+ Bt ©)

where f,, B, are parameters to be estimate using a
simple linear regression.

Vertical Steady Seepage Analysis

The pore water pressure profile under the steady-
state condition can be written as [6]

du

—*=r.[(ark)-1]

dy (4)

where U, is pore water pressure, K is the unsaturated
hydraulic conductivity dependent on matric suction,

g is ground surface flux, y,, isthe unit weight of water.

To describe the unsaturated hydraulic conductivity, it
can be expressed as [7]

k = ke ) ()
where ua-Uy is the matric suction, ks is the saturated
hydraulic conductivity, « is inverse of the air entry
pressure.

With the combined equation (4), equation (5), and
the boundary condition of zero suction at the water
table and a steady-state flow rate, a one-dimensional
steady-state matric suction profile can be expressed
as [7]

u (6)

a

-1 ~Twaz _
—uw=gln[(l+q/ks)e7 q/kS]

Considering the suction stress, the profile of
suction stress under the surface flux conditions can be
shown as [8]:
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o*=-(u,-u,) ;u,-u,<0 )
1 In[(1+q/k,)e7 —q/k, |
° :E ) n\(n=1)/n (8)
(1+{—In[(1+q/ks)e’/waz—q/ks}} )
yu,—u, >0

where ¢ is the suction stress.
Infinite Slope Stability Model

Based on the extended Mohr-Coulomb failure
criterion for an unsaturated soil slope [6], the safety
factor for infinite slopes under steady vertical seepage,
for both saturated and unsaturated conditions, is given

by

’

E_ c +tan¢' _o'tang’
* yuHsinfcosd  tand  y,

(tan@+cotd) (9)

where Fs is the factor of safety, ¢’ is the effective
cohesion, ¢' is the effective friction angle, y., is the
saturated unit weight of soil and @ is the slope angle.

Data

The study area located in Chiang Mai province in
the northern region of Thailand. The daily rainfall
data from 1952 to 2021 were measured by the Thai
Meteorological Department at Chiang Mai
meteorological station. The selected return period for
both stationary and non-stationary models in the
study is 5-, 100-, and 1000-year. Moreover, to
estimate the GEV distribution parameters, the
maximum likelihood estimation (MLE) method is
used to fit the data. Table 1 shows the soil parameters
in this study.

Table 1 Summary of soil properties

Parameter Value Unit
Ks 0.0231 mm/sec
a 0.2 kPa!
Y 9.81 KN/m?®
n 5 -
c’ 10.29 kPa
@' 40.13 Degree
Veat 18.53 KN/m?®
0 30 Degree

RESULTS AND DISCUSSION
Trend of Extreme Daily Rainfall

Figure 1 shows a plot of the annual maximum
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daily rainfall: the trend is to increase slightly over
time. The average annual maximum daily rainfall
from 1952 to 2021 is approximately 80.97 (+ 26.59)
mm.
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Trend of annual maximum daily rainfall
from 1952 to 2021 at Chiang Mai
meteorological station.

Fig. 1

To analyze the changing annual maximum daily
rainfall, the study separated the rainfall data into two
periods: 1952 to 1986 and 1987 to 2021. According
to the analysis, the curves of the probability density
function of rainfall data shifted as shown in Fig 2.

Variable

== 1952-1986
E=11987- 2021
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g \
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~
~
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Data

Fig. 2 Probability density function and histogram
for two periods of analysis.

To estimate the parameters of GEV distribution
using a maximum likelihood estimation method, the
parameters for the stationary model are shown in
Table 2.

Table 2 Parameters for stationary GEV distribution

Parameter Value
Location 68.85
Scale 20.90
Shape 0.00
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In addition, to estimate the location parameter for
non-stationary GEV distribution using the simple
linear regression, the equation of location parameter
can be written:

() =75.90+0.143t (10)

where t is (tyear — to +1); to is 1952

For the scale and shape parameters, the stationary and
non-stationary have the same values.

The IDF plots of annual maximum daily rainfall
in both stationary and non-stationary GEV
distribution conditions are shown in Fig 3 and Fig 4.
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Fig. 3 IDF curve for annual maximum daily

rainfall in stationary condition.
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Fig.4 IDF curve for annual maximum daily

rainfall in non-stationary condition.

Consider to Fig 3 and Fig 4, the graphs present the
difference in the amount of rainfall in the same return
period, in which the amount of rain in the non-
stationary condition is higher than in the stationary
condition. It also shows that the amount of rain or IDF
precipitation under non-stationary conditions varies
over time.

2020
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Pore Water Pressure Profiles under Vertical
Seepage Condition

The pore water pressure profile for stationary and
non-stationary conditions can be predicted using
Equation 6. The pore water pressure profile is shown
for 1960 in Fig. 5, for 1990 in Fig. 6, and 2020 in Fig.

7.
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Fig. 5 Pore water pressure profile for 1960.
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Fig. 6  Pore water pressure profile for 1960.
According to the difference in rainfall between

stationary and non-stationary conditions, the pore

water pressure profile of non-stationary conditions is

less negative than the stationary condition. In addition,

the pore water pressure profile for non-stationary

varies over time at the same return period. The pore
water pressure of non-stationary is a shift into the
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saturated state because the amount of rain in the IDF
curve increases over time, as shown in Fig. 4. In
contrast, the pore water pressure profile of the
stationary condition is constant because the amount
of rain in the IDF curve is fixed over time, as shown
in Fig.3.
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Fig. 7 Pore water pressure profile for 2020.

Fig. 8 presents a comparison of the pore water
pressure profile for a 5-year return period. Fig. 9
presents a comparison of the pore water pressure
profile for a 100-year return period. Fig. 10 presents
a comparison of the pore water pressure profile for a
1000-year return period.
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Fig. 8 Comparison of pore water pressure profile

for return period 5-year.
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100-year return period
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Fig.9 Comparison of pore water pressure profile
for return period 100-year.
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Fig. 10 Comparison of pore water pressure profile
for return period 1000-year.

Slope Stability Analysis

Slope stability analysis in the study is based on an
infinite slope stability model: the depth of failure
plane is shallow, and the failure plane is parallel to
the surface. According to the slope stability analysis,
the results show that the safety factor of residual soil
slopes decreases when the return period increases.
Moreover, the safety factor is constant in the
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stationary condition. In contrast, the safety factor
decreases in the non-stationary condition when the
amount of rain increases. When comparing the safety
factor in both stationary and non-stationary
conditions of GEV distribution, the results show that
the safety factor of non-stationary conditions is lower
than in stationary conditions. Moreover, the safety
factor gap between both stationary and non-stationary
conditions of GEV distribution is increasing over
time. Fig.11 presents the plots of the safety factor in
this study.
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Fig. 11 Comparison of factor of safety.
CONCLUSIONS

The amount of rainfall is a key controller of the
stability of the soil slope. Comparing the stationary
and non-stationary conditions of GEV distribution,
this study found that the selection of historical data to
generate IDF curves is the essential step for slope
stability modelling because, if the modeller selects
the low rainfall period to generate IDF curves, the
results of the slope stability are high, and the
susceptibility of slope failure is low. It may lead to
neglecting the prevention of soil slope failure. In
addition, changes in extreme rainfall are important
issues of imperative concern for landslide or slope
failure risk management.
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ABSTRACT

Urbanization is evident in some municipalities of Pampanga specifically in San Fernando and Santo Tomas.
Those municipalities being developed, requires an information of the load-bearing capacity of soil. Predicting the
soil bearing capacity provides an estimation of how much loads can the soil carry. The bearing capacity was
calculated using the local shear failure equation of the Terzaghi’s bearing capacity formula. Also, the bearing
capacity was predicted using Artificial Neural Network for those locations which has available data with the Ngo
value, friction angle, unit weight, and footing width as dependent parameters. The results show a coefficient of
correlation of approximately equal to 1 and a mean squared error of at least O for a hidden layer of 10 which proves
that ANN is an efficient way in predicting the bearing capacity. Based on the sensitivity analysis, it was found out
that the unit weight is the most significant parameter affecting the value of the bearing capacity. A relationship
between the Ngo value, soil classification, and the bearing capacity was observed. It was concluded that the Neo
value and soil classification are the two determining factors on how the value of the bearing capacity will be,
because it affects the consistency of the soil and most of the parameters are dependent on those two variables. The
value of the bearing capacity ranges from a minimum of 20 kPa to a maximum of 630 kPa for a specific area.

Keywords: Allowable Bearing Capacity, Artificial Neural Networks, Geographic Information System, SPT-N

INTRODUCTION value in the means of the mean square error and the
coefficient of correlation.

Urbanization starts to arise in the Philippines. This paper used artificial neural network to
Also, some of the provinces being near to Metro simulate an estimation of the allowable bearing
Manila start to get urbanized and be developed. One capacity of soil in the municipality of San Fernando
of the provinces that are starting to get urbanized is and Santo Tomas, Pampanga.
the province of Pampanga.

According to Das and Sobhan [6], bearing METHODOLOGY
capacity are usually analyzed when it comes to
designing foundations. Bearing capacity is the load- For the study, 52 borehole data was used to
carrying capacity with respect to the shear failure of estimate the bearing capacity. The borehole data was
soil of shallow foundations. A wrong estimation of obtained from the municipalities of San Fernando and
the bearing capacity often leads to a wrong design of Santo Tomas, Pampanga. Most areas in the said
the foundation. location are sand. 52 borehole data was obtained

Chao, Zhang, Zhu, and Hu [2] stated that artificial because of the availability of the borehole data. The
Neural Network (ANN) is the duplication of the borehole data was plotted to provide an estimation of
physiological structure and mechanics of human the bearing capacity of the area within 1 km radius.
brain. They stated that ANN is mostly used in The standard penetration test— N (SPT — N) value was
computing some geotechnical engineering problems. obtained in the borehole data provided by the local
It was also said that using ANN for solving is government units and some private testing companies.
beneficial because of the following factors: a) it has The SPT-N value was corrected using Eq. 1 which
high speed when it comes to calculation; b) it has was provided by Das and Sobhan [6].
strong ability when it comes to fault-tolerance; and,

c) it has dexterous capability when it comes with Ngo = Nnungnsr (1)

dealing with convoluted solving rules [2]. 60

The determination of the allowable bearing
capacity allows the easier design of the proper
dimension of a footing that can carry such loadings.
In addition, the use of artificial neural network for the
estimation of the bearing capacity provides a more
accurate value because it also provides a validation

Input Parameters/Independent Parameters
The input parameters for the calculation of the

bearing capacity are the following: SPT-N values,
friction angle, unit weight of soil, and footing width.
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The friction angle and unit weight of soil was
calculated according to the corresponding corrected
SPT-N value. The value of the friction angle was
interpolated using Table 1 which was proposed by
Kulwahy and Mayne [10]. The value of the footing
width was considered as 1 m for all embedment
depths considering the limitations of the Terzaghi’s
bearing capacity equation [6].

Table 1. SPT-N value vs. Friction angle relationship
from Kulhawy and Mayne [10]

SPT — N value Friction angle
0-4 <28
4-10 28 - 30
10-30 30-36
30-50 3641
> 50 >41

A study done by Puri, Prasad, and Jain [15]
provided a prediction of the geotechnical parameters
using machine learning, one of which is the density
of soil using SPT-N value. The following equations
(Eq’s 2-a to 2-e) were used for the calculation of the
density of soil which is then multiplied to the
acceleration due to gravity to obtain the unit weight
of the soil which will be used for Eq. 3.

a) For Coarse Grained soil,

a.1) Dry Density with 1 <N <50,

pa =0.0068(N) +1.5554 (2-a)
a.2) Bulk Density with 1 <N <39,

Py =0.0096(N) + 1.5001 (2-b)
a.3) Bulk Density with 40 <N < 50,

pp =0.0141(N) + 1.3726 (2-c)
b) For Fine Grained soil,

b.1) Dry Density with 1 <N <50,

pPqa =0.0114(N) + 1.2488 (2-d)
b.2) Bulk Density with 1 <N <50,

pp = 0.0080(N) + 1.7202 (2-e)

Output Parameter/Dependent Parameter

The ultimate bearing capacity was calculated using
the Terzaghi’s bearing capacity equation (Equation 3)
considering local shear failure [6].

Gus) = 1.3cN; + gN, + 0.4yBN, 3
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where B is the width or diameter of the base of the
footing, L is the length of the footing, q is the vertical
effective stress from the natural ground level to the
bottom of the footing, yB is the effective vertical
stress from the bottom of the footing to the ‘B’
projection, N, Ng, and N,, are the Terzaghi’s bearing
capacity coefficient, and c is the cohesion in which
according to Kulhawy and Mayne [10] can be

expressed as c =%[0.06(N)(Pa)], where N is the

SPT-N value, and P, is the atmospheric pressure.
The allowable bearing capacity was computed
using a factor of safety of 3.

Artificial Neural Network

Acrtificial Neural Network was used to predict the
allowable bearing capacity with the independent
parameters (SPT-N value, friction angle, unit weight,
footing width) as input values and the dependent
parameter (allowable bearing capacity computed
using Terzaghi’s bearing capacity equation) as output
value. For the simulation of training of artificial
neural network, the dataset was trained using a
different number of hidden layers such as 5, 10, 15,
and 20. The value of the coefficient of correlation and
the mean square error was obtained to validate the
efficiency of ANN in predicting the dependent
parameter.

A sensitivity analysis was done to determine
which independent parameter is highly significant
and greatly affects the accuracy of the dependent
parameter. According to Mrzyglod, Hawryluk, Janik,
and Olejarczyk-Wozenska [13] to know the
significance of one parameter to the desired output, a
sensitivity analysis should be done. Sensitivity
analysis can be computed by obtaining the error of the
measured and predicted outputs. The equation of the
error is presented in Eq. 4 and can be denoted as,

Error = %Z?:l()’i - 9)? 4)

Error;

W= o ®)

where n is the number of output values, vy; is the
measured/computed values, ¥; is the predicted values
from ANN. Eq. 5 represent the value of W. W is the
ratio (sensitivity of the parameter), Error; is the
computed error without the specific parameter, and
Error is the total error including all parameters. If the
value of W is less than or equal to 1, hence, the
parameter is insignificant; in other words, it does not
affect the value of the output.

Avrtificial Neural Network Validation
According to Rezaei, Nazir, and Momeni [18] to

validate the predicted values for ANN, the coefficient
of correlation and the mean square error should be
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obtained. Both the coefficient of correlation and mean
square error are displayed upon the ANN simulation.
An article written by Elcicek, Akdogan, and Karagoz
[8] provided an equation for the mean square error
and coefficient of correlation. It can be computed as,

MSE = 31 (xop = %pr)”

(6)

_ _ 2

R* = [Z?]=1(xob - xob)z _ZIiV=1(xob - xpr) ] X
(X1 (op — %op)?1 7 (@)

where MSE is the mean square error, R? is the
coefficient of correlation, N is the total number of
data, Xob are the actual computed values, Xor are the
predicted values using ANN, X, is the mean of the
actual computed values, and x,, is the mean of the
predicted values using ANN.

RESULTS AND DISCUSSION

From the borehole data, refer to Table 2 for the
data in one of the borehole logs obtained from a
bridge in Bulaon, San Fernando City. Table 3
represents the values of the input parameters.

Table 2. Sample borehole analysis of a bridge in
barangay Bulaon, San Fernando City

Depth SPT N Soil
1st 2nd N-value 60 Classification
0 1 22 12.375 SM
1 2 22 12.375 SM
2 3 15 8.4375 SM
3 4 21 11.8125 SM
4 5 21 11.8125 SM
5 6 18 10.125 SM

Table 3. Input parameters for the calculation of the
bearing capacity

Depth Neo Qi o \ B
1st 2nd ®) (KN/m?)  width
0 12.375 2161 16.08 1
1 2 12.375 2161 16.08 1
2 3 8.4375  20.65 15.82 1
3 4 11.8125 21.47 16.05 1
4 5 11.8125 21.47 16.05 1
5 6 10.125 21.08 15.93 1

Bearing Capacity Calculation

From the obtained data, refer to Table 3 for the
calculated ultimate bearing capacity equation using
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Eqg. 3 and the allowable bearing capacity using a
factor of safety of 3 [7]. All the values of the
parameters required for the ultimate bearing capacity
equation was computed first such as the cohesion,
unit weight, g, and Nc, Ng, N;.

Table 4. Sample Calculation of the Bearing Capacity
in a school in Bulaon, San Fernando City

Depth . Ultimate Allow

(m) Nso szslgls,ls Capacity  Capacity
1st 2nd (kPa) (kPa)
0 1238 SM 171.04 51.65
1 2 1238 SM 312.30 93.38
2 3 8.44 SM 406.89 119.63
3 4 1181 SM 585.04 173.67
4 5 1181 SM 724.28 214.73
5 6 1013 SM

To validate the results of the computed allowable
bearing capacity, the computed values were
compared to the allowable foundation pressure
provided in the National Structural Code of the
Philippines 2015 [14]. Observing all the computed
allowable bearing capacity for different embedment
depths, it satisfies all the limitations within the code.
Hence, the values computed are acceptable.

ANN Validation

Since different values of hidden layers were used,

the values of the coefficient of correlation were
obtained for all hidden layers (HL) (5, 10, 15, 20) in
both locations.
The lowest value of the mean square is found when
there are 10 hidden layers. Though all the other 3
returns a value of mean square error of approximately
0, yet the lowest value of MSE is found at 10 hidden
layers. Table 5 represents the value of the MSE and R
of all the hidden layers with their corresponding
embedment depths.

Figure 1 shows the regression fit graph of the
training, validation, and testing of the data in both
locations with their corresponding coefficient of
correlation with a hidden layer of 10. As it can be seen
in Figure 1, the regression fit line and data lies on the
fitting line which explains the accuracy of the output
values predicted using ANN with 10 hidden layers.
The regression fit line also provided the values of the
coefficient of correlation which shows that it is
approximately equal to 1.

There are 52 available borehole data. The dataset
was divided into a 70% — 15% — 15% distribution for
the training, validation, and testing, respectively;
hence, 36 data was used for the training, 8 data for
validation and testing.
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Table 5. Summary of validation results in ANN with
10 hidden layers

Df HL =10 HL=5
MSE R MSE R
1 0 1 0.067 1
2 0.0003 0.986 0.001 0.997
3 0.002 0.991 0.009 0.994
4 0.0017 0.98 0.0018 0.995
5 0003 0995 0.011 0.956
Df HL =15 HL =20
MSE R MSE R
1 0.069 098 0.051 1
2 0.002 0.995 0.013 0.991
3 0.009 0954 0.004 0.996
4 0.023 0.994 0.0021 0.943
5 0.003 0.985 0.003 0.977
_ Training: R=0.99999 Validation: R=1
=
§ 50 gsm d““;
50 m-nrarge' 150 200 50 wog_argm 150 200
Test: R=0.99965 All: R=0.99989

Output ~= 0.99*Target + 1.2
Output ~= 1*Target + 0.26

50 100 150 200 50 100 150 200
Target Target

Figure 1. Regression fit curve for the training,
validation, and testing of both municipalities for Df
=1 m with 10 hidden layers

Figure 2 shows the comparison of the computed
values of the allowable bearing capacity using the
Terzaghi’s bearing capacity equation and the
estimated allowable bearing capacity using Artificial
Neural Network. It shows how close the values are
from each other. The figure also proves that the
estimated values using ANN are close enough to the
computed values/

Sensitivity Analysis

A summary of the weights for both locations is
provided in Table 6. The sensitivity analysis provided
an idea of whose the most significant parameter
amongst the independent parameters such as the SPT-
N value, friction angle, unit weight, and the footing
width. As it can be seen, the unit weight is the most
significant parameter as it returns the highest value of
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the weight, second is the SPT-N value, and the third
is the friction angle. For the footing width, two
embedment depth returns a value of weight of less
than 1, but the rest provides a value of more than 1.
In conclusion, it can then be said that the footing
width is still a significant parameter. In contradiction,
it can also be concluded that it is the least significant
because it has the lowest value of the weight.

Table 6. Summary of the dependent parameters'
weights for both locations

Df Weights
(m) SPT-N  Friction U_nit Foqting
value angle weight Width
1 25.464 2.057 748.984 0.929
2 21.452 1.306 224.052 0.794
3 4.863 4.236 209.623 2.307
4 29.043 18.131  382.678 9.210
5 61.387 9.709 158.060 7.500

1000
900
800
700
600
500
400
300
200
100

0

ALLOWABLE BEARING CAPACITY (KPA)

NUMBER OF BOREHOLE DATA

e Computed Predicted

Figure 2. Comparison of results of the computed and
predicted allowable bearing capacity at Df =1 m

Allowable Bearing Capacity Map

The allowable bearing capacity distribution map
for the municipalities of San Fernando and Santo
Tomas are shown in Figure 3a to Figure 3e. The
values of the bearing capacity were mapped using
Geographic Information System (GIS). The values of
the allowable bearing capacity are within a range of
minimum of 20 kPa to a maximum of at least 635 kPa.

Relationship between the allowable bearing
capacity, Neo value, and the soil classification

Relating the two parameters and the allowable
bearing capacity, it can be observed that both Neo
value and soil classification are directly related to the
value of the allowable bearing capacity. It is notable

1 4 7 10 13 16 19 22 25 28 31 34 37 40 43 46 49 52
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that the Ngo value and soil classification affects the
consistency of the soil. It can be observed that even if
the soil is classified as coarse-grained, if the Neo value
is greater than 11, the soil is already considered as
dense; hence, it can have a greater value of the
bearing capacity. In contradiction, if the soil is
considered as fine-grained, yet the Ngo value is within
0 — 4, the soil has a very soft to soft consistency.
Therefore, even if the soil is cohesive, it does not
possess a higher value of bearing capacity. Hence, it
can be concluded that both the Neo value and soil
classification should be considered as the greatest
contributing factor in the value of the allowable
bearing capacity.

ANN Prediction at Df = Im
I 0 (o less than 100 kPa
77100 to less than 200 kPa
200 toless than 300 kPa

300 toless than 400 kPa
I 400 0 less than 450 kPa
[] San Fernando and Santo Tomas Map

ANN Prediction at Df = 2m
B 0 toless than 100 kPa
0 100 to less than 200 kPa
] 200to less than 300 kPa
300 to less than 400 kPa
71 400 to less than 500 kPa
I 500 to less than 600 kPa
B 600 to less than 650 kPa
[ San Fernando and Santo Tomas Map

(b)

ANN Prediction at Df = 3m
B 0 to less than 100 kPa
[ 100 to less than 200 kPa
200 to less than 300 kPa
[T 300 to less than 400 kPa -
B 400 10 less than 460 kPa . oras o o Paz
[ San Fernando and Santo Tomas Map

ANN Prediction at Df = 4m
B O to less than 100 kPa
[ 100 to less than 200 kPa
[771 200 to less than 300 kPa
| 300 to less than 400 kPa
| 400 0 less than 500 kPa
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I 600 to less than 650 kPa
[] San Fernando and Santo Tomas Map

(d)

ANN Prediction at Df = Sm
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[771 100 to less than 200 kPa
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71 300 to less than 400 kPa o
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Figure 3. Allowable Bearing Capacity Map at (a) Df
= 1m; (b) Df = 2m; (c) Df = 3m; (d) Df = 4m; and,
(e) Df =5m

Figure 3. Side-by-side allowable bearing capacity
map and Neo value map for Df = 1m
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n
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Figure 4. Side-by-side allowable bearing capacity
map and soil classification map for Df = 1m
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CONCLUSIONS

Urbanization starts to arise in most of the
provinces in the country and one of which is the
province of Pampanga. Pampanga is one of the
provinces that is just a few hours away from Manila;
hence, developments are evident there. Some of the
highly urbanized municipalities in the province of
Pampanga is San Fernando (the province’s capital)
and Santo Tomas just below San Fernando. An
estimation of the allowable bearing capacity was
provided for both locations using artificial neural
network.

The SPT-N value and soil classification was
obtained from the borehole data and those data were
used to obtain the bearing capacity using the
Terzaghi’s bearing capacity equation. The values of
the allowable bearing capacity are within a range of a
minimum of 20 kPa to a maximum of at least 635 kPa.
It is notable as well that as the value of the
embedment depth of footing increases, the values of
the bearing capacity increase, respectively.

Upon obtaining the actual values of the bearing
capacity, the values were trained using the artificial
neural network where the Ngo value, friction angle,
unit weight, and footing width are the input values,
and the bearing capacity is the output value. 10
hidden layers was used because it yields to a more
acceptable value of the allowable bearing capacity.
The results were validated by obtaining the mean
square error and coefficient of correlation. It is
observed that all the values of the coefficient of
correlation for all embedment depths yields to a value
of approximately equal to 1, which proves the
efficiency of the artificial neural network in
predicting the values of the bearing capacity. After
training the data using ANN, the independent
parameters have undergone a sensitivity analysis to
determine its significance in the prediction of the
bearing capacity. The sensitivity analysis has
provided an observation that the most significant
parameter is the unit weight, followed by the Nego
value, and lastly is the friction angle.
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ABSTRACT

Vertical cutoff walls using low permeable materials are often constructed at contaminated sites to contain the
contaminants and to prevent their migration in the aquifer. The purpose of this study is to develop the soil-
bentonite vertical cutoff walls with earthquake-proof performance. The soil-bentonite vertical cutoff wall which
is developed in this study is a rather flexible material compared with other typical barrier materials such as soil-
cement mixing material. In this study, dynamic centrifuge model tests were performed to confirm the
earthquake-proof performance and the impermeable performance of cutoff wall. Four kinds of step-wise shaking
using sine wave were conducted for the soil-bentonite vertical cutoff wall and the soil-cement mixing vertical
cutoff wall. The following findings were obtained from this study.

1) It is concluded that the soil-bentonite vertical cutoff wall which was developed in this study has the high
earthquake-proof performance because the deformation of soil-bentonite vertical cutoff wall follows the model
ground deformation during the shaking.

2) According to the observation after the dynamic centrifuge model tests, the failure of soil-bentonite cutoff
wall does not occur although the collapse of soil-cement mixing vertical cutoff wall due to the shaking is
confirmed. Therefore, this fact implies that the soil-bentonite vertical cutoff wall has the high earthquake-proof
performance.

Keywords: Soil-bentonite Cutoff Wall, Dynamic Centrifuge Model Test, Earthquake-proof Performance

INTRODUCTION

Vertical cutoff walls using low permeable
materials are often constructed at contaminated sites s VGW.L
to contain the contaminants and to prevent their l‘;ey;“:eab'e soil
migration in the aquifer. It is also needed to the
leakage control of river embankment and regulating
pond. Figure 1 summarizes the concept of (a) Containment of waste soil
applicability on vertical cutoff walls. The usual
countermeasure for the migration and the leakage
control is to construct the soil-cement cutoff wall. ‘]
However, it is pointed out that the soil-cement cutoff YoWL
wall is damaged when the earthquake happens. Feieele soi

layer
. Cutoff wall v
Moreover, the barrier performance of cutoff wall Impermeable soil

e Cutoff wall

Impermeable soil
layer

decreases as the crack of cutoff wall occurs. layer

The purpose of this study is to develop the soil- (b) Leakage control of regulating pond
bentonite vertical cutoff walls with earthquake-proof Fig. 1 Concept of vertical cutoff walls.
performance. The soil-bentonite vertical cutoff wall
which is developed in this study is a rather flexible cutoff walls as bentonite and in-situ soil are mixed.
material compared with other typical barrier 2. The damage of cutoff walls does not occur when
materials such as soil-cement mixing material. There the large deformation happens in the ground.
are some previous researches to examine the 3. Corrosion and degradation does not occur because
performance of soil-bentonite cutoff walls [1]-[3]. it is stable that the major component of bentonite is
These researches are subjected to construct the inorganic substance such as montmorillonite
vertical cutoff walls by mixing powdered bentonite 4. Sludge amount due to the construction of cutoff
and in-situ soil. The results of previous researches walls decreases as bentonite and in-situ soil are
are reported as follows; mixed in the construction process.

1. It is possible to construct the low permeable
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Watanabe et al. [4] developed the soil-bentonite _ _
vertical cutoff walls with earthquake-proof I Specialty bentonite slurry /11
performance. The following findings obtained from vertical
literature [4];

1) The hydraulic conductivity showed the high
value and decreased with the confining pressure
from the triaxial hydraulic conductivity tests.

2) According to the in-situ full scale test, it is
confirmed from the results of CPT that the soil-
bentonite vertical cutoff wall can be constructed the
constant quality along to the depth direction by
using TRD (Trench cutting Re-mixing Deep wall)
method.

3) It is examined that the soil-bentonite vertical
cutoff wall has the high hydraulic conductivity from
hydraulic conductivity test for the core sampling
specimen of in-situ full scale test.

In this study, the dynamic centrifuge model tests
were performed to confirm the earthquake-proof
performance and the impermeable performance of
cutoff wall. Four kinds of step-wise shaking using
sine wave were conducted for the soil-bentonite
vertical cutoff wall and the soil-cement mixing
vertical cutoff wall.

cutoff wall

CONSTRUCTION METHOD OF SOIL-
BENTONITE CUTOFF WALLS

The vertical cutoff wall with earthquake-proof

. . Y
performance is constructed by TRD (Trench cutting S i' L
Re-mixing Deep wall) method as shown in Fig. 2. : . ) ‘ ”
Figure 3 also indicates the construction machinery :

which is applied the construction of vertical cutoff
wall. The construction process is described as
follows;

1. The agitated auger which is chainsaw type
shape connects the base machinery and this auger

Fig. 4 Centrifuge apparatus.

Table 1 Specifications of centrifuge apparatus.

inserts into in-situ ground. Outer diameter of arm 16.67m
2. The specialty bentonite slurry injects into the Height of arm 3.00m
in-situ ground and the chainsaw type auger agitates Radius of platform 7.01Im
in-situ ground as the chainsaw type auger moves to Maximum payload 700g-t
horizontal direction. Payload weight 7t
It may be suggested that the homogeneous cutoff Platform space 2. 2m*2.2m
wall is constructed by using TRD method. Test model height 25m
DYNAMIC CENTORIFUGE MODEL TESTS 100 »
Centrifuge Apparatus 80 +
The beam type centrifuge apparatus was used to °\§ 60 4
the model test as described in this paper. This beam 3
type centrifuge has a pair of parallel arms that hold §
platforms on which the model container and a g 07
weight for counterbalance are mounted as shown in ©
Fig. 4. Radius of rotation is 7.01m, which is the 20 1
distance from the rotating shaft to the platform base.
The surface of swinging platform is always normal 0 +e—=
to the resultant acceleration of the centrifuge 0.001 0.01 01 1 10

Grain size (mm)

lerati h’ ity. The shaki . -
acceleration, nG, and earth’s gravity. The shaking Fig. 5 Grain size distribution of silica sand No. 7.
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Table 2 Physical properties of silica sand No. 7. Table 3 Compounding condition.

Kaolin Ca- lon-

- . - 3 H
Soil particle density p (g/cnt) 2.654 S‘;‘é S*(‘g)d clay W(g‘)e’ bentonite | exchange
Mean diameter D s (mm) 0.185 — @ (@ |material (g)
N - " andy ~
Maximum void ratio e yux 1.193 Casel | oo 1713 404 | 126 44
.. . A Composite
Minimum void ratio e min 0.698 Case 2 SF())iI 1486.6 | 1652 541.6 1226 44
Shaking direction
) 2000 ‘
p Ca§e 2 .
Soil-bentonite cutoff wall Case 4
l L (Composite soil) ¢ L Soil-cement cutoff &/all
= m \ m (5] m = =
© i
3 = l
l J L L Case 1 = ' - L J L L
Soil-bentonite cutoff wall Case 3
(Sandy soil) Soil-cement cutoff wall
B : Accelerometer I :Laser displacement transducer : . o
i i Shaking direction
m :Pore-water transducer
L-1 Li2 LES 54 L5
=] L ‘ ] -: [ ] ‘ [ ] =]
IS < | AHO1PWO1 S | PW09 AHO09 PW13 S i PWO05 AHO5 Dr=40%
© —-m = o —m =] ] -] =]
=] tAHOZPWOZ S g PW10 AH10 PW14 o | PW06 AHO6
o m m 'Y m = = NV m =
8| g’ AHosPwo3 sTpwil  AHIL  PWIS s Tpwor AHo?
SV m ] SV m =] m SV om =]
AH04PWO04 Lo [ PW12 AH12 PW16 gL L PW08 AHO08
N
L
| AH26 Impermeable layer

Fig. 6 Schematic view of centrifuge shaking table test.

Model soil-bentonite,
table platform as shown in Fig. 4 was used in vertical cutoff wall
dynamic centrifuge model tests. The specifications
of beam type centrifuge which was used in this study

are summarized in Table 1.

Model soil-cement
vertical cutoff wall

Material Used in Centrifuge Model Tests

Impermeable layer
(Acrylic plate)

«—Embedded portion
40mm (1m at 25G)

Figure 5 indicates the grain distribution curve of
Silica sand No. 7, and the physical properties of that
are also shown in Table 2. The model ground is
prepared by air-pluviation method using Silica sand
No. 7.

Fig. 7 Detail of embedded portion for model
vertical cutoff wall

The compounding conditions of model soil-
bentonite cutoff wall are proposed in Table 3. The
constitutional materials are sand (Silica sand No. 5),
Kaolin clay (only Case 2), Ca-bentonite, water and
ion-exchange material. The making process of
model soil-bentonite cutoff wall is described as

follows;

1. The predetermined sand and water are mixed
homogeneously by the rotary-type mixer. (i.e. model
ground material) Here, the predetermined Kaolin
clay is added in the Case 2.

2. The predetermined Ca-bentonite and water are
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Horizontal displacement (mm)
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(a) Sine wave (2.4Hz).
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(a) Sine wave (4.8Hz).

Fig. 8 Depth distribution of horizontal
displacement for Case 1.

mixed homogeneously. (i.e. injection liquid)

3. The predetermined ion-exchange material and
water are mixed homogeneously. (i.e. injection
activating agent)

4. The injection liquid and injection activating
agent are added to the model ground material.

5. The model soil-bentonite cutoff wall is made
by injecting the model ground.

Experimental Method

Figure 6 shows the schematic view of centrifuge
shaking table test. A rigid soil container was used in
the shaking table test, and the model ground was
created using air-pluviation method such that the
relative density of the D, was 40%. Silica sand No. 7
(Specific gravity of soil, Gs=2.645) was used in
preparing the model ground. The bottom layer was
the impermeable layer which was made by the
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(a) Sine wave (4.8Hz).

Fig. 9 Depth distribution of horizontal
displacement for Case 2.

acrylic plate. The detail of embedded portion for the
model vertical cutoff wall is shown in Fig. 7. For the
vertical cutoff wall, the sandy soil-bentonite cutoff
walls was simulated using compounding condition
of Case 1 as described in Table 3, whereas
composite soil-bentonite cutoff wall was simulated
using compounding condition of Case 2 as described
in Table 3. The model soil-cement mixing walls
(Cases 3 and 4) are made by Silica sand No. 5 and
cement. The target strength of soil-cement mixing
walls are unconfined strength qu=500kN/m?2. It is
confirmed that the strength of soil-cement is almost
qu=500kN/m? from the unconfined compression test.
The dimension of model cutoff wall are width 20mm,
depth 340mm and length 300mm. As the model
scale ratio was 1:25, a centrifuge acceleration of
25G was used in the shaking table tests. The model
ground is saturated after preparing the dry sand
ground by using the metolose water which has 25
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(a) Sine wave (4.8Hz).

Fig. 11 Depth distribution of horizontal
displacement for Case 4.

(a) Sine wave (4.8Hz).

Fig. 10 Depth distribution of horizontal
displacement for Case 3.

times larger viscosity than water. All the tests were
conducted to the saturated sand conditions under
25G centrifuge acceleration field.

The frequency and amplitude of acceleration
were varied using sine wave as input to generate
stepwise shaking. The frequencies of sine wave used
in this experiment are 60Hz and 120Hz to examine
the dynamic behavior due to the differe
frequency. Thus, the prototype frequencies
wave are 2.4Hz and 4.8Hz respectivel
parameters measured in the experiment
acceleration at various depths of the model
displacement of the model cutoff wall surfac
ground level, and the pore water pressure at
depth of model ground. Moreover, the
analysis such as PIV (Particle Image Velocimetry) to
obtain the deformation of model cutoff wall and
model ground was carried out after the experiment
by tracking the model ground movement

Fig. 12 Soil-bentonite cutoff wall after shaking.

sequentially. It is possible to examine the failure
mode of model cutoff wall and model ground from
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the results of image analysis.
RESULTS OF CENTRIFUGE MODEL TESTS

The results of centrifuge model tests present the
prototype scale values in this chapter. The depth
distributions of horizontal displacement are shown
in Fig. 8~Fig. 11. Here, the input acceleration levels
are described as follows;

Micro shaking: Lower than 100gal

L1 shaking: 200~300gal

L2 shaking: 600~700gal

Maximum shaking: Higher than 1000gal

It is important to estimate the horizontal
displacement of cutoff wall to obtain the earthquake-
proof performance. Therefore, the horizontal
displacement of cutoff wall is calculated by PIV
analysis during the shaking. It is confirmed that the
horizontal displacement of soil-bentonite cutoff wall
as shown in Figs. 8 and 9 indicates the large value at
the shallow depth of model ground. This fact implies
that the horizontal displacement of model cutoff wall
dominates at the shallow depth of model ground
because the large horizontal force is acted to the
model cutoff wall at the shallow depth of model
ground. The deformation behavior of model soil-
bentonite cutoff wall as described above shows the
same trend regardless of the input wave frequency.

On the other hand, the horizontal displacement of
soil-cement cutoff wall as shown in Fig. 10 and Fig.
11 presents that the difference of horizontal
displacement at the shallow depth of model ground
indicates the small value. It is said that the failure
such as the cracks of cutoff wall occurs in the small
shaking level. Thus, the soil-cement cutoff wall
cannot follow the ground deformation during the
shaking. The deformation behavior indicates the
same trend regardless of the input wave frequency.

Figure 12 and 13 presents the model cutoff wall
after the shaking. The soil-bentonite cutoff wall as
shown in Fig. 12 does not occur the failure such as
the cracks of model cutoff wall. It is concluded that
the soil-bentonite cutoff wall can follow the ground
deformation in the large earthquake. Moreover, it is
said that the impermeable performance can be kept
after the large earthquake because the large failure is
not examined. Figure 13 indicates the soil-cement
cutoff wall after the shaking tests. Here, the red lines
in Fig. 13 mean the dominant cracks. Form Figure
13, the many cracks of model cutoff wall are
observed. This fact implies that the soil-cement
cutoff wall cannot follow the ground deformation.

CONCLUSIONS

In this study, the dynamic centrifuge model
tests were performed to confirm the earthquake-
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Fig. 13 Soil-cement cutoff wall after shaking.

proof  performance and the impermeable
performance of cutoff wall. Four kinds of step-wise
shaking using sine wave were conducted for the soil-
bentonite vertical cutoff wall and the soil-cement
mixing vertical cutoff wall. The following findings
were obtained from this study.

1) It is concluded that the soil-bentonite vertical
cutoff wall which was developed in this study has
the high earthquake-proof performance because the
deformation of soil-bentonite vertical cutoff wall
follows the model ground deformation during the
shaking.

2) According to the observation after the
dynamic centrifuge model tests, the failure of soil-
bentonite cutoff wall does not occur although the
collapse of soil-cement mixing vertical cutoff wall
due to the shaking is confirmed. Therefore, this fact
implies that the soil-bentonite vertical cutoff wall
has the high earthquake-proof performance.
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ABSTRACT

While large earthquakes are predicted to occur in the near future, there is no established method for evaluating
the stability of castle stonewalls from an engineering perspective. Therefore, there is an urgent need to elucidate
the mechanism of dynamic stability of castle stonewalls. In this study, we measured the angle of repose, clarified
the relationship between the measurement results and input physical properties, and reproduced the collapse
behavior of stone base types and half-stone base types to investigate the factors affecting the stability of stonewalls.
As a result, the deformation and collapse patterns of stonewalls were classified according to the shear resistance
angle of the block surface and the width of the cobblestone layer.

Keywords: Stonewall, DEM analysis, Dynamic behavior, Displacement

1. INTRODUCTION

The 2016 Kumamoto earthquake caused enormous
damage to ground structures such as buildings and
stonewalls at Kumamoto Castle. Besides, many
stonewalls in Kumamoto Castle collapsed and
overturned, and tensile cracks occurred in the back of
the embankment. The 2016 Kumamoto earthquake is
characterized by the fact that Kumamoto Castle was
damaged by a foreshock with a seismic intensity of
5+ and the main shock of 6+. Although the stonewalls
of Kumamoto Castle escaped deformation during the
foreshock, many cases were found to have been
deformed or collapsed due to the mainshock.

However, despite the fact that large earthquakes are
predicted to occur in the future, a method for
evaluating the stability of castle stonewalls as civil
engineering structures has not yet been established.
Therefore, there is an urgent need to elucidate the
mechanism of dynamic stability of castle stonewalls.

Studies have been conducted to follow the dynamic
behavior of stonewalls using various numerical
analysis methods. Hashimoto et al. [1] conducted a
dynamic analysis using the finite element method
(FEM) and focused on the response acceleration and
response velocity obtained from FEM at the stonewall
location to clarify the relationship with damage.
However, since FEM treats a stonewall as a
continuum, it is difficult to represent local collapse
behavior. Therefore, in this study, the distinct element
method (DEM: analysis code UDEC) was used [2],
which can analyze local deformation in discontinuous
structures. The distinct element method usually
models the analysis target as a set of rigid elements
and traces the movement of individual blocks down
to their very shape [3] [4] [5]. The UDEC used in this
analysis can treat elements not only as rigid bodies
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but also as deformable bodies, and nonlinear models
such as elasticity and elasto-plasticity can be
considered for the deformable bodies. Failure mode
and crack propagation simulations can also be
performed.

In a past report [6], we reproduced the collapse
behavior of a stone base type wall under various
conditions. However, the validity of the input
physical property values has not been clarified. In this
study, the angle of repose was measured and the
relationship between the measurement results and the
input physical property values was clarified. In
addition to the stone base type, the collapse behavior
of the half stone base type was reproduced, and the
factors affecting the stability of the stonewall were
examined.

2. OVERVIEW OF ANALYSIS MODEL
2.1 Selection of The Stonewall Model

According to past research [7] [8] [9], the
stonewalls of Kumamoto Castle can be roughly
divided into three types according to their internal
composition. The stonewall model handled in this
study was divided into three types based on the
literature: the "stone base type" consisting of only
stonewall blocks and cobblestones, the "half stone
base type" consisting of stonewall blocks,
cobblestones, and the embankment, and the "stone-
less base type" consisting of only stonewall blocks
and the embankment. In this study, we focused on the
stone base type and the half stone base type that have
cobblestone. Fig.1 shows the internal composition,
shape characteristics, and constituent materials.
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2.2 Conditions of The Analysis Model

Figure 2 shows the model outline and Table 1
shows the model conditions. Table 2 shows the
seismic waveforms used in the analysis. In this study,
the distinct element method (analysis code: UDEC),
which is an analytical method for solving the motion
of a discontinuity model, was used to model the
individual movements of the stonewall blocks and
cobblestones. Based on past studies, for the stone
base type, comparisons are made by the magnitude of
the shear resistance angle of the block surface and by
the height of the stonewall. For the half stone base
type, only the slope angle of the stonewall was
changed to 60° and 80° without changing the
conditions of the physical properties of each block,
and the comparison was made. Next, to make a
comparison by the width of the cobblestone zone, we
compare the width of the cobblestone zone in the
depth direction of 3m and 7m without changing the
physical property values and stonewall slope angle of
each block. Considering that the physical properties
of the stonewall block and cobblestone surfaces
contribute significantly to the generation of earth
pressure, the shear resistance angle values of the
stonewall block and cobblestone surfaces were set to
the cases shown in Table 3.

Type name Stone base type

Style i »

I:I Stonewall block

Cobblestone

Half stone base type

[ stonewalt block [ cobblestone

|:| Embankment

State at the
time of
collapse
Stonewall Stonewall block,
Materials block, Cobblestone,
Cobblestone Embankment
Characteristic Height : low Height : high
Slope : steep Slope : gentle

Fig. 1 Characteristics of each stonewall type

Table 1 Physical properties of each block
3000

Vertical rigidity(N/mm)

Shear rigidity(N/mm) 3000

Table 2 Seismic waveforms used in the analysis

Waveform Period Amplitude Exc_ltatlon
time
sine wave  10Hz 1.0m/s 2.0 sec
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:cobblestone
(elastic element)

:fixed block

[ ] :stonewall block

(elasto-plastic element)

[ :quiet boundary

:sandy soil
(elasto-plastic element)

[ | :base(fixed element)

:between stonewall block and
embankment between
cobblestone and embankment

Fig. 2 Cross-section of the analysis model

:between stonewall
block and cobblestone

Table 3 Conditions for shear resistance angle of
surface

Stonewall block (°)
Cobblestone (°)

10
10

20
20

30
30

40
40

3. RESULTS OF DYNAMIC BEHAVIOR
ANALYSIS

3.1 Measurement of Angle of Repose

The angle of repose was measured on the
simulation to estimate the shear resistance angle as a
block aggregate. According to the Geotechnical
Engineering Dictionary, the angle of repose is the
angle of the soil slope when uncohesive soil such as
sand or gravel is dropped from a certain height and is
stable without collapsing. Theoretically, the angle of
repose should coincide with the shear resistance angle
(internal friction angle) of loosely packed sand or
gravel under low pressure. The shear resistance
angles of the block surface were set to 10°, 20°, 30°,
40°, and 50° when the parameter "round" was set to
0.05, 0.10, and 0.15 on the UDEC to represent the
roundness of the block, angle of repose were
measured, respectively. The analytical model was
made to drop a disturbed specimen from a height of
15 meters by applying gravitational acceleration.
Figure 3 shows the results of the comparison of angle
of repose and angle of shear resistance. From these
results, it was found that the angle of shear resistance
¢s on the block surface and the angle of repose 6 are
generally related to ¢ £5=0.Based on these results,
the shear resistance angle of cobblestones behind the
stonewall can be set as 0= ¢n.
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Fig. 3 Comparison results of angle of repose and
angle of shear resistance

3.2 Creation of Analysis Model

Figure 4 shows how the models were created for
the stone base type and half stone base type with a
stonewall slope of 70°. Figure 3 shows the model
after cutting the cobblestones. In the stone base type,
two blocks were made inside the stonewall and one
block was made at the top of the stonewall, and the
blocks were cut into 40 cm squares. Blocks were
made separately because it is more difficult to create
gaps when blocks are dropped separately than when a
single block is made and dropped. To approximate the
actual construction procedure, cobblestones were
made at a certain height, and then free-fallen to fill
the inside of the stonewall. In a past study, free-fall
alone caused gaps in the corners of the stonewall.
Based on this reflection, this time gravity was applied
to the left, right, and vertically downward while the
stonewall blocks and base were fixed. In the half
stone base type, a large block was created at the top
of the stonewall and cut into 40 cm squares. After that,
only the left portion of the cobblestone block was
removed and allowed to fall freely in order to allow it
to fall smoothly. Then, with the stonewall blocks and
the base fixed, gravity was applied to the left and right
and vertically downward. As a result of this procedure,
it can be confirmed that the cobblestones are
sufficiently packed, as shown in the Fig. 4.

3.3 Analysis Results and Consideration of Stone
Bases Type

3.3.1 Stonewall height

Based on past studies, analytical models were
developed to compare different heights of stonewalls,
with heights of 12 m and 6 m, a stonewall slope angle
0f 70°, and surface shear resistance angles of 10°, 30°,
and 50°. The deformation diagrams are shown in
Fig.5. Even under the same conditions, there were
differences in the collapse behavior as the height of
the stonewall was lowered. The inclination of the slip
surface differs depending on the height of the

stonewall. When the height of the stonewall is 12m,
the overburden pressure is relatively large due to the
high height of the stonewall. Therefore, the horizontal
force acting due to the inertia force of earthquake
motion is larger than the soil overburden pressure,
and the slope of the slip surface is considered to be
steeper. In the case of the 6 m high stonewall, the
lower height of the stonewall causes the cobblestones
to collapse in the form of horizontal lateral slip,
resulting in a gentle slope of the slip surface.

Fig. 4 Schematic diagram of the model
construction of stone base type and half

stone base type

Height:12m Height:6m
Maximum Maximum
displacement:5.348m displacement:2.192m
Sy =
10°
Maximum Maximum
displacement:4.948m displacement:;1.908m
30°
o \
Maximum Maximum
displacement:0.2262m
50°

Fig. 5 Displacement vectors for 12m and 6m
height of stonewall
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3.3.2 Surface shear resistance angles

In order to compare the shear resistance angle of
the stonewall surface, an analytical model was
created for a height of 12 m, a stonewall slope angle
of 70° , and shear resistance angles of 10° , 30° ,
and 50° on the surface of the stonewall. Figure 6
shows the analytical results. For the 12m height,
collapse was observed for all shear resistance angles
from 10° to 50°. As the angle of shear resistance
increased, the maximum dis-placement decreased,
indicating that the collapse was less likely to occur.

@s=10° ¢s=30° @s=50°
Maximum Maximum Maximum
displacement: displacement: displacement:

_ __5.348m 4.547m

4.948m

Fig. 6 Displacement vector for stoneWaII height of
12m and stonewall slope angle of 70°

3.4 Analysis Results and Consideration of Half
Stone Bases Type

3.4.1 Stonewall slope angle

Figure 7 shows the deformation when the shear
resistance angle between the stonewall face and the
cobblestone face is 20° for two cases of stonewall
slope angle of 60° and 80°. Based on past studies and
actual damage, the larger the stonewall slope angle,
the more likely it was to collapse. However, in the
present results, no collapse was observed in all cases
where the shear resistance angle of the block surface
was between 10° and 40°, indicating that the block
was in a stable condition.

+ 3.0sec + 3.0sec
+ Maximum displacement: + Maximum displacement:
0.487m 0.248m

Slope angle:60° Slope angle:80°
Fig. 7 Comparison of deformation caused by
different stonewall slope angle

3.4.2 Width of cobblestone zone

Figure 8 shows a deformation diagram of a
stonewall with a slope angle of 80° and cobblestone
zone with width of 3 m and 7 m. The shear resistance
angles of the stonewall and cobblestone surfaces are
both 20°. From figure 8, the 3m-width cobblestone
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did not collapse. However, the vector diagram shows
that force was applied to the entire stonewall block,
causing impregnation in the horizontal direction.
Collapse was observed when the width of the
cobblestone was 7 m. This may be due to the fact that
the wider the cobblestone is, the greater the force that
pushes out the stonewall block as a whole, causing it
to collapse.

+ 3.0sec + 3.0sec
+ Maximum displacement: + Maximum displacement:
1.500m 7.039m

Width of cobblestone Width of cobblestone
zone:3m zone:7m

Comparison of different width of
cobblestone zone

Fig. 8

3.4.3 Surface shear resistance angles

Figure 9 shows the deformation of a stonewall with
a slope of 80°, cobblestone zone 3m width, and sur-
face shear resistance angles of 10°, 20°, 30°, and 40°.
When the surface shear resistance angle was 10°, the
entire stonewall was deformed as if it was pushed out.
When the surface shear resistance angle was 20°, the
stone did not collapse, but the upper part of the stone
was deformed as if pushed out. When the surface
shear resistance angle was 30° and 40°, there was
almost no deformation of the entire stonewall, and the
stonewall was stable. Figure 10 shows the
deformation of the stonewall with a slope of 80°,
cobblestone zone 7m width, and surface shear
resistance angles of 10° and 40°. The results show
that both cases collapsed, but the higher the value of
the shear resistance angle, the less likely it was to
collapse. The difference in deformation is also
apparent. The smaller the value of shear resistance
angle on the surface, the more easily the cobblestones
slide against each other and collapse occurs. The
larger the value of the shear resistance angle, the
greater the static frictional force of the stonewall
blocks than the magnitude of the cobblestones' sliding
down, resulting in a difference in collapse. The angle
of repose changes with the value of the shear
resistance angle on the block surface, and the range in
which the cobblestones can stand on their own may
also change. Figure 11 compares the horizontal dis-
placement of the top of the stonewall under different
conditions. The horizontal axis represents elapsed
time, and the vertical axis represents horizontal dis-
placement. The input seismic wave is indicated by a
dotted line. The graph shows that when the shear
resistance angles of the block surfaces are 10° and 20°,
the displacement is greatly affected by the seismic
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waves as time passes. However, when the shear
resistance angles of the block surfaces are 30° and 40°,
little change is observed.

0s=10° 0s=20° ¢s=30°

Fig. 9 Comparison of different surface shear

resistance angles no.1

+ 3.0sec
+ Maximum displacement:
4.522m

+ 3.0sec
+ Maximum displacement:
9.378m

Shear resistance angles:10° Shear resistance angles:40°

Fig. 10 Comparison of different surface shear
resistance angles no.2
g 1.50
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input seismic wave 10° 20° —30° —40°

Fig. 11 Horizontal displacement of stonewall stone
tons under various conditions

3.4.4 Embankment slope angle

Figure 12 shows deformation diagrams for a
stonewall slope angle of 80° a surface shear

resistance angle of 30°, and embankment slopes of

60° and 80°. Even with the same values of stonewall
slope angle and surface shear resistance angle,
collapse was observed when the slope angle of the
embankment was 60° and no collapse was observed
when the slope angle of the embankment was 80°.
This may be due to the fact that the overburden
pressure of the upper cobblestones is greater than the
static friction force between the stonewall blocks.

2.0sec 2.0sec

Embankment slope Embankment slope

angle:60° angle:80
Fig. 12 Comparison of different embankment
slope angle

3.4.5 Comparison of all analysis results for the half
stone base type

Figure 13 shows the analysis results of the half
stone base type. In particular, the deformed
stonewalls that did not collapse but were deformed
are the types that are often found in actual damaged
stonewalls. Therefore, it is necessary to elucidate the
conditions for the occurrence of this type of
deformation behavior through this analysis in the
future.

4. CONCLUSION

In this study, we focused on a half stone base type
stonewall, modeled its collapse, and compared
various conditions. Although the slope of the
stonewall was considered to be a factor in the collapse
in past studies, no collapse was observed even if the
slope was steep, depending on the width of the
cobblestones. It was found that the wider the
cobblestones zone, the more likely it was to collapse.
The same model also showed a change in the collapse
rate by changing the magnitude of the shear resistance

9s=40°

9s=30°

@s=10° ©s=20°
-
= 2m
=
=
=
(=]
&
=2 3m
2
S
@
N
o
>
® 7m

Fig. 13 Comparison of all analysis results for the half stone base type
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angle. These results indicate that the dynamic
behavior of the half stone base type and stone base
type stone structures is characterized by their
mechanical stability based on the relationship
between the slope of the stonewall blocks, the wider
of the cobblestone zone, and the roughness of the
block surface.

5. ACKNOWLEDGMENTS

The authors gratefully appreciate a lot of support
and understanding for this investigation from all
officers of Kumamoto Castle Survey and Research
Center after shortly after the 2016 Kumamoto
earthquake. And our gratitude extends to all
cooperators of this study with several information.

6. REFERENCES

[1] Hashimoto T., Isobe Y., Matsuo T., Ishizukuri
K.: 3D geological modeling and 2D seismic
response analysis of Ishigaki in Kumamoto
Castle, Department of Science and Engineering,
National College of Science and Engineering
Abstract No. 14, 2021, pp.113-119. (in Japanese)
Fujii 1., Yang L., Jiang Y., Li S., Tanahashi T.;
Evaluation of the dynamic behaviors of the
bedrock containing  discontinuities  under
important  buildings based on numerical
simulations, Proceeding of 2011 JSCE west
conference (CD-ROM), 2011, pp.411-422(in
Japanese)

Noma Y., Yamamoto H., Nishimura T., Kasa H.,
Nishigata T., Nishida K.: Study on seismic
deformation prediction and dynamic stability
evaluation of castle masonry wall, Civil

[2]

3]

83

(4]

(5]

(6]

(7]

(8]

(9]

Engineering Society Proceedings C (Geomatics),
Vol. 64, No. 4, 2013, pp.444-456. (in Japanese)
Kasa H., Nishida K., Nishigata T., Morimoto H.,
Awatani Y., Yamamoto H.: A study on stability
analysis of castle masonry walls by using the
distinct element method, Civil History Research
Papers, Vol.27, 2008, pp.45-51. (in Japanese)
Nishimura T., Noma Y., Kasa H., Yamamoto H.,
Nishigata T.: Examination of deformation
behavior of shaking table test by stability
analysis of castle wall using distinct element
method, Proceedings of 66th JSCE Conference
(CD-ROM), 2011, pp.325-326. (in Japanese)
Sugimoto S., Yamaguchi M., Yamanaka M.:
Surface shape measurement and evaluation of
mechanical stability by DEM simulation for
damaged traditional stonewalls, International
Journal of GEOMATE, Vol.20, Issue 80, 2021,
pp.121-127.

Sugimoto S., Yamanaka M.: Reports of damaged
earth  structures in  Kumamoto Castle,
Proceedings of 54th Natural disaster and science
symposium, 2017, pp.45-51. (in Japanese)
Katsuda Y., Jiang Y., Omine K., Sugimoto S.:
Research of damaged stone structures in
Kumamoto Castle by the 2016 Kumamoto
Earthquake, Proceedings of 72th JSCE
Conference (CD-ROM), 2017, pp.479-480. (in
Japanese)

Katsuda Y., Sugimoto S., Yamanaka M.: Reports
of a survey on damaged stonewalls in Kumamoto
Castle by the 2016 Kumamoto Earthquake,
Proceedings of the Japan National Conference on
Geotechnical Engineering, 2018. (in Japanese)



12th Int. Conf. on Geotechnique, Construction Materials & Environment,
Bangkok, Thailand, 22-24 November 2022, ISBN: 978-4-909106087 C3051

MPS-CAE SIMULATION FOR JET-GROUTING TECHNIQUE IN
GROUND IMPROVEMENTS

Sudip Shakya ' and Shinya Inazumi?

! Graduate School of Engineering and Science, Shibaura Institute of Technology, Japan;
2 College of Engineering, Shibaura Institute of Technology, Japan

ABSTRACT

This study focuses on the recreation of the jet grouting construction simulation by MPS-CAE method. Jet
grouting method is one of the innovative ground improvement techniques in which the ground improvement
procedure is conducted at grout injection. In this study, the simulation ground model is created by computer-aided
engineering (CAE) system and the construction simulation is recreated by the MPS method. Since the actual
construction procedure is surrounded by various uncertainties due to the lack of visuality in development progress;
it is the objective of this study to solve those uncertainties involved in the construction. The ground model was
designed while making comparison to the existing ground condition and development of soil-improvement body
was visualized. After confirming the successful construction of the soil-improvement body, the construction
simulation is verified by calculating the mud discharge quantity and its density. It is expected that the result
obtained from this simulation can be used as guideline for the future jet grouting construction.

Keywords: Cement slurry, Computer-aided engineering, Jet-grouting technique, Moving particle semi-implicit

INTRODUCTION

Technology for the columnar soil-improved body
using high-pressure jets to spray cement slurry was
first developed in 1970 in Japan as a single-pipe type
of high-pressure jet grouting method [1],[2],[3]. Since
then, this technology has been widely used for the
improvement of social infrastructures, such as rivers,
ports, roads, railways, and water and sewer systems
[4]1,[5]. The single-pipe type of high-pressure jet
grouting method [1],[2] is one of the ground-
improvement methods for developing a columnar
soil-improved body. In this method, the ground is cut
with cement slurry sprayed at high pressure and, at
the same time, the cut ground (soft soil) is mixed with
the cement slurry. In recent years, by applying this
technology and using silica sand or mechanical
agitation and mixing in combination with jets that
spray cement slurry, it is possible to develop a higher
quality columnar soil-improved body even with
relatively low-pressure jets of cement slurry. One of
the problems generally encountered in ground-
improvement methods is the sophistication of the
design and performance evaluation methods of the
ground-improvement method itself. Since this
improved body construction mechanism is a
complicated and "invisible" phenomenon as the
development of it is conducted in an in-situ ground, it
has been put into practical use by making
speculations experimentally and empirically for
constructions and finally checking the quality after
construction. Thus, not only the inability of
confirming the construction status visually but also
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the difficulty in proving the validity of design. Only
if the improved body formation phenomenon by high-
pressure injection could be analytically verified based
on the mechanical theory, it would contribute to the
explanation of the construction mechanism, the
optimization of the construction method, and the
improvement of the visualization technology for the
improved body construction.

This study focuses on the application of a
computer-aided engineering (CAE) system that
simulates the performance of the middle-pressure jet
grouting method. Specifically, as one of the CAE
systems, the moving particle semi-implicit (MPS)-
CAE method [6],[7],[8], which can handle ground
failure phenomena and high-velocity fluids, is used.
Employing the MPS-CAE with the “Particleworks”
software [6], an attempt is made to visualize and
evaluate the development situation of the columnar
soil-improved body by the middle- pressure jet
grouting method.

CAE WITH MPS METHOD

Computer-aided engineering (CAE) is a
technology that simulates and analyzes prototypes on
a computer created by CAD (computer-aided design)
and so on, considering the site conditions [9]. In the
field of geotechnical engineering, CAE can be used to
visualize the inside of the ground and the stress acting
on the inside of the ground, and to understand
experiments that would require huge costs and/or
phenomena that would be difficult to reproduce. In
addition, by performing appropriate post-processing,
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it is possible to communicate with other people in a
visually easy-to-understand manner. In this study, the
authors attempt to apply CAE using 3D-CAD and
MPS, one of particle methods, as an elemental
technology for the visualization of the inside of the
ground during soil-improvement construction and the
reproduction of a series of constructions. Specifically,
based on the reproduction of the middle-pressure jet
grouting method by MPS-CAE with the
“Particleworks” software [6] the construction
specifications can be examined according to the
ground conditions.

In this study, the authors apply MPS method
[6],[71,[8] to analyze the behaviour of fluid particles.
The governing equations for the incompressible flow
used in the analysis are the mass conservation law of
Eq. (1) and the Navier’s stroke law of Eq. (2)
considering surface tension.

Dp

ZF _ 1

T (1)
Du _ 1VP+19V2 + +1 k& 2
Dt p u+g pa n 2)

Where, p is the density of the fluid, u is the
velocity vector, P is the pressure, 9 is the kinematic
viscosity coefficient, g is the gravity vector, o is the
surface tension coefficient, k is the curvature, & is the
delta function for the surface tension to act on the
surface, and nis the unit vector in the direction
perpendicular to the surface.

In the MPS method, each differential operator
(slope, divergence, and Laplacian) of the governing
equation, as shown in Eq. (2), is discretized by a
weighting function [6],[7],[8]. The weighting
function depends on the interparticle distance r and
the influence radius (R: 2.1 to 4.1 times the
interparticle distance) in each particle interaction
model.

The weighting function (w) is expressed by Eq.
(3), and it is a function of the distance (r) between
particles and the influence radius (R) of the support
domain.

R
w(r):{F_l (0<rSR)} )

0 (R<T)

The sum of the weight functions in the support
domain is commonly known as the particle number
density (n;) and it is defined as Eq. (4).

n; = ZWU

Where, w;; = w(rl-]-, R) is the weight function
between particle (i) and (j). The particle number
density when particles are located on a regular grid

(4)
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whose grid size is the same with the diameter of the
particles is called the criterion of particle number
density (n%).

OUTLINE OF MIDDLE-PRESSURE JET
GROUTING METHOD

The middle-pressure jet grouting method, which
is a cement slurry jet grouting method [4],[5] that uses
middle-pressure jets of 20 MPa or less. The first one
is a method using a single-tube type of rod equipped
with a jet nozzle to loosen the ground by a horizontal
water jet during the penetration of the rod. Next, the
rod with the jet nozzle is pulled up and rotated,
spraying the cement slurry at middle-pressure to
develop a columnar soil-improved body with a
maximum diameter of 1.0 m.

Meanwhile the latter one uses a special mixing
blade attached with an escape prevention plate at the
end to combine the soil and cement slurry sprayed at
middle pressure mechanically. The middle-pressure
jet grouting method is a ground-improvement method
that allows the selection of both of the above-
mentioned construction methods. Up to now, the full-
length confirmation of the columnar soil-improved
body sampled by boring after full-scale experiments
and construction has been performed. Although the
quality of the construction has been verified by
unconfined compression test and so on, it has yet to
be verified analytically. Therefore, in this study, the
authors apply the MPS-CAE to the middle-pressure
method and verify it analytically.

METHODOLOGY
Ground Modelling and Analysis Condition

Figure 1 shows the actual scale models for the jet
grouting method. They were created as the analytical
models by three-dimensional AutoCAD. In the jet
grouting method, the jet material was sprayed in one
horizontal direction from the jet nozzle in a
cylindrical ground with a diameter of 2 m and a height
of 1.5 m.

Table 1 shows the analysis condition for the jet
grouting construction. The water will be sprayed for
first 20 s while digging until it will reach the desired
depth. Then, the injection fluid is switch to the cement
grout and the jet grouting string is pulled upward
while rotating. The total time of cement grout
spraying is 58 s and the height retracted upward is 0.5
m only and not up to the surface level.

Material Parameters
Table 2 shows the material parameters of the

water, cement slurry, and ground particles that
comprised the target materials of the analysis.
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Ground model
P

QSJ rod

Rotation c

| Cement slurry jet

Height of ground:

Jet nozzle

Diameter of ground: 2.0 m

Fig. 1 Jet grouting method model

Table 1 Analysis condition

Dimension of the ground model 2m diameter 1.5m height
Material of jet Water "! Cemerlﬁ
slurry
Time of spraying 20s 58s
Length of penetration while 05 0%
blanking (m) '
Length of penetration while
. . . 0.5 0.5
improving soil (m)
Amount of jet (L/min) 80 90
Pressure of jet (MPa) 9.4 18.0
Velocity of jet (m/s) 137.5 155.0
Velocity of penetration while 30 )
blanking (m/min) '
Velocity of penetration while 30 )
improving soil (m/min) '
Velocity of lifting while improving 9
. . - 0.52
soil (m/min)
Velocity of rotation (rpm) 20" 20
*! while penetrating *? while pulling up
Table 2 Material parameter
Parameters Water Cement Ground
Slurry
Density (kg/m®) 1000 1500 1600
w/c - 1 -
Yield value (Pa) - 10 60000
Plastic viscosity (Pa-s) - 0.28 17000
Yield parameter (-) - 0.0001 0.0001
Surface tension (N/m) 0.1 0.1 0.002
. Newton  Bingham  Bingham
Fluid model fluid flid flid

Water is the Newtonian fluid meanwhile cement
slurry and ground are assumed to be Bingham fluid.
The water particles used the general value of a
Newtonian fluid, and the cement slurry particles used
the value of a Bingham fluid with the plastic viscosity
being measured by a B-type viscometer.

For cement slurry, other values can be measured
by the standard test. Since the cement slurry is
assumed to be the Bingham Fluid, it should possess
certain value of yield point at which it finally starts to
flow from the stationary state. But, since the water-
cement ratio is taken as 1, the cement slurry will flow
before applying any kind of additional stress.
Meaning the yield point for the sample cement slurry
is very low and equivalent to the zero.

For the ground particles, the material parameters
were set using the value of a Bingham fluid by a
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reproducible analysis of an unconfined compression
test [10],[11]. Bingham fluid has a property whereby
it begins to flow when the shear stress exceeds the
yield stress. Therefore, until the shear stress exceeds
the yield stress value, it is regarded as being in an
immobile state, but if the strain ratio is 0, an analysis
becomes impossible. In this study, as a coping
method, a bi-viscosity model is adopted; it treats the
fluid as a highly viscous fluid when it is less than the
yield stress value. The constitutive equations when
flowing and when immobile are expressed by Egs. (5)
and (6), respectively:

Ty=-Ps;+2(n,+2)&f  N>0, (5

where P is the pressure, 1,, is the plastic viscosity, T,
is the yield value, é;;p is the strain ratio when flowing,
&;; is the strain ratio when immobile, and I1, is the
yield reference value for the fluid state and the
immobile state. It should be noted that II, is
expressed by Egs. (7) and (8), respectively, using the
flow limit strain rate:

I =2¢8;

(M

n.=Q2m,)* ®)

where, 7, is the flow limit strain ratio.
Setting Probe Region and Boundary

The probe boundaries are set at the top of the
ground model to calculate the quantity of mud
discharge during the simulation at the beginning and
at the end from the top view and front view
respectively. The total three different dimension
probe boundary is placed at the top. The cylindrical
disc of 1.8 m, 1.6 m and 1.4 m diameter and height
0.1 m and width 0.1 m each are set at the just above
the top of ground model and the number of cement
particles, water particles and soil particles collected at
the end of the simulation is computed. The 1.8m,
1.6m and 1.4m diameter probe region is indicated by
red, green and black color respectively.

RESULTS AND DISCUSSION
Validation of Analytical Ground Model

Figure 2 shows the result of stress-strain curve
obtained by the simulation of the unconfined
compression test for the material parameter from
Table 2 and is compared with the two real unconfined
compression test data. The result shows that the soil
yielded at the compression strength of 61.24 kN/m?
and 12.59 % strain value. The graph indicated by the
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triangular plot point is the result of the unconfined
compression test for the soil sample from Aomori
prefecture, Tsugaru city. It is extracted from the depth
of 7 to 7.85 m below the ground and is silty soil with
the average soil diameter of 0.0036 mm which
yielded at the 64.69 kN/m? and strain of 4.73 %. The
graph plotted with the square plot point represents the
result obtained for the unconfined compression test
result of soil sample from Mikawa town, Yamagata
prefecture. The core sample was taken from the depth
of 4 to 4.7 m below the ground. The soil sample is
sandy soil with the average soil diameter of 0.034 mm
which yielded at 61.55 kN/m? and strain of 0.55 %.
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It is found that the densities of soil have no
influence on the ground modelling but the size of soil
considered during simulation does influence. Figure
3 shows the stress-strain relation generated for the
two different soil size and compared to the model
adopted in this study. For 0.5 mm soil sample, yield
value of 61.07 kN/m? is obtained when input
plasticity viscosity is 5500 Pa-s and it yield at 2.11 %
strain value. For 1 mm soil sample, yield value of
61.03 kN/m? is obtained at 3.8 % strain value when
input plasticity viscosity value is 9000 Pa-s. For 2 mm
soil sample, the ground modelling parameter did not
change much but the time of calculation is increased
by 1.5 times that for 3 mm soil sample. Meanwhile
for I mm and 0.5 mm, it was 2 and 42 times more
respectively. Thus, if these models are adopted the
simulation might have been failed due to high
calculation load so despite being comparatively less
accurate, this study is conducted for 3 mm soil
particles.

Reproduction of Development Situation of
Columnar Soil-Improved Body

Figure 4 shows the development progress of the
columnar soil-improved body. Ground particles are
shown in transparent yellow color, water particles in
light blue color and slurry particles in red color.
About 2 s after the start of the construction water
starts spraying and continues till it reaches the
maximum depth of 1 m. The time required to reach
this depth is set to be 20 s. Water particles are seen to
be moving to the surface as mud discharge and some
particles are even seen to scatter into the open space.
When the jet grouting string reaches the desired
maximum depth of Im, then it starts rotating in
counter-clockwise direction and the rod starts pulling
upward while spraying cement grout. It can be seen
that the water particles have scoured the ground
model below the desired depth; although it is not the
intention of forming soil-improvement body below
the lowest tip of jet grouting string. The velocity of

4

{-1.0.1 .0,-3.44
%—Y

Fig. 4 Reproduction of the development condition of soil-improvement body
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Fig. 5 Total mud discharge particles comparison

pulling the rod while spraying cement grout is much
slower compared to the time during digging. At 78 s,
the rod reaches the desired height of 0.5 m from the
lowest point of digging and the construction
procedure is completed. The cement grout is sprayed
for the total height of 0.5 m only but it can be seen
that the cement grout has spread beyond the sprayed
area and is distributed unevenly throughout the target
area and outside. Almost all of the water particles
sprayed during digging at the beginning within the
ground have been removed as mud discharge. The
mud discharge is mostly water particles that had been
replaced by the higher density cement grout particles.

The overall simulation can be said to be
successful as it has been able to recreate the realistic
phenomenon of mud discharge and formation of the
soil improved body. In real case scenario, the status
of the jet grouting construction is determined by the
mud discharge phenomenon and by confirming the
diameter of the soil improved body formed at the end.
In this simulation, both phenomena can be confirmed
at each stage without waiting for the completion of
the construction. Mud discharge in real case scenario
contains the soil particles and certain amount of
cement grout carried to the surface by the upstream
water particles; same is confirmed in the simulation
too.

The ideal shape of the soil improved body is
geometrically accurate cylindrical shape but it can be
observed that the shape is cylindrical in nature with
different diameter at each level. The target design
shape is shown by the blue rectangular frame in Fig.
4. The maximum diameter is observed at the lowest
drilled level and is measured to be 0.9 m in diameter.
Then it starts decreasing gradually in both upward
and downward direction. The diameter at the target
top surface is measured to be 0.6 m. The total height
of the soil improved body formation is 0.86m but the
objective was to form only of 0.5 m height. The height
of 0. m and average diameter of 0.5 m soil
improvement body is formed above the target area
meanwhile the height of 0.26 m and average diameter
of 0.5 m soil improved body is formed below the
target area. It is expected that more geometrically
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accurate shaped soil improved body can be formed by
making amendment in the construction specifications.

Computation of the mud discharge quantity

Figure 5 shows the total mud discharge particles
accumulating pattern at each time frame in different
probe region. It is seen that the total number of
particles keeping accumulating throughout the
process and attains maximum value at the end of the
process. However, it is expected that the largest probe
region would automatically attains maximum number
of the discharged mud particles at every time frame
as the lower probe region already is within the
boundary of it. There are cases where each probe
region contains highest number of particles at certain
time frame. The number is highest for the probe
region of 1.8 m diameter at 50 s and 60 s, for the probe
region of 1.6 m diameter at 40 s and 78 s and for the
probe region of 1.4 m diameter at 20 s and 30 s.

The water was injected at 80 L/min for 20 s and
cement grout at 90 L/min for 58 s so, total injected
amount is about 0.113 m’. However, from the
maximum number of particles at 78s if converted into
volume results only to 0.000024 m® and as for the
density it is equivalent to 1600kg/m> because 99% of
the ejected mud is composed of ground particles. The
main reason for the low mud discharge volume can be
as follows:

1) The data suggests the number of particles
present at the given instant rather than the total
accumulated quantity.

2) Mud discharge particles are scattering
throughout the whole process instead of
remaining stationary and few found its way out
of the boundary of probe region too.

3) Calculation of water particles are either not
included or being overlapped with the soil
particles.

In future, it is necessary to develop the efficient

method of counting total mud discharge particles for

more relatable comparison.

CONCLUSIONS

This simulation has been successful to recreate the
realistic jet grouting construction phenomenon and
can be used as the guideline for future research but
there are still certain limitations that this research
paper failed to address properly. The major
conclusions that can be drawn from this research is
listed below.

(1) Ground modelling for the 60 kPa soil is
successful in this simulation as indicated by the
validation test. Hence, unconfined compression
test simulation can be used for checking the
validity of the ground model and also changing
the perspective; the reverse can be used to find
the correct parameters of the ground.
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(2) Real case scenario like mud discharge
phenomenon is recreated so the jet grouting
construction simulation is also successful.

The ability of making visual assessment during
and after the construction simulation makes it
easier to make correct speculation about the
probable events and action that might be
undergoing or likely to take place. Thus, it will
be helpful in formulating future guidelines and
make correction to achieve the better result.
This simulation is carried out with making
assumption and parameter setting such that the
calculation load is low. This might have been the
reason for occurring certain conflict during
simulation such as difference in soil particles and
water particles ejection as mud discharge in visual
data and computational data. This simulation also
tried to calculate the total amount of mud discharge
occurring during the construction. However, it has
failed to compute the accurate result. The immediate
reason for it is the inability to predict the range of the
probe region that need to be set and the unpredictable
scattering trajectory of the ejected mud discharge
particles. The degree of accuracy for the construction
can be calculated by comparing the data from
empirical rules and computational data. Since this
simulation failed to compute the exact volume of mud
discharge, this subject need to be studied further.

€)
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ABSTRACT

Many new soil reinforcement techniques have recently emerged, the most popular of which are microbial-
induced carbonate precipitation (MICP) and enzyme-induced carbonate precipitation (EICP). They are
environmentally friendly and more sustainable than conventional methods, but during carbonate (e.g., calcite)
precipitation occurs ammonia (NH3) and ammonium (NH4*) emissions into air and groundwater, which are
hazardous. There are techniques for removing NH4* from the soil, but in the case of calcium phosphate compounds
(CPCs) emissions of ammonium can be eliminated by over than 90%. Calcium phosphate precipitation occurs
when urea and acid urease or acidic bacteria interact with a source of calcium and phosphorus. Precipitation takes
place in between sand particles enhancing their contact and, therefore, strengthens the soil. Properties rely on type
of CPCs, which is sensitive to the pH of the medium and the concentration of calcium and phosphorus. Given the
relatively low strength of CPCs, this review paper aims to look at ways to increase their durability. In addition, it
will also show differences in products when using different methods of obtaining CPCs. Ultimately, prospects for
the use of CPCs for soil reinforcement will be provided.

Keywords: Soil improvement, Calcium Phosphate Compounds (CPCs), Morphology, pH dependency, Ground
improvement.

INTRODUCTION methods are the oldest, most common techniques and
include  synthetic  reinforcement  application.
Soil is a porous natural material that needs to be Displacement and replacement, soil nailing, stage
compacted or strengthened before it can be used for constructions, stone columns method and preloading,
engineering purposes. It is a critical, non-renewable reinforcing bars, fibers, grids, strips are the most
material for humanity's future existence. Therefore, it commonly used techniques [4] - [6].
is vital to understand how to use it in environmental Because of the rapid growth of Earth's population,
and sustainable conditions [1], [2]. There are many there is a need to find alternative, environmentally
kinds of soils in nature. According to [3], soils for friendly and harmless methods to strengthen the soil
engineering applications can be divided into: Gravels, or improve existing ones. Sustainable engineering
Sands, Silts and Clays and Highly Organic Soils. For practices rank first worldwide in encouraging and
each type of soil, there are appropriate techniques to incentivizing use. The construction industry alone
strengthen it. In general, soil stabilization methods accounts for 23% of the global carbon dioxide (CO3)
can be divided into (I) Chemical methods, (II) emissions, with Portland cement production
Biological methods and (I11) Mechanical methods. responsible for 6% of those emissions. This motivates
Chemical stabilization involves adding additives for the need to discover new environmentally friendly
to the soil to obtain the desired physical and methods and these techniques must be implemented
mechanical characteristics. Chemical methods of soil in the field of engineering, including geotechnical
stabilization consist of on-site work and mixing the engineering [7].
soil with cement, asphalt, silicates, bentonite, ash, A relatively new method that is rapidly gaining
polymers, fly ash, silica fume, blast furnace slag, popularity is biocementation. Biocementation is a
gypsum, calcium-based chemicals and lime, acids, geotechnical process that utilizes microorganisms to
salts, petroleum emulsions, resins and lignosulfonates. bind the soil particles, which significantly increases
Biological methods are a mixture of environmental the strength of soil [8]. Mainly, this process used in
practices and engineering techniques and include the two major biochemical methods: microbial-induced
use of bio-organisms and/or their byproducts as a carbonate precipitation (MICP) and enzyme-induced
structural component. Mechanical stabilization carbonate precipitation (EICP).
involves methods and techniques by which air voids MICP is a process where the bacterium produces
can be removed from the ground with a nominal a urease enzyme that reacts with urea (CH4NO),
change in water content to strengthen it. Mechanical converting it into ammonium (NH4*) and carbonate
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ions (COs?) Egs. (1) - (2). This process raises the pH
of the environment, resulting in higher emissions of
ammonia (NHs) into the atmosphere and ammonium
into the water. Calcium ions (Ca*?), in turn, react with
CO3? to produce calcium carbonate (CaCQO3) at the
nucleation sites provided by the bacteria cells Eq. (3).
Precipitation of calcium carbonate can be achieved by
urease produced bacteria (MICP) or by using a urease
enzyme directly (EICP). With urease source being the
different factor between the two methods, the reaction
pathways are similar [6], [9].

Although MICP and EICP are significantly more
environmentally friendly than conventional soil-
reinforcement methods, they have their limitations.

(1) a byproduct produced during urea hydrolysis
is ammonia (which release to atmosphere) and
ammonium and hydroxide ions (which pollute ground
water). This occurs according to the following
equations Egs. (1) - (3):

(NH2),CO + 2 H,0 — 2 NHs" + 2 OH + CO2, (1)
CO; +2 OH « COs?2+ H,0, 2
Ca?* + CO3?% — CaCO3] . (3)

(1) relatively fragile bonding of soil particles

(1) the use of calcium reagents is less cost
effective when compared to convention cement [8],
[10].

DRAWBACKS OF CONVENTIONAL
METHODS OF BIOCEMENTATION

Ammonia (NHjs) is a colorless gas with a density
similar to air, 0.73 kg/m3. During MICP/EICP, large
amounts of NHs; and NHs* are released into
atmosphere and water, respectively. In small
quantities, these substances are not harmful to
humans or animals, but large quantities of NHz can
cause severe illness and even death in animals [11].
This has resulted in the legislation in Japan where the
maximum concentration of ammonium in industrial
wastewater <100 g/L [12]. This has led to only a
handful of studies conducted in large-scale
applications [13]. During conventional MICP/EICP,
the pH of the medium increases to 8.8-9.0, resulting
in the precipitation of calcium carbonate [14]. Figure
1 shows that up to pH 7.3, the formed nitrogen is in
its NH4* form, and after 7.5 it is almost completely
converted into gaseous form, releasing a large amount
of gas into the atmosphere, which prevent these
methods from being applied in the field. During
urease hydrolysis, 1 mol of urea produces 1 mol of
carbon dioxide (CO2) and 2 mol of ammonia (NHs).
One part of NHs turns into NH4* in the solution, the
part goes into gaseous phase and pollutes the air, and
the other part remains in the solution as NH3-H20.
Therefore, most of the NH3 gas produced during the
biocementation process is uncontrollable and gets
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released into the environment, resulting in pollution
[11].
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Fig. 1 Dependence of ammonium and ammonia
relative concentration and pH (modified from [15]).

Scientists from all over the world are trying to
solve the problem of NH; gas and NH4* produced
during the MICP/EICP process. If their formation is
inevitable, it is necessary to control the course of the
reactions. Among the effective techniques are rinsing
technique (with NH4* removals exceeding 97.9%)
[16], electro-biocementation [17], the addition of
zeolite [18], absorbance of released NH3 by sulphuric
acid [10], [19], precipitation NH.* as struvite [11],
[20].

CALCIUM PHOSPHATES COMPAUNDS

A potential, alternative method to reduce
emissions of toxic NH3z gas to the environment is
biogrouting. First type of biogrouting occurs due to
CPCs precipitation using phosphate and calcium
stock solutions [21]. Second — due to CPCs
precipitation obtained via reaction between bacteria,
urea and phosphate source [22], [23]. CPCs has an
adequate physical strength (unconfined compressive
strength (UCS) 0.1-2.0 MPa) [21], [22], [24] - [31],
and are promising geotechnical material.

Calcium phosphates are currently widely used
for dental applications [1], [32], [33], bone tissue
engineering [34], coating of implants, drug delivery
and encapsulation [35], bioceramics [36] - [39] and
strengthen the soil [21], [25] - [31], [40], [41]. The
benefits of using this family of compounds for
strengthening soils are the following:

- CPCs are environmentally friendly and non-
toxic  materials. The basic mineral HA
[Cas(PO.)sOH] with a Ca-to-P molar ratio of 1.55 is
the most documented and investigated calcium
phosphate and is the mineral that makes up bones and
teeth [42].

- CPCs become stronger over time through a self-
setting mechanism. Amorphous or gel-like calcium
phosphate turns into a stable form, HA (Fig. 2).

- The solubility of CPCs depends directly on the
pH of the medium, so by controlling the pH solution
you can control the minerals that will form (Table 1,
Fig. 3).

- CPCs are recyclable. CPCs, that remain in the
soil after applying various precipitation techniques
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can be removed and used as agricultural fertilizer
[22], [21].

Along with its advantages, CPCs also have its
disadvantages. They have low strength, and it is
challenging to control the reaction and precipitation.
Compared to UCS soil reinforced with CPC and
MICP/EICP, the strength of the soil is several times
lower (0.1-2.0 MPa and 0.31-14.0 MPa respectfully)
[6]. Because of the relatively low precipitation of
CPCs (=28 kg/m®), more calcium-phosphate
resources are required to achieve a measurable
strength in soils (=60 kg/m?), resulting in a more
expensive method [22].

Some researchers have used pure chemicals [21],
[25] - [30]; and urease hydrolyses [12], [22], [24],
[31], [40], [41] to improve soil with CPCs. The
reaction of formation of CPCs during urease
hydrolysis takes place at from weakly acidic to
neutral pH, causing formation of almost all
ammonium in ionic form, rather than in the most
dangerous gaseous form. However, methods should
be used to control and evacuate ammonium ions in
the soil after treatment.

Phosphate concentration (mM)

Time

Fig. 2 The dependence of calcium phosphate
presence [21].
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Fig. 3 Solubility of each calcium phosphate
compound as a function of pH [21].

Table 1 List of calcium phosphate compounds [29].

Ca/Pratio  Compound Abbreviation Formula

0.5 'r\n"gggﬁ%‘ig? phosphate MCPM (MCP)  Ca(H2PO4)2-H20

0.5 Monocalcium phosphate anhydrate MCPA (MCP)  Ca(H2POvu):

1.0 Dicalcium phosphate dihydrate DCPD (DCP)  CaHPQ4-2H,0

1.0 Dicalcium phosphate anhydrate DCPA (DCP)  CaHPO4

1.33 Octacalcium phosphate OCP Cag(HPO4)2(PO4)4-5H,0
1.5 a-tricalcium phosphate a-TCP a-Caz(POy):

1.5 B-tricalcium phosphate B-TCP B-Casz(POa)2

1.2-2.2 Amorphous calcium phosphate ACP Cax(PO4)y-nH,0
1.5-1.67 Calcium-deficient hydroxyapatite CDHA Caio-x(HPO4)x(PO4)sx(OH)2x (0<x<1)
1.67 Hydroxyapatite HA Caio(PO4)s(OH):

2.0 Tetracalcium phosphate TTCP Cas(PO4)20

WAYS TO INCREASE STRENGTH OF CPCS

CPCs are weaker in strength than conventional
methods for soil improving, which in turn limits their
use for soil enhancement. Solving this problem will
increase the capabilities and variability of CPCs
implementation.

The following methods can be used to increase
soil strength by applying CPCs:

- ammonia and ammonium can be turned into
struvite, which not only solves the problem of
contamination of the environment after the reaction of
CPCs deposition, but also increases the strength of the
soil [11], [43]. Using this practice together with the
CPC solves two challenges at once: low strength of
soil and ammonium pollution.
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- the most common method of strengthening
building materials is the use of reinforcement. There
are a wide variety of investigated fibrous materials -
fibers. Both synthetic, such as glass fiber, plastic fiber,
metal fiber, and natural fiber, such as plant fiber, fiber
from animal components and mineral fiber, are used
[4]. In CPCs, ceramic nanofibers are widely used for
reinforcement [44].

- adding some powders, such as tricalcium
phosphate; magnesium phosphate; calcium carbonate
and magnesium carbonate, and scallop shell powders
[271, [28], [30].

- in the case of microbial/lenzymatic CPC
precipitation, pure chemical reagents can be used to
improve the physical characteristics of the
compounds. The other way to improve soil properties
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is to use bacteria with high urease activity or pure
urease with calcium and phosphate chemicals. UCS
of soil can be increased by modifying the way the
chemicals are applied to the soil, such as injection
frequency or volume.

DIFFERENCES IN PRODUCTS WHEN USING
DIFFERENT METHODOLOGY FOR
OBTAINING CPCS

The formation of CPCs depends on various
factors, such as the pH of the medium, time, and the
Ca/P ratio in the system.

The reactions leading to the formation of CPCs
are divided into 2 types, the acid-base reaction or the
hydrolysis reaction. Only one CaP precursor
compound is involved in the hydrolysis reaction,
which interacts with the liquid phase and transforms
into the hydrate phase. During the acid-base reaction,
the acid base and other bases interact with several CaP
precursor compounds, with the formation of the final
end-product with neutral pH [34], [45].

CPCs can be formed due to acid tolerant urease-
producing microorganisms by the following DCPA
and HA precipitation reaction Eg. (4) and Eq. (5)
respectively [8].

Ca(H2PQO4)2 + CO(NH3)2 + H20 + acid urease —
CaHPOQO4 | + CO; + (NH4)2HPO4 4)
5Ca(H2P04)2 + 8CO(NH2), + 8H,0 + acid urease —
Cas(P0O4)3(OH) | + 2NH4HCO; + 6CO; +

7(NH4)2HPO4 (5)

The application of bacteria can control the pH of
the environment, which will control the products that
will eventually be formed. CPCs can be divided into
two groups: apatitic and brushite CPCs. The final
product, apatitic and brushite, can be predicted
depending on the solubility of CaP precursor and the
pH of setting reaction. The final products of apatitic
CPCs are either CDHA or HA. Apatitic CPCs can be
formed either by acid-base interactions or by
hydrolysis reactions. Brushite CPCs are acidic, and
reactions can also occur at pH < 2.5. Thus, this type
of CPC can only be formed due to the reactions of the
acid base with DCPD as the final product. Apatitic
CPCs are less soluble than brushite CPCs. Brushite
has a short setting time, so it is more porous and non-
strength. For this reason, most CPCs are apatite CPCs
[34], [45].

CONCLUSIONS

The application of CPCs for soil reinforcement is
a novel, environmentally safe method in civil and
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environmental engineering. These compounds will
help to solve the issue of toxic emissions in a wide
range of applications. Because of size of enzyme or
chemicals, CPCs can be applied for compact soils
with a small space between particles.  Applying
different fibers at different levels, from micro to nano
levels, can significantly increase soil strength and
facilitate the process of soil injection. By changing the
ratio of chemicals or using natural sources of calcium
or phosphorus, it is possible to make these methods
more cost effective. Phosphorus is a limited resource
that decreases every year [46], but using CPCs for soil
strengthening, there is an opportunity to reuse
phosphorus from soil. It is also possible to apply acid
bacteria from food and by modifying the urease
activity to improve results. Since these bacteria are
harmless to humans, it greatly accelerates the waiting
period before application to the open field.

The application of CPC for soil strengthening is a
promising methodology that requires further research
and improvement.

REFERENCES

[1] Zhao J., Liu Y., Sun W., Zhang H.,
Amorphous calcium phosphate and its
application in dentistry, Chemistry Central
Journal, Vol. 5, Issue 1, 2011, pp. 40-46.
Clunes J., Valle S., Dorner J., Martinez O.,
Pinochet D., Zafiga F., Blum W. E. H., Sail
fragility: A concept to ensure a sustainable
use of soils, Ecological Indicators, Vol. 139,
2022, p. 108969.

Standard Practice for Classification of Soils
of Engineering Purposes (Unified Soil
Classification System).

Gowthaman S., Nakashima K., Kawasaki S.,
A State-of-the-Art Review on Soil
Reinforcement Technology Using Natural
Plant Fiber Materials: Past Findings, Present
Trends and Future Directions, Materials,
Vol. 11, Issue 4, 2018, p. 553.

Verma H., Ray A, Rai R., Gupta T., Mehta
N., Ground improvement using chemical
methods: A review, Heliyon, Vol. 7, Issue 7,
2021, p. e07678.

Almajed A., Lateef M. A., Moghal A. A. B,
Lemboye K., State-of-the-Art Review of the
Applicability and Challenges of Microbial-
Induced Calcite Precipitation (MICP) and
Enzyme-Induced  Calcite  Precipitation
(EICP) Techniques for Geotechnical and
Geoenvironmental Applications, Crystals,
Vol. 11, Issue 4, 2021, p. 370.

Saif A., Cuccurullo A., Gallipoli D., Perlot
C., Bruno A. W., Advances in Enzyme

(2]

(3]

[4]

(5]

(6]

[7]



GEOMATE - Bangkok, Thailand, 22-24 November 2022

Induced Carbonate Precipitation and
Application to Soil Improvement: A
Review, Vol. 15, Issue 3, 2022, p. 950.

[8] lvanov V., Chu J., Stabnikov V., Chapter 2
Basics of  Construction  Microbial
Biotechnology,  Springer  International
Publishing, 2015, pp. 21-56.

[9] Gowthaman S., Iki T., Nakashima K., Ebina
K., Kawasaki S., Feasibility study for slope
soil stabilization by microbial induced
carbonate precipitation (MICP) using
indigenous bacteria isolated from cold
subarctic region, SN Applied Sciences, Vol.
1, Issue 11, pp. 1-16.

[10]lvanov V., Stabnikov V., Kawasaki S.,
Ecofriendly calcium phosphate and calcium
bicarbonate biogrouts, Journal of Cleaner
Production, Vol. 218, 2019, pp. 328-334.

[11]Yu X., Chu J,, Yang Y., Qian C., Reduction
of ammonia  production in  the
biocementation process for sand using a new
biocement, Journal of Cleaner Production,
Vol. 286, 2021, p. 124928.

[12] Ministry of the Environment of Japan.
National Effluent Standards.

[13]Haouzi F. Z., Courcelles B., Major
applications of MICP sand treatment at
multi-scale levels: A review, Conference
proceedings, in GeoEdmonton, 2018.

[14] Dharmakeerthi R. S., Thenabadu M. W.,,
Urease activity in soils: A Review, Journal
of the National Science Foundation of Sri
Lanka, Vol. 24, Issue 3, 2013, pp. 159-195.

[15]Whiffin V. S., Microbial CaCOs
Precipitation for the Production of
Biocement. PhD Dissertation, West. Aust.
Murdoch Univ. Perth., 2004.

[16] Lee M., Gomez M. G., San Pablo A., Kolbus
C. M., Graddy C. M., DeJong J. T., Nelson
D. C., Investigating Ammonium By-product
Removal for Ureolytic Bio-cementation
Using Meter-scale Experiments, Scientific
Reports, Vol. 9, Issue 1, 2019, pp. 1-15.

[17]Keykha H. A., Asadi A., Solar Powered
Electro-Bio-Stabilization of Soil with
Ammonium Pollution Prevention System,
Advances in Civil Engineering Materials,
Vol. 6, Issue 1, 2017, pp. 360-371.

[18] Keykha H. A., Mohamadzadeh H., Asadi A.,
Kawasaki S., Ammonium-Free Carbonate-
Producing Bacteria as an Ecofriendly Soil
Biostabilizer, Geotechnical Testing Journal,
Vol. 42, Issue 1, 2018.

[19] Stabnikov V., Ivanov V., Chu J,
Construction Biotechnology: a new area of
biotechnological research and applications,
World Journal of Microbiology and
Biotechnology, Vol. 31, Issue 9, 2015, pp.
1303-1314.

94

[20] Mohsenzadeh A., Aflaki E., Gowthaman S.,
Nakashima K., Kawasaki S., Ebadi T., A
two-stage treatment process for the
management of produced ammonium by-
products in ureolytic bio-cementation
process, International Journal of
Environmental Science and Technology,
Vol. 19, Issue 1, 2022, pp. 449-462.

[21] Akiyama M., Kawasaki S., Novel grout
material comprised of calcium phosphate
compounds: In vitro evaluation of crystal
precipitation and strength reinforcement,
Engineering Geology, Vol. 125, 2012, pp.
119-128.

[22] Gowthaman S., Yamamoto M., Nakashima
K., Ivanov V., Kawasaki S., Calcium
phosphate biocement using bone meal and
acid urease: An eco-friendly approach for
soil improvement, Journal of Cleaner
Production, Vol. 319, 2021, p. 128782.

[23]Yu X., Jiang J., Mineralization and
cementing properties of bio-carbonate
cement, bio-phosphate cement, and bio-
carbonate/phosphate cement: a review,
Environmental Science and Pollution
Research, Vol. 25, lIssue 22, 2018, pp.
21483-21497.

[24] Yamamoto M., Precipitation of calcium
phosphate compaunds using urease and bone
meal for soil improvement, Graduation
Thesis, Department of Environmental and
Social Engineering, Faculty of Engineering,
Hokkaido University. 2021, pp. 1-80 (in
Japanese with English abstract).

[25] Akiyama M., Kawasaki S., New grouting
materials  using  calcium  phosphate
compounds, Conference proceedings, in
12th ISRM Congress. OnePetro, 2011.

[26] Akiyama M., Kawasaki S., Improvement in
the unconfined compressive strength of sand
test pieces cemented with calcium phosphate
compound by addition of calcium carbonate,
Ecological Engineering, Vol. 47, 2012, pp.
264-267.

[27] Kawasaki S., Akiyama M., Effect of
Addition of Phosphate Powder on
Unconfined Compressive Strength of Sand
Cemented with  Calcium  Phosphate
Compound, Materials Transactions, 2013,
pp. M-M2013827.

[28] Kawasaki S., Akiyama M., Enhancement of
unconfined compressive strength of sand
test pieces cemented with calcium phosphate
compound by addition of various powders,
Soils and Foundations, Vol. 53, Issue 6,
2013, pp. 966-976.

[29] Kawasaki S., Akiyama M., Unique Grout
Material Composed of Calcium Phosphate
Compounds, International Journal of



GEOMATE - Bangkok, Thailand, 22-24 November 2022

GEOMATE, Vol. 4, Issue 7, 2013, pp. 429-
435.

[30]GGNN. A., Koreeda T., Kawasaki S.,
Improvement in the Unconfined
Compressive Strength of Sand Test Pieces
Cemented with  Calcium  Phosphate
Compound by Addition of Calcium
Carbonate Powders, Materials Transactions,
Vol. 55, Issue 9, 2014, pp. 1391-1399.

[31] Kumamoto Y., Precipitation of calcium
phosphate compaunds using acid urease and
bone meal, Graduation Thesis, Department
of Environmental and Social Engineering,
Faculty = of  Engineering,  Hokkaido
University. 2022, pp. 1-51 (in Japanese with
English abstract).

[32] Al-Sanabani J. S., Madfa A. A., Al-Sanabani
F. A., Application of Calcium Phosphate
Materials in Dentistry, International Journal
of Biomaterials, VVol. 2013, 2013.

[33] LeGeros R. Z., Calcium Phosphate Materials
in Restorative Dentistry: a Review,
Advances in Dental Research, Vol. 2, Issue
1, 1988, pp.164-180.

[34]Graca M. P. F., Gavinho S. R., Chapter
Calcium Phosphate Cements in Tissue
Engineering, Contemporary Topics about
Phosphorus in Biology and Materials, 2020.

[35] Salama A., Recent progress in preparation
and applications of chitosan/calcium
phosphate composite materials,
International  Journal  of  Biological
Macromolecules, Vol. 178, 2021, pp. 240-
252.

[36] Balazsi C., Weber F., Kovér Z., Horvéth E.,
Németh C., Preparation of calcium—
phosphate  bioceramics  from  natural
resources, Journal of the European Ceramic
Society, Vol. 27, Issues 2-3, 2007, pp. 1601-
1606.

[37]Pietak A. M., Reid J. W., Stott M. J., Sayer
M., Silicon substitution in the calcium
phosphate bioceramics, Biomaterials, Vol.
28, Issue 28, 2007, pp. 4023-4032.

95

[38] Xin R., Leng Y., Chen J., Zhang Q., A
comparative study of calcium phosphate
formation on bioceramics in vitro and in
vivo, Biomaterials, Vol. 26, Issue 33, 2005,
pp. 6477-6486.

[39] LeGeros R. Z., Biodegradation and
bioresorption  of calcium  phosphate
ceramics, Clinical Materials, Vol. 14, Issue
1, 1993, pp. 65-88.

[40] Roeselers G., Van Loosdrecht M. C. M.,
Microbial ~ Phytase-Induced  Calcium-
phosphate Precipitation - a Potential Soil
Stabilization Method, Folia microbiologica,
Vol. 55, Issue 6, 2010, pp 621-624.

[41] Dilrukshi R. A. N., Watanabe J., Kawasaki
S., Strengthening of Sand Cemented With
Calcium Phosphate Compounds Using
Plant-Derived Urease, International Journal
of GEOMATE, Vol. 11, Issue 25, 2016, pp
2461-2467.

[42] Al-Sanabani J. S., Madfa A. A., Al-Sanabani
F. A., Application of Calcium Phosphate
Materials in Dentistry, International Journal
of Biomaterials, Vol. 2013, 2013.

[43]Yu X., Yang H., Wang H., A cleaner
biocementation method of soil via
microbially induced struvite precipitation: A
experimental and numerical analysis,
Journal of Environmental Management, Vol.
316, 2022, p. 115280.

[44]Sun L., Guo D., Study on the improvement
of compressive strength and fracture
toughness of calcium phosphate cement,
Ceramics International, Vol. 48, Issue 13,
2022, pp. 18579-18587.

[45] Lodoso-Torrecilla I., van den Beucken J. J.,
Jansen J. A., Calcium Phosphate Cements:
Optimization toward Biodegradability, Acta
biomaterialia, Vol. 119, 2021, pp. 1-12.

[46] Sattari S. Z., Bouwman A. E., Giller K. E.,
van lttersum M. K., Residual soil
phosphorus as the missing piece in the global
phosphorus crisis puzzle, Proceedings of the
National Academy of Sciences, Vol. 109,
Issue 16, 2012, pp. 6348-6353.



12th Int. Conf. on Geotechnique, Construction Materials & Environment,
Bangkok, Thailand, 22-24 November 2022, ISBN: 978-4-909106087 C3051

ESTIMATION OF SUBSURFACE STRUCTURE OF LANDSLIDE AREA
BASED ON MICROTREMOR AND SEISMIC OBSERVATION IN THE
SAJI AREA, TOTTORI, JAPAN

Tatsuya Noguchi?, Isamu Nishimura® and Takao Kagawa*
Faculty of Engineering, Tottori University, Japan
ABSTRACT

It is important to investigate the subsurface structure to consider seismic strong ground motions in landslide
areas. In this study, microtremor and seismic observations were conducted in the Saji area, Tottori City, Japan,
based on the landslide topographic distribution map. The seismic ground motion characteristics were determined,
and the ground structure was estimated from the analysis of the observation data. H/V and its predominant period
were obtained from three-component single-point microtremor observations. The predominant period was in the
range of 0.1 - 0.4 seconds, indicating that areas with similar periods were concentrated and distributed regardless
of topographic cliffs or moving mass. S-wave velocity structure of the sedimentary layer of the moving mass was
obtained from the array observation of microtremors. The S-wave velocity of the sedimentary layer of the mobile
mass was found to be between 150m/s - 400m/s, with a maximum layer thickness of about 30m. The shape of the
H/V and its predominant period corresponds to the thickness of the sedimentary layer of the moving mass of the
landslide. The H/V of seismic records were obtained from seismic observation, and their characteristics suggested
the influence of the deep structure below the moving mass.

Keywords: Landslide area, Subsurface structure, Microtremor observation, Seismic observation

INTRODUCTION

In areas where rocks have become brittle due to
volcanic deposition and weathering, repeated
landslides may have occurred in the past due to
earthquakes and heavy rainfall. The 2009 Sumatra
earthquake caused a large seismic landslide [1], and
microtremor surveys of the area [2] suggest that the

strong ground motion characteristics and subsurface
structure of the target area were related to the
occurrence of the landslide. In such a landslide area,
it is very important to understand the strong ground
motion characteristics and subsurface structure to
consider the risk of slope disasters caused by
earthquakes. In this study, microtremor and seismic
observations were conducted in the Saji area, Tottori

PR
\\ '/y’/ /f 3 / 7 Z
< ey >
| 56 ,‘/ Z\; // ]
;s8¢ ,/ \/ S / \/
190 e} /‘g—gg\/ \/ ’f\)\\—, >/
A SFTN)]
S SAJAR4 V2
°SAJARI Y A o " h
28
\0256 o (e} O:M)O X :
w0 ! R it
<} N N
— /4| /\v
i t
L ’ \ e
X R % A5 ‘«;‘ o
o NS Aol T YOS 7 Tottor1 Ml i
4 Vi AN : AL oS
e\ 5 rgle GO L s an\:_ ;
9 \ Y b i {
83N\ PSP, > \_I.l z
AN Uy oKy ;Sajl Area”
\ > 76 % L) T § } Q
X \ © & lr o AL ) o \ . / ,-qﬁ,
\ Lo )y @ ~ ! w""- < &1{’
08 R T A G & P St i
o 300
o ¥ Oso @ © Single Obs.
(o) © 0 A Array Obs
(:)m . s - —— IC;:I‘uMule
88 89 e ]
o © 0--100.200~\\ 400600/ 800 \1‘:\?: -
———

Fig. 1 Location of the observation area (upper map) and microtremor observation point (lower map)

96



GEOMATE - Bangkok, Thailand, 22-24 November 2022

;

Period (s) [
@ o000-010
@ o11-020
© o021-030 H
O 031-040
O o41-0s0 |
O o051-060
Q@ os1-070
@ o071-080
@ 081-090
@ o091-200
_ Landslide
chiff
0 100200 400 600 800 7?;:3'['[:t
| — mass
Fig. 2 Distribution map of predominant period
SAJ69 SAJ45 SAJ52 SAJTT
3 NS 3 —NS 6 l—Ns 3 NS
25 EW 25 EW 5 Ew 2.5 l EW
° 2 Compo - 2 l Compo ~ 4 Compo 2 2 Compo
g5 Z15 =3 515
51 =1
RIS : . ) 1
05 0.5 I 0.5 o
0 0 0 0
0.01 0. 1 10 0.01 0. 1 10 001 0.1 1 10 0.01 0.1 1 10
Period(s) Period(s) Period(s) Period(s)

Fig. 3 H/V of microtremors

City, Tottori Prefecture, Japan, based on the landslide
topographic distribution map [3], [4] to determine
strong ground motion characteristics and estimation
of subsurface structure.

OBSERVATION
Microtremor observations

As microtremor observations, three-component
single-point  observations were conducted to
determine the predominant period and amplification
characteristics of the subsurface structure, and array
observations were conducted to estimate the S-wave
velocity structure. Three-component single-point
observations were made at 95 points on the road at
100 m intervals. Array observations were conducted
at four points (SAJAR 1, SAJAR 2, SAJAR 3, and
SAJAR 4). Array observation points were selected
based on the assumption that the subsurface structure
differs according to the distribution of the
predominant period based on three-component
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single-point observations. SAJAR1 was conducted on
the site of the institution where the seismic stations
are located, as described below. Fig. 1 shows the
locations of the observation points.

A three-component acceleration seismograph,
JU410, was used as the observation equipment. The
array consisted of one at the center of the circle and
three at equal intervals along the circumference of the
circle. The distance between the center point and the
seismometers on the circumference ranged from 1 to
15 meters. Because the power of the microtremors
was expected to be low, three to four adults jumped
at a position about 5 m from the outer seismograph to
artificially induce vibrations, and their waveforms
were also observed.

Seismic observation

As for seismic observation, a seismograph has
been installed on the foundation in the Saji Astro Park
in Tottori City (same location as SAJAR1) since July
1, 2021 (observation is ongoing). The instruments
used were a three-component integrated velocity
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seismometer CV-374V, a three-component velocity
seismometer KVS-300, and a data logger HKS-9700.
The specifications of the observations were as
follows: sampling frequency of 100 Hz, time
calibration using a GPS clock, and continuous
observation.

ANALYSIS
Microtremor observation data

For the three-component single-point observation
data, at least 10 stable 20.48 s intervals were selected
visually, excluding non-stationary portions, and the
Fourier spectrum of each component was obtained by
FFT, and the average spectrum was obtained. A log
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window [5] with a coefficient of 20 was used to
smooth the spectra. The ratio of the spectra of the
horizontal and vertical components (H/V) was
obtained from the obtained Fourier spectra of the
three components. The predominant period was read
from the H/V obtained at each location. The
distribution of the predominant period is shown in Fig.
2 and some examples of H/V are shown in Fig. 3.
For the simultaneous data of array observations of
microtremors, the phase velocity was estimated based
on the CCA method [6] and SPAC method [7] using
the microtremor analysis package tool BIDO2.0 [8].
More than 10 segments were automatically selected
from the RMS values of the observation recordings
with a segment length of 10.24 s. The power spectra
of these segments were smoothed by Parzen window
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Table 1 Subsurface structural models (microtremor)

SAJAR1
Thickness p Vp Vs
(m) | (gem’) | (mfs) | (m/s)
11 18 1510 200
25 1.9 1790 450
o 2.2 2180 800
SAJAR2
Thickness p Vp Vs
(m)  [(glem®) | (m/s) | (mis)
5 18 1460 150
25 1.9 1790 450
o 2.2 2180 800
SAJAR3
Thickness p Vp Vs
(m | (glem®) | (m/s) | (m/s)
5 18 1460 150
24 1.9 1620 300
oo 2.2 2070 700
SAJAR4
Thickness P Vp Vs
(m) | (@om®)| (ws) | (mis)
12 18 1400 100
25 1.9 1790 450
00 2.2 2180 800

with a bandwidth of 0.3 Hz, and then averaged. Phase
velocity dispersion curves were obtained using these
spectra. Using the phase velocity dispersion curve
and the H/V of the array center, we estimated the
subsurface structure by forward analysis based on the
borehole data. Density was obtained from previous
studies [9], and P-wave velocity was obtained using
the S-wave velocity conversion formula [10]. At each
array observation point, the phase velocity dispersion
curve in Fig. 4 and the H/V obtained at the center of
the array is shown in Fig. 5. n Fig. 4 and Fig. 5, the
observed values (solid lines) and the theoretical
values of Rayleigh wave fundamental modes
obtained from the estimated model (dotted lines) are
overlaid. The colors of the solid lines in Fig. 4
indicate blue: NS/UD, orange: EW/UD, and black:
horizontal composite/UD. The solid colors in Fig. 5
show the dispersion curves obtained for each radius.
The obtained parameters of the subsurface structure
model by this analysis are shown in Table 1.

Seismic observation data

Seismic observation data were analyzed for 21
earthquakes of intensity 2 or greater that occurred
within 200 km of the seismic stations between August
11 and December 11, 2021. For data processing,
10.24 seconds of the S-wave portion of each
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component was selected from the seismic record, and
a cosine taper with a half-period time rising by 0.5 s
was applied to the outside of both ends, and then zero
data was added to obtain a time of 20.48 s. From this
data, the Fourier spectrum was calculated by using
FFT and smoothing these by the Parzen window with
a bandwidth of 0.2 Hz, and H/V was obtained. H/V of
the earthquakes is shown in Fig. 6. From the mean
H/V of all earthquakes, a subsurface structural model
was determined by inverse analysis using the
diffusion wavefield theory [11] and the hybrid
heuristic  method [12]. Microtremor  array
observations were made for the shallow layers
smaller than Vs = 800 m/s, and the initial model for
the deeper layers above Vs = 800 m/s was based on
the previous subsurface structure model [9]. The
inverse analysis was searched for S-wave velocity: Vs,
P-wave velocity: Vp, layer thickness, and damping
constant: h. In the uppermost and lowermost layers,
the initial model values were fixed for modeling. Fig.
7 is the graph of H/V overlaid with observed and
theoretical values from inversion. The obtained
parameters of the subsurface structure model by this
analysis are shown in Table 2.

The frequency characteristics H/V of the
earthquake (Fig.6, Fig7) show peaks around 0.2 s
(blue arrows) and 0.8 s (red arrows). The peak around
0.2 s is also seen in the H/V of the microtremor
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(SAJARL in Fig. 4); the peak around 0.8 s is not seen
in the H/V of the microtremor and appears to be
influenced by the deeper ground beneath the
sedimentary layer of the moving mass.

PREDOMINANT PERIOD AND SUBSURFACE
STRUCTURE

Results from microtremor data analysis

The distribution of the predominant period of
microtremors (Fig. 2) is not so much related to the
topographic areas of sliding cliffs and cliff cone
deposits (moving masses). For each block, Block A
has a short period of less than 0.3 s, Block B has a
slightly longer period of 0.2-0.4 s, and Block C has a
long period of 0.4 s or longer. The distribution of the
time periods in Blocks A and B did not change much,
while those in Block C varied greatly.

According to the subsurface structure model in
Table 1, the S-wave velocity of the sedimentary layer
of the moving mass is small (150m/s~400m/s), and
the layer thickness is about 30m for SAJAR1 and
SAJAR3, and about 4m for SAJAR2. These results
suggest that the predominant period corresponds to
the thickness of the sedimentary layer of the moving
mass with respect to the subsurface structure.

To investigate the areal thickness distribution of
the moving mass, layer thickness: H was determined
based on the 1/4 wavelength law using the
predominant period of H/V: T and the average S-
wave velocity: V up to the second layer of the
subsurface structure model at the array points in the
block. The equation is as follows.

H=T-V/4 (1)
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Table 2 Subsurface structural models (earthquake)

SAJAR1(Seismic Analysis Model)

Thickness p Vp Vs h

(m) | (gfem®) | (m/s) | (mis)
11.0 1.70 1524 200 0.038
26.8 1.94 2015 655 0.090
36.4 1.94 2404 659 0.038
60.6 2.02 2644 854 0.038
1640.3 2.40 4716 2241 0.030
o 2.56 5500 3000 0.010

The average S-wave velocities are 400 m/s for
block A, 370 m/s for block B, and 350 m/s for block
C. Fig. 8 shows the layer thickness distribution. The
layer thicknesses of the surrounding cliffs in these
distribution maps are spatially complemented by
assuming that the thicknesses are 0 m (black dots in
the figures).

In block A, the layer is thicker in the center of
several small landslide areas, with the maximum
thickness exceeding 20 m in some areas. In blocks B
and C, the layer thickness is thicker in general, with
areas exceeding 50 m at the center of the moving mass
in block C and the surrounding cliffs. The geology of
the area consists of Neogene sedimentary rocks,
andesitic lava and metamorphic rocks, and these
strata are thought to exist beneath the layers of cliff
cone deposits.

Results from seismic data analysis

From the estimation of subsurface structure model
(Table 2), the correspondence between geology and
S-wave velocity is as follows. The first layer is a cliff
cone deposit at 200 m/s, the second to fourth layers
are Neogene sedimentary rocks or andesite lava at Vs
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= 650-850 m/s, and the fifth to sixth layers are
metamorphic rocks at Vs = 2200-3000 m/s. In other
areas where moving masses are present, the

stratigraphy is assumed to be similar to that at this site.

CONCLUSIONS

In this study, microtremor and seismic
observations were conducted in the Saji area, Tottori
City, Japan, based on the landslide topographic
distribution map, to understand strong ground motion
characteristics and estimate of subsurface structure.

The predominant period of H/V distribution was
obtained from single-point microtremor observations,
and the S-wave velocity structure of moving masses
was obtained from array microtremor observations.
The layer thickness distribution was found to be
thicker near the center of the moving mass, with a
maximum thickness of 50 meters. Furthermore, the
H/V of the earthquake was obtained from seismic
observation records, and the estimation of the
subsurface structure of the deep subsurface structure
below the cliff cone sediments was also obtained.
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EXPERIMENTAL STUDY ON STATE BOUNDARY SURFACE OF
COMPACTED SILTY SOIL
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ABSTRACT

To understand the behavior of unsaturated soil, considerable research has already been done. However, there
is limited research to model the behavior of unsaturated soil in a generalized state boundary surface (SBS). SBS
is the surface outside which a soil stress state can never exist. It is an envelope surface of all the possible soil stress
paths in the p’-g-e space. In order to investigate the SBS of unsaturated soils, a series of triaxial compression tests
were performed in this study under constant water content conditions using a double cell triaxial test apparatus.
The samples were prepared with 80%, 83% and 86% degree of compaction and water contents of 20% (Optimum
water content) and 25%. All the soil specimens were consolidated isotropically under 500kPa confining pressure
before being sheared with constant void ratio under monotonic loading. The results show that constant void ratio
tests depict contour like lines which can help in defining the SBS of unsaturated soil.

Keywords: Unsaturated soil, State Boundary Surface (SBS), Constant water content, Constant void ratio,

Contours

INTRODUCTION

The soil near the surface of the earth ground is
usually unsaturated by nature. The processes of
excavation, compaction and soil reshaping used in
various civil engineering structures such as highways,
earth fill dams, embankments and runways result in
unsaturated soils. There are only two phases in
saturated soil that are soil and water while for
unsaturated soil there are three phases: namely, soil,
air, and water [1].

A novel approach to soil mechanics was
developed in the 1950s and 1960s based on the
concepts of critical state. It establishes a framework
for relating a saturated soil's shear distortion during
yielding to its stress and volume condition [2]-[3]. For
saturated soils, the critical state theory is a three-
dimensional (3D) approach that is defined by three
state variables: effective mean stress (p’), deviatoric
stress (q), and specific volume (v). When the soil is
sheared, it eventually reaches a critical state condition,
which is located on a unique line in the p’, g and v
space. This surface contains both sets of stress paths.
This is known as the Roscoe surface or state boundary
surface. All drained and un-drained stress paths
appear to lie on a 3D surface for normally
consolidated soil, bordered at the top by the critical
state line (CSL) and at the bottom by the normal
consolidation line (NCL). Another state boundary
surface that connects to the Roscoe surface at the CSL
is the Hvorslev surface. The significance of this
surface is that a sample's shear strength is a function
of the specific volume and the mean net stress (p’).
Marto [4] and Moradi [5] demonstrated the Roscoe
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and Hvorslev surfaces using compression and
extension triaxial tests on soil samples. The Roscoe-
Hvorslev model, based on elastic-perfectly plastic
behavior, was presented by Houlsby et al. [6]. The
critical state framework for saturated soils is built
around the concepts of yielding and critical state.
Sasitharan et al. [7] found that very loose saturated
sand is loaded slowly under drained conditions can
collapse undrained following a certain stress path. It
was observed that for a particular void ratio and
consolidation stress, the post-peak component of an
undrained stress path specifies the state boundary
above which a stress state cannot exist. Several
researchers have attempted to extend the critical state
concept to unsaturated soils [8]-[13]. The mechanical
behavior of unsaturated compacted soil has already
been thoroughly researched [8], [14]-[16]. However,
due to the complexity and time-consuming nature of
testing unsaturated soils, there is limited experimental
study to determine the state boundary surface for
unsaturated soils.

Estabragh and Javadi [17] performed controlled
suction triaxial tests with constant confining pressure
under drained conditions on samples of unsaturated
compacted silty soil to investigate the existence and
features of Roscoe and Hvorslev boundary surfaces
for unsaturated soil. The findings reveal that the
Roscoe and Hvorslev surfaces exist for unsaturated
silty soil as well. With the increase and decrease of
suction, the Roscoe surface expands and shrinks,
while the Hvorslev surfaces are almost parallel for
different suctions.

This study presents experimental data from
triaxial compression tests performed on samples of
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unsaturated compacted silty soil under constant
volume and constant water content conditions. The
findings are being utilized to investigate the existence,
shape and the features of the state boundary surface
of unsaturated soil.

EXPERIMENTAL PROGRAMME

The physical properties of soil, sample
preparation, experimental setup and procedure will be
discussed in this part.

Soil Properties

The commercial term for the soil utilized in this
study is DL Clay; it is a fine soil with negligible
plasticity. Freshly and freely deposited DL clay has a
yellowish-brown color. According to the Japanese
Geotechnical Society (JGS), it has Medium-Low
compressibility (ML) and is made of 10% clay and
90% silt, indicating that the grainsize is larger than
ordinary clay. The grain size distribution of this soil
is relatively uniform, with a mean grain size D50 of
about 0.03 mm [18]. The physical properties of DL
Clay are shown in Table 1.

Table 1 Physical Properties of DL Clay

Properties Unit Value
Density of soil particle, ps g/lem?® 2.635
Maximum dry density, pamax ~ g/cm?® 1.55
Optimum water content % 20
Consistency - Non-Plastic

Sample Preparation

A static compaction machine with a hydraulic
jack was used to prepare homogenous specimens by
compacting the soil in 5 layers in a cylindrical mold
having diameter of 5¢cm, each layer being 2 cm thick
[19]. The low energy of static compaction can provide
a homogeneous density in the specimen, preventing
the formation of a weaker zone [16]. Water was
mixed with dry DL clay prior to compaction to make
specimens at water contents of 20% and 25% i.e., to
wet side of optimum water content. Specimens were
compacted to degree of compaction of 80%, 83% and
86%. Specimens prepared with an 80% degree of
compaction represent the loose state of soil with a
void ratio of 1.13, an 83% degree of compaction
represents the medium dense state of soil with a void
ratio of 1.05, and an 86% degree of compaction
represents the dense state of soil with a void ratio of
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0.98. For specimens prepared with 80% and 83%
degree of compaction, the pressure exerted to the soil
during sample preparation was less than the confining
pressure during the test phase, hence the samples are
known to be normally consolidated. Similarly for
sample compacted with 86% degree of compaction
and 20% water content, the pressure exerted during
sample preparation is higher than the applied stress
during the test phase, so the sample is deemed to be
slightly over-consolidated (OCR = 2). All prepared
specimens were 10 cm in height and 5 cm in diameter.
The features of the specimens used in this study are
shown in Table 2.

Table 2 Specimen Properties

Properties Value
D. (%) 80 8 8 8 8 86
pa(g/cmd) 124 124 129 129 133 1.33
w (%) 200 25 20 25 20 25
Sr (%) 46.2 578 495 626 536 675
e 113 113 105 105 098 0.98
Compaction
Pressure, 200 100 300 210 850 375
(kPa) =
Initial
Suction, 20 15 20 15 20 15
kPa =

Initial matric suction of soil samples prepared
with 20% and 25% water content and degrees of
compaction of 80%, 83%, and 86% was around
20kPa and 15kPa, respectively. This is consistent
with the findings of Yang et al. [20], who found that
compaction energy has a lower impact on soil suction
in soils having a lower clay content. The soil-water
characteristic curve (SWCC) is a representation of the
relationship between matric suction and water
content. For determining SWCC of DL-clay, the
initial suction was measured for several specimens
prepared with variable water content (or initial degree
of saturation) after they were placed on top of a
saturated pedestal having a thin membrane filter. The
results are shown in Fig. 1, which show that when the
saturation ratio rises, the suction falls [19].
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Fig. 1 SWCC for the studied soil [19]
Experimental Setup

Figure 2 shows a schematic of the double cell
triaxial apparatus utilized in current research, which
includes a pore water pressure transducer, pore air
pressure transducer, cell pressure transducers and
loading system for exerting axial load. The device
could measure both pore air and pore water pressures
at the same time. The pore air pressure transducer is
installed in the top cap and connected to an air
regulator for continuous air supply to the specimen.
A Low-Capacity Differential Pressure Transducer
(LCDPT) measured the volume change in the soil
sample as a function of the fluctuation in water level
in the inner cell, while an external Linear Variable
Displacement Transducer (LVDT) measured the
vertical deformation of the specimens.

Loading rod se—te—- ‘

Load cell =—— Movement of water due

/ to change in volume
“

Solenoid valve for
drained/undrained air

Top Cap
(diameter 6cm)

Pore air pressure
transducer

PTFE Sheet

Inner cell

(diameter 5cm, height 10cm)

Membrane Rubber

filter
Pedestal

<= Outer cell

[ ]

Fig. 2 Schematic of Double Cell Triaxial

For effective control and measurement of pore
water and pore air, a thin membrane "Supor 450" and
a Polytetrafluoroethylene (PTFE) sheet were utilized.
The thin membrane having a pore size of 0.45 um,
thickness of 140 um, and air entry value of 250 kPa
was mounted on the bottom pedestal to allow water
to flow while blocking the air passage [21]. To
oppose the flow of water, the PTFE sheet was pasted
to the bottom of the top cap. A solenoid-controlled
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exhaust air valve was also fitted inside the top cap to
reduce the volume of air in the pore air drainage line.
A balance with external load cell is also connected to
the triaxial apparatus to measure the amount of water
drained or infiltrated into the specimen.

Test Procedure

Before the start of each experiment the bottom
pedestal is fully saturated so that no air bubble
remains inside the porous stone of the pedestal.
During the testing, de-aired water was utilized to
reduce inaccuracies caused by air entrapment in the
soil. The water in the external upper and lower tanks
was de-aired for at least 24 hours by applying vacuum
pressure using the suction pump.

After the specimen preparation, the sample was
wrapped in a rubber membrane using a membrane
holder and placed over the pedestal having a thin
membrane, in order to note the value of initial suction.
The Axis translation technique (ATT) was carried out
after measuring the initial suction and setting all
necessary connections. The main purpose of ATT
was to prevent formation of cavities or voids inside
the pedestal, which would ultimately influence the
reading of pore-water pressure. To make pore water
pressure zero, the confining pressure and pore air
pressure were both increased simultaneously, leaving
the specimen volume unaltered [22]. During ATT,
volumetric strain should theoretically be zero.

Following ATT, the specimen was isotropically
consolidated by applying the required net confining
pressure of 500kPa, to get the sample to the desired
state before start of shearing. To dissipate the excess
pore water pressure, the drain valve was opened
throughout the consolidation. The axial stress was
automatically controlled by the load control system to
keep deviatoric stress (q) equal to zero.

( a) Constant Matric

y-axis

Suction Plane

X-axis

Deviatoric Stress (q)
-
%\
=
=

At I TR TR

1.5 % CON [SHEAR
—

Net Confining Stress (0;-1,)

Fig. 3 (a) Stress path followed in constant void ratio
test: (b) Test phases involved

The test phases and stress path followed during
current research is illustrated in Fig. 3. The soil
specimens were sheared with constant void ratio
(constant volume) at a strain rate of 0.05 mm/min
under constant water content condition, by keeping
the drainage valve for pore water pressure closed,
while the pore air pressure was constantly drained and
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controlled. The constant water content test simulates
the state of compacted soil in an embankment or
slope. The sample volume was maintained constant
by varying the confining pressure in response to the
volume change (i.e., reading of the LCDPT value) of
the specimen. According to the standards of Japan
Geotechnical Society “JGS 0527-2009”, the shearing
phase was automatically stopped when the axial strain
reached 15%.

EXPERIMENTAL RESULTS

The initial matric suction has a significant impact
on the mechanical behavior of unsaturated soils. It
can be seen from Fig. 4 that specimen prepared with
20% and 25% water contents has different values of
initial matric suction. For samples with lower water
content, the matric suction is high, and it takes more
time to stabilize the matric suction as compared to
sample with high water content.

Time (min)
0 5 10 15 20
0 . . . )

«

Pore Water Pressure (kPa)
S

——w =25%
w =20%

N
o

o
S

-25

Fig. 4 Variation in initial matric suction over time.

The sample was sheared at a rate of 0.05% per
minute up to an axial strain of 15%. The shearing was
performed under constant water conditions, i.e., water
drain valve was closed while the air drain valve was
open. As the samples were to be sheared with
constant void ratio or zero volumetric strain, therefore
the cell pressure was increased or decreased
corresponding to the LCDPT value to keep the
sample void ratio constant.

Figure 5 shows the void ratio against mean
effective stress during consolidation and shearing for
samples prepared with 20% and 25% water content.
It can be observed from Fig. 5 that as the degree of
compaction increases from 80% to 86%, the decrease
in void ratio becomes less during the consolidation
for both 20% and 25% water content samples.
Similarly for samples with same degree of
compaction e.g. (80%, 83% or 86%), the decrease in
void ratio during consolidation is slightly less for
samples with 20% water content as compared to 25%
water content samples. The void ratio is kept constant
throughout the shearing.
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Fig. 5 Void ratio Vs Mean effective stress for samples
prepared with (a) 20% water content (b) 25%
water content
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Fig. 6 Deviatoric stress during shearing for samples
prepared with (a) 20% water content (b) 25%
water content

It can be seen from Fig. 6 that the peak deviatoric
stress was slightly more towards the optimum
moisture content than the wet side of optimum
moisture content. This is because of matric suction in
unsaturated soil. When water content in a specimen
increase, the deviatoric stress decrease accordingly.
When there is less water content, water will not be
sufficient to act as a lubricant between soil particles
so they can slide and reorient when stress is increased.
Hence the internal friction between soil particles is
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increased which increases the deviatoric stress. Also,
the deviatoric stress is more for samples prepared
with high degree of compaction. The effective stress
plotted against the axial strain is shown in Fig. 7. The
effective stress value is more for dense samples as
compared to the semi dense and loose samples.
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anl (D) ——83,25% 5006p
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g
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Effective Stress (p'), kPa
=
s

Axial Strain % Axial Strain %

Fig. 7 Mean effective stress during shearing for
samples prepared with (a) 20% water content
(b) 25% water content

It can be noted from Fig. 7, there is some unusual
behavior for axial strain range of 0-2%. The effective
stress initially increases slightly followed by a sudden
decrease and then again increases and decreases
continuously until the specimen reaches the critical
state. This phenomenon may be due to the sudden
loading impact under high confining pressure of 500
kPa during shearing which may cause the soil
particles held together by suction to collapse suddenly
to fill in the gaps and then reorient.

Both pore water and pore air pressure decreased
throughout the shearing phase, as illustrated in Fig. 8
and Fig. 9. However, the decrease in pore water
pressure was more than the pore air pressure. As a
result, the matric suction also increased slightly. The
degree of saturation of samples did not alter
throughout shearing as the water drainage valve was
closed and the tests were performed with constant
void ratio.
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Fig. 8 Pore water pressure during shearing for
samples prepared with (a) 20% water content
(b) 25% water content
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Fig. 9 Pore air pressure during shearing for samples
prepared with (a) 20% water content (b) 25%
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The void ratio (e), net mean effective stress (p’),
and deviator stress (q) is plotted in a 3D space as
shown in Fig. 10. All the stress paths lie on the same
failure plane forming the state boundary surface. SBS
separates the possible and impossible stress states. It
can be observed that the constant void ratio test
provides contour like lines which helps in identifying
the shape of state boundary surface. With increase in
matric suction, the SBS extends outwards.
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Fig. 10 State Boundary Surface for samples prepared
with (a) 20% water content (b) 25% water content
tested under constant void ratio
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CONCLUSIONS

A series of laboratory element tests were carried
out to investigate the state boundary surface of
unsaturated soil under constant void ratio and
constant water content conditions. It was found that
for soil samples with higher water content, initial
suction values stabilize in a shorter time interval,
while lower water content soil samples take longer to
stabilize. The soil samples prepared at optimum water
content shows higher shear strength than those
prepared at wet side of optimum water content. Also,
the shear strength of soil increased with increase in
degree of compaction. The effective stress increased
and decreased multiple times within axial strain range
of 0-2%. The matric suction of samples slightly
increased during shearing due to decrease in pore
water pressure. The SBS was set up by contour like
lines obtained with constant void ratio tests which
separates the possible and impossible stress states.
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PERFORMANCE AND BEHAVIOR OF DIAPHRAGM WALL OF
UNDERGROUND AUTOMATIC CAR PARK PROJECT IN BANGKOK
SUBSOIL

Jirat Teparaksa'
"Faculty of Engineering, Kasetsart University, Thailand
ABSTRACT

Currently, in Bangkok, the underground automatic car park becomes more popular since it can provide
maximum usage space without ramp. However, the automatic system requires large openings of the basement slab
resulting in possible insufficient axial capacity of the slab which must be rechecked. This paper focuses on one of
the latest underground construction projects in Bangkok city center, True Digital park. There were in total four
basement stories with 13.20m-maximum depth of excavation including mat foundation. The 800mm-thick
diaphragm wall (D-wall) was proposed to be a soil retaining structure with 3-layers of full temporary bracing.
Finite Element Method (FEM) with Mohr-Coulomb soil model was employed for the D-wall design and horizontal
movement prediction. To date, the construction of basement was completed and the superstructure is being
constructed. The field performance of D-wall construction was evaluated by means of horizontal movement using
installed inclinometers. During construction, every sequence, such as soil excavation and bracing installation was
carefully monitored and strictly controlled to minimize the D-wall movement. The monitoring result shows good
agreement with FEM analysis. This paper describes the project construction and monitoring together with field
performance results.

Keywords: Deep excavation, Field monitoring, Diaphragm wall, Underground automatic car park

INTRODUCTION floor B2 and B3 as shown in Fig 3. It can be seen that
there are large number of openings closed to the D-
Currently, in Bangkok, as one of the largest wall for the mechanical system and five openings in
developing cities, there are many underground the middle for car transferring lifts. This paper
construction  projects including  government presents soil retaining structural design and its
infrastructures and private skyscrapers to optimum behavior during construction.
land usage. The most widely designed for private
underground structures is intended to be underground Existing Ground
car parking especially an automated car park as it EL+0.00 m. EL+/=0.00 m.
provides maximum usage space without car ramp.  ZEL-150 m. P NELS1S0m.
However, the automatic system requires many large -
openings for vehicle elevators resulting in possible FL_450 m
insufficient axial capacity or stiffness of underground e e
slab.
High-rise mixed-used building with four
basement stories of substructure is being constructed.  ZFL-9.00 m. JEL-9.00m.
The basement floors are desired to be an underground .
automatic carpark as it helps maximizing parking
space eliminating driving path and ramps.
Four basement includes B1 — B4 at elevation EL.- — VL1320 m. ] e &
10.50 m., -7.65 m., -5.10 m. and -2.00 m. with the
maximum excavation depth of -13.20 m. from ground
surface. Diaphragm wall (D-wall) of 0.80 m. thick Diaphragm Wall
with 21.0 m. length penetrated in stiff clay layer was Thickness 0.80 m. | | ]| Nl
employed as a soil retaining structure. During
excavation, the 3 layers of temporary steel bracing _ SZEL.-21.00 m,
strut was used at EL. -1.50 m., -4.50 m. and -9.00 m.
Typical section of temporary bracing and Fig. 1  Typical section of temporary bracing.

basement floor are presented in Fig 1 and Fig 2. In
this project, there are a few openings for both car
elevators and mechanical system works in basement
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EL+0.00 m. o EL4/-0.00.m.

7 E.-1.50m. || Bl EL-200m
7 E.-510.m. B2. FL-510 m.
7 FL-765m._| B3 FL.-765 m.

EL.=21.00_m.

B4 EL.—10.50 m.

Mat Foundation

Fig. 2  Typical sectio

n of basement.

188

Fig. 3b B3 floor plan

109

SOIL CONDITIONS

Six boreholes of 75 m. deep were conducted to
investigate soil condition in the site. It consisted of a
12 m. thick soft clay layer followed by 3 m. of
medium clay. There was a stiff clay layer up to
approximately EL.-35.00 m. from ground surface. It
should be noted that there was a variation between
EL.-19.00 m. to EL.-23.00 m. where four boreholes
revealed very stiff silty clay while the other two
boreholes showed medium silty sand. Soil profile and
soil properties are presented in Fig 4.

Groundwater condition of Bangkok soft clay is in
hydrostatic condition starting from -1.0 m. Deep well
pumping in the past had promoted drawdown of the
soft, medium and the first stiff clay. The piezometric
level of Bangkok aquifer was reduced and was
constant at EL.-23.0 m [1]. This is beneficial to
practicing geotechnical engineers in terms of higher
effective stress and dry condition during underground
construction. However, as the Thailand’s government
has been enforced deep well pumping prohibition law
for about 20 years to solve the problem of land
subsidence, the current piezometric level is increasing
up to -13.0 m. as illustrated in Fig 5 [2].

+0.00

Fill Material (CH)

1t 18.00 kN/m*3
-2.50 Su 25.00 kN/m”2

Soft Clay (CH)

1t 16.50 kN/m*3
5.00 Su 18.00 kN/m*2

Soft Clay (CH)

1t 15.50 kN/m”3
-9.00 Su 13.00 kN/m»2

Soft Clay(CH)

1t 15.00 kN/m*3

Su 18.00 kN/m*2
-12.00

Medium Clay(CH)

1t 16.50 kN/m*3
-15.00 Su 30.00 kN/m~2

Very Stiff Clay (CH)

1t 18.00 kN/m~3
-18.00 Su 60.00 kN/m"2
D-wall Very Stiff Silty Clay (CH)
Tip-21.00 Medium Silty Sand (SM)

1t 19.61 kN/m*3
-23.00 N 23 Blows/ft

Very Stiff Sandy Clay (CL)

1t 19.61 kN/m*3

Su 152.98 kN/m»2
-30.00

Very Stiff Sandy Clay (CL)

1t 19.61 kN/m”3

Su 253.40 kN/m”2
-35.00

Fig. 4 Soil profile and soil properties.
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Variation of Piezometric Pressure Profile with Depth
(Standpipe Plezometer)
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Fig.5 Recent Bangkok groundwater conditions
data [2].

Although the sand layer was encountered at EL.-
19.00 m., the maximum depth of excavation was just
13.20 m. This scenario gives safety factor against
uplift of approximately 1.75, therefore, the
excavation is safe in respect of uplift pressure.

ANALYSIS OF DIAPHRAGM WALL
BEHAVIOR BY FINITE ELEMENT METHOD

Design Criteria of Diaphragm Wall

The behavior of diaphragm wall can be predicted
by numerical analysis by mean of Finite Element
Method (FEM). The diaphragm wall behavior, result
of FEM, is presented in terms of bending moment and
shear force induced in the diaphragm wall as well as
lateral displacement. The step of soil excavation,
bracing installation, as well as preloading in the strut
system is simulated in the FEM analysis. The casting
of base slab, basement floor and the step of removal
of strut system are also combined in the FEM analysis
of diaphragm wall. In this project, the PLAXIS 2D [3]
program was used as the FEM program to predict the
diaphragm wall behavior.

The Mohr-Coulomb soil modeling was employed.
The Undrained Young’s modulus (Eu) of layer was
correlated with undrained shear strength (Su) while in
the sand layer, the drained modulus (E’) was

correlated with the Standard penetration SPT N-value.

The correlation of Eu and Su as well as E” and N-
value can be conducted as follows.
e For soft to medium clay layer, Undrained
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Young’s modulus
(EU) = 500 — 700 Su (Undrained Shear
Strength)
o  Stiff to very stiff silty clay layer
Eu=1000 Su
e Sand layer
E’ = 2000(N) SPT-N-Value (kN/m?)

The above correlation between Eu-Su, and E’-
N(value) is based on the back analysis from various
basement excavation project by means of FEM
analysis compared with field measurement proposed

by [4].
Surcharge on the diaphragm wall

The ground surface surcharge behind the
diaphragm wall during construction was assumed at
10 kN/m? for 6 m. wide to simulate the machinery
load. This ground surface was applied during
excavation, basement casting and completion of the
basement work.

Groundwater table

The ground water of Bangkok subsoil condition is
in the draw downed condition due to deep well
pumping. Recently, as the deep well pumping is not
allowed, the recent ground water table has been
increasing to EL.-13.00 m. below ground surface.
This groundwater level was used in the model during
excavation.

FEM ANALYSIS RESULTS

All the construction sequences starting from the
first excavation to the final stage after construction
were modelled in the FEM analysis, using Mohr-
Coulomb as a failure criterion. The first sequence was
initial excavation to install the first strut layer. The
second was after the first strut installation which was
excavation to the second strut layer level. The process
continued until reaching the final depth as shown in
terms of deformed mesh in Fig 6. It should be noted
that since there was variation in soil investigation,
two models with stiff clay and medium sand layer
between -19.00 to -23.00 m. were developed.

For the upward construction, it was started by
casting the mat foundation and removal of strut layer
3. The second strut layer was removed in the next
stage after casting basement B2 and B3 floor. Then,
B1 was casted followed by removal of strut layer 1.
The FEM model was completed at the construction
step of that ground water table was at -1.00 m. and
consolidation was taken place for long-term
simulation as presented in Fig. 7.
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Table 1 Trigger level and safety control
Trigger Level Disp. Safety Criteria
(mm.)
Alarm Level 37.43  Inform designer

All the basement floors were modelled to obtain
the axial forces at every step for the structural
engineer to recheck the reinforcement especially at
the openings closed to the D-wall. The moment and

shear envelopes, of both stiff clay and medium sand (70 % of DV) to review CS
layer, were then employed to design the D-wall Alert Level 4278 Inform all parties
reinforcement as illustrated in Fig. 8. In addition, the (80 % of DV) to review CS
presented moment envelope was summarized from all Action Level 48.12  Stop construction
construction stages including final stage where (90 % of DV) and revise the CS

consolidation occurred. It can be seen that the
reinforcement covered the predicted maximum
moment in both cases with safety factor of 1.5.

Maximum 53.47
Note: Disp. = Displacement, DV = Design Value,
CS = construction sequence.

DIAPHRAGM WALL DIAPLACEMENT AND
SAFETY CONTROL

[ T L ws
i ‘ ‘ e

Not only bending moment and shear force that
were obtained from the FEM analysis but also '
horizontal D-wall movement at every construction i
step. The maximum horizontal displacement was
used to set the trigger level for safety control during

construction as shown in Table 1. There were four =t E s

inclinometers installed at each side as illustrated in e it

Fig 9. The inclinometers were read after completion G BH L LWL

of every construction step. The final reading showed . I e AL v et
horizontal displacement of 40.64 mm., 37.71 mm., i el ‘

4131 mm. and 58.65 mm. for IWI1 to IW4
respectively. IW4 started to exceed maximum value
after removal of strut layer 2.

Fig. 9 Inclinometer location.
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The inclinometer reading of IW4 is shown in Fig
10 together with trigger level and basement levels.
There was large movement at the very initial stages
where the inclinometer reading showed cantilever
behavior. The movement firstly touched the alarm
level during excavation to the final depth at-13.20 m.
The horizontal movement continued during upward
construction until the completion of basement
construction at 58.65 mm. which was more than the
predicted maximum value.

It can be noticed that after casting the basement
floor B2, B3 and B4, there was movement at those
elevations which can be implied that the basement
slab might be weak. Similar horizontal movement but
larger was also obviously found at Inclinometer IW2
as shown in Fig 11 despite the fact that the overall
movement did still not exceed the alert level. At first,
it was thought that it might be because the basement
slabs B2 and B3 at IW2 location are closed to the
opening. However, the movement continued further
at basement B1 even the B1 has no opening.

It was, then, suggested to do visual investigation
of all the basement floor but no crack was observed.
Several photograph of basement B2 and B3 are
shown in Fig 12 and Fig 13 respectively.

Land side Exeavation side

All of the inclinometer readings (IW1 — IW4) are
compared to the FEM prediction as presented in Fig.
13. The movement of IW1, IW2 and IW3 agreed well
with the FEM analysis with larger movement at top
of D-wall observed at IW2 as discussed previously.
The IW4 reading seemed to be different from the
others and FEM prediction. This might be because of
very large movement at the initial stages due to weak
local strut together with described horizontal
movement during upward construction.

The construction continued to the super-structure
as there was no observed damage to the substructure.
Currently, at the time of this paper, the whole building
is almost completed.
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Fig. 12 Photo of B3 after removal of bracing layer 2.
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Fig. 14 Comparison of Inclinometer readings and
FEM prediction.
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CONCLUSIONS

The underground basement construction was
designed to be underground automatic carpark of the
high-rise mixed-use building. There were many
openings in the sub-structure floors for car elevator
and mechanical systems. The diaphragm wall,
designed using FEM analysis with Mohr-Coulomb
failure criteria, was employed as a soil retaining
structure. All the construction sequences were
simulated in the FEM. The diaphragm wall behavior
and displacement were predicted and compared with
the field inclinometer monitoring data. The FEM
result agreed well with the field performance.
However, the unusual horizontal movements at
basement slab and mat foundation level were detected
during the upward construction.
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ABSTRACT

For over a thousand years, many ancient lime mortars have remained durable despite long-term exposure to
atmospheric or humid agents. This review paper summarizes technologies of worldwide ancient architectures
which vest remarkable durability to maintain them over thousands of years of constant erosion. It aims to
identify the influence of organic and inorganic additions in altering mortar properties and take the lost and
forgotten technologies to the production frontline. The types of additions are usually decided based on the local
environment and use purpose. The ancient Romans built magnificent structures by making hydraulic cement
using volcanic ash. The old Chinese introduced sticky rice and other local materials in addition to improving the
properties of pure lime mortar. A variety of organic and inorganic additions used in traditional lime mortar not
only changes the properties but also improves its durability for centuries. The benefits they bring to lime mortar
may also be useful in Enzyme Induced Carbonate Precipitation (EICP) and Microbially Induced Carbonate
Precipitation (MICP) fields. For instance, sticky rice has been confirmed to play a crucial role in regulating
calcite crystal growth and providing interior hydrophobic conditions which contributed to its reserve, which
may improve the strength and durability of EICP and MICP treated samples as well.

Keywords: naturally derived cement, lime mortar, sticky rice, enzyme induced carbonate precipitation
(EICP),microbially induced carbonate precipitation (MICP), ground improvement

INTRODUCTION was built by Agrippa in about 118-125 AD, has stood
for nearly two thousand years with only several minor
repairs. Hydraulic mortar used a pozzolanic additive
to replace the pure silica sand in previous lime mortar

Lime has a long history of being used as a building
material. Thousands of years ago, ancient engineers
around the world began to utilize lime to produce
mortar for architecture construction. To satisfy the [3]-
demand for different use purposes, the properties of
lime mortar were constantly modified by various
organic or inorganic additions. Some of these give
lime mortar the remarkable strength and durability
that allowed ancient architecture to be well preserved
even over thousands of years of environmental
erosion. This review paper aims to summarize the
types and influence of various organic and inorganic
additions used in ancient architecture and take those
lost and forgotten technologies to the production
frontline.

DISCOVERED ADDITIONS

Use the Republican period, perhaps in the third

but certainly by the second century B.C., ancient Fig. 1 The Pantheon, Roma. [4].

Romans discovered how to create hydraulic mortar, a

kind of building material with enormous performance The history of utilization of lime mortar was much
[1], [2], which was more durable than other building older, and evidence of its use for binding stones
materials they used. The Pantheon in Rome, which seems to have first appeared in Egypt in the third
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millennium B.C. [5]. Lime is obtained by the
calcination of limestone at around 1,000°C, and the
final product calcium oxide, quicklime, is its main
ingredient. Another ingredient of lime mortar is sand
[6]. Vitruvius, a Roman architect and engineer
writing around 30 B.C., suggested several different
formulations for lime mortar and specifications of
sands in his book. In addition, he outlined the types
of sands. River sand makes mortar dry more slowly,
which leads to delays in construction, and sea sand
could lead to a salty efflorescence when used in
stucco. Vitruvius preferred pit sand to river or sea
sand, which, he explains, can crackle when rubbed in
the hand. Later, as conventional mortared rubble
construction became more common in the third
century B.C., builders may simply have found that the
replacement of local volcanic ash for sea sand
resulted in a stronger mortar that could set under
seawater. When Vitruvius was writing, hydraulic
mortar and concrete were still being used sparingly
and tentatively as they were relatively recent
innovations [8]. He described volcanic ash is a kind
of powdery sand, which, by its nature, produces
wonderful results. It is found in the neighborhood of
Baiae and in the lands of the municipalities around
Mount Vesuvius. Not only does this material furnish
strength to other buildings when mixed with lime and
rubble, but also, when piers are built in the sea, they
set under water, and neither the waves nor the force
of water can dissolve them.

Not long after, Roman engineers quickly realized
the remarkable potential of this new material in view
of its special suitability for the construction of
hydraulic installations, bridge footings, and harbor
structures. Roman engineers could construct harbors
anywhere  political, economic, or military
considerations dictated and not simply where
advantageous physical features existed. The resulting
changes in Roman architectural construction have
been termed a “revolution” [7].

Approximately a century later, the development
of hydraulic mortar reached its peak [8]. The use of
hydraulic concrete for the construction of harbors and
other maritime structures in Italy and in some other
regions of the Mediterranean had virtually become
routine. Pliny the Elder specified that pozzolana
should be taken from the hills around Puteoli, and a
series of investigations into the ancient port
confirmed his record. The crushed ceramics represent
an artificial pozzolanic additive that was used to
supplement non-pozzolanic sand, producing a mortar
particularly suitable for waterproofing cisterns.

115

The remarkable durability of Roman mortar
results from crystalline, calcium-aluminum silicate-
hydrate (C-A-S-H binder) in the cementing matrix of
the mortar, which was produced through reaction of
seawater, lime, and volcanic ash [9], [10], [12]. C-A-
S-H is the poorly crystalline analog of Al -
tobermorite—a rare, layered, calcium-silicate
hydrate mineral composed of aluminosilicate chains
bounded by an interlayer region and a calcium oxide
sheet [11]. In Portland cement, the inert aggregate
particles tend to lead the expand and growth of
crack; however, in the Roman concrete, tobermorite
(Al-tobermorite) is formed between the aggregate
and the mortar, preventing the cracks from extending
further [10]. Al- tobermorite forms crystals with
platy shapes that interlock to reinforce the cementing
matrix and thus increase the concrete’s resistance to
brittle fracture.

A long time ago, the ancient Chinese began to use
lime and lime-based gelled materials. Archeological
evidence shows that the application of lime started
long before the prehistoric period. By the mid to late
West Zhou (1046-771 B.C.) [15], lime materials
were widely used in the reinforcement of pill, ground
improvement, and roofing. After the Qin and Han
dynasties, lime material was more widely adopted.
Pig blood was used on the floor of the Xianyang
Palace site during the Qin Dynasty (221-206 B.C.)
[16], mixing with lime and ginger stone into a dark
red, smooth surface with moisture-proof effect.

Fig. 2 The Great Wall, China. [17].

It is worth noting that at least during the Han
Dynasty, inorganic hybrid gelled material commonly
referred to as “tabia” (composed of lime, loess, and
sand) was invented and applied. In the Sixteen States
and the Empire of the Eastern Jin Dynasty (317-420
A.D.) [18], the use of tabia was more widespread, and
a tomb constructed by tabia was found in North Yan.
Tongwan city—the capital of the state of Helian—
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was also found to be built with tabia. After seeing
Tongwan by himself, Shen Kuo, a scientist of the
North Song Dynasty, described the city as “hard like

stone” in his book, The Dream Rivulet Diary. A
reference in General History of China also said that
the city was “hard enough to sharpen knife and axe.”
These records show the toughness of tabia [19] — [21].

With the latest analytical technology, researchers
[13] found that crystals of aluminium tobermorite
were growing from a silicate mineral called phillipsite,
which is frequently found in volcanic rocks. The
reason that tobermorite had grown from the phillipsite
is the reaction of seawater between the concrete,
which increased its degree of alkalinity. Such kinds
of crystallisation are highly unusual and indeed are
only found in such places as the volcanic island of
Surtsey [13], which is located in the Vestmannaeyjar
archipelago off the southern coast of Iceland. It is
thought that as the tobermorite grows throughout the
concrete, it may provide strength due to its long,
plate-like crystals, which allow the concrete to flex—
and not shatter—when stressed.

At least no later than the South-North Dynasty
(386589 A.D.) [22], sticky rice lime mortar was
already a mature technology. The appearance of
organic/inorganic hybrid mortar such as sticky rice
lime mortar was great progress. The building work
Tian Gong Kai Wu, written during the Ming Dynasty,
recorded the composition, method of making, and
performance of it in detail: “Sticky rice soup and
Actinidia chinensis cane juice is added to the mixture
of 1/3 of lime and 2/3 of loess and river sand and well
stirred, and the mortar is produced. The buildings
constructed by it are very strong and permanent, and
this kind of material is named tabia.” This kind of
tabia with added sticky rice is the sticky rice lime
mortar mentioned above. The addition of natural
organic compounds such as sticky rice soup greatly
improved the performance of building gelled material.
Due to its excellent properties and performance, such
as high adhesive strength, good toughness,
waterproofness, and durability [23], [24], traditional
organic mortar such as sticky lime mortar was valued
by many people after its invention. However, due to
low levels of production, it was not available in large
quantities. Until the Yuan and Ming Dynasties, pure
lime mortar could be found in brickwork; then, sticky
rice mortar became the most mature and widely used
technology in construction [25].

Modern evaluation shows that the bonding
properties of sticky rice mortar were good enough to
match modern cement. In addition to its high strength,
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sticky rice mortar was characterized by amazing
durability [24], and it was used to build important
architecture such as city walls, palaces, stone bridges,
dams, and so on. After hundreds or even thousands of
years, such architecture is still well preserved. Further
research found that sticky rice pulp plays the role of
biological template, regulating and coordinating the
carbonation of mortar so that it will generate nano-
sized calcium carbonate crystal with fine structure
and improve its toughness, impermeability, and
compressive strength [25]. The reason why sticky rice
can endure in mortar for a long time in the natural is
the anticorrosion effect of lime. The organic and
inorganic compositions wrap and pad each other,
similarly to the formation process of products of
biomineralization, such as bones, teeth, and shells. he
incompletely reactive calcium hydroxide, which is
wrapped in sticky rice pulp, inhibits the growth of
bacteria and thus protects glutinous rice from decay
for a long time [26] — [28].

In addition to sticky rice soup, blood mortar was
also common in ancient China, and it was mainly
used for building painted floors [29]. According to
relevant record, Qin Xianyang Palace is paved with
blood mortar. Zhejiang University found that animal
blood plays an important role in the mortar as it adds
air, reduces water, prevents freezing and thawing,
resists cracking, and increases bond strength. The
underlying mechanism is as follows. Firstly, the
protein in the blood is expected to have a foaming
ability; thus, the small bubbles can improve the
mortar’s  workability.  Secondly, anions and
hydrophilic groups in blood protein can generate
electrostatic repulsion between mortar particles and
improve their dispersion. Thirdly, blood protein is
decomposed in an alkaline environment, connects
with calcium ions in mortar and enhances bond
strength. Fourthly, the amino and carboxyl groups in
blood protein provide waterproof ability.

Tung oil mortar is mainly composed of boiled
tung oil and lime mortar [30] because it has good
water resistance, anti-codling, and bond strength.
Thus, in ancient China, it was widely used in water
wells’ hooks, wooden boats’ greasy seams, hole
filling, housing grounds, and where buildings had
special requirements in waterproof ability and
durability. The main components of tung oil mortar
are calcium carbonate and calcium carboxylate,
which give it better mechanical properties,
waterproof properties, and weathering resistance.

The following admixtures which are listed in
Table 1 are used to modify the properties of lime
mortar. The superscript “C” in the table indicates that
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the type of additive was used in China, and the
superscript “R” in the table indicates that the type of
additive was used in Roma.

Table 1 Additions and their purposes used in ancient
architecture.

The name of additions The purpose of use

Raw Sugar © Bonding agent
Sugar © Prevent shrinkage
Egg white ©R Improve strength
Soybean milk © Better bonding
Animal Blood © R Better Viscosity
Tong oil © Waterproof

Straw fiber © R
Jute fiber &R
Bean dregs ©

Paste(wheat) ©

Better bonding
Better bonding
Better bonding
Better bonding

Sand R Improve strength

Ceramic chip ® Improve strength

Brick bat R Improve strength
Gypsum & R Work ability

CONCLUSIONS

Historical records have proved the efficiency of
additives used in lime mortars, especially in terms of
improving durability for hundreds/thousands of years
with construction quality.

Further research is needed on the performance of
these additives not only for restoring and preserving
existing old buildings but also for their application in
modern and future construction. In recent research,
sticky rice has been proved to play a crucial role in
regulating calcite crystal growth and improving its
endurance. The same mechanism may be used in
MICP/EICP technologies and improve the effect of
treated samples as well.
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EFFECTIVENESS OF SAND COMPACTION PILE AND
PREFABRICATED VERTICAL DRAINS IN IMPROVING SOFT SOIL
FOR PAVEMENT SUBGRADE

Tanim Shahriar! and Shah Md Muniruzzaman®
Faculty of Civil Engineering, Military Institute of Science and Technology, Bangladesh
ABSTRACT

The study examines the effectiveness of Sand Compaction Pile (SCP) and Prefabricated Vertical Drains (PVD)
in improving properties of soft soil underlying road pavement. Subgrade improvement techniques are often used
to reinforce the subsoil properties with regards to its bearing capacity, shear strength, settlement etc.

This research scrutinized two interconnecting roads at Jolshiri outskirts of Dhaka city. Physical soil properties
were measured at four different locations, two locations each from both the roads. Average SPT-N values were
found around 3 to 4 before subgrade improvement. Basing on soil properties and SPT-N values, suitable
dimensions and parameters of SCP and PVD were designed. SCP was installed in one of the road mainly due to
constrain of time of construction. PVVD was conducted at another road as there was flexibly of time. SPT test was
executed again and average SPT-N values were found around 14 to 18 in all four locations. Dynamic Cone
Penetration (DCP) test was performed to check the suitability between SCP and PVD. DCP test results shows
that PVD provides slightly more compacted ground surface than SCP at shallow depth. An economic analysis
was also carried out to check the cost effectiveness. SCP found considerably cheaper when compared to PVD
which needs geotextile and other imported materials.

All soil properties and test results were analyzed to determine the impact of subgrade improvement and compare
the effectiveness. It is found that, SCP and PVD are two technically viable and cost-effective solutions for soils
which are weak in strength and needed treatment.

Keywords: Sand Compaction Pile, Prefabricated Vertical Drain, Dynamic Cone Penetration

1. INTRODUCTION ground [2].
In road construction on compressible, saturated
The performance of road pavement depends soils like loose and soft clay, excessive settlement is
largely on its subgrade layer that provides support to a common problem to deal with. The subgrade
a whole pavement system. As such, subgrade layer improvement technique using Prefabricated Vertical
plays a key role in mitigating the detrimental effects Drains (PVD) are one of the most appropriate
of geotechnical, environmental and dynamic stresses methods to overcome this problem. Vertical draining
generated by the traffic load, and building a stable of fine-grained soils for ground improvement
subgrade is vital for constructing an effective and purposes was first advised and applied in the US in
sustainable pavement system. the late 1920°s [3]. In the early days of the method,
there was some pioneer work done by a Swedish
2. BACKGROUND OF THE STUDY engineer, Walter Kjellman, who patented a type of
prefabricated cardboard drain and equipment for its
Many subgrade improvement techniques are installation. Later on, methods for designing vertical
practiced around the globe. Out of these subgrade drains were developed by Barron in 1948. However,
improvement techniques, some of them are widely the design of vertical drains today is based mainly
practiced in our country. Among these, SCP is one on the subsequent and more practical,
of the potential methods for improving ground simplifications and additions to the theory [4].
stability. This method was originally developed in In Bangladesh SCP and PVD have been used in
order to increase the density of loose sandy ground few highway projects in subgrade improvement
and to increase the uniformity of sandy ground, to recently. In this research a venture is taken to look
improve its stability or compressibility and to over the effect of subgrade improvement using SCP
prevent liquefaction failure. It has also been applied and PVVD methods.
to soft clay ground to assure stability and to reduce
ground settlement [1]. The principal concept of the 3. DESCRIPTION OF THE STUDY AREA
SCP method for application in sandy ground is to
increase the ground density by placing a certain Dhaka, one of the fastest growing megacities of
amount of granular material (usually sand) in the the world experiences huge pressure of mass
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population and traffic congestion. Two east bound
roads Purbachal Expressway and Madani Avenue
traversed to connect Dhaka city with its Eastern
region. Considering inter connectivity, it had been
decided to construct two roads of 3.25 km
(Purbachal 300 feet Expressway to Madani Avenue)
and 3.79 km (Madani Avenue extension up to
Shittalakha River) in this area. But both these future
roads situated on the reclaimed area with soft clay
soil underground. These two roads would require
substantial subgrade improvement to withstand
future designed traffic load. The study area was
located at this reclaimed land of Purbachal
commonly known as Jolshiri Abashon. The area was
basically a low-lying paddy field which was later
sand filled for housing project about 10 years ago.
The surface of the ground seems to be settled and
hard enough. But underlying ground were still
comprising very loose, soft clay or sandy layer of
soil. The main features of this area are two inter-
connecting under construction roads from Jolshiri to
Shittalakha River and Jolshiri to Purbachal 300 feet
Expressway. Locations of the study area are
represented in Fig 1.

Purbachal 300" Expressway 2 Purbachal New Town
Kanchan Br

md wd F’
R
Wﬁ | Purbachal 300’ Road to Madam
usmermu Avenue Sylhet Highway Link Rd

\\

e 100' Road

Madani Avenue To Balu Rwel (Maj Rd-5) Widening
& Balu River Tu Shitalakkhya (Maj Rd-5A) Road Proj

Svlhet Hiwa J

Fig. 1 Locations of study area (marked as dots).

Table 1 SCP and PVD test locations

Location | Chainage (km) Description

1 2+760 300 feet expressway

to Madani Avenue

link road

2 3+033 Same as location 1
6+600 Madani Avenue to

Shitalakkhya river

road
4 8+160 Same as location 3

Table 1 shows the description of four locations of
the study area and the chainages are mentioned in
km.
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4. METHODOLOGY
4.1 Standard Penetration Test (SPT)

The Standard Penetration Test, commonly
known as SPT, was forwarded to provide subgrade
properties for highway design basis. The test was
brought out in this study area to ascertain the soil
properties of the study area [5]. The results can be
used to determine soil properties like specific gravity,
Atterberg limit test, particle size distribution etc.

Typical components of a SPT set up used in this
study are shown in the picture of Fig. 2.

Fig. 2 Standard Penetration Test (SPT) setup

4.2 Soil Properties before Ground Improvement

The condition of the soils at the four different
locations are almost similar based on tests. Inside
each of the boreholes at different layers loose silty
sand, lean clay and fat clay type soil was found in all
the four sampling locations.

According to soil properties, it was found that
the value of specific gravity varied in between 2.65
and 2.75 in all the sampling boreholes. Atterberg
Limit Test assured that, till depth of 3m Silty sand
was identified and the next advancing layers had
lean clay, fat clay at the 4 different locations. The
laboratory test depicted that the liquid limit and the
plasticity index of the soils were almost same.

Soil Profile According to Depth and Location

G=L75

Depth

Location 1 Location 4

Location 2 Location 3

Location

WSiltySand W Clayey Silt  MSilt with Fine Sand W Fat Clay Lean Clay

Fig. 3  Soil condition at four different locations
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4.3 Sand Compaction Pile (SCP)

Sand Compaction Pile (SCP) method was used in
this study area to build up loose and soft clay ground
by installing sand or a similar material into the soft
ground via a casing pipe manually to assemble
strongly compacted sand piles in the ground.

4.3.1 General specification

Table 2 Design of SCP

Diameter of pile 300 mm
Length of pile 8 meter
Spacing 1.4 meter

SCP Arrangement Triangular Arrangement

A 1500 rpm traditional rig machine and a two-
end open casing pipe 8 mm thickness and 300 mm in
diameter and 8 m long with a vibro-hammer of
weight 1000 kg. The vibro-hammer was 250 mm in
diameter and 3.00 m long. The construction
sequences are described in the following statements.

A two-end open casing pipe, 300 mm in diameter
and 8 m long was placed vertically at the designed
point on the natural ground surface for sand pile
construction. The casing Pipe was then inserted
vertically into the ground about 300 mm to 450 mm
depth at its own weight just by applying some
pressure manually.

At first a plug is made by the designated sand up
to 750 mm of casing pipe at bottom level. The vibro-
hammer 250 mm in diameter and 3.0 m long,

weighting 1000 kg was placed inside the casing pipe.

The vibro-hammer displaced the soil from beneath
the casing pipe hence the casing pipe was driven by
its own weight till reached the designated position
(depth) into the ground. Here one casing pipe of 7 m
long was driven inside the ground.

After reaching the designated depth, the sand
plug is broken by providing excess energy then the
vibro-hammer is withdrawn from the casing pipe.
Casing pipe was then lifted up by about 1m from its
original bottom position. The designated granular
materials were poured into the hole about 1m layer
thickness measured from the bottom. The poured
granular materials were densified by vibro-hammer
till the required compactness achieved. Casing pipe
was then withdrawn from inside the ground that left
the bottom portion of hole unsupported and the top
portion supported by the casing pipe. It was
observed that the bottom portion of the hole standing
safely without any lateral support. Then hole was
poured by the selected granular materials in layers
and hence 10~15 drops compacted each layer was
densified by vibro-hammer till the designated
compactness was reached. After the top of granular
piles were reached about 1.0~1.5 m below the
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ground surface the casing pipe was withdrawn and
left the remaining hole unsupported. The process
was continued until the granular piles were

constructed up to the ground level [6].

Fig. 4 Sand Compaction Pile (SCP) installation
4.4 Prefabricated Vertical Drain (PVD)

Prefabricated Vertical Drains (PVDs) or Wick
Drains are formulated of a plastic core confined by a
geotextile for the basis of accelerating consolidation
of slow draining soils. They are typically coupled
with surcharging to expedite preconstruction soil
consolidation.

4.4.1 General specification

Table 3 Design of PVD

15 meter
1.5 meter
0.6 meter (FM >2.5)
1 meter (FM>1)

Average length
Average Spacing
Sand blanket height
Surcharge height

Fig. 5 Installation of Prefabricated Vertical Drain

The spacing and pattern of the drains are now
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fairly well standardized. In most situations,
triangular or square grid spacing of 1-4 m is used
with 1.5-2.5 m being most commonly adopted.

A number of sections was defined and each
section was indicated by a letter code. For each
section a predefined installation depth for the drains
was required. This depth was selected according to
the design parameters. A section was set out based
on the information from the detail survey as per site
condition. The four corners of each section were
marked with pegs. The grid, which defined the
actual positions of the drains, had a triangular or
square spacing as specified by the design
specification. The individual drain position was
marked by pulling a nylon string, marked with the
required drain spacing along the alignment of the
drain positions. The anchor plate was used to mark
the position of the drain. The drain was placed in
position in the grid, with a tolerance of 150 mm.

The leader was aligned on top the drain location.
The drain was wrapped around the fixture on the
anchor plate (dimensions: 140x80x1  mm),
dimensions might vary depending on soil conditions
and the folded end of the wrapped drain was pulled
back into the mandrel, until the plate rested against
the base of the mandrel. The hydraulic motors of the
machine pushed the mandrel to the design depth.
The drains were installed to the depth as defined
above, with a tolerance of 150 mm. The operator
saw on the display of the drain logger, if the mandrel
had been inserted till the required depth. This actual
depth varied due to irregularities in the layer profile.

On reaching the depth of the drains, the
operation was reversed and the mandrel was
withdrawn from the PVD. The anchor plate locked
itself at the driven depth such that the drain was
fixed as the mandrel rises. The drain roll was
mounted on the side of leader allowing the drain to
be fed into the mandrel through a series of rollers,
which prevent damage and minimize friction. Once
the mandrel cleared the ground surface, the drain
was cut off approximately 250 mm above ground
level and the drain was installed. The leader was
aligned onto the next drain position and the above
procedure was repeated [7].

4.5 Dynamic Cone Penetration (DCP)

Dynamic Cone Penetration (DCP) testing
is operated to evaluate subgrade’s strength and the
thickness and location of subgrade soil layers. In this
study, DCP test was also conducted to check the
suitability of SCP and PVD through average CBR
percentage. Figure 5 represents Dynamic Cone
Penetration test in the study area.

After assembly, the zero reading of the apparatus
was recorded. This was done by standing the DCP
on a hard surface, such as concrete, checking that it
was vertical and then entering the zero reading in the
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appropriate place on the data sheet. The instrument
was held vertical and the weight carefully raised to
the handle. It was carefully ensured that the weight
was touching the handle, but not lifting the
instrument, before it was allowed to drop and that
the operator let it fall freely and did not lower it with
his hands. It is recommended that a reading should
be taken at increments of penetration of about 10
mm. However, it is usually easier to take a scale
reading after a set number of blows.

Therefore, it was necessary to change the number
of blows between readings according to the strength
of the layer being penetrated. For good quality
granular bases readings every 5 or 10 blows are
normally satisfactory but for weaker sub-base layers
and sub-grades readings every 1 or 2 blows may be
appropriate. After completing the test, the DCP was
removed by gently tapping the weight upwards
against the handle [8].

Fig. 6 Implementation of Dynamic Cone Penetration
(DCP) test

5. RESULTS AND ANALYSIS
5.1 Soil Properties (up to 8 meter depth)

Table 4 Soil properties after SCP installation at
location 1 and location 2

Properties Location 1 Location 2
Specific Gravity 2.56 2.68
Liquid Limit 0 0
Plastic Limit NP NP
Plasticity Index NP NP

Table 5 Soil properties after PVD installation at
location 3 and location 4
Properties Location 3 Location 4
Specific Gravity 2.69 2.67
Liquid Limit 0 0
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NP
NP

NP
NP

Plastic Limit
Plasticity Index

5.2 Results of Sand Compaction Pile

Then columns were installed, the area replacement
ratio is defined as,

a, =C X (d, + s)?

Where, a, = area replacement ratio

d. = diameter of the column

s = Center to center spacing of columns in a square
or equilateral triangular pattern

C = Constant (0.907 for an equilateral triangular
pattern)

Kensetsu Kikai Chosa suggested the average
weighted SPT-N  value including the sand
compaction column and the surrounding soil as
follows [9]:

Neg = asX Ny + (1 —as) X Ny

Where,
N, = average weighted (equivalent) SPT N value
N; = SPT N value in the surrounding soil
N, = SPT N value in the sand compaction column.
For 1st Location: SPT-N value at 3-meter depth;
SPT-N Value midway between sand compaction
columns, N; =21
SPT-N Value in the center of sand compaction
columns, N, = 22
Area Replacement Ratio,
a;=C X (d. +5s)?

=0.907 (0.3 = 1.4)2 = 0.04165
Now for example at 3 meter depth, the average
weighted SPT-N value including the sand
compaction column and the surrounding soil,
Neg = as X Ny + (1 —as) X Ny

= 0.04165 x 22 + (1 — 0.04165) x 21 = 21

Table 6 Comparison between SPT-N values before
and after execution of SCP at location 1

Depth SPT-N  Average SPT-N  Average
(before  SPT-N (after SPT-N
SCP) (before SCP) (after
SCP) SCP)
1 - 420=4 18 18.25 ~
15 4 - 18
2 - 18
3 4 21
4 - 19
4.5 3 -
5 - 17
6 5 18
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7 - 19
7.5 5 -

8 - 16

9 4 8
10 - 8

From Table 6, it can be seen that at 3 meter depth
before installation of SCP the SPT-N value was very
low and the value was 4. The soil condition was not
suitable for highway construction and soils were
mostly loose and very soft fat clay. Average SPT-N
value was identified around 4 up to 10 meter depth.
After installation of sand column, subgrade
conditions improved and become silty fine sand.
SPT-N values were also increased after execution of
SCP and average SPT-N value was found 18 up to
10 meter depth.

Table 7 Comparison between SPT-N values
before and after execution of SCP at location 2

Depth SPT-N  Average SPT-N  Average
(before  SPT-N (after SPT-N
SCP) (before SCP) (after
SCP) SCP)
1 - 320~=3 18 18
1.5 7 -
2 - 16
3 4 17
4 - 19
45 2 -
5 - 17
6 1 19
7 - 21
7.5 2 -
8 - 17
9 1 7
10 - 8

From Table 7, it is observed that at 6 meter depth
before installation of sand compaction pile SPT-N
value was as 1. Average SPT-N value was obtained
3 up to 10 meter depth. After installation of SCP,
Subgrade conditions become Silty Fine Sand. SPT-N
values were also increased after execution of SCP
and average SPT-N value was found around 18 up to
10 meter depth.

5.2.1 Findings

a.  After the installation of SCP, the loose to
very loose clay soil becomes Silty Fine Sand.

b. At location 1, SPT-N value was found
around 4 before the installation of SCP. After the
installation of SCP, the SPT-N value was
investigated around 18 up to 10 meter depth.
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c. At location 2, SPT-N value was found
around 3 before the installation of SCP. After the
installation of SCP, SPT-N values was found around
18 up to 10 meter depth.

d. The SPT-N value after execution of SCP
was found 18 at two different locations which is
sufficient enough for pavement subgrade.

e. SCP can be installed isolate for a smaller
area.

f. By the installation of SCP, soil becomes
Silty Fine Sand.

5.3 Results of Prefabricated Vertical Drain

Table 8 Comparison between SPT-N values
before and after execution of PVD at location 3

Depth SPT-N  Average SPT-N  Average
(before  SPT-N (after SPT-N
SCP) (before SCP) (after
SCP) SCP)
1 - 3.40~3 13 13.87 =
1.5 3 - 14
2 - 14
3 4 18
4 - 14
45 4 -
5 - 13
6 3 12
7 - 16
7.5 3 -
8 - 11
9 4 12
10 10
Depth vs Spt-N Values Graph
0 2 4 6 8 10 12 14 16 18
0
2
£

SPT-N Values
——SPT-N [before PVD) vs Depth Graph ——SPT-N (after PVD) vs Depth Graph

Fig. 7 SPT-N values of before and after execution of
PVD at Location 3

SPT-N value was increased and soil condition
was also improved after installation of PVD in these
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locations. Very loose Silty Sand, Yellowish Gray
and Lean Clay became mostly Sand after subgrade
improvement at location 3. Average SPT-N value
was found 14 up to 10 meter depth. The
recommended SPT-N  value for highway
construction is around 10. Installation Reduced
Level (RL) was 7.770 meter on June 22, 2020. Plate
Pipe Top RL was found 7.578 meter on Jan 21, 2021.
Soil settlement was found 192 mm (7.56 inch) after
seven months. A graphical representation of
cumulative settlement of soil (in mm) with time after
installation of Prefabricated Vertical Drain (PVD) is
shown below in Figure 8.

Time in Days
0 30 60 % 120 150 180 210 240
0 Y
E 50
£
2 10
]
:
8
£ 150
@ '“ﬂﬂm
200 bt
250

Fig. 8 Cumulative Settlement after Installation of
PVD at location 3

Table 9 Comparison between SPT-N values before
and after execution of PVD at location 4

Depth  SPT-N  Average SPT-N  Average
(before  SPT-N (after SPT-N
SCP) (before SCP) (after
SCP) SCP)
1 - 340=3 13 13.87 =
15 3 - 14
2 - 14
3 4 18
4 - 14
45 4 -
5 - 13
6 3 12
7 - 16
7.5 3 -
8 - 11
9 4 12
10 10
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Depth vs SPT-N Values
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Fig. 9 SPT-N values of before and after execution of
PVD at location 4

At location 4, very loose Silty Sand, Yellowish
Gray and Lean Clay became mostly Silty Sand after
subgrade improvement. Average SPT-N value was
found also 14. Installation Reduced Level (RL) was
7.759 meter on June 22, 2020. Plate Pipe Top RL
was found 7.595 meter on Jan 21, 2021. Soil
settlement was found 164 mm (6.45 inch) after
seven months.
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Fig. 10 Cumulative settlement after installation

of PVD at location 4
5.4 Results of Dynamic Cone Penetration

DCP was done at location 1, 2 and location 3, 4
where SCP and PVD were done before. DCP test
was done to show the comparison between SCP and
PVD, which is suitable for subgrade improvement.

After installation of SCP at location 1, soil
becomes Silty Sand. The penetration reading were
taken at 90 mm to 390 mm (total depth 300 mm) and
28 blows were counted. The 1st Layer thickness was
135 mm (8 no blows) and the average CBR
percentage was found 14.94. Next layer thickness
was 165 mm (20 no blows). Here CBR percentage
was found 31.3. DCP termination depth was taken -
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0.3 meter. Average CBR percentage for the full
depth can be taken 24%.

Depth {m) vs CBR (%)
CBR (%)
0 10 20 30 ) 50 80 70

Depth (m)

035

Fig. 11 Graphical representation of depth (m) vs
CBR (%) at location 1

After installation of SCP at location 2, soil
becomes Silty Sand. Penetration reading of DCP
was taken from 100 mm to 415 mm (total depth 315
mm). The 1st layer thickness was 110 mm (4 no
blows) and the average CBR percentage was found
7.73. Next layer thickness was 205 mm (17 no
blows) and CBR percentage was found 19.11. The
DCP termination depth was taken 0.315 meter.
Average CBR percentage for the full depth can be
taken 15%.

Depth (m) vs CBR (%)
CBR (%)
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Fig. 12 Graphical representation of depth (m) vs
CBR (%) at location 2

After installation of PVD at location 3, The DCP
penetration reading were taken from 140 mm to 365
mm (total depth 225 mm). The 1st layer thickness
was 95 mm up to 235 mm depth (3 no blows) and
the average CBR percentage was found 6.73. The
2nd layer thickness was 45 mm (4 no blows) and
CBR percentage was found 20.18. Next layer
thickness was 85 mm (13 no blows) and CBR
percentage was found 40.2. The DCP termination
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depth was taken as 0.225 meter. Average CBR
percentage for the full depth can be taken 22%.

Depth (m) vs CBR (%)
CBR (%)

0.05

0.1

Depth (m)

0.2

0.25

Fig. 13 Graphical representation of depth (m) vs
CBR (%) at location 3

After installation of PVD at location 4, the DCP
penetration reading was taken from 125 mm to 420
mm (total depth 295 mm). 26 number of blows were
counted. The layer thickness was 295 mm (26 no
blows). Average CBR percentage was 20.87. The
DCP termination depth was taken as 0.295 meter.
The average CBR percentage for the full depth can
be taken 21%.

Depth m) vs CBR (%)
CBR (%)
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Fig. 14 Graphical representation of depth (m) vs
CBR (%) at location 4

5.4.1 Findings

The results of DCP test were used to estimate the
CBR of subgrade soil of both types of sites
(improved by SCP and PVD) using the procedures
suggested by ASTM D6951 (2018). The following
observations obtained from DCP test are given
below:

a. The DCP test was performed in shallow
depth (only up to 0.4 meter) to assess the strength of
subgrade at top surface. The DCP test was
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conducted after ground improvement only to
compare effectiveness of SCP and PVD.

b. From Figs. 4.7 to 4.10, the average CBR
(%) was found 19.5% and 21.5% respectively
subgrade improvement done by SCP and PVD
respectively. The average CBR as such was slightly
higher where ground improvement was conducted
through PVD than that of SCP. Therefore, it is
understood that SCP and PVD provide comparable
CBR at shallow depth.

c.  One of the probable causes of higher CBR
due to PVD might be that DCP test was done at
shallow depth after the removal of surcharge and
thus soil was under compression.

6. ECONOMIC ANALYSIS BETWEEN SCP
AND PVD

There are multitude of factors which are required
to be considered for economic analysis between SCP
and PVD such as: diameter of the pile, spacing,
length of pile, fineness modulus (FM) are estimated
in subgrade improvement for SCP whereas
Prefabricated  Vertical Drain  depends upon
composite drain properties, filter fabric properties,
average spacing, length, sand blanket height,
surcharge height etc. This economic analysis is
specific to this area and particular to this design of
SCP and PVD.

6.1 Cost for Sand Compaction Pile (SCP)

The following specification has been considered
for SCP at site:

Diameter of pile : 300 mm
Length (Depth) of pile 8 meter
Spacing : 1.4 meter
FM of filled sand : 2.5

Volume of Sand : 0.25 cum/meter
Considering 100 square meter area:

Quantity of SCP in 100 sqm area

= Total No of Borehole x Depth of Pile = 60 x 8
=480 RM

Rate of SCP per RM = 930.49 BDT (11 USD) [10]
Total Cost = 480 x 930.49 BDT

=4,46,635.20 BDT (5207.33 USD)
6.2 Cost for Prefabricated Vertical Drain (PVD)

The following specification has been considered
for SCP at site:

Average Spacing = 1.5 meter
Average length = 15.0 meter
No of PVD in 100 sqgm area = 42

Sand Blanket height = 0.6 meter (FM >2.5)
Surcharge height = as per filling height say 1 meter
(FM >1.0)

Considering 100 square meter area:

Quantity of PVD requires in 100 sqm area
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= Number of PVD x Length of PVD

=630 RM

Rate of PVD per RM=268.56 BDT (3.18 USD) [10]
Sand Blanket required in 100 sgm area = 60 cum
Rate of Sand Blanket per cum = 2830 BDT (33.46
UsSD) [10]

Surcharge required in 100 sgm area = 100 cum

Rate of Surcharge per cum = 420 BDT (4.97 USD)
[10]

Soil Settlement required in 100 sqm area = 100 X
0.18 =18 cum

Rate of Soil Settlement per cum = 181.44 BDT [10]
So, Total cost of PVD in 100 sgm area

= (630 x 268.56) + (60 x 2830) + (100 x 420) +
(18x181.44) BDT

=6,10,641.92 BDT (7119.49 USD)

6.3 Findings from Economic Analysis

Total cost of PVD = 6,10,641.92 BDT (7119 USD)
Total cost of SCP = 4,46,635.20 BDT (5207 USD)
Therefore, difference of cost is (6,10,641 - 4,46,635)
=1,64,006 BDT (1912 USD) per 100 sqm area

The result evidently shows that SCP cost is 1.37
times (37%) higher/costly than PVD cost.

7. SUITABILITY COMPARISON

Both SCP and PVD are suitable for improving
subgrade strength at soft soil. However, when both
these two methods were applied on ground some
advantages and disadvantages were observed
between these two. According to survey data
analysis and observation, following comparison
between SCP and PVD may be brought out:

a.  With the installation of SCP at location 1
and 2, subgrade soil condition was improved and
SPT-N values also increased significantly. The SPT-
N value raised around 18 from 4 at location 1 and
raised around 18 from 3 at location 2 up to the depth
(8 meter) where sand piles are driven.

b.  With the installation of PVD at location 3
and 4, subgrade soil condition was improved and
SPT-N values also increased sharply. The SPT-N
value raised around 14 from 3 at location 3 and
raised around 14 from 3 at location 4 up to the depth
examined (8 meter).

c.  Average CBR (%) was found around 19.5%
where subgrade improvement has been done through
SCP and 21.5% where subgrade improvement was
conducted through PVD. Average CBR (%) is
slightly higher where ground improvement was
conducted through PVD than that of SCP.

d.  The primary advantage of SCP is that the
sand used is considerably cheaper when compared to
PVD which needs geotextile and other imported
materials. In comparison to Prefabricated Vertical
Drains, SCP is more economic. In this case, PVD

cost is 1.37 times (37%) higher/costly than SCP cost.
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e. Construction of the sand columns is
extremely fast. Several SCP can be constructed very
easily within a day whereas PVD takes around seven
months due to soil settlement.

8. CONCLUSION

SCP method is one of the typical ground
improvement methods to densify the ground by
installing compacted sand piles into ground. PVDs
are a type of geo-composites which has got
application in highway construction. It slacks time
requirement and amount of surcharge required in a
given time. It also augments the rate of strength gain
due to consolidation of soft soils when stability is of
major concern. In the context of Bangladesh both
SCP and PVD are much efficacious for ameliorating
subgrade improvement techniques. SCP can be
constructed very easily where as PVD takes a long
time due to soil settlement. Both are excellent
techniques in context of Bangladesh.
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XRD PATTERNS OF TURBIDITY IN SEEPAGE WATER
THROUGH TWO SOIL LAYERS

Shota Takano?, Motoyuki Suzuki?, Taichi Ishimaru® and Asahi Komori!
1Graduate School of Sciences and Technology for Innovation, Yamaguchi University, Japan
ABSTRACT

To detect the internal erosion associated with groundwater seepage, it is important to estimate the path of the
seepage water flowing under the ground. The authors thought that if the mineral species of the turbidites in the
seepage water could be identified by XRD (X-ray diffraction), the flow path of the seepage water could be
estimated. It is expected that the XRD patterns of turbidite in seepage water flowing through multi-layered ground,
which is composed of various mineral species, will be complex. However, the characterization of XRD patterns
of mineral species in seepage water that has passed through multi-layered ground is not always well understood.
Thus, the authors analyzed the diffraction patterns by XRD using turbidites composed of multiple minerals
discharged by the seepage water passing through two soil layers. In the present study, a model experiment was
conducted in which two layers of soil were placed in a cylindrical container and water flowed from the top. Four
cases of XRD analysis were performed on the turbidites in the drained water. In each case, the type of soil in the
upper and lower layers and the density of each layer were changed. The results showed that the diffraction pattern
of the turbidites changed significantly when the upper and lower soil layers had replaced each other. They also
showed that the diffraction pattern changed with time in each case.

Keywords: Suffusion, Internal erosion, XRD, Seepage

INTRODUCTION

The loss of fine particles due to internal erosion
(suffusion) is believed to affect the deformation and
strength properties of the soil [1], [2], [3]. Therefore,
it is important to estimate the path of the seepage flow
in order to estimate where suffusion may occur in the
ground.

The authors thought that by analyzing the fine soil
particles contained in seepage water by XRD (X-ray
diffraction) and examining their crystal structure, it
would be possible to determine which point in the
ground these particles are passing and to estimate the
path of the seepage flow. However, when the
turbidites contained in the seepage water passing in
an actual ground are analyzed by XRD, the XRD

Coarser particle

Small particle (in under layer)

pattern becomes complicated. The reason for the Fig.1 Mixing of fine grains

complexity of the XRD pattern may be that the

seepage flow in the ground passes through various types of soil samples to reproduce two layers of the

soil layers, each time incorporating fine grains of ground, which were vertically drained. The flow rates

different mineral species. Figure 1 shows an and effluent concentration obtained from the

illustration of the mixing of fine grains. experiment were then measured, and the turbidites in
Although studies have been conducted to trace the the effluent were extracted. XRD analysis was then

source of the turbidites in seepage water [4], the performed to analyze the temporal changes in the

discharge behavior of fine grains, when different crystal structure of the turbidites.

types of fine grains are simultaneously discharged by

seepage, has not been fully clarified. Therefore, in TEST METHOD

order to investigate the temporal variation of the

diffraction patterns of turbidites composed of Test apparatus

multiple fine grains discharged by internal erosion, a

constant water head one-dimensional infiltration In this study, two types of soil were placed in two

experiment was conducted in this study using two layers (upper and lower) in a cylindrical column
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Fig. 2 Schematic of cylindrical column infiltration apparatus

infiltration vessel made of acrylic to reproduce a two-
layer ground, and water flowed through the vessel in
the vertical direction. Figure 2 shows a schematic
diagram of the apparatus.

The inner diameter of the specimen inside the
column was 10 cm, and the height of both the upper
and lower layers was 10 cm. A porous acrylic plate,
with 108 perforations, each with a diameter of 5 mm,
and a replaceable mesh were installed at the bottom
of the specimen to adjust the particle size of the
discharged soil particles. In this study, a 425 pm-
diameter mesh was used, thereby allowing only fine
sand to flow out. A funnel-shaped depression in the
bottom plate of the specimen facilitated the discharge
of soil particles.

Tested material

The soil samples were composed of host silica
sand, which is a mixture of several silica sands of
different grain sizes, and kaolin or DL clay mixed to
achieve a fine-grain content of 5 %. Table 1 shows
the physical properties of kaolin and DL clay. Kaolin
and DL clay were used as the fine-grain fraction
because of the difference in grain size and the
plasticity of the fine fractions, which would result in
different discharge behavior during infiltration
experiments. The host silica sand was composed of
six different grain sizes of silica sand No. 1, No. 3,
No. 4, No. 5, No. 6, and No. 7 in the proportions
shown in Table 2. The soil sample with the host silica
sand and kaolin was named "QK" (quartz sand and
kaolin), and the soil sample with the host silica sand
and DL clay was named "QDL" (quartz sand and DL
clay). Water contents of 11.5 % and 10.6 % were
prepared in the cases of QK and QDL, respectively.

Table 1  Physical properties of kaolin and DL clay

Kaolin DL clay
Density of soil particles
. (glem?) 2.675 2.741
Liquid limit w; (%) 59.9 NP
Plastic limit w,, (%) 35.6 NP
Plasticity index I, 24.3 —

Table 2 Proportion of host silica sand

Silicasand  Grain size (mm)  Proportion (%)
No. 1 48~1.7 9
No. 3 3.3~0.8 41
No. 4 2.4~0.3 16
No. 5 1.7~0.2 22
No. 6 0.6~0.07 2
No. 7 0.2~ 10
Total — 100
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Definition of skeleton relative density D,.,

The composition of the mixed soil is composed of
the void ratio, fines, and sand, as shown in Figure 4.
In this study, kaolin and DL clay are the fines, and the
host silica sand is the sand. Void ratio e is obtained
by the following equation:

V

e=—~" 1
Vss+st ()

However, based on the idea that the fines are regarded
as part of the leakable component, skeleton void ratio
eg, devised by Mitchell et al. [5], was adopted in this
study. e, is obtained by the following equation:

Vo, + Vs

eg = (2)
g Vss

The maximum void ratio of the host silica sand is
defined as maximum skeleton void ratio egq, and
the minimum void ratio is defined as minimum
skeleton void ratio ey, . The relative density is
defined by egmax, egmin and e is defined as skeleton

relative density D,.;, as in the following equation:

e —e
—gmax "9« 100 [%] 3)

€gmax — €gmin

D,, =

In this study, the soil layer was prepared with D,., =
60 % as the relatively dense condition and D,, =
30 % as the relatively loose condition.

Saturation process

Once the two soil layers have been placed in the
column infiltration vessel, a lid with legs is attached
and the vessel is sealed. The vessel is positioned so
that the upper soil layer side is down, and CO; gas is
injected upward from the upper soil layer side, as
shown on the left side of Figure 2. The specimen is
filled with CO, gas for approximately one hour.
Deaerated water is then injected upward through the
tubes of the deaerated water tank. The deaerated
water tank is raised up for approximately one hour
until the height of the water surface of the tank is the
same as the height of the bottom plate valve. The tank

Table 3 Specimen preparation conditions

V=@

Ve =(1)

Fig. 4  Schematic of mixed soil

is then allowed to stand for approximately one day to
saturate the specimens with deaerated water.

Infiltration procedure

In this study, the infiltration procedure of
Ishimaru et al. [6] is employed. Water is injected into
the cylindrical column vessel and a vertical
downward seepage flow is applied to the specimens
while the water level is kept constant by overflow. In
all cases, the height of the water surface in the upper
tank of the infiltration device is set to the top of the
upper soil layer of the specimen, and the hydraulic
gradient is kept constant at i = 1. As soon as the
water starts to flow, the bottom plate valve at the
bottom of the device is opened, and 100 mL of
seepage water is collected 20 times using a collection
vessel, for a total of 2,000 mL of seepage water. The
time required to collect 100 mL is measured. After
infiltration is completed, soil particles are extracted
from the effluent to determine the amount of soil
particles discharged.

TEST CASE

Table 3 shows the details of the test cases in this
study. In total, four cases of infiltration experiments
were conducted, employing two different fine-
grained and two skeleton relative density conditions.
The thickness of both soil layers in the specimens was
10 cm. The case name means [Upper soil layer type
(QK or QDL) + Lower soil layer type (QK or QDL)
— D4 (30 % and 60 %.)].

Case name Fines (upper layer) Fines (lower layer) D,y (%)
Case 1 UQK+LQDL-30 Kaolin DL clay 30
Case 2 UQDL+LQK-30 DL clay Kaolin 30
Case 3 UQK+LQDL-60 Kaolin DL clay 60
Case 4 UQDL+LQK-60 DL clay Kaolin 60
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Table 4 Examples of seepage water samples (Upper : QDL, Lower : QK, D,, =30 %)

Container No. water

Pictures of seepage water

Time taken to collect ()
Amount of turbidity material (g)
Concentration (g/L)

Purified D

11.53

0.008
0.09

TEST RESULTS
Visual observation of seepage water

Table 4 shows examples of the effluent samples
obtained from Case 2 (upper soil layer: QDL, lower
soil layer: QK, D,, =309%). 20 samples of the
effluent are shown with sampling numbers @O, ®, @,
@, and @. Picture of purified water without fine
particles is also given to compare the turbidity of the
seepage water. The seepage water of Number D is so
turbid that the other side of the container cannot be
seen at all, indicating that it contains a lot of turbid
soil particles. From ® to @, it is found that the
amount of turbid matter in the water has decreased,
although the turbidity of the drainage can be seen
from ® to @.

Emissions of soil particles

Figure 5 shows the flow rates of the seepage water
over time. It can be seen that there is a clear difference
in the flow rates of the seepage water between the
cases with D, = 30 % and 60 %. However, when
comparing the cases with different soil layer
arrangements under the same skeleton relative
density condition, there is no significant difference in
the flow rates. In other words, in the case of two-
layered soil, even if the order of the soil layers
through which the water passes is changed, there is
no significant difference in the amount of seepage
that is ultimately discharged.

Accumulated emissions of soil particles

Focusing on the discharge rate per container, in all
cases, the discharge rates were greater between
container numbers (D to (3, while the discharge rate
of the soil particles after that decreased rapidly with
the water flow and almost disappeared after container
number @0.

When focusing on the cumulative discharge, it can
be seen that D,, = 30 % yields a larger value of
cumulative discharge than D,., = 60 % as well as the
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time variation of the flow rate of the seepage water.
However, the effect of the difference in the soil layer
arrangements was also observed, and the discharge
was larger in the percolation case where the fine
grains in the upper layer were kaolin and the fine
grains in the lower layer were DL clay. The smaller
particle size and higher plasticity index of kaolin may
have allowed it to flow more easily in the pore spaces
than DL clay and to pass through the soil layer below,
even if it was contained in the upper layer. Therefore,
the final discharge was probably larger for the upper
layer than for the DL clay and for the lower layer than
for the kaolin.

XRD analysis of turbidites

In the XRD analysis, the turbidites in the seepage
water, obtained in the four water flow cases, were
analyzed for their respective XRD patterns using
XRD to examine the temporal changes in the patterns
in each water flow case. The samples to be analyzed
were container numbers @ to @ immediately after
the start of the water flow in all cases. The samples of
discharged sediment after @ were not included in the
analysis because the amount necessary for XRD
analysis could not be collected. However, since
approximately 75-80 % of the total final discharge
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Fig. 8 XRD patterns of basic samples of soil

volume of turbid material was discharged up to @), it
can be assumed that most of the dischargeable soil
particles had been discharged by the time of 3.

The turbidites collected from the seepage water by
filtration were dried, then thoroughly ground in an
agate bowl to a powder form for analysis. Under the
conditions of the analysis, CuKa X-rays were
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irradiated at diffraction angles from 5° to 75°.
Diffraction patterns of basic samples

Figure 8 shows the diffraction patterns of the
kaolin, DL clay, and silica sand powder that may have
been discharged by the fine-grained runoff. Although
kaolin and DL clay were used as the fine-grained
components in this study, the maximum particle size
of the outflowable component was 425 um. Strictly
speaking, this means that fine silica sand particles in
the host silica sand were also discharged in addition
to the two types of fine-grained components. These
three diffraction patterns were used as reference when
analyzing the samples obtained from the flow-
through experiment.

XRD pattern analysis of two soil layers

Figures 9 (a) and (b) show the results of the
UQDL+LQK and UQK+LQDL analyses,
respectively. The maximum value of the Y-axis scale
is set to 500 in each result so that the maximum
diffraction intensities can be compared, and values
are shown in Figure 9 for the peaks exceeding 500. A
comparison of these figures shows that the XRD
diffraction patterns were clearly different depending
on the arrangement of the soil layers. When
comparing the diffraction intensity of the largest peak
near 26.6 °, the diffraction intensity values were
larger when the lower soil layer was QDL.
Comparing the diffraction patterns of the basic
sample of kaolin and DL clay, the diffraction pattern
of UQK+LQDL is closer to that of DL clay and the
diffraction pattern of UQDL+LQK is closer to that of
kaolin because DL clay has a larger peak near 26.6 °.
In other words, the diffraction pattern of the turbidites
in the seepage water that has passed through the two-
layer ground is characterized by the fine grains
contained in the lower layer near the outlet.

In terms of the difference in skeleton relative
density, the XRD patterns for D,;, =30 % and
D,q =60 % were not completely identical; there
were some differences in the diffraction intensity
values. In the case of D,., =30% , the peaks
appeared and disappeared more frequently. In other
words, the XRD patterns were more likely to change
from D to @ when the relative density was loose. It
is thought that a loose relative density will cause the
fine grains in the upper layer to be more easily
discharged and to become mixed with the fine grains
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in the lower layer, resulting in a larger change in the
XRD pattern.

CONCLUSIONS

In this study, the temporal variation in the XRD
patterns of the turbidites in seepage water, that passed
through a two-layer ground, was investigated. The
main results of the study are summarized as follows:

1. The flow rate of seepage water through two
layers of soil is not affected by the arrangement
of the soil layers, but only by the density.

2. The discharge of soil particles is greater when
the density is loose. In this study, the discharge
was greater when the soil in the lower layer was
QDL.

3. The XRD patterns of the turbidites varied
greatly depending on the soil layer arrangement,
and it was clear that the two-layer soil was more
likely to produce a special number of fine grains
in the subsoil. In addition, peaks tended to
disappear or appear more frequently in the flow-
through case where the relative density of the
soil was smaller.
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ESTIMATION OF SUBSURFACE STRUCTURES
AND GROUND MOTION CHARACTERISTICS OF ARTIFICIALLY
IMPROVED LAND FROM MICROTREMOR OBSERVATIONS
— CASE STUDY INTOTTORI CITY, JAPAN

Isamu Nishimura?, Tatsuya Noguchi® and Takao Kagawa!
Graduate school of Engineering, Tottori University, Japan
ABSTRACT

In recent earthquakes, a large number of houses on artificially filled valleys were damaged due to large ground
motions. It is because lower S-wave velocities in the filled valleys than that in earth cut section amplify ground
motions. In this study microtremor observations were carried out at two areas in Tottori City, Japan that are
designated as large-scale artificially improved lands, in order to understand distribution of ground motion
characteristics. The results show that in both areas, the predominant periods tend to be longer and the peak values
of H/V spectra are larger in the filled valley sections than in the each cut sections. Furthermore, it was found that
the peak value of the H/V spectrum of microtremors had a certain correlation with the thicknesses of the
embankment regardless of the presence or absence of soft layer before the improvement. Estimated S-wave
velocities based on microtremor array observations and predominant periods from H/V spectra were used to
estimate thicknesses of sediments from the quarter-wavelength law. It is found that the estimated layer thicknesses
agree well with the elevation change of topography between present and before the improvements.

Keywords: Microtremor observation, Subsurface structure, Artificially improved land

INTRODUCTION carried out to build new towns, etc., and there are
large areas with flat terrain that have been artificially
Artificially improved lands such as filled valleys created. Cuts and embankments are intricately
have been constructed on hills and foothills distributed in these areas, and it is assumed that the
continuously after 1970’s, the economic grow period ground motion characteristics and potential of
in Japan, and they concern about earthquake damage housing damages due to an earthquake differ greatly
in the areas. In the recent series of earthquake from point to point.
disasters, damage caused by soft embankment ground The Ministry of Land, Infrastructure, Transport
has become remarkable, and it has been reported that and Tourism (MLIT) is promoting earthquake
the damage was more severe in the area than that of resistance improvement for such large-scale
the surrounding cut ground in each large earthquake artificially improved lands by investigating the
[e.g., 1]. This is because the different characteristics prediction of fluctuations and preventing landslides
of the ground in the filled valley and earth cut section, and collapses. As a part of the project, the local
such as the fact that S-wave velocity in valley filled government is preparing cut-and-fill maps in hillside
part is lower than that in cut part, and it tends to landform to identify large-scale development sites.
amplify ground motions. In the suburbs of cities, This cut-and-fill map is based on a comparison of the
large-scale residential land development has been old topographic map and the current topographic map,
Kitazono Wakabadai
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(left: Kitazono, right: Wakabadai)

and is published on the websites of local governments
as "Large-scale Embankment Landform Map.” In
some areas, the secondary investigation was
conducted, not only borings but also detailed
investigations such as surface wave surveys, to
evaluate stiffness of the embankments.

In this study, microtremor observations were
carried out at two areas - Kitazono and Wakabadai -
in Tottori City, Japan that are designated as large-
scale artificially improved lands as shown Figure 1.,
in order to understand ground motion characteristics.

ESTIMATING THICKNESSES OF
ARTIFICIALLY IMPROVED LAND BY
USING GIS

Figure 1 shows aerial photographs of the site
before and after the development at Kitazono and
Wakabadai regions. In this study, by taking elevation
difference between the old and the current
topographic maps, cut-and-filled thicknesses were
estimated. For the old topographic maps, a 1/25,000
scale topographic map issued in 1984 [2] was used for
Kitazono and a 1/25,000 scale topographic map
issued in 1975 [3] was used for Wakabadai. ArcGIS
by ESRI was employed to obtain the cut-and-fill
thicknesses in each region. The method for estimating
the cutting thicknesses is as follows.

1) Scan and digitize the old topographic maps.

2) Match the digitized data to the current
topographic map using geo-referencing function
of GIS.

3) Obtain elevation values for each contour line on
the old topographic map.
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4) Create a rasterized elevation distribution before
the development by interpolation based on
ANUDEM [4].
Digital elevation data (DEM) of 5m mesh issued
by Geospatial Information Authority of Japan
[5] is used for the current map, and it is
interpolated by the reverse distance load method
(IDW) to make a raster data.
The difference between the old and current
elevations was calculated spatially using raster
operations, and the value was used as
thicknesses of cut-and-filled.

The distribution of cut-and-fill thicknesses at
Kitazono and Wakabadai are shown in Fig. 2.

5)

6)

OBSERVATIONS

Single-point microtremor observations were
conducted at 53 sites in Kitazono and 94 sites in
Wakabadai for a total of 147 sites. A JU410 three-
components accelerometer with a 24-bit recorder was
used for data acquisition. We used the following
specifications: an amplification factor of 100 for 4G
maximum output from the sensor, a sampling
frequency of 200 Hz, and a recording time of 10-15
min. Seismographs were placed at about 50 m
intervals in cut and fill sections based on the cut-and-
fill thickness distribution.

We also conducted microtremor array
observations at 7 sites (KZAR1-7) at Kitazono and 2
sites (WKBAR1-2) at Wakabadai as shown in Fig. 2.
Four JU410s synchronized by GPS clocks were used
to conduct the measurements. One seismometer was
placed at the center of a circle, and other three were
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Fig. 5 relationships between difference in elevation before and after land development and the predominant

periods and peak values

set in an equilateral triangle around the circumference.
Linear arrays with two seismographs were
additionally conducted at the 4 sites at Kitazono
(KZAR3-6) with the equilateral triangular arrays. The
specifications were as follows: an amplification
factor of 100, a 200-Hz sampling frequency, 1-30-m
radius of the array, and a 15-min recording duration.
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DISCUSSIONS
Results of microtremor single-point analysis

The analyzing procedure for microtremor single-
point observation is as follows. Fourier spectra were
calculated from 20.48 s length segments and they
were smoothed using a log window with a coefficient
of 20 [6]. Average spectra were evaluated from at
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least 10 different stable sections. Horizontal to
vertical (H/V) spectral ratios were calculated from the
averaged Fourier spectra, and the predominant
periods were visually estimated. The predominant
period distributions at Kitazono and Wakabadai are
shown in Fig. 3.

As results, predominant periods in Kitazono
region were from 0.07 to 0.55 s, while Wakabadai
region were between 0.01 and 0.40 s. Figure 4 shows
typical microtremor H/V spectra of embankment and
cut land sites in both regions. The H/V spectra of
embankment sites have clear peak in a range of 0.1-
0.4 seconds. On the other hand, the H/V spectra of the
cut sites have a period of about 0.1 seconds or less,
and the peaks are unclear at many points. Particularly
at Wakabadai, the shape of H/V spectra at cut-off
lands are almost flat, and there is a remarkable
tendency that no peaks are recognized.

Figure 5 shows the relationship between
difference in elevation before and after land
development and the predominant periods and peak
values of the microtremor H/V spectra at Kitazono
and Wakabadai observation sites. At Wakabadai
without clear peak, the predominant period is marked
as 0.05 s, and the peak value as 0.8. In addition, the
natural ground sites at Kitazono that did not
correspond to cut-and-fill operations were excluded.
At Kitazono, there is not a strong correlation between
the predominant periods and the elevation difference
before and after construction, but there is a
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remarkable correlation with the peak values. On the
other hand, a certain correlation is observed between
the predominant periods and the elevation difference
at Wakabadai. It is considered that Wakabadai has
almost no soft layers near the mountains, and the
correlation is particularly high with the predominant
periods. On the other hand, Kitazono has weathered
and cultivated lands on natural ground even near the
mountains.

Estimation of Subsurface Structures

Analysis of the array observations was conducted
with the following procedure: the phase velocity
dispersion curves were estimated from vertical
component records based on the SPAC [7] or CCA
methods [8]. Using the published analysis tool [9], at
least ten sections with 10.24 s length were selected by
automatic extraction using the root mean square
values of microtremor recordings. Then, the power
spectra of those sections were smoothed by a Parzen
window with 0.3-Hz bandwidth and the average was
estimated. Finally, the phase velocity dispersion
curves were determined, and those obtained at each
radius were integrated at each observation site, with
respect to their continuity.

Assuming that microtremors are mainly
composed from Rayleigh waves, their propagation
characteristics allow us to estimate subsurface
structures. The subsurface structure models were
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Fig. 6a S-wave velocity structures based on array observations and borehole data at Kitazono

(Red line: cut sites, blue line: fill sites)
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Table 1 Converted S-wave velosities

Site Converted Vs(m/s)

KZAR1(cut) 267.1

KZAR2(fil) 339.2

KZAR3(cut) 300.0

Kitazono KZARA(fill) 200.0
KZAR5(fill) 336.4

KZARG(cut) 400.0

KZAR7 208.3

Wakabadai WKBAR1(cut) 534.3
WKBAR2(fill) 365.9
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Fig. 7 Layer thicknesses in Kitazono and Wakabadai regions

estimated through trial and error to ensure that these
phase velocity dispersion curves and the microtremor
H/V spectral ratios obtained at the center of the array,
to match the theoretical phase velocity dispersion
curves and H/V spectral ratios based on the Rayleigh
wave fundamental mode, respectively. The total
numbers of sedimentary layers were determined with
reference to the borehole data around the observation
sites.

The resulting S-wave velocity structure models
and borehole data are presented in Fig. 6a and 6b.
Please note that the borehole data of Kitazono were
acquired before the development. The thickness of
embankment near K2 at Kitazono is considered to be
several meters from Fig. 2. The S-wave velocity of
the embankment layer was estimated as 200 m/s
based on KZARS. The S-wave velocity at the surface
layer at KZARG6 was 400 m/s. It confirms that the cut
sites have higher S-wave velocities than the fill sites.
However, KZAR1 and KZAR2 have several meters
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of layers with S-wave velocities of 150 m/s on the
surface layer regardless whether cut or fill sites, and
they have over 30m depth layers with S-wave
velocities of 400 m/s or less. Therefore, the ground
motion characteristics of this area are affected not
only by the thicknesses of embankment but also by
the weathered layers under the embankment layers.

The thickness of embankment near W1 at
Wakabadai is about 22 m. The S-wave velocity of the
embankment layer was estimated to be 250 m/s based
on WKBAR?2. At the cut-off site WKBARL, a layer
of Vs=500m/s or more is estimated at a depth of 5m
or deeper. It suggests that the site has very hard
ground.

Estimation of artificially improved land thickness
based on microtremor results

The S-wave velocities and the predominant
periods were used to estimate the layer thicknesses
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from the quarter-wavelength law. S-wave velocities
were calculated by weighted average using down to
the top surface of Vs = 500 m/s of the estimated
model at Kitazono and the top surface of Vs = 1000
m/s at Wakabadai as sediments. Table 1 shows the
converted S-wave velocities at each location used to
estimate the layer thicknesses hereafter. The layer
thicknesses at the cut-off sites with no clear peak at
Wakabadai is set to be 5 m. In both regions, dummy
data with a layer thickness of 0 m were added at
several points in stiff mountainous areas. After
obtaining the estimated layer thicknesses at each site,
the distribution was rasterized by interpolation based
on the reverse distance load method (IDW).

The distributions of layer thicknesses are shown
in Figure 7. It is clear that the points with thick
sediment layers in both areas generally correspond to
the embankment areas. The thicknesses of the layers
were confirmed to be about 20 m at the deepest point
at Kitazono and about 30 m at Wakabadai. Thicker
layers are observed in the cut areas at Kitazono. This
is because the microtremor H/V spectra in the areas
are considered to reflect velocity contrasts of the
structures due to deeper part of the embankment
layers.

CONCLUSIONS

This study conducted microtremor observations
in the areas - Kitazono and Wakabadai in Tottori City,
Japan - designated as large-scale artificially improved
land. The subsurface structures of the cut-and-fill
areas were estimated from the microtremor records,
and the characteristics of ground motion were
examined. Consequently, the following findings are
noted.

The predominant periods of microtremor H/V
spectra on embankment ground shows a high
correlation with the thicknesses of the embankment
where no soft layer deposited before land
improvement, such as in Wakabadai.

The peak values of the H/V spectra of
microtremors show a certain correlation with the
thicknesses of the embankment regardless of the
presence or absence of soft layers before the
improvement.

The estimated ground structure indicates that
soft sediments are deposited mainly in the fill area but
not in the cut area. It is considered to be an important
index for predicting the risk of future earthquake
disasters.

Comparison between the estimated surface
thickness distribution and the cut distribution in both
regions showed similar trends. We would like to
increase the number of case studies in other improved
lands.
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ABSTRACT

There are several pile construction methods with relatively small construction machinery that are suitable for
construction in narrow urban spaces and areas with low overhead clearance. The Top-drive Boring Hole (TBH)
method, which has a machine height of 4.5m, is often used. The Boring Hole (BH) pile method can handle narrow
spaces and low overhead clearances better than the TBH method. However, because the BH pile method is a direct
circulation method, mud cakes easily form on the hole walls, and slime tends to accumulate at the pile tip. Such
challenges related to the construction method, bearing capacity and settlement need to be resolved for pile
construction in narrow urban spaces. Pile construction in narrow urban spaces and for existing structures to
strengthen the seismic resistance is subjected to constraints on the construction site and process. Therefore, a
method for soil-cement composite pile construction was developed that uses a compact mechanical agitator for
pile foundations of lightweight structures. In this study, static compression load tests on soil-cement composite
piles that were constructed with the developed ground improvement construction method were carried out to
evaluate the vertical bearing characteristics. Furthermore, it was evaluated the performance of vertical bearing
characteristics on the soil-cement composite piles to compare the evaluation method as shown in the design
specifications in Japan.

Keywords: Soil-cement composite pile, Compression load test, Bearing capacity, Evaluation method

INTRODUCTION

There are several pile construction methods with
relatively small construction machinery that are
suitable for construction in narrow urban spaces and
areas with low overhead clearance. The Top-drive
Boring Hole (TBH) method, which has a machine
height of 4.5m, is often used. However, there are
many cases where even these construction machines
are interfered with by architectural limitations and
existing structures. In particular, piles near railway
tracks or on rail platforms are currently constructed

after temporary construction is carried out to ensure Fig. 1 Construction machine of soil-cement
construction space. The Boring Hole (BH) pile composite pile.
method can handle narrow spaces and low overhead
clearances better than the TBH method. However, waste need to be considered with regard to their
because the BH pile method is a direct circulation effects on the surrounding environment. Therefore, a
method, mud cakes easily form on the hole walls, and method for soil-cement composite pile construction
slime tends to accumulate at the pile tip. This lowers combined with soil cement ground improvement was
the bearing capacity of the piles, so subsidence is developed that uses a compact mechanical agitator for
more likely to occur. Such challenges related to the pile foundations of lightweight structures. The
construction method, bearing capacity and settlement construction machine is a mechanical agitator with an
need to be resolved for pile construction in narrow attached vibrating mechanism and improved drilling
urban spaces. capacity. This developed machine can be used to
Pile construction in narrow urban spaces and for realize pile construction in narrow spaces where
existing structures to strengthen the seismic construction is usually difficult. This method is
resistance is subjected to constraints on the characterized by having no need to drill up to a fixed
construction site and process. Especially, this pile is depth as in the pre boring pile construction method.
subjected to the lack of bearing capacity due to the Instead, soil is agitated along with the cement milk at
increase of superstructure weight by strengthening the original position. This greatly reduces the spoil
the superstructure. Furthermore, noise and industrial generated by pile construction. In this method, the
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drilling rod of the developed machine is sent down to
the bearing stratum; after agitating and mixing, the
pile is composed of segmental steel pipes that are
connected with bolts on flanges.

In this study, static compression load tests on the
soil-cement composite pile (i.e. H-section steel piles
with soil-cement ground improvement) that were
constructed with mechanical agitator ground
improvement method were carried out to evaluate the
vertical bearing capacity. Furthermore, it was
evaluated the performance of vertical bearing
capacity on the soil-cement composite pile to
compare the evaluation method as shown in the
design specifications in Japan.

SUMMARY OF SOIL-CEMENT COMPOSITE
PILE CONSTRUCTION

In this construction method, strength of the soil
cement is in the ranges of 1000~5000kN/m?. The H
section steel piles were used to be fabricated from JIS
standard steel piles to ensure a low cost and certain
level of quality. The typical construction process with
this method is described as follows;

1) Excavate to the bearing stratum, carry out
agitation and mixing, and lay the soil cement as the
ground improvement structure. During this time,
carry out drilling so that the rod will reach a
predetermined depth.

2) Build H section steel pile joints in the ground
improvement structure, which is in loose and  poorly
lithified soil.

3) After the pile construction is completed, fix the
pile head before the soil-cement hardens.

The above construction can be carried out using
only the developed construction machine shown in
Fig. 1. The planar dimensions of the construction
machine are extremely compact: a 1.55m width and
2.32m length. In addition, the construction machine
is 3.0m tall, including the leader. Thus, construction
is possible even with low overhead clearances. The
machine has a vibration mechanism to improve the
agitation and mixing capability. The results of
construction test showed that even strong sandy
stratum with an N value of about 40-50 can be
agitated and mixed [1].

In order to increase the end bearing capacity, two
plates were attached to the tip of the H section steel
pile. Fig. 2 and Fig. 3 shows the tip shape of the H
section steel pile. As shown in Fig. 2 and Fig. 3, two
plates were attached to the tip of the H section steel

pile with an inclination of 135deg. from the horizontal
direction.

IN-SITU FULL SCALE COMPRESSION LOAD
TEST
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Fig. 2 Pile tip shape of soil-cement composite pile.
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Fig. 4 Soil profile and test piles.

Table 1. Specifications of test piles.

Pile diameter Pile length Strength of
(mm) (m) soile-cement (kN/m’)
Type 1 600 14.0 1000
Type 2 600 14.0 3000
Type 3 800 14.0 1000
Type 4 600 17.0 1000

The soil profile and test piles indicates in Fig. 4.
The test ground was composed of loam and
tuffaceous clay up to about GL —5.0 m and sandy silt
and medium sand, fine sand below that. Four piles
were constructed for the static load test with the soil
cement diameter, pile length, and soil cement strength
as parameters.

Table 1 presents the specifications of the test piles.
The bearing stratum was adopted to be N=20 and 40
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from the results of ground investigation; the test piles
were embedded in the bearing stratum. The test piles
were pre-drilling soil-cement column diameter of
600mm and 800mm, H section steel shape of H-
300x300x10x15. The target strength of the pre-
drilled soil cement as the improved ground structure
was 1000kN/m? with the test pile of Type 1, 3, 4 and
3000kN/m? with the test pile of Type 2. In the core
strength test carried out after the load test, the average
strengths with the all of the test piles were over the
target strength, respectively.

The arrangement of test piles and reaction piles
presents in Fig. 5. Four test piles and six reaction piles
were constructed. Similar to the test piles, six reaction
piles were also constructed as the H section steel pile
with soil cement by the same construction method as
the test piles. The distance between the test piles and
the reaction piles were set based on the influence
range as described in the Japanese Geotechnical
Society (“Methods for vertical load test of piles”) [2],
the distance are 3D=1800, 2400 (mm). Here, D means
the pile diameter such as soil cement diameter.

The static load test was carried out based on the
standards of the Japanese Geotechnical Society
(“Methods for vertical load test of piles”) [2]. A
stepwise multi cycle loading system was employed
with a new load holding period of 30min, hysteretic
load holding duration of 2min, and zero load holding
duration of 15min. The measured parameters were the
pile head load, pile head and pile tip displacements,
and strain of the H section steel. The pile tip
displacement was measured with the pipe-in pipe
method (i.e. double steel tube method). In order to
evaluate the shaft friction of each stratums and the
end bearing capacity, the strain were measured at the
tip of pile, the boundary of each soil stratums and top
of pile.

RESULTS OF IN-SITU FULL SCALE
COMPRESSION LOAD TEST

Figure 6 shows the relationships between the load
and displacement at the pile head. The maximum
loads were 2500kN for Type 1 and 2700kN for Type
2~Type 4. For all of the piles, the curve was steep
from the initial of loading; and all of the piles
possessed a large initial stiffness. The gradient of the
curve then changed with the loading and reached the
maximum load. For the test piles of Type 2~Type 4,
a larger N value for the bearing stratum, a larger pile
diameter and a longer pile length meant a higher
stiffness.

The axial force was calculated by considering
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only the H section steel. The strain of the H section
steel obtained from the load test was multiplied with
the Young’s modulus and cross-sectional area of the
H section steel. The relationships between the shaft
friction and local pile displacement which was
obtained by dividing this axial force difference by the
circumferential area are shown in Fig. 7. The
improved diameter of the soil cement (i.e. outer
diameter of soil cement column) was used when
calculating the circumferential area of the pile. Figure
7(a) shows that a maximum shaft friction of 50 ~
140kN/m? was reached in clayey soil stratum. In
comparison, the average value for the unconfined
compressive strength of the corresponding section of
the ground was 57kN/m?. Thus, it can be concluded
that the shaft friction was more than the undrained
shear strength of the ground (=28kN/m?). In the sandy
ground stratum, it is observed that the maximum
shear strength is 100~200kN/m?. Therefore, it is said
that the shaft friction of the corresponding section
shows the large value.

The end bearing capacity was calculated by
dividing the axial force reaching the pile tip by the
envelope area of the H-section steel (BxH) as shown
in Fig. 8. The relationships between the end bearing
capacity and displacement at pile tip indicates in Fig.
9. The reference displacement of pile tip is 10% of the
diameter of the equivalent circle area which is equal
to the envelope area of H-section steel pile when the
end bearing capacity is evaluated. However, the
maximum displacement at pile tip does not reach the
reference displacement in this load test. Thus, the end
bearing capacity is evaluated at the maximum
displacement at pile tip. The end capacity of
3000~6600kN/m? is examined in this load test. The
trend indicates that the end bearing capacity is
gradually increasing because the displacement at pile
tip is small and does not reach the reference
displacement to evaluate the end bearing capacity. In
addition, the end bearing capacity of the test pile Type
3 indicates the largest value of four test piles. This
means that the large end bearing capacity is mobilized
due to the large diameter of the pile.

EVALUATION OF VERTICAL BEARING
CAPACITY

The end bearing capacity which was obtained
from the developed soil-cement composite pile is
compared to the calculated end bearing capacity as
shown in the design specification of Japan. In this
study, the calculated value is estimated by the Design
Standards for Railway Structures and Commentary
(Railway Technical Research Institute, 2012) [3]
because the developed soil-cement composite pile is

Envelope area
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Fig. 8 Pile tip area (Envelope area).
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Fig. 9 Relationships between end bearing capacity
and displacement at pile tip.

applied to the railway structure. The estimation
equations of bearing capacity for the steel pipe soil-
cement pile and cast in-situ pile are used in this study.
The estimation equations are described as follows;

1) Steel pipe soil-cement pile

Shaft friction for sandy soil:

¥ =7N <200(kN/m?) )
Shaft friction for clayey soil:
¥ =10N < 200(kN/m”) )

End bearing capacity for sandy soil:

4, =150N <10000(kN/m?) 3)

2) Cast in-situ pile
Shaft friction for sandy soil:

Y =3N <150(kN/m”) “)
Shaft friction for clayey soil:

¥ =6N <150(kN/m?) 5)
End bearing capacity for sandy soil:

g, =60N <3500(kN/m’) (6)
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Fig. 10 Relationships between shaft friction and
SPT N value.

Where,

N: SPT (Standard Penetration Test) N value

The relationships between shaft friction and SPT
N value for clayey soil and sandy soil indicate in Fig.
10. The estimated values from Egs. (1), (2), (4) and
(5) are also plotted in Fig. 10. According to Fig. 10(a),
the shaft friction which is obtained from the load test
is larger than the estimated value from the design
specification. It is said that the developed soil-cement
composite pile has the enough shaft friction for the
clayey soil. From Fig. 10(b), compared to the shaft
friction from the load test and that from the design
specification, the shaft friction of load test shows the
large value. Therefore, it is also said that the shaft
friction of the developed soil-cement composite pile
has the enough shaft friction for the sandy soil.

The relationships between end bearing capacity
and SPT N value for sandy soil are plotted in Fig. 11.
The estimated values from Egs. (3) and (6) are also
plotted in Fig. 11. It is seen that the end bearing
capacity of Type 1 and Type 3 from the load test is
larger than that of the estimated value. However, the
end bearing capacity of Type 2 and Type 4 from the
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load tests is lower than that of estimated value for the
steel pipe soil-cement pile although the end bearing
capacity of load test shows the large value for the cast
in-situ pile. This means that the end bearing capacity
does not mobilize because the displacement at the pile
tip is too small.

The relationships between observed bearing
capacity and calculated bearing capacity are plotted
in Fig. 12. Here, the calculated bearing capacity is
evaluated by Egs. (1)~(6). The trend indicates that the
bearing capacity which was obtained from the load
test is larger than the calculated value.

CONCLUSIONS

The static compression load tests on the soil-
cement composite pile (i.e. H-section steel piles with
soil-cement ground improvement) that
constructed with the mechanical agitator ground

were

improvement method were carried out to evaluate the
vertical bearing capacity in this study. Furthermore, it
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was evaluated the performance of vertical bearing
capacity on the developed soil-cement composite pile
to compare the evaluation method as shown in the
design specifications in Japan. The following findings
were obtained from this study.

1) According to the compression load test, both
the shaft friction and the end bearing capacity has the
enough performance on the vertical bearing capacity.

2) It is concluded that the shaft friction of the load
test is larger than the estimated shaft friction which is
calculated by the design specification in Japan.

3) Compared to the end bearing capacity which is
obtained from the load test and that of estimated value
from the design specification in Japan, the end

bearing capacity of the load test shows the large value.

However, the partial results is lower than the
estimated value. This means that the end bearing
capacity is gradually increasing because the
displacement at the pile tip is too small.

There are some research issues to address in the
future. More vertical load tests to examine the vertical
bearing behavior will be carried out. Moreover, it is
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needed to confirm the performance of pile body such
as the bond strength and the effect of reinforcing pile
tip. We will tackle the research issues described as the
above sentence in the future.
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ABSTRACT

To make flood control and to mitigate urban heat islands, numerous studies of permeable pavement systems (PPS)
have been carried out, especially in the fields of road, material, geotechnical, and environmental engineering. In
developed countries, PPS has been mostly applied to roadways with light traffic load, parking lots, and sidewalks.
Additionally, several PPS have been used with heavy loads. Previous studies have also repeated that PPS
contributed to improving stormwater quality and driving safety, and reducing stormwater runoff and volume.
Despite its popularity, the application of PPS is currently not receiving mainstream use throughout much of
developing countries such as Vietham. This study, therefore, investigated structural design, performance, water
drainage control, operation and maintenance, case studies, and challenges necessary to examine suitable and
applicable PPS in Vietnam based on the literature survey of previously published research papers and reports, fully
considering technical standards/requirements and case studies in developed countries. This literature survey found
that some of the most important constraints and corresponding challenges/requirements include site-specific,
technical/engineered, sustainability, economic, environmentally friendly, existing associated facilities, current
policies, and social when applying PPS in Vietnam.

Keywords: Permeable Pavement System (PPS), Flood control, Monitoring, Barriers, Challenges.

INTRODUCTION publications by US and Japan Road Association,
Google Scholar, and Web of Science™ with several

In developing countries, climate change and urban keywords including permeable pavement system

concretization contribute to the increased risk of (PPS), permeable asphalt pavement (PAP), pervious

urban flooding [1]. Traditional systems capture the concrete pavement (PCP), permeable interlocking

storm runoff, and subsequently delivered it to nearby concrete pavement (PICP), and grid pavement (GP)

receiving rivers or sewage systems, however, they with combination of design, hydrologic, hydraulic,

have become inefficient and expensive [2]. In that water quality performance, and cost. Based on this

context, PPS which allows the rainwater to infiltrate research process, the previously published research

in to the permeable surface and base layers , as well papers, reports, technical standards, and case studies

as the soil subgrade, have been deployed in many in developed countries were selected for review. The

developed countries [3]. Previous studies have present review comprises a summary graphical

constantly demonstrated the beneficial performance representation of results, and a table listing barriers

of PPS in reducing the surface runoff rate and volume, and challenges/requirements.

improving groundwater quality, and providing

smooth driving conditions [4-5]. Despite its EXISTING PPS IN DEVELOPED COUNTRIES

widespread use in developed countries, it has not

received adequate attention in developing countries. Permeable pavement system

Many studies have focused on examining the

technical design and engineering performances, In addition to the benefits of stormwater

however, have not yet shown the barriers and management, PPS also provides pavement for

challenges that need to be overcome for PPS adoption pedestrians and vehicles[5]. PPS are often suitable for

in developing countries such as Vietnam. This study, light duty such as parking lots and sidewalks [6-8].

therefore, examined existing research in developed but case studies also have confirmed the applicable

countries with a particular focus on design concepts, use of PAP and PCP for roadways [9, 10].

materials, performances, and economic aspects, and

to potentially assess barriers and challenges to PPS Design concepts

adoption considering various specific factors in

Vietnam. The typical structures of PPS were summarized in

Fig. 1. PPS systems can be designed and constructed
to accommodate three drainage conditions including
infiltration, partial infiltration, and no infiltration
pavement [11, 12] and one PPS with a water storage

METHODOLOGY

This review work searched database includes
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tank [2] as shown in Fig.1. Depending on the site
conditions, and target concepts and setting of PPS
such as stormwater control, pollution control,
groundwater recharge, and UHI mitigation their
designs vary greatly. For example, when exfiltration
is not desired or when there is any concern about the
possible migration of pollutants into groundwater (i.e.,
pollution control) the PPS with an impermeable liner

ii\. a) &\ b)

Runoff Runoff

= ¢ el
Surface layer @ @ Surface layer @ @ Surface layer
Base Base o Drainage Base
Optim}al ;7 {“7 Optiogal _@_@_\E} Impermeable
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Subgrade Subgrade Subgrade

should be constructed (Fig.1c and d).

When targeting the UHI mitigation, PICP and PCP
might be considered due to their lower surface
temperature in the same weather condition instead of
PAP [13-14]. The reservoir thickness is mainly
determined by hydrological design (i.e., rainwater
control). The design process of PPS has been well
documented by several guidelines [2, 5].
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Fig. 1 Typical structure of PPS [2, 11]. (a) Full infiltration, (b) Partial infiltration, (c) No infiltration, (d) No

infiltration with a water storage facility.
Materials

Generally, materials used for roadbed and surface
layers must have appropriate engineering properties
and environmental safety [2]. Granular roadbed
applies to the roadbed structure of roadway, parking
lot, and sidewalk, while stabilized materials such as
asphalt and cement-based can be considered to use for
the upper roadbed of the roadway due to their high
strength [2]. Using recycled materials and industrial
by-products has received much attention recently [15].
Pham et al. [16] used recycled concrete (RC) and
autoclaved aerated concrete (AAC) which is an
industrial by-product for roadbed materials. The
results showed a significant improvement in water
retention capacity was found by blending AAC grains
and the saturated volumetric water contents for 20
and 40% AAC blended RC samples increased
approximately 1.8 to 2.2 times compared to that of
RC 100% while still satisfying the minimum bearing
capacity for road base material.

Performances

Water quality

PPS reduces the total pollutant mass discharged to
receiving systems by diminishing runoff and outflow
volumes and removing pollutants from stormwater
[17]. Pollutants of interest include suspended solids,
metals, nutrients, and hydrocarbons [18]. The
pollution removal efficiency of PPS was showed in
Fig.2. In general, PPS contributes to reducing
pollutants concentration, but the removal rate varies
greatly, even with the same type of pavement. This
might be attributed to not only the pavement structure
itself but also local sources of pollution [18]. It also
can be seen that PPS has been effective to remove
heavy metals such as Pb, Zn, and, and TSS by at least
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20 % [9-10] while the removal rate of nutrients (i.e.,
nitrogen species) is somehow less effective (negative
and positive removal efficiency). Collins et al [6]
examined the transformation and fate of N through
PPS. He concluded that PPS provides suitable
conditions for nitrification NH,* to NOs  based on the
observation that PPS exfiltration had consistently
lower TKN and NH4* concentrations and consistently
higher NOs concentrations than asphalt runoff.
Collins et al [6] and Yong et al [19] observed that TN
concentrations can be higher in PPS effluent than in
asphalt runoff and atmospheric deposition. The pH
from exfiltration of PPS has been demonstrated to be
basic ranging from 7.7 to 10 [6,_8], while that of
rainfall and asphalt runoff tend to be acidic ranging
from 6.5 to 7.6 [20-21]. Limited studies examined the
potential for decreasing pollutant removal with age
after new construction.
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NH,-N: Ammonia nitrogen, NOs-N: Nitrate as nitrogen, TKN:
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TSS: total suspended solids, TN: total nitrogen, and COD:
Chemical oxygen demand.

Fig.2 Pollution removal efficiency of PPS.
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Hydrologic and hydraulic performance

Climatic conditions (i.e, cumulative rainfall) is
one of the factors that affect hydrologic performance
[22]. Figure 3 showed the relationship between runoff
and cumulative rainfall at an event. Generally, PPS is
more effective in reducing runoff rate (ranging
between no runoff and 4/3:1 line) than asphalt
conventional pavement (ranging between no runoff
and 4/3:1 and 4:lline). Most technical standards
indicated that PPS is restricted in places with high
water tables or low soil permeability [4-5]. Few
studies, however, have investigated the hydrologic
performance under these conditions.

One of the concerns of PPS is clogging and loss
of hydraulic function over time. Fig.4 describes the
in-situ infiltration rate as a function of the age of
pavement. The age, in this study, is the year of PPS
since new construction at the time of the in-situ
surface infiltration test. It can be seen that the
infiltration rate decreases rapidly over time although
the minimum permeability requirement is still
satisfied many years after new construction. However,
without regular maintenance, a complete loss of
hydraulic capacity can occur rapidly. For example,
Boogaard et al. [23] examined the effect of the age of
55 PPS which was installed in the Netherlands and
Australia with the age ranging from 1 to 12 years on
their infiltration function. There is some PPS loss
their hydraulic function only after an age of 1 to 4
years. Measuring in-situ infiltration rate is the only
common method used to access clogging. Therefore,
developing a suitable monitoring system is essential
to access long-term hydraulic performance, but not
much information in the literature discusses this
system.
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Fig.3 Runoff as a function of cumulative rainfall at an
event of PPS.
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Cost

The economic efficiency of PPS remains a
challenge. There are limited reports on initial
construction costs. A report by ASCE (2015) [11]
collects the estimated costs for conventional asphalt
pavement and PAP from projects in San Diego
County in 2007. The result showed that the square
food costs of PAP are almost 2 times higher than that
of conventional asphalt pavements, mainly due to the
higher cost of excavation and installation of the
subbase of PPS. The PPS is expected to have a lower
overall price based on the hypothesis of reducing the
need for stormwater infrastructure, and surface water
treatment [4]. However, there are no reports to assess
the efficiency of these costs.

POTENTIAL ADOPTION
VIETNAM

OF PPS IN

Barriers and challenges/requirements for the
adoption of PPS in Vietnam

Experience from developed countries shows that
PPS still has limitations such as the applicability of
PPS under unfavorable conditions (i.e., poorly
draining soil and high water table), the potential risks
of contaminating groundwater, and loss of long-term
hydraulic function due to clogging. A suitable
monitoring system for clogging assessment has not
yet been established. Besides, the construction of PPS
often requires highly qualified human resources [5].
The cost uncertainty remains a concern. Although
designed to have a lifespan as conventional pavement,
PPS is generally expected to be shorter [24].

All these limitations will become barriers to the
adoption of PPS in Vietnam. Even in developed
countries, although widely acknowledged, the above
limitations still exist somewhere. For example, Cote
et al [25] assessed the social and economic barriers to
use in residential driveways in Kitchener, Canada,
and showed that social perception, price, and
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technological acceptance are barriers to overcome.
Monrose et al. [22] had an overview of PPS for
applying in Small Island Developing States and also
pointed out limitations of PPS, aggregate choice and
availability, and support from policymakers as
important parameters when considering PPS adoption.
All the above experiences on the barriers,
requirements/challenges that need to be overcome to
be able to apply PPS in Vietnam have been carefully
reviewed and summarized in Table 1. These barriers
include site-specific, technical/engineered,
sustainability, economic, environmentally friendly,
existing associated facilities, current policies, and
social. It is clear that, whether these barriers are
natural factors, such as site-specific (i.e, poorly
draining soil, high water table, and climate) occurring
unpredictably, or other factors that can be controlled
by individuals/communities, the geographic and
geologically, and social factors of Vietnam present
unique parameters for considering the PPS system.

Specific factors to be considered in Vietnam

Vietnam is incorporated by large fertile, low-lying,
and densely populated deltas of the Mekong and the
Red Rivers [1]. Vietnam would be classified as a
region physically vulnerable to present day climate
extremes and potentially to changes in the typhoon
regime and sea-level rise [1, 26]. The annual average
rainfall is 2050 mm in the rainy season and the lowest
is 1600 mm in summer [27]. Many areas in the
Mekong delta are under sea level with a mean
elevation of only 80 cm above sea level. According to
Asian Development Bank, the population is
approximately 85.8 million in 2009, with an urban
population of 25.4 million (nearly 30% of the total
population). The rate of urbanization has averaged
3.4% per annum since 2000 and is expected to remain
at the same level [28]. Most urban growth is in the
metropolises of Hanoi and Ho Chi Minh city [28].

Regarding site-specific barriers, the high water
table is a factor that needs to be fully considered. As
discussed above, some areas of Vietnam are below
sea level, with the average elevation being just 80 cm
above sea level. Moreover, Vietnam is also strongly
influenced by high tides. One of the presented
requirements is the design of the PPS as a detention
system [29]. Although hydrologic has performed well
in developed countries, however, the climate factor is
different. Vietnam tends to suffer more annual
rainfall than the reviewed areas. For example, New
Jersey (USA), New Hampshire (USA), Toronto
(Canada), and South Australia have an average
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annual rainfall of 1260, 1200, 834, and 538 mm,
respectively [30], while that of Vietnam the lowest of
1600 mm in the summer, and the rainy season is up to
2050 mm. To reduce investment costs, using locally
available materials is proven to be economically
viable, especially recycled materials, and these
materials are very abundant and safe in Vietnam [15].

There are concerns about groundwater
contamination and clogging, however many, case
studies still demonstrate perform well for many after
new construction. But, in the long term, it is necessary
to establish a suitable system for assessing clogging.
In Vietnam, the planning of traditional drainage
systems and infrastructure facilities is not
synchronized with the speed of urbanization and does
not take into account the effects of extreme weather
conditions ( i.e, climate change, sea level rise) leads
to many consequences [31], despite the promulgation
of current policies on strengthening solutions to deal
with the problems above, taking advantage of natural
conditions [32]. For example, a decision
no.35/1999/QD-TTg dated 1999 on ratifying the
orientation for the development of urban drainage in
Vietnam up to the year 2020 considered the urban
flood reduction as a top priority, and it is necessary to
have solutions to take advantage of natural factors
such as soil infiltration. PPS meets this requirement
and can be a premise to adopt PPS in Vietnam. But it
is necessary to make policymakers recognize this
benefit.

CONCLUSIONS

PPS are suitable for a wide variety of parking lot,
sidewalks, and roadways. They have exhibited
beneficial performance in reducing the surface runoff
rate (i.e., from 25-100% with the cumulative rainfall
less than about 120 mm), improving groundwater
quality (e.g., at least of 20% removal efficiency for
Pb, Zn, Cu, and TSS). Despite its popularity, there are
still  concerns regarding environmental, and
hydrologic performances in the long-term and under
adverse conditions, and cost uncertainty. The social
and policy factors have not been discussed in
guidelines and case studies in developed countries. A
suitable monitoring system for accessing clogging
has not been established. The above concerns are
barriers to PPS adoption in developing countries. To
adopt PPP in Vietnam, all must be carefully
considered in the conditions of Vietnam. This needs
the cooperation of all individuals, scientists, the
whole community, and policymakers.
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Table 1. Barriers and challenges/requirements for the adoption of PPS in Vietnam.

No Item Barriers Challenges/requirements Refs
1 Site specific Poorly draining soil  Design a pavement as a detention system [26, 29,
and high water table 40]
Climate Establish guidance that fully considers the suitable intensity -duration  [2]
— frequency curve
Aggregate selection  Practice sustainable methods to obtain construction aggregates. Local  [22]
and availability construction materials are easily available
2 Technical/ Groundwater Treated stormwater should subsequently be discharged into a suitable  [41]
Engineered contamination drainage system.
Clogging/ Establish an applicable and suitable monitoring system to assess [42]
maintenance clogging and sign of distress
Ease of construction, Proposed a system is simple to construct and maintain with locally  [11]
maintenance available human resources and expertise
3 Sustainable Durable and long-  Perform_lifespan as traditional pavement and have a capacity to absorb  [11]
term performance dissolved pollutant in a manner that outlasts the useful life of PPS
4 Economical Less investment Reduce initial cost by use of available construction materials [22]
5 Environmentally Use of safe PPS PPS and its construction materials used do not harm the environment [2]
friendly
7 Associated Asynchronous Demand should be transferred to the natural renewed solution to cope [31, 43]
facilities with impervious surface expansion and overload drainage facility
8 Policyandlaw  Policy on flood Promote the implementation of current policies on strengthening flood  [32]
control prevention and water pollution by taking advantage of available natural
conditions such as the infiltration capacity of soil
9 Social Awareness Policymakers easily recognize PPS practice as being beneficial [25]
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ABSTRACT

For the estimation of the ultimate bearing capacity (UBC) of footings, most contemporary formulas employ a
linear yield function in the shear stress-normal stress space. However, it is well known that the general property in
the failure envelopes of sandy soils manifests the non-linear effect of the stress level on the peak friction angle.
Moreover, the effect of relative density on bearing capacity is often not well considered by the conventional UBC
formulas. The focus of this research study is the assessment of the UBC of surface strip footings ascribed to the
effect of confining stress level and relative density (Dy) on the shear strength of sandy soils. The rigid plastic finite
element method (RPFEM), using the confining stress dependence property of Toyoura sand, is utilized in non-
linear finite element analyses. The ground failure domains in the case of the non-linear shear strength model are
gleaned smaller than those in the case of the linear shear strength one. The results of the UBC analyses are
ascertained to be consistent with those of the centrifuge experiments in the published references. The analysis
results are compared with prevailing guidelines, for instance, the Architectural Institute of Japan (AlJ) and the
Japan Road Association (JRA), which are developed for the mean shear strength property of sandy soils. The
precision of the UBC formula is examined by considering the effect of relative density. The applicability of the
UBC formula to effective stress analysis is also discussed, and the modified formula is developed.

Keywords: Ultimate bearing capacity, Strip footing, Size effect with footing width, Relative density, Sandy soils

INTRODUCTION effect is estimated in terms of footing size only; for
the centric vertical load without surcharge.

Most of the formerly developed well known Nonetheless, prominent experimental studies, for
bearing capacity formulas, for instance, Terzaghi, do instance, Zhu [3], have highlighted the significance of
not appraise the effect of footing size and relative soil unit weight () in determining the stress level
density on the shear strength property of sandy soils. effect on UBC in terms of product »B. Similarly, the
On the other hand, numerous experimental studies size effect mechanism has also been attributed to the
have now ratified that the typical yielding effect of relative density in the eminent experimental
phenomenon of sandy soils is non-linear in shear studies [4]-[6]. Therefore, this study is focused on the
stress-normal stress space. The UBC formulas being estimation of the size effect of footing on UBC under
commonly used in Japan are those recommended by centric vertical load in the case of total and effective
AlJ [1] and JRA [2], which consider the same effect stress analysis conditions. RPFEM, using non-linear
of footing size on UBC in the absence of surcharge shear strength characteristics of Toyoura sand, is
load. The simplified AlJ bearing capacity formula is utilized in finite element analysis. A modified UBC
indicated in Eq. (1) in the case of surface strip footing formula is put forward, rendering consistency with
under centric vertical load only. the centrifuge experiments in the published

references. Moreover, the efficacy of the proposed

1 B\ formula is examined through UBC analysis in the

q= 57 ByN, where 5= [—J , Bp=1m ()] case of various relative densities of Toyoura sand and
other granular soils existing in the European region.

Here, N, depicts the well known bearing capacity CONSTITUTIVE EQUATION FOR RPFEM
factor, ¥ denotes the soil unit weight, B and B, account
for the footing size and reference value in it, The typical non-linear yield function employed
respectively, and 7 symbolizes the size effect for numerical analysis in this research investigation is
modification factor for N,. indicated in Eq. (2).

In both AIJ and JRA formulas, the stress level
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f(o)=al,+(J,)" =b 2

Here, a and b express the material shear strength
characteristics, i.e., internal friction and cohesion,
respectively, while n denotes the non-linearity of the
yield function in relation to the first stress invariant,
11, and the second invariant of deviator stress, J,. The
non-linear rigid plastic constitutive equation, as
proposed by Nguyen [7], is used for numerical
computations.

NON-LINEAR SHEAR STRENGTH OF SANDY
SOILS

In this study, Toyoura sand is used to model the
non-linear shear strength property of sandy soils. The
physical characteristics of Toyoura sand are listed in
Table 1 after Tatsuoka [8].

Table 1 Physical characteristics of Toyoura sand

Property Value
Specific gravity of
solids, Gs 2.64
Max. void ratio, emax 0.977
Min. void ratio, emin 0.605
Mean grain size, dso 0.16 mm
Uniformity coefficient, 146
(oF
Grain shape angular to sub-angular
0,
Minerology quartz (90%), chert

(4%)

Figure 1 manifests the influence of confining
pressure on the shear strength of Toyoura sand based
on the experimental study of Tatsuoka [9]. It
demonstrates that the internal friction angle, ¢,
decreases with the increase in confining pressure for
a given void ratio, e. In this study, triaxial
compression test results are used to arrange the
correlation between ¢ and I (Fig. 2) with the aim of
estimating the influence of pressure level on ¢. Figure
2 specifies the reduction in internal friction angle with
the increase in the first stress invariant. Moreover, the
experimental data is extrapolated to estimate the y-
intercept, i.e., internal friction angle, ¢o, against each
relative density, Dy, as indicated through dashed lines
in Fig. 2, to normalize the internal friction angle
corresponding to the various stress levels. By using
the least squares method, normalized relationships are
established between ¢/¢o and 11 corresponding to each
relative density as well as the mean trendline (Fig. 3).
Due to the similarity in soil response having different
D: under various stress levels, it is meaningful to
establish a simplified relation based on the mean
property of Toyoura sand.
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Based on the relationships plotted in Fig. 3, the
non-linear shear strength parameters are set
corresponding to each relative density and the mean
trendline in Tables 2 and 3, respectively, in the case
of Toyoura sand.

Table 2 Shear strength parameters for Toyoura sand

Dr ¢0 V4

) () nmy 2P
20 35.7 13.6 0.217 0.522
65 41.8 15.0 0.262 1 0.526
88 46.8 15.7 0.280 0.528

Table 3 Parameters based on the mean property

(i)) a b n
30 0.175

35 0.216 1 0.526
40 0.257

ULTIMATE BEARING CAPACITY ANALYSIS

Drucker-Prager Criteria and Conventional UBC
Estimation

This section analyzes the bearing capacity of strip
footing under plane strain condition by employing the
RPFEM Drucker-Prager (DP) using the shear
strength parameters identical to those gleaned from
conventional triaxial compression tests. The bearing
capacity is estimated for a wide range of footing sizes
(2 mto 30 m) and soil shear strength parameters to
properly investigate the correctness of the applied
method. The footing is considered as a perfectly rigid
mass, while the boundary conditions are defined to be
large enough so as not to have any influence of
rigidity on the collapse mechanism. The analysis
results are plotted in comparison with the AlJ, JRA,
and one of the conventional UBC formulas, i.e.,
Terzaghi [10], in the case of centric vertical load only
(Fig. 4). As the Drucker-Prager criterion is a
simplified Mohr-Coulomb criterion; thereby, the
RPFEM(DP) results are in good agreement with the
Terzaghi [10]; however, there is a marked difference
with those from the AIJ and JRA formulas. This
distinction is primarily because both AlJ and JRA
formulas consider the size effect of footing in UBC
estimation in contrast with the Mohr-Coulomb yield
criterion. Numerous experimental studies have also
pointed out the stress level effect on UBC [11]-[14].
However, the correctness of the semi-experimental
AlJ and JRA formulas needs to be well investigated
based on the shear strength property of real sandy
soils, such as Toyoura sand, thereby endorsing the
necessity of this research study.
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Bearing Capacity Analysis Using Non-Linear
Shear Strength Property

In this section, UBC analysis is conducted using
the non-linear shear strength parameters set in Table
3. The UBC results through the non-linear (NL)
RPFEM are arranged in Fig. 5 for the given range of
footing sizes and shear strength parameters. Figure 5
illustrates that the UBC analysis based on the mean
confining stress property of Toyoura sand well
estimates the size effect. Experimental studies [3]
have indicated the stress level effect as a function of
yB. Moreover, often practical situations involving
frequent variations in the ground water table come
across, ultimately affecting the soil strength
characteristics. Therefore, it is necessary to broadly
investigate the effect of yon UBC. The typical ground
failure domain in the case of NL analysis is smaller
than that of the DP criterion (Fig. 6) due to the
reduction in ¢ at higher stress levels. Moreover, the
failure mode at =8 kN/m? is obtained larger than at
7=18 KN/m? in the case of NL shear strength, mainly
because of the difference in the mean effective stress
in both cases, in contrast with the DP criterion.
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Fig.5 Comparison of UBC results (=18 kN/m®)
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Fig. 6 Ground deformation domains in the case of
$=35°, B=10 m and variation in y (kN/m®)

ULTIMATE BEARING CAPACITY FORMULA
FOR SANDY SOILS

Modification Coefficient for N,

In this study, the size effect modification
coefficient is defined as Eq. (3):
29
= 3
777 }/BN/ ( )

The analysis results are arranged in Fig. 7 in terms
of normalization variable yB/pa against 2q/yBN, in the
case of ¢=35° for variation in y. Here, pa symbolizes
the normalization factor i.e., standard atmospheric
pressure, pa=101.325 kPa. Figure 7 manifests the
decrease in normalized UBC with the higher stress
levels by increasing y with the mean property of
Toyoura sand, while the AlJ and JRA formulas do not
consider such an effect of y Likewise, previous
studies such as Loukidis [15] have also corroborated
that the bearing capacity factor N, decreases with the
increase in y. Considering the effect of soil unit
weight and the findings of experimental studies, it is
pertinent to figure out the modification coefficient for
N,. The RPFEM analysis results are plotted in Fig. 8
for an extensive range of shear strength parameters,
i.e., ¢, footing sizes, and soil unit weights with the
mean property of Toyoura sand to perfectly grasp the
influence of stress level and to propose a relationship
for the modification coefficient 7, (Eq. (4)) by setting
the mean trendline using the least squares method.
Although, the range in yB/pa encountered in practice
lies between 0.1 and 0.6 [15]; however, in this study,
results are investigated for a comparatively wide
range to broadly fathom out the confining stress
dependency of shear strength parameters. The
efficacy of the proposed UBC formula (Eqg. (5)) is
assessed against RPFEM in Fig. 9 for the wide range
of B and shear strength parameters. The newly
proposed formula estimates the UBC within £5%.
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Effect of Relative Density on UBC

It is pertinent to estimate the UBC for the various
compactness levels of Toyoura sand and
corresponding 7, i.e., y changes with D; to check the
aptness of the proposed UBC formula ascribed to the
size effect. The UBC analysis is conducted based on
the non-linear shear strength parameters set in Table
2, and results are arranged in terms of yB/pa against
n, for various relative densities and the mean
trendline in Fig. 10. Interestingly, the change in 7,
with the mean trendline corresponds to the D,=65%
in the case of Toyoura sand. Moreover, it can be
noticed that the size effect becomes less marked with
a decrease in the relative density of Toyoura sand and
vice versa. This observation is consistent with the
experimental studies [4]-[6]. The proposed formula
estimates the size effect within £20% for the broad
variation in relative density of Toyoura sand (Fig.
11). Moreover, it also estimates the size effect within
+10% in the case of other granular soils [5] having
similar mineralogy as that of Toyoura sand (Fig. 12).

1.0
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Fig. 10 Relationship between 7, and »B/pa in the
case of Toyoura sand
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Experimental Validation

The estimated bearing capacity based on the
RPFEM analysis is compared with the centrifuge
model loading tests on surface strip footings by
Okahara [16] in Fig. 13 for three different relative
densities of 58%, 74%, and 88%. In Fig. 13, RPFEM
analysis results indicate fairly good agreement with
the experimental findings and a similar effect of
footing size can be witnessed. Moreover, bearing
capacity results through the proposed UBC formula
are also compared with the centrifuge tests by Zhu [3]
in the case of silica sand of D=90% and other
conventional UBC formulas (Fig. 14). The unit
weight of the Silica sand used for the centrifuge
experimentation was 15.4 kN/m? and the confining
stress in the triaxial compression tests ranged from 25
to 2500 kPa. As Toyoura sand is also a kind of Silica
sand; therefore, a good agreement with the proposed
UBC formula is evident from Fig. 14. On the other
hand, formulas by Eurocode and the US Army Corps
of Engineers (USACE) significantly overestimate the
UBC.
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Fig. 13 Comparison of the analysis results with the
centrifuge experiments in the case of Toyoura sand
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Fig. 14 Experimental validation of proposed UBC
formula in the case of $=46.7° and y=15.4 KN/m?

CONCLUSIONS

A UBC formula was examined in detail and
modified based on the mechanical property of
Toyoura sand. The applicability of the analysis
technique for UBC estimations was corroborated
through the centrifuge experiments in the published
references. Based on the numerical survey, the effect
of soil unit weight was clarified to be well expressed
by normalized variable yB/pa regarding size effect;
therefore, the correction factor for N, was newly
proposed. Moreover, the applicability of international
guidelines such as Eurocode and USACE is found to
be limited, ascribed to the size effect of footing on
UBC. The proposed formula estimates the size effect
on UBC within £20% in the case of the wide variation
in the relative density of Toyoura sand. Moreover, the
performance of the proposed UBC formula was also
assessed by analyzing the bearing capacity of other
granular soils such as Eastern Scheldt sand, Degebo
sand, and Darmstadt sand; and found to estimate the
size effect within £10%.
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ABSTRACT

The Darling Downs region, located over 100kms west of Brisbane, comprises predominately fertile black soil.
Black soil found across the region has characteristics which are extremely problematic to civil engineers and have
caused significant damage to the road infrastructure in the region. The black soil in the region has a high shrink/
swell characteristic which has caused substantial pavement damage through rutting, shoving, wash outs and
settlement issues. Many pavement rehabilitation techniques such as lime stabilisation and foamed bitumen have
been used to minimise the damage caused by moisture infiltration, however, the issues remain. The Department
of Transport and Main Roads developed 10 innovative rehabilitation methods as a trial using geocells and
geosynthetics along a 1km section of the main highway in the region. The Gore Highway had been identified as
the ideal location as previous rehabilitation methods achieved limited benefits in reducing pavement failures,

which posed safety concerns.

Keywords: Expansive soil, Geocells, Geocomposite and Geogrid

INTRODUCTION

The Darling Downs region consist of roads that
link the national highways which predominately are
used by the tourism and the transport industry for
transporting goods across the nation. The
characteristics of the soils pose a greater threat as the
region is also susceptible to large scale flooding

Most of the area in Toowoomba, soils are formed
from basalt rock and weathered rock. There are two
types of soils that can be found around the region
which are 'red soil and 'black soil'[11]. Most of the
roads are built on the black soil, which is sensitive to
water. Black soil comprises both alluvial and residual
soils, which formed across the low laying areas
around the region [3]. The black soils around the
region are highly fertile, comprising high water-
absorption, liquid limits, and plasticity. These
characteristics pose significant concerns for
engineers as the black soils absorb significant water
content, resulting in high expansive properties whilst
also shrinking significant when drying out.

This creates serious issues for engineers when
designing and building roads and major infrastructure
in the region. The expansive soils around the Darling
Downs have caused significant damage to the road
networks mainly causing large cracking, shoving, and
rutting along throughout roads across the region.

Over the years, various trials have been used by
the Department of Transport and Main Roads (TMR)
to counter the properties of the soils. Some of these
techniques include lime stabilisation and foam
bitumen.
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BACKGROUND

The Department of Transport and Main Roads
(TMR) undertook an innovative rehabilitation trial
along the Gore Highway 28A. The trial comprised of
10 various trials over a 1km section of the Gore
highway. Each trial was undertaken over a 100m
section using different innovative techniques, most of
which had never been used in Queensland.

The 1km section chosen for the trial posed a safety
concern for traffic because of the degradation of the
existing pavement. Significant rutting, shoving, wash
outs and cracking were observed over the selected
area.

The project site was located 57 km west of
Toowoomba between the suburbs of Pampas to
Brookstead.

The section was previously stabilised using
foamed bitumen and lime stabilisation, however,
because of the significant rainfall and flooding events
the region had experienced, significant pavement
damage had occurred.

Expansive Soil Property

Black soil is a cohesive soil, which is sometimes
referred to as black cotton soil. The typical
characteristics of black soil include its colour, which
is typically black or dark grey [12]. The soil is usually
soft to very soft when wet and has high plasticity and
liquid limits, which may cause significant swelling as
it has a high-water retention capability. Its ability to
retain water results from the high clay content present
within the soil.
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When drying the soil experiences significant
shrinkage, resulting in cracking as the water
molecules evaporate from the bonding matrix. Black
soils have low bearing capacity and low shear
strength [7].

Black soils make up about one third of the area of
the state of Queensland [13]. There are three types of
black soils found in the Darling Downs region, all of
which have similar qualities, however, were formed
geologically differently. Black soil from alluvial
origin, was derived from weathering produced from
the Rolling Downs Group, which was transported
along with sediments from the Tertiary age [3].

Residual black soil was formed directly over the
weathered sedimentary rock of the Rolling Downs
group during the Cretaceous age. The third black soil
type found in the region was formed on the Tertiary
basalt deposits [3]. The engineering properties of
these soils are summarised below.

Table 1: Engineering properties for black soils [3]

Property | Alluvial Residual Residual
on on Basalt
Cretaceous
Liquid 40-60 40 -70 60 -90
Limit
Plastic 25-35 25-35 40 -60
Index
Linear 12 -18 15-20 15-25
Shrinkage
USC CL -CH CL-CH CH

Geogrids and geosynthetics

Geogrids and geosynthetics have been used across
the world for many years with various engineering
applications. TMR were required to find alternative
solutions to the ever-growing problem of pavement
rehabilitation in the region. Various trials and
stabilisation techniques, such as lime and foamed
bitumen, were used across the region with various
degrees of success.

TMR began investigating alternative solutions
and began trialing geocells and geosynthetics on a
section of the Gore Highway. Using geo-cells on the
Gore Highway was a first for the state of Queensland,
as these had only been trailed in other states in
Australia with different soil conditions.

The trial involved stabilising a 1km length of road
along the Gore Highway 28A, between Pampas and
Brookstead  approximately = 57km  west  of
Toowoomba. The trial involved using 10 different
geogrids each over a 100m length.

The project, along with the procedures, was
developed between consultation with technical
experts and TMR.
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Geocells and Geosynthetics.

Geosynthetic reinforcement has been used for
subgrade improvement as well base reinforcement for
over 40 years around the world [6]. However, in
Queensland, geocells had not been used despite the
vast areas of weak expansive soils.

Geocells and geosynthetics are used to achieve
five functions which assist with improving the
durability of a road. The five key functions they are
designed for include providing reinforcement,
stiffness, improved drainage, filtration, and
separation [2].

Because of the above, geocells and geosynthetics
help with mitigating reflective cracking in asphalt,
separate, lateral restraints. Geosynthetics can be used
both as a subbase treatment and a subgrade treatment.

Some other benefits of using geocells include
limiting the use of lime or foam bitumen and using
recycled material, thus significantly reducing the cost
of construction and maintenance and as well as
providing an environmentally friendly alternative
solution.

The diagram below shows the benefits of using
geogrids. Load distribution of the axle force and shear
stresses are distributed over a larger area therefore
resulting in reducing the impact on the pavement. The
geosynthetic absorb the forces and remain in tensile
stress [2].

Tendency for aggregate
to displace laterally

«—— Asphaltlayer — I

traint
Geosynthetic / Z
Subgrade —

Figure 1: Stress distribution with and without geo-
grid in stabilised roads [2].

Research was carried out at the University of
Kansas to investigate the vertical stresses and impact
of permanent deformation because of using geocells
in recycled asphalt pavement (RAP) with weak
subgrade material under cyclic plate loading. The
experiment involved using test samples with and
without geocells in a geotechnical test box applying
cyclic loading replicating a single wheel load force of
40kN. The subgrade material used in the experiment
had a CBR value of 2%, a plastic limit of 22% and a
liquid limit of 30%. During the cyclic loading, the
surface deformation and vertical stresses and strains
were monitored, and the results indicated using
geocells improved the life of the pavement by a factor
of up to 19% compared with not using geocells. The
data also indicated using geocells improved the
resilient deformation whilst reducing plasticity
properties [5].

Other research using geocells in unpaved roads
with fill material also indicated a reduction in
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permanent deformation and an increase in stress
distribution angles when using geocells compared [6].

Research into the benefits of using geocells over
planar geosynthetics indicated using geocells was
more effective in increasing the strength, bearing
capacity, and reducing settlements in various
engineering applications [8].

Trial

The trial involved using different geocells and
geosynthetics in various ways to treat the subgrade
and base along the Gore Highway. The figure below
shows how each trial was undertaken.

TREATMENT 1 & 2
SOMM AC14 OVERLAY

NOTE: ANY TRANSVERSE O [ —
JONS WL YMERIK ICOMI Tt PET, 2 - PVA)

A ot veans. . [POCAMERIC GEOCOMPOSITE (1-7¢1,2- VA |
J00MM OVERLAP OF GEOTABAIC ON CROWN

TREATMENT 7 & 8

_|_sommacia
a1

NOTE: ANY TRANSVERSE OR
LONGINITUDINAL JOINS WILL
HAVE A 150MM OVERLAP

GOMMACZ0 |

[POLYMERIC GEOCOMPOSTTE (7 - PET, 8- PVA]
300MM OVERLAP OF GEOFABRIC ON CROWN

TREATMENT 9 & 10
S0MM AC1Y

Figure 2: Trial techniques used on Gore Highway.

Trial 1 and 2

Trials 1 involved adding the polymeric-PET
(HaTelit C) geosynthetic over the full L0m width. The
process involved brooming and cleaning the existing
pavement surface before adding a tack coat to assist
with binding the existing layer with the Hateltic C.
The Hatelitic C polymer was laid using 