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Preface 
 
 
The Second International Conference on Geotechnique, Construction Materials and Environment 
GEOMATE2012, held at the Istana Hotel, Kuala Lumpur, Malaysia, was organized by the School of 
Graduate Studies, Universiti Putra Malaysia, in collaboration with the GEOMATE International Society, 
AOI-Engineering, the Useful Plant Spread Society, HOJUN and Glorious International. Its aim was to 
provide scholars the space and opportunity to share common interests on geo-engineering, construction 
materials, environmental issues, water resources, and earthquake and tsunami disasters. The key objective of 
this conference was to promote interdisciplinary research from different regions across the globe. 
 
On Friday 11 March 2011, at 14:46 Japan Standard Time, the north east of Japan was struck and severely 
damaged by a series of powerful earthquakes which also caused a major tsunami. This conference was 
dedicated to the tragic victims of the Tohoku-Kanto earthquake and tsunami disasters. This was the second 
event after the first international conference that was successfully held in Tsu city, Mie, Japan, with more 
than 150 participants. 
 
The conference had three major themes with 17 specific themes including:  
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1. INTRODUCTION 
When there are constructions over soft ground, the soft soil 
needs to be treated. There are a number of ways to strengthen 
soft or weak soil. One of the common approaches is to use 
cement or chemicals to increase the load bearing capacity or 
the so-called shear strength of soil. The same process can be 
used to reduce the water conductivity of soil or the rate of 
water flow in soil. This is necessary when there is a need to 
prevent water from flowing in the ground, for example, for 
cutting off contaminated groundwater flow. In the above 
cases, cement or chemicals are used as a binder to mix with 
soil to either increase the shear strength or reduce the water 
conductivity of soil. However, the use of cement or chemicals 
for construction or soil improvement is not sustainable in the 
long run as cement or chemicals require a considerable 
amount of natural resource (for example limestone) and 
energy to produce.  The production process also generates 
carbon dioxide, dust and possibly other toxic substances and 
thus is not environmentally friendly. The use of cement or 
chemicals for soil improvement is also expensive and time 
consuming. There is an urgent need to develop new and 
sustainable construction materials that can reduce the use of 
cement or chemicals for geotechnical applications.   

Using the latest microbial biotechnology, a new type of 
construction material, biocement, has been developed as an 
alternative to cement or chemicals [1], [2]. Biocement is 
made of naturally occurring microorganisms at ambient 
temperature and thus requires much less energy to produce. It 
is sustainable as microorganisms are abundant in nature and 
can be reproduced easily at low cost. The microorganisms 
that are suitable for making biocement are non-pathogenic 
and environmentally friendly. Furthermore, unlike the use of 
cement, soils can even be treated or improved without 
disturbing the ground or environment as microorganisms can  
 
 

penetrate and reproduce themselves in soil.  Harnessing this 
natural, unexhausted resource may result in an entirely new 
approach to geotechnical or environmental engineering 
problems and bring in enormous economic benefit to 
construction industries. The application of microbial 
biotechnology to construction will also simplify some of the 
existing construction processes. For example, the biocement 
can be in either solid or liquid form. In liquid form, the 
biogrout has much lower viscosity and can flow like water.  
Thus, the delivery of biocement into soil is much easier 
compared with that of cement or chemicals. Furthermore, 
when cement is used, one has to wait for 28 days for the full 
strength to be developed, whereas when biocement is used, 
the reaction time can be much reduced if required.  
 

2. PRINCIPLES 
The principles of microbial treatment are to use the 
microbially-induced calcium carbonate precipitation or other 
approaches to produce bonding and cementation in soil so as 
to increase the strength and reduce the water conductivity of 
soil. A number of studies have been carried out in recent years 
[2]-[5]. Much of the work still stays at the experimental stage. 
However, the scale of treatment has increased rapidly with 
time and has reached 100 m3 in the recent years [5].  

The microbiological processes induce calcium carbonate 
crystals, other minerals or slimes as illustrated by examples 
shown by Van der Ruyt and van der Zon (2009) [4], Van 
Paassen et al. (2010) [5] and Chu et al. (2012) [6].  Those 
minerals or slimes act as cementing agencies between sand 
grains to increase the shear strength of soil and/or to fill in the 
pores in soil to reduce the water conductivity as illustrated 
schematically in Fig. 1. The two processes to increase 
strength and reduce conductivity have been called 
biocementation and bioclogging respectively [2]. The process 
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to deliver the biocement in-situ to achieve biocementation or 
bioclogging is called biogrouting.  As the viscosity of 
biogrout is low, it is possible to pump in the biogrout into the 
ground without mixing for sandy soil. This will enable the 
construction process to be simplified.  The existing study so 
far shows that the biocement method is effective in both 
increasing the shear strength and reducing the water 
conductivity of soil.  

 
Fig. 1. Schematic Illustration of biocementation and bioclooging 

process 

Fig. 2. Sand column treated by biocement 
 

3. POTENTIAL APPLICATIONS OF BIOCEMNT 

3.1 Enhancing Shear Strength of Sand 
By using the microbially-induced calcium carbonate 
precipitation method, the shear strength of soil can be 
increased.  We know from our childhood experience in castle 
building on the beach that dry sand will not stand. However, 
when dry sand is treated by biocement, a sand column not 
only can stand, but also can sustain a lot of weight as shown in 

Fig. 2 as an example. When cement or chemicals are used to 
treat soil, the amount of improvement in the shear strength of 
soil is dependent on the amount of cement or chemical used. 
Similarly, when biocement is used, the shear strength of soil 
is affected by the amount of metal precipitation. One way to 
measure the shear strength of soil is by simply compressing a 
soil column in between of two rigid plates, the so-called 
uniaxial compression test. The shear strength measured by 
this method is called the uniaxial compressive strength 
(UCS). In one study by Van der Ruyt and van der Zon (2009) 
[4], the UCS of biocement treated sand was measured for 
specimens having different calcium carbonate contents. The 
results are shown in Fig. 3. It can be seen that the UCS 
strength increases with increasing calcium carbonate content. 
The highest UCS obtained is 27 MPa. For normal 
applications, the UCS strength required is less than 3 MPa. 
This will only require a calcium content of 100 to 200 kg/m3.  
To achieve the same UCS strength for sand using cement 
grounting, the amount of cement used would be between 250 
to 300 kg/m3.  As the production of biocement can be cheaper 
as discussed by Ivanov and Chu (2008) [2], the overall cost 
for biogrouting can be potentially lower. Another advantage 
is that when cement grouting, it takes 28 days for the UCS to 
reach the targeted value. However, when biocement is used, 
full strength can be gained in a much shorter time if required.  

 

 
Fig. 3. The unconfined compression strength (UCS) versus 

calcium carbonate content relationship for biocement treated 
sand (after Van der Ruyt and van der Zon, 2009) 

 

3.2 Mitigation of Soil Liquefaction by Biogas 
Sol liquefaction refers to a phenomenon in which a soil is 
transformed into a substance that acts like a liquid in response 
to an external action such as earthquake. When liquefaction 
occurs, the ground losses completely it’s bearing capacity and 
undergoes large deformation. Soil liquefaction normally 
occurs in saturated sand deposits during earthquake. The 
ground shaking will cause the water pressure in soil or the 
so-called pore water pressure to build up. When the pore 
water pressure has increased to a certain point, soil 
liquefaction will occur. Soil liquefaction has been one of the 
major causes for serious damages and earthquake related 
disasters. More recently liquefaction was largely responsible 
for extensive damage to residential properties in the eastern 
suburbs and satellite townships of Christchurch, New 
Zealand during the 2010 Canterbury earthquake and more 
extensively again following the Christchurch earthquakes that 
followed in early and middle 2011. 
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The common methods that can be adopted for mitigation of 
soil liquefaction include densification and ground 
modification using cement or chemicals.  A new approach 
that is being developed is the so-called biogas method. In this 
method, tinny gas bubbles are generated in-situ in saturated 
sand at where liquefaction may occur. When saturated sand is 
made slightly unsaturated by the inclusion of gas bubbles, the 
amount of reduction in the pore water pressure generated in 
sand under a dynamic load will be greatly reduced. Based on 
our research, if we replace only about 5% of water by gas by 
volume, we will be able to increase the liquefaction resistance 
of loose sand by more than 2 times.   

It is not easy to introduce gas into ground. Pumping can be 
used. Fig. 4 shows a schematic illustration of how to carry out 
air pumping for liquefaction mitigation. However, the 
distribution of gas bubbles introduced by pumping will not be 
even. Furthermore, the gas pumped into ground tends to 
present in the form aggregated gas pockets rather than 
individual bubbles. As a result, the gas tends to escape from 
the ground.  One of the most effective ways to introduce tinny 
gas bubbles in-situ is to use microorganisms. This method has 
the following three advantages over the existing methods: (1) 
Biocement is like water in the liquid form and flow easily in 
sand. Gases can be generated easily by bacteria anywhere 
underground by consuming only a small amount of energy.  
Thus the biogas method will be much more cost-effective 
than any other methods. As the scale of treatment for 
liquefaction is normally very large, the potential economic 
benefit is significant; (2) The gas bubbles generated by 
bacteria can be distributed more evenly than other means. 
This is because biocement can be delivered by water flow in 
sand and the gas bubbles are generated in-situ rather than 
pumped; (3) The gas bubbles generated by bacteria can be 
much smaller. It is necessary for the gas bubbles to be tinnier 
so the gas bubbles are less prone to escaping from the ground.   

Fig. 4. Mitigation of soil liquefaction by air injection 
 

Some model tests using a laminate box and a shake table to 
generate ground motion were carried out. A comparison of 
ground settlement for a fully saturated sand layer and a sand 
layer treated with biogas is made in Fig. 5.  The settlement is 
expressed as a settlement ratio with the settlement for fully 
saturated sand as 100%. It can be seen from Fig. 5 that with 
only 5% of gas replacement, the ground settlement generated 
under ground shaking with an acceleration of 1.5 m/s2 can be 
reduced by more than 90%. Thus, the biogas method is 
effective in preventing the occurrence of soil liquefaction or 
reducing the damage caused by liquefaction.  

Compared with conventional soil liquefaction mitigation 
methods, the biogas method has some significant advantages. 
Conventional methods, such as compaction, cementation, 
lowering ground water table, and pore pressure relief using 
vertical drains, etc., are usually expensive when applied to 
large areas, or need high maintenance. However, the biogas 
method is rather cost effective. One reason is that density of 
gas is very small, about three orders of magnitude smaller 
than solid and liquid, so relatively small amount of solid or 
liquid substrates can produce relatively large volume of gas. 
The other reason is that the operation is easy, because the 
liquid phase substrates can easily spread throughout the sand 
layer, thus the construction fee can be largely reduced. Other 
advantages of the biogas method include environmentally 
friendly, energy saving, and time saving. These advantages 
make the biogas method a very promising way to solve 
liquefaction-related problems in large areas, such as lateral 
spreading. 

 
Fig. 5. Comparison of ground settlement induced by ground 

shaking under an acceleration of 1.5 m/s2 for a saturated sand 
layer and a sand layer with 5% gas replacement. 

 

3.3 Seepage and Erosion Control 
Biocement can also be used to reduce the water conductivity 
of sand through the so-called bioclogging mechanism as 
shown in Fig. 1. One of the methods that has been developed 
by our research group is to use urea reducing bacteria to 
precipitate a layer of calcium carbonate on top of sand as 
shown in Fig. 6. This hard layer of crust has a water 
conductivity of less than 10-7 m/s and thus can be used as an 
impervious layer for water storage or for erosion control of 
beach or riverbank. As the layer of treatment is rather thin, the 
amout of biogrout used is small. Thus the method can be more 
economical than convertional methods. The detail of this 
method is described in Chu et al. (2012) [6]. 
 

4.  CONCLUSIONS 
The recent development in the application of microbiology in 
geotechnical engineering was briefly reviewed in this paper.  
The biogrouting method has a number of advantages over the 
conventional grouting methods. Several potential 
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applications were discussed. These include enhancing the 
shear strength of sand, mitigation of liquefaction of sand 
using biogas and control of seepage and erosion of sand by 
bioclogging. The biogrouting method paves a more 
cost-effective, sustainable and environmentally friendly 
solution to ground improvement. However, a lot of research 
studies are still required to be carried out before this new 
approach can be developed into a common practice. 

(a) 

(b) 
Fig. 6. Formation of (a) a thin impervious layer on top of sand 

using a biogrouting method and (b) a water pond model in sand 
using this method  
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1. INTRODUCTION 
Rainfall is reckoned as one of the main triggering factors of 
landslides. Rainfall infiltration into unsaturated soil slopes 
(e.g., Li et al [1]; Zhan et al [2]; Olivares and Damiano [3]), 
and the influence of infiltrated water on soil suction and shear 
strength (e.g., Melinda et al [4]; Farooq et al [5]; Collins and 
Znidarcic [6]; Zhang et al [7]) have been investigated by 
experimental or numerical approaches.  Take and Bolton [8] 
conducted centrifuge tests on an over-consolidated clay 
embankment subjected to seasonal weather cycles. They 
reported seasonal fluctuation in pore water pressure initiated 
progressive failure. During the wet seasons, the reduction in 
soil suction induced down-slope movements but the rate was 
greatly reduced during the subsequent dry seasons.  Some of 
the downhill deformation was seen to have been recovered, 
though not fully.  On the other hand, the results obtained by 
Hudacsek and Bransby [9] indicated that the rate of 
downlsope deformation reduced greatly during drying  but it 
did not show any significant recovery.  The tests were carried 
out under condition similar to that of Take and Bolton [7].   
Field studies had also been carried out (e.g., Lim et al [10]; 
Springman et al [11], Li et al [12]) with the focus mainly on 
the mechanisms of rainfall infiltration and their influence on 
slope stability in various ground conditions.  Studies had 
further shown that the slopes exhibit seasonally fluctuation 
and the downslope movements accumulates (Malet [13]; 
Coe[14]; Malet [15]; van Asch [16]; van Asch [17]; 
Glastonbury [18]; van Asch [19]).  Cheuk et al [20] monitored 
a high slope (height of 17m) having a slope angle of 25o in Tai 
Lam Chung, Hong Kong.  The geology comprises layer of 
colluvium (1-2m thick) overlying completely decomposed 
volcaniclastic and tuffaceous sediments (approximately 30m 
thick).  As reported by Cheuk el al [20] : 

 
 

• The monitored results indicate that the slope apparently 
exhibits continuous cycles of uphill and downhill surface 
movements. For this site, the rate of net surface downhill 
movement is approximately 1.5 mm/year. The movements 
are more pronounced within the colluvium layer and 
completely decomposed tuff (CDT) layers (i.e. the top 2 m 
to 4 m), and are above a set of pre-existing slip surfaces 
that were identified by ground investigations in 2001.  

• The piezometer records reveal that the main groundwater 
table is located at about 10 m to 12 m below ground 
surface. Seasonal fluctuations caused the water level to 
vary within ± 5 m. The Halcrow bucket measurements 
indicate that the perched groundwater level may be at 
times as high as 0.5 m below ground surface.  

In general, the slope body will move downslope. However, it 
is inconclusive whether the slope will rebound during dry 
season or not. In order to have a better understanding on the 
slow moving slopes under the influence of seasonal 
wetting-drying cycles, two slopes (Kwong and Leung  
[21,22] and Xu [23]) were investigated by carrying out field 
monitoring and numerical simulation.  This paper will 
highlight the findings of the study.   
 
2. CASE ONE (Kwong and Leung [21,22] 
Figs. 1 and 2 present the plan of the site and the geological 
feature at a typical section. The bed rock is moderately strong 
to strong yellowish brown to brownish grey, coarse ash tuff. 
The rockhead is highest, about 40~45 mPD at the crest of the 
slope and dips in a southwest direction. Hence, the rockhead 
is dipping parallel with that of the cut slope.  The rock, 
depending on its depth below the surface, has been 
decomposed to various stages and can be categorised into 
three layers: colluvium layer, completely decomposed 
volcanic (CDV) layer and highly decomposed volcanic 
(HDV) layer. The CDV soil is characterized by higher 

ABSTRACT 
 
This paper investigates the mechanism of slow moving slopes by carrying out full scaled field monitoring.  Two typical 
slopes, representing engineered as well as natural slopes, were studied.  In the field monitoring, the variation of pore 
water pressure, soil moisture content, deformations were measured for more than a year so that one can establish the 
behaviour of the slopes for both the wet and dry seasons.  Based on the monitored results of the hyrdogeological 
responses, hydrogeological models were proposed.  The subsurface deformations recorded were analyzed and the 
deformation mode was also discussed.  Furthermore, laboratory tests were carried out to determine the soil properties 
(strength, stiffness, permeability and soil water characteristics curve) for the subsequent numerical modelling, which 
was based on a coupled seepage and deformation finite element model.  The numerical results were compared with the 
field monitored data.  The study finds that the deformation of the slopes is closely associated with the change in the 
groundwater table : the slopes will move downhill during rain but they may rebound during the dry period after rain.  
The re-bounce could be considerable during the dry season.  Nevertheless, the net movement is still downhill annually. 
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percentage of soil particles having smaller grain size, whilst 
relatively more coarse particles are contained in the HDV 
soil.  
One can also note that the upper part of the slope was formed 
by cutting into the natural ground and the lower part is a crib 
wall retaining compacted backfill. The crib wall is about 5 m 
high. A closer examination of the rockhead level in the area 
around shows that there is a localized depression of the 
rockhead level.   
As the slope was subjected to severe deformation in the form 
of surface cracks and local failures during the previous rainy 
seasons, sensors, including piezometers and inclinometers, 
was installed to monitor the slope. Daily rainfall during the 
period was also monitored by raingauges.  
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Fig. 1  Plan of the slope 
 

 
 

Fig 2  Typical geological cross section of the slope 
 
2.1 Monitored results 
Fig. 3 presents the variations of groundwater level measured 
by piezometers between 15 December 1992 and 31 May 1995.  

The daily rainfall records in the same period are also given in 
the figure.  As expected, the groundwater table rose in the wet 
season and dropped in the dry season.  The largest fluctuation 
of groundwater level was about 9 m and it was recorded at 
DH213. 
In Fig. 4, the variations of slope movement at an inclinometer 
(I2) with time are plotted. One can easily note the strong 
correlation between the slope movement and the groundwater 
level. The slope moved in the downhill direction 
progressively as the groundwater level rose during the rainy 
seasons. On the other hand, there were considerable rebound 
movements during the dry seasons when the groundwater 
level dropped. Fig. 5 depicts the variations of horizontal 
downslope displacements with depth for the inclinometer. 
Note that the corresponding records at the start of the dry 
season (1 October) in 1992 were taken as the reference.  
During the first dry period (October 1992 to April 1993), the 
inclinometer readings rebound. In particular, there was an 
overall upslope movement for the upper portion of the soil. 
The peak rebound displacement was 17 mm, at a depth of 3 m 
underneath the ground surface.  
During the first wet period (May 1993 to September 1993), 
one can note that significant downhill displacements were 
mobilized in the slope by the rainfall.  
The measurements at other inclinometers showed quite 
similar trend with larger displacement mobilized at shallow 
depth [24].  
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Fig. 3  Time variation of groundwater levels at different 
drillhole locations in relation to the daily rainfall records 

 
In the subsequent dry periods (October 1993 to April 1994 
and October 1994 to April 1995), the inclinometer readings 
indicate that the slope bounced backwards after the preceding 
wet periods (April to October in 1993 and 1994).  
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Fig. 4 Time variation horizontal displacements at a depth of 
0.5m below the ground surface in relation to the change of 

groundwater level (I2) 
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Fig. 5  Distribution of horizontal downslope displacement 

with respect to depth during the monitored period (The 
readings at 01/10/1992 are taken as the reference) (I2) 

 
2.2 Numerical simulation 
The finite element mesh for the simulation is shown in Fig. 6. 
The four-node bilinear plane strain element was used in the 
model. Each node of the soil elements consisted of three 
degrees of freedom (one for pore water pressure and two for 
displacements). On the other hand, only deformation degrees 
of freedom were considered in the elements for modelling the 
cribwall, the rockfill, and the bedrock layer, as the 
redistribution of pore water within these layers should be 
negligible. During the hydraulic analysis for a steady state 
solution of the pore water pressure field, the groundwater 
level distribution at the corresponding stage in the slope was 
defined in the numerical model (Fig. 7). With the calculated 
pore water pressure distribution, a mechanical analysis was 
conducted subsequently to determine the slope deformation 
with the displacement boundary conditions given in Fig. 6. 
For the cribwall and rockfill materials, as well as the bedrock 
layer underneath the HDV layer, the deformation was small 
enough during the monitored period. Hence, they were 
modelled by a linear elastic model with the parameters can be 
found in Table 1 of Reference [21]. The behaviour of the soil 

layers was modelled by a nonlinear hypoelastic-perfectly 
plastic model with a non-associated flow rule.  Readers can 
refer to Zhou et al [24] for the details of the adopted 
constitutive relationships.  
Fig. 8 presents the variation of relative rebound 
displacements due to drying with depth predicted by the 
numerical model.  The corresponding field results are also 
shown in the same figure for comparison. As mentioned in the 
previous section, the horizontal displacement on 06 
September 1994 (start date) was taken as the reference for the 
determination of the relative rebound movement.  
On 01 November 1994, the simulation results show 
considerable rebound movements in response to the change 
of pore water pressure redistribution induced by a drop of 
groundwater level of about 2.5 m. The predictions give 
similar distribution pattern along the depth direction as the 
corresponding field measurements, with a slight 
over-prediction. Furthermore, both the predictions and field 
measurements illustrate that the affected range of soil layers 
representing rebound feature greatly exceeds the thickness of 
the unsaturated zone.  
With the drying progressed from November 1994 to March 
1995, both the field and numerical results (Fig. 8) present a 
significant increase of rebound deformation.  It has to be 
pointed out that the change of the groundwater level in this 
stage was about twice as large as that during the previous 
stage. However, the predictions and field monitoring data 
demonstrate that only about 60% increase in the incremental 
rebound displacements is induced by the redistribution of 
pore water pressure. 

 
 
Fig. 6  Finite element model of Section A-A of the study slope 
 

 
 

Fig 7  Groundwater level distributions  
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Fig 8   Comparison of the predictions and the monitored 
horizontal bounce-back movements (The results on 

06/09/1994 are taken as the reference) 
 
It can also be observed that some discrepancy exists between 
the numerical predictions and the field measurements, and it 
could be attributed to the two-dimensional plane strain 
simplification in the numerical model. It should also be noted 
that as only limited piezometric data were obtained from field 
monitoring (Fig. 6), differences may exist between the 
prescribed groundwater distributions in the numerical model 
and the actual conditions.  
 
3. CASE TWO (Xu [23]) 
The second case involves a relict old landslide resting on a 
V-shaped valley.  The typical section is shown in Fig. 9.  It is 
much steeper in the upstream than the downstream (the slope 
angle is approximately 20o).  The top stratum is a thin layer of 
colluvium. The typical thickness of colluvium is from 1.3m to 
5.7m; the average thickness is approximately 3m. Under the 
colluvium layer is the highly sheared and altered completely 
decomposed andesite which has a depth of around 20m. The 
bottom stratum is bedrock which consists of moderately 
decomposed Andesite and slightly decomposed andesite.  
 
 

 
 
Fig. 9 Typical Geological Section  
 

Past record (Fig. 10) indicates that the slope was moving 
slowly downhill and the occurrence of landslides was not 
infrequent. The movement is believed to be occurring along 
the weak interface between colluvium and completely 
decomposed andesite or within the completely decomposed 
andesite layer.   
 

 
Fig. 10 Landslide History  

 
3.1 Monitored results 
To closely monitor the slope, “real-time” monitoring was 
conducted.  The instrumentations include piezometers, 
inclinometers, moisture probe, tensiometers and rain gauges.  
The layout for the inclinometers is shown in Fig. 11 and that 
for other instruments can be found in Xu [23]. 
 

 
Fig. 11 Layout Plan of In-place Inclinometers 

 
Fig. 12 shows the variation of the groundwater table at 
mid-slope (BH11) from 2008-2009.  At the beginning of the 
wet season, the groundwater level was about 136mPD.  One 
can note the groundwater rose rapidly in response to the 
rainfall and it could have nearly reached the ground surface 
after prolong period of heavy rain during the wet season.  On 
the other hand, the groundwater table dropped in the dry 
season gradually and it could have almost dropped back to the 
level at the beginning of the wet season.  The groundwater 
table along the slope is depicted in Fig. 13. 

BH11 
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Fig. 12 Groundwater Levels Monitored at BH11  

 
 

Fig.13 Groundwater distribution 
 
The deformations at IPI3 (Figs. 14 and 15) also indicate that 
the slope deformation is closely correlated to the rainfall and 
the groundwater level. The slope moved downhill during the 
wet season, though the magnitudes depended on the depth 
below the slope surface : most of the movement was restricted 
to the top 3-4m. The movement also indicates that the slope 
rebound after rain and the uphill movement continued during 
the dry seasons. However, the movement was not fully 
recovered.  Similar movement pattern was observed in other 
locations, though the magnitude of the downhill and uphill 
movements could be different. The general direction of the 
movement is shown in Fig. 16 and one can note that the slope 
is moving downhill along the valley. 
 
 

 
 

Fig.14 Downslope Cumulative Deformation Monitored  
(IPI3) 

 
 
 

 
 

Fig.15 Groundwater table (IPI3) 

 

 

 

 
Fig.16 Schematic Deformation Mode 

 
 
3.2 Numerical simulation 
 
A 2-D finite element mesh was also built up according to the 
geometry of typical section of the slope for numerical 
analyses. The length of the model was 450 m, and the height 
of the model was 150m; there were typically three layers: 
colluvium (including talus at slope head), completely 
decomposed andesite (CDA) and bedrock. The slope was 
modelled using a finite element mesh consisting of 3122 
nodes and 2784 plane-strain four-node bilinear elements. 
Again, each node for the soils has three dofs (degree of 
freedom): one was for pore water pressure and the other two 
were for displacements. The controlling sections and points 
are shown in Fig. 17.  In the analyses, various boundary 
conditions and rainfall patterns were considered and 
interested readers can refere to Xu [23] for the full details. 
The present paper will focus on the movement and pore 
pressure at Section E. 
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Fig.17 Monitored Groundwater Distribution Illustration at 
Typical Section S1-S1  
 
The comparisons of the simulated and measured pore water 
pressure and horizontal displacement are shown in Figs. 18 
and 19, respectively. Though there are discrepancies in the 
magnitude for both parameters, the simulation can provide 
quite a reasonable prediction of their variation qualitatively.  
It appears that some fine tuning of the input parameters can 
improve the prediction, however, matching of the results is 
not the objective of the present study. 
 
4. CONCLUSIONS 
This paper presents a study on the rebound behaviour 
observed in two slopes. Field measurements of deformation, 
groundwater level as well as the rainfall intensity were 
presented.and the monitoring data indicated that considerable 
bound-back deformation in the uphill direction were 
mobilized in the slope during the dry seasons. Simulations, 
based on two-dimensional finite element model, were carried 
out and typical wetting-drying processes had been analyzed 
to investigate the mechanism of the drying induced rebound 
movements. Through comparison with the corresponding 
field measurements, it is found that the volume contractive 
behaviour, as a result of the suction increase within the 
unsaturated soil zones and the pore pressure reduction in the 
saturated soil zones is the main factor contributing to such 
rebound movements.  
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Fig.18 Comparison between Simulated and Monitored Pore 
Water Change of Case T3 at Section E 
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Fig.19 Comparasion between Simulated and Monitored 
Horizontal Displacement of Case T3 at Section E 
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1.   INTRODUCTION 
The two key properties required in the design of shallow 
foundations are the bearing capacity (i.e., qu) and settlement 
(i.e., ) behaviour of soils. Structures such as silos, antenna 
towers, bridges, power plants, and housing subdivisions can 
be constructed on shallow foundations (e.g., spread footings 
near the ground surface) in sandy soils assuring a safe and 
economical design. The shallow footings are typically 
designed to transfer the loads safely from the superstructure 
to the supporting soil such that the settlements are in 
acceptable limits as per the design and construction codes. 
The bearing capacity of shallow foundations is estimated 
using the approaches originally presented by [1] and [2] 
assuming the soil is in a state of saturated condition. Typically, 
shallow foundations are placed above the ground water table 
and the variation of stress with respect to depth associated 
with the loads from the superstructure is distributed through 
the substructure (i.e., shallow foundations) predominantly in 
the vadose zone (i.e., the zone in which soil is in a state of 
unsaturated condition). This is true in many regions and 
especially for semi-arid and arid regions. A framework for 
interpreting the bearing capacity and settlement behaviour 
from experimental and modelling studies for unsaturated 
sands is recently evolving ([3], [4], [5], [6], and [7]). 
Comprehensive data for interpreting the bearing capacity and 
settlement behaviour of footings in unsaturated sands taking 
account of influence of the capillary stresses (i.e., matric 
suction), overburden stress (i.e., confinement) and dilation is 
however are not available in the literature. Due to these 
reasons, an extensive experimental program is undertaken to 
study the bearing capacity and settlement behaviour of sandy 
soil from model footings in specially designed equipment.  
 
 
 

 

In addition, comparisons are provided between the measured 
and estimated values of the bearing capacity and settlement 
behaviour of model footings respectively using the 
approaches provided by investigators [3] and [7] for sands 
modifying the original contributions of Terzaghi’s equation 
[1] and Schmertmann’s equation [8], respectively. The study 
shows that there is a good comparison between the measured 
and estimated values of the bearing capacity and settlement 
behaviour using the proposed modified equations.   

2.   BACKGROUND 

2.1 Bearing Capacity of Soils 
Terzaghi and others [1], [2], [9] studies were directed towards 
understanding the bearing capacity of shallow foundations in 
saturated or dry conditions using conventional soil 
mechanics. However, soils are typically found in a state of 
unsaturated condition in semi-arid and arid regions. 
Therefore, estimation of the bearing capacity of shallow 
foundations using conventional soil mechanics for these 
regions may underestimate the bearing capacity values and 
lead to conservative and costly foundation designs.   
Several researchers carried out investigations to study the 
bearing capacity of unsaturated soils ([10], [11], [12], [13], 
[14], [3], [15]). Investigators [16] designed special equipment 
and conducted studies to understand the bearing capacity of 
surface model footing in a sandy soil. These studies have 
shown that the matric suction values in the range of 2 to 6 kPa 
contribute to 5 to 7 times higher than the bearing capacity 
values in comparison to saturated condition. A framework 
was provided by [3] to predict the variation of bearing 
capacity of a soil with respect to matric suction using the 
saturated shear strength parameters (c' and ') and the 
Soil-Water Characteristic Curve (SWCC).  

Bearing Capacity and Settlement of Footings in Unsaturated Sands 
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2.2 Settlement of Shallow Footings  
The shallow footings are typically designed in sandy soils 
such that the settlement is less than 25 mm. In addition, 
applied loads from the superstructure need to be safely carried 
to the soil below the footing with a factor of safety 
recommended by the design and construction codes.  Elastic 
or immediate settlements in sandy soils are assumed to occur 
instantaneously when static loads are applied. Several 
empirical equations are proposed in the literature that can be 
used in the estimation of the settlement of footings in sands 
based on cone penetration tests (CPT) results ([17], [9], and 
[8]). The presently available methods in the literature 
overestimate the settlements leading to an overly 
conservative footing design ([18], and [7]). This can be 
attributed to ignoring the influence of matric suction below 
the foundations. In many scenarios such an assumption is not 
valid, particularly where the soils are typically in a state of 
unsaturated condition.  
Simple relationships are proposed by [7] modifying the 
Schmertmann’s method [8] that is conventionally used in 
practice for settlement estimations from the CPT results. The 
modified method was successfully used in the estimation of 
the settlement behaviour of model footing tests and full-scale 
footings tested in-situ under both saturated and unsaturated 
conditions in sandy soils.  
The focus of the present study is to understand the influence 
of the capillary stresses (i.e., matric suction), overburden 
stress (i.e., confinement) and dilation on the variation of the 
bearing capacity and settlement behaviour of both surface and 
embedded footings in unsaturated sand. In the present study, 
the same sand used by investigators [3] is tested. 

3.   THE TESTED SOIL 

3.1 Soil Properties 
Table 1 summarizes the properties of the sand used in this 
study. The soil can be classified according to the USCS as 
poorly graded coarse-grained sand. 
 
Table 1.  Properties of the tested soil  
 

Soil properties   Value 
Coefficient of uniformity, Cu 1.83 
Coefficient of curvature, Cc 1.23 
Specific gravity, Gs 2.65 
Average dry unit weight, d , kN/m³ 16.02 
Min. dry unit weight, d (min) , kN/m³  14.23 
Max. dry unit weight, d (max) , kN/m³ 17.25 
Average relative density, % 65.0 
Optimum moisture content, OMC, % 14.6 
Void ratio, e (after compaction) 0.62 – 0.64 
Effective cohesion, c' , kN/m2 0.6 
Effective friction angle, ' (o) 35.3 

Dilation in Sandy Soils 
The effective cohesion, c' and the angle of internal friction, 
' were measured from the direct shear test (i.e., CD test) 
results. Several studies suggest the overburden effective 
stress (i.e., confinement) and soil density influence the 

dilatancy behaviour of sands ([9], [19], and [20]). The 
dilatancy angle,  is always      
angle, ' based on the studies by [21]. The dilation 
behaviour of sand can be attributed to the soil particles rolling 
on top of each other without crushing during the shearing 
stage. Experiments (using steel shots that do not break down 
during shearing) conducted by researcher [22] have shown 
that an increase in confinement leads to a decrease in the 
dilatancy angle  . Mo       
dilation of sand decreases with an increase in the effective 
overburden stress [23]. Therefore, in the analysis of surface 
model footing results of the present study, bearing capacity 
and settlement behaviour of shallow footings were interpreted 
taking into account of the influence of dilation angle,  on the 
effective friction angle, ' of the sand. 

4.   EQUIPMENT AND METHODOLOGY 
Fig. 1 shows the details of the modified University of Ottawa 
Bearing Capacity Equipment (modified UOBCE). Schematic 
of a sectional view of the equipment is shown in Fig. 2. The 
modified UOBCE is designed to determine the variation of 
bearing capacity and settlement of sands with respect to 
matric suction using model footings which are interpreted 
similar to plate load tests (i.e., PLTs). In the remainder of the 
paper, model footing tests are referred to as model PLTs for 
brevity. The equipment setup consists of a rigid-steel frame 
made of rectangular section pipes with thickness of 6 mm and 
a box of 1500 mm (length) × 1200 mm (width) × 1060 mm 
(depth). The test box can hold up to 3 tons of soil and the 
capacity of the loading machine (i.e., Model 244 Hydraulic 
Actuator with stroke length of 250 mm) is 28.5 kN. The 
model PLTs were performed using different strain rates of 1.2 
mm/min and 2.5 mm/min. The results suggest that the load 
carrying capacity of the sand is not influenced by the two 
different strain rates used in the present study.  
The equipment used in the present study (see Fig. 1) in terms 
of test box size and its loading capacity is twice in comparison 
to the UOBCE used by [16]. The equipment in the present 
study has special provisions to achieve different degrees of 
saturation conditions below the model footings similar to the 
original UOBCE. The variation of matric suction with respect 
to depth in the unsaturated zone of the test box can be 
measured using commercial Tensiometers.   

5.   LABORATORY PLT AND CPT TESTS 
Several tests were conducted to determine the bearing 
capacity of the sand with different values of matric suction 
using surface PLTs (i.e., model footing depth, Df  = 0 mm), 
embedded PLTs (i.e., Df  = 150 mm) and CPTs (i.e., cone 
penetration tests). A minimum of three tests were conducted 
and average values are reported in this paper.  

5.1 Surface Plate Load Tests  
Model PLTs of 150 mm × 150 mm (i.e., surface footings) 
were conducted by researchers [16] using the UOBCE (see 
sectional view in Fig. 2) which consists of a rigid-steel tank of 
900 mm (length) × 900 mm (width) × 750 mm (depth). 
Applied stress versus settlement relationships for surface 
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model footing of 150 mm × 150 mm from that study are 
summarized in Fig. 4. 
 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
 
 
 
 
 
 
 
 
Fig. 1. Modified University of Ottawa bearing capacity 
equipment (modified UOBCE) 
 

5.2 Embedded Plate Load Tests  
The model footings embedded in the modified UOBCE test 
box are analyzed considering the influence of average matric 
suction value in the proximity of the stress bulb zone which is 
equal to depth 1.5B.  Fig. 3 provides details of the procedure 
used in the estimation the average matric suction value.  The 
depth 1.5B considered is the zone in which stresses are 
predominant due to the loading of shallow square footings 
with Df  /B ≤ 1.0 ([24], [3], and [5]). 
 
 

 
 
Fig. 2. Schematic to illustrate the test setup and the procedure 
used for estimating the average matric suction of 6 kPa within 
the stress bulb (SB) zone of the surface footing using UOBCE 
 

 
 
Fig. 3. Schematic to illustrate the test setup and the procedure 
used for estimating the average matric suction of 6 kPa within 
the stress bulb (SB) zone of the embedded footing using 
modified UOBCE 
 
In this series of tests, the model footing of 150 mm × 150 mm 
size is placed at a depth of 150 mm below the soil surface to 
investigate the effect of the overburden stress. The tests were 
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conducted with different average matric suction values below 
the footing (i.e., 0 kPa, 2 kPa and 6 kPa). 
Equilibrium conditions with respect to matric suction in the 
test box were typically achieved in a period of 48 hrs in the 
test box shown in Fig. 3. Table 2 summarizes a typical set of 
results in which the average matric suction in the vicinity of 
the footing base is 6 kPa (see Fig. 3). 

Fig. 4. Relationship between the applied stress versus 
settlement behaviour of surface and embedded model footing 
tests (PLTs) of 150 mm × 150 mm using  the UOBCE and the 
modified UOBCE respectively 
 
Table 2.  Typical data from the test box for AVR matric 
suction of 6 kPa in the stress bulb zone (i.e., 1.5B) 
 

D* 
(mm) 

t  
(kN/m3) 

d 
(kN/m3) 

w 
(%) 

S 
(%)  

(ua - 
uw) AVR 
(kPa) 

12 18.16 16.20 12.10 53 8.0 
150 19.00 16.24 17.00 75 7.0 
355 19.20 16.13 19.00 82 5.0 
500 19.50 16.12 21.00 91 2.0 
700 19.74 16.03 23.11 98 1.0 
800 19.75 15.95 23.81 100 0.0 

* Depth of a Tensiometer from the soil surface 
 
The measured water content and matric suction values from 
the test box of the modified UOBCE are similar to the 
corresponding water content and matric suction values in 
both measured and predicted SWCC of the tested sand. This 
observation provides credence to measurements using the 
Tensiometers. The air-entry value for the sand was found to 
be between 2.5 kPa and 3 kPa. Details of the SWCC for the 
tested sand are available in an investigation conducted by 
researchers in [16]. 
The measured bearing capacity of the compacted unsaturated 
sand for both surface and embedded footings were in the 
range of 5 to 7 times higher than the saturated bearing 
capacity values.   

5.3 Cone Penetration Tests  
Researchers [25] conducted several CPTs in a laboratory  
 

Fig. 5. Top view of the test tank showing the penetrometer 
(CPT) using the UOBCE 
 

 
 

Fig. 6. Schematic to illustrate the test setup and the procedure 
used for estimating the average matric suction of 6 kPa within 
the influence zone (IZ) using the model penetrometer (CPT) 
using the UOBCE 
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environment in a compacted sand (Dr = 65 %) in the UOBCE 
under both saturated and unsaturated conditions (i.e., 0 kPa, 1 
kPa, 2 kPa and 6 kPa). The setup, experimental results and 
analyses of the variation of cone resistance, qc with 
penetration depth were presented in [25].  Fig. 5 and Fig. 6 
show details of the sectional view of the test box used to carry 
out the CPTs respectively. The measured settlement results of 
the studies described in section 8.2 are used to check the 
validity of the proposed modified Schmertmann’s 
relationships based on the CPTs results in a later section to 
estimate the settlement of shallow footings in sand under both 
saturated and unsaturated conditions. 

6.   BEARING CAPACITY OF UNSATURATED 
SOILS 

Terzaghi [1] suggested Eq. (1) to estimate the ultimate bearing 
capacity, qu of saturated soils assuming general shear failure 
conditions:  
                   

' 0.5u c f qq c N D N B Nγγ γ= + +                       (1) 
 
where: 
qu                = ultimate bearing capacity, kN/m2 
c'                 = effective cohesion, kPa 
                  = unit weight, kN/m3 
Df                = footing base level, m 
B                 = footing width, m 
Nc , Nq , N = bearing capacity factors which are function of 
effective friction angle, '. 
 
A semi-empirical equation (i.e., Eq. (2)) was suggested by [3] 
to predict the variation of bearing capacity with respect to 
matric suction for surface footings on unsaturated soils using 
the effective shear strength parameters (i.e. c' and ' ) and 
the SWCC as below: 
  

[ ' ( ) (tan ' tan ')

( ) tan '] 0.5

BC

AVR

u a w b

a w c c

q c u u S

u u S N B N

ψ

ψ
γ γ

φ φ

φ ζ γ ζ

= + − −

+ − +
 

                          
(2) 

where: 
(ua - uw)b     = air entry value from SWCC, kPa 
(ua - uw)AVR = average matric suction value, kPa (Fig. 2; Fig. 
3) 
'                = effective friction angle, º 
S                 = degree of saturation, % 
BC             = bearing capacity fitting parameter 
c ,           = shape factors  

 
There is a smooth transition between the bearing capacity 
equation proposed by [3] for unsaturated soils and the 
conventional Terzaghi’s bearing capacity equation for 
saturated soils. In other words, the equation (i.e., Eq. (2) 
proposed by [3]) will be the same as Terzaghi’s bearing 
capacity equation when the matric suction value is set equal 
to zero.  
The general form of equation to estimate the bearing capacity 
of unsaturated soils is shown in Eq. (3). This equation takes 

into account of the influence of overburden stress and the 
shape factors. 
 

[ ' ( ) (tan ' tan ')

( ) tan ']
0.5

ψ

ψ

γ γ γ

φ φ

φ ζ
γ ζ γ ζ

= + − −

+ −
+ +

BC

BC

u a w b

a w AVR c c c

f q q q

q c u u S

u u S N F
D N F B N F

 
                                                            

                
  (3) 

 
where:  
Fc , Fq , F  = depth factor 
q               = shape factor  

 
The bearing capacity fitting parameter, ψBC along with the 
effective shear strength properties (c' and ' ) and the 
SWCC are required for predicting the variation of bearing  
capacity with respect to matric suction assuming drained 
loading conditions. The bearing capacity fitting parameter, 
ψBC can be estimated from relationship provided by 
researchers [3] in Eq. (4) given below:      
           

21.0 0.34( ) 0.0031 ( )BC p pI Iψ = + −                   (4) 
 

Several investigators provided bearing capacity factors for 
cohesion, Nc; surcharge, Nq and unit weight, N ([1], [2], 
[26], and [26]). The values for bearing capacity factors of Nc 
and Nq provided by various investigators are approximately 
the same. For this reason, the bearing capacity factors, Nc and 
Nq originally proposed by Terzaghi [1] were used in the 
analysis. The Nvalues suggested by [26] have been more 
widely used in recent years. For this reason, the bearing 
capacity factor, N values proposed by [26] are used in this 
study.  

7.   COMPARISON BETWEEN MEASURED AND 
PREDICTED BEARING CAPACITY  

7.1 Measured and Predicted B.C. for Surface PLTs 
The bearing capacity values of surface model footings of 150 
mm × 150 mm were measured using the UOBCE [16] under 
both saturated and unsaturated conditions. Both the bearing 
capacity under saturated and unsaturated conditions was 
interpreted taking into account of influence on the dilatancy 
angle,  for sand.  
 
Table 3. B.C. factors, shape factors and depth factors used in 
the analysis for the surface PLT 
 

Effective friction angle, '     = 35.3º 
Estimated dilatancy angle,  = 3.53º  
Modified friction angle, 'm   =  (' + ) ≈  39º 
B.C. Factors1 Shape Factors2 Depth Factors3 
Nc Nq N ζc q  Fc Fq F 
86 70 95 1.8 1.8 0.6 1.0 1.0 1.0 
1 from [1];  2 from [36];  3 from [27]  

The dilatancy angle,  was not measured in this study but 
was approximated for typical sand based on the information 
reported in the literature. The dilatancy angle,  value 
assumed to be equal to 10 % of effective friction angle, ' of 
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35.3 is equal to 3.53º following [28] (i.e., DS 415. 1984). In 
other words, the modified friction angle, 'm is 38.53º or 
approximately 39º. Summary of the values of the bearing 
capacity factors, shape factors and depth factors for the 
surface model footings with a modified friction angle of 'm 
= 39° are presented in Table 3. 
 

 
Fig. 7. Measured and predicted B.C. for surface model 
footing (PLT) of 150 mm × 150 mm using the UOBCE 
 
The same approach has been extended for analyzing surface 
model footing results of another three sands tested by 
researcher [11]. Similar to the test results of sand used in the 
present study, good comparison was observed between the 
measured and predicted bearing capacity values for these 
three sands considering a dilatancy angle value equal to 10 % 
of effective friction angle. Summary of these discussions are 
available in [29]. More recently, [5] have undertaken 
numerical modeling studies to predict the variation of bearing 
capacity with respect to matric suction. These modeling 
results also show that reasonably good comparisons were 
possible between the measured and modeled bearing capacity 
values using a dilatancy angle,  which is equal to 10 % of 
effective friction angle,  ' as shown in Fig. 7.  
 

7.2 Measured and Predicted B.C. for Embedded PLTs 
The bearing capacity of 150 mm × 150 mm embedded model 
footing (sandy soils in both saturated and unsaturated 
conditions) was measured using the modified UOBCE (see 
Fig. 1).  The model footing of 150  mm × 150 mm is located at 
a depth, Df  of 150 mm below the soil surface simulating an 
overburden stress which also acts as a confinement all around 
the footing.  
Equation (3) is used in the interpretation of the bearing 
capacity results of embedded footings in saturated and 
unsaturated sandy soils taking account of the influence of the 
overburden stress and the shape factors. However, the 
influence of dilatancy angle,  was not considered. 

 
Table 4. B.C. factors, shape factors and depth factors used in 
the analysis for the embedded PLT 
 

Effective friction angle, '     = 35.3º 
Estimated dilatancy angle,  = 0º  
B.C. Factors1 Shape Factors2 Depth Factors3 
Nc Nq N c q  Fc Fq F 
58 41 45 1.7 1.7 0.6 1.4 1.2 1.0 
1 from [1];  2 from [36];  3 from [27] 
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Fig. 8. Measured and predicted B.C. for embedded model 
footing (PLT) of 150 mm × 150 mm using the modified 
UOBCE 

 
In other words, the bearing capacity factors, shape factors and 
depth factors were obtained using the effective friction angle, 
' = 35.3º (see Table 4). There is a good comparison 
between the measured and estimated bearing capacity values 
for interpreting the embedded model footing results without 
taking account of the influence of dilatancy angle,  as 
shown in Fig. 8. Such a behavior can be attributed to the 
influence of the confinement with a depth which is equal to 
the width, B of the foundation (Df   = 150 mm; as illustrated in 
Fig. 4).  These results are also consistent with the studies of 
several investigators who have shown that the influence of 
dilation in the sand decreases with an increase in overburden 
effective stress or confinement ([19], [23], and [30]). 

8.   CORRELATIONS BETWEEN THE CONE 
RESISTANCE AND THE SETTLEMENT OF 
FOOTINGS IN SAND 

8.1 Proposed Technique 
The modulus of elasticity, Es typically increases with depth in 
sandy soils and the stresses associated with the applied load 
decrease with an increase in depth. In other words, settlement 
will be less in deeper layers in comparison to shallow layers. 
Schmertmann [8] suggested equation (i.e., Eq. (5)) by 
extending this philosophy for the estimation of footing 
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Apply in Eq. (5) 

Proposed technique for calculating Es 

Saturated sand 
If (ua - uw) = 0 kPa 

Unsaturated sand 
If (ua - uw) > 0 kPa 

If Dr < 50 % If Dr ≥ 50 % 

f2 = 1.2 × ((Dr/100)2 + 3.75) 

f2 = 1.7 × ((Dr/100)2 + 3.75) 

Es (unsat) = f2 × qc unsat 

Es (unsat) f1 = 1.5 × ((Dr/100)2 + 3) 

Es (sat) = f1 × qc sat 

Es (sat) 

settlement in sands using average cone penetration resistance, 
qci over a depth of 2B from the bottom of the footing.  

 

∑ 






 ∆
−=

B

s
zizi

dza E
I

qCC
2

0
,21 )'( σδ  

                                          
(5) 

where: 
)]'/('[5.01 ,,1 dzadz qC σσ −−=  

;  ]1.0/[log21.012 tC −=  
 
 = settlement, C1 = depth factor, C2 = time factor, qa = 
footing pressure; ’z,d = vertical effective stress at footing 
base level; Es = f × qci (i.e., elastic modulus of soil); Izi = 
influence factor, B = footing width; qci = resistance of each 
layer; f = coefficient; zi = thickness of each layer; and t = 
time. 

 
This method is widely used in geotechnical engineering 
practice. One of the key limitations of this method is that it 
does not take into account the influence of capillary stress or 
matric suction and is used for sands both in saturated and 
unsaturated conditions. 
Investigators [7] suggested two empirical relationships that 
can be used in the Schmertmann’s equation [8] to estimate the 
settlements in sands. These empirical relations are useful in 
estimating the modulus of elasticity, Es of sands in saturated 
and unsaturated conditions. The relationships are proposed 
based on the analysis from the PLT and CPT results.  
Equation (6) is suggested to estimate the modulus of 
elasticity, Es for saturated sands (i.e., (ua - uw) = 0 kPa) as 
given below:   

 
satc1)sat(s qfE ×=             (6)  

 
where: Es (sat) = modulus of elasticity for saturated 
homogenous sand, f1 = 1.5 × ((Dr/100)2 + 3) (i.e. f1 is a 
correlation factor and Dr is the relative density in % ), qc (sat) = 
average cone resistance under saturated sands condition (e.g. 
within an influence zone, IZ equal to 1.5B from the footing 
base level) and B = footing width. 
Equation (7) is suggested to estimate the modulus of 
elasticity, Es for unsaturated sands (i.e., (ua - uw) > 0 kPa): 

 
unsatc2)unsat(s qfE ×=                                            (7)   

             
where: Es (unsat) = modulus of elasticity for unsaturated 
homogenous sands, f2 = 1.2 × ((Dr/100)2 + 3.75) for sands 
with Dr < 50 % or f2 = 1.7 × ((Dr/100)2 + 3.75) for sands with 
Dr ≥ 50%, (i.e. f2 is a correlation factor and Dr is the relative 
density in %), qc(unsat) = average cone resistance under 
unsaturated sands conditions (e.g., within influence zone, IZ 
equal to 1.5B from the footing base level) and B = footing 
width.  
 
Fig. 9 summarizes various steps detailed earlier in the form of 
a flow chart. The modulus of elasticity, Es from Eq. (6) or Eq. 
(7) can be substituted into Schmertmann’s equation (i.e., Eq. 
(5)) [8] to estimate the immediate settlement. 
  

 
 

 

 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
 
 
 

Fig. 9. Flow-chart to illustrate the proposed technique used 
for calculating the modulus of elasticity, Es (sat) and  Es (unsat) 
 
Fig. 10 and Fig. 11 provide comparisons between the 
estimated and measured settlement values for both surface 
and embedded respectively of 150 mm × 150 mm model 
PLTs in the tested sand with different average matric suction 
values (i.e., 0 kPa, 2 kPa and 6 kPa) using the proposed 
relationships into the Schmertmann’s equation [8]. The 
footing settlements decrease with an increase in the matric 
suction and the overburden stress. 
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Fig. 10. Comparison between the measured and estimated 
settlements using the modified Schmertmann’s equation  for a 
surface PLT of 150 mm × 150 mm (UOBCE) 
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Fig. 11. Comparison between the measured and estimated 
settlements using the modified Schmertmann’s [8] equation 
for embedded PLTs of 150 mm × 150 mm (modified 
UOBCE) 
 

8.1 Validation of the Proposed Technique 
Comparisons are provided between the estimated settlement 
(from the proposed technique) and measured settlement (from 
in-situ FLTs conducted by [35]) values for both saturated and 
unsaturated sands to validate the proposed technique. More 
details of the analysis and comparisons between the measured 
and estimated settlement values using the proposed 
relationships in Eq.  (5) and measured settlement values for 
both saturated and unsaturated sands using four in-situ 
footing load tests (FLTs) are provided. The results 
summarized in Fig. 12 show the settlement values estimated 
using the proposed technique for a typical full-scale footing in 

unsaturated sand from in-situ presented in [35]. It can be seen 
that the proposed technique provides reasonable settlement 
estimations in comparison to the measured values. This can 
be attributed to the use of different correlations (i.e., f1 and f2) 
between the cone resistance, qc and modulus of elasticity, Es 
in the new relationships which are better in representing the 
settlement behaviour of sands. Furthermore, the selection of 
these correlations are not only functions of the CPTs results 
but also are based on the soil condition (e.g., saturated or 
unsaturated) and the relative density, Dr. 
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Fig. 12. Comparison between the measured and estimated 
settlements using the modified Schmertmann’s equation  for a 
FLT of 1500 mm × 1500 mm (FLT from [35]) 

9 DISCUSSION OF RESULTS 
The correlation factor, f1 value for estimating reliable 
settlement behaviour of shallow footings in sands under 
saturated condition is typically in the range of 4.5 to 5.0. On 
the other hand, the correlation factor, f2 value for estimating 
the settlement of unsaturated sands falls between 4.5 and 7.5 
for the sands evaluated. The need for using such a wide range 
of f2 values (i.e., 4.5 to 7.5) can be attributed to the influence 
of matric suction on the cone resistance, qc values which 
contributes to a reduction of the settlement, of sands 
under unsaturated conditions (i.e., (ua - uw) > 0 kPa).  
 
It should be noted that the factors, f1 and f2 values for 
saturated and unsaturated sand conditions respectively are 
dependent on the relative density, Dr. In both cases, the 
correlation factor increases proportionally with an increase in 
the relative density, Dr. These observations are consistent 
with the conclusions drawn by researchers [34]. Estimated 
and measured settlement values of large-scale footings (four 
FLTs) from a reported in-situ case study presented in [35] are 
compared in this study as shown in Fig. 13. 
Because of the limited depth of the test box of both the 
UOBCE and the modified UOBCE in the laboratory, the 
maximum average matric suction value (i.e., (ua - uw)AVR) 
simulated in the tank was 6 kPa. The proposed technique was 
developed based on test results using average matric suction 
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values ≤ 6 kPa; however, it provides good comparisons for 
footings constructed in sands for higher matric suction values 
(i.e., 10 kPa) for the FLTs. The average matric suction value 
(ua - uw)AVR for the FLTs in sand using [35] results was 
determined assuming a constant matric suction distribution as 
the depth of groundwater table is at 4.9 m and the natural 
water content over this depth was constant.  
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Fig. 13. Comparison between estimated and measured 
settlements of four full-scale footings (FLTs from [35]) in 
unsaturated sands corresponding to different applied stresses  

10  SUMMARY AND CONCLUSIONS 
The bearing capacity and settlement behaviour of sandy soil 
under saturated and unsaturated conditions using surface and 
embedded model footings tests are studied in this research 
program. The bearing capacity values are underestimated for 
surface model footings (i.e., the depth of the model footing is 
equal to zero) when calculations are based on effective 
friction angle, ' = 35.3 º for the tested sand both in 
saturated and unsaturated conditions. Typical value of 
dilatancy angle for sands is equal to 10 % of effective friction 
angle, ' (see Table 3). Reasonably good comparisons were 
observed between measured bearing capacity and predicted 
values using Eq. (2) particularly when the influence of the 
dilatancy angle,  was taken into account.  
There is no need to increase the effective friction angle, ' 
by 10% to obtain reasonable comparison between the 
measured and estimated bearing capacity values (see Table 4) 
for embedded footings. In other words, the dilatancy angle, 
 = 0 for shallow foundations whose Df /B ≈ 1. Such a 
contrasting behavior between surface and embedded footings 
may be attributed to the contribution of the overburden stress 
which eliminates the influence of dilation. These observations 
are consistent with the conclusions drawn in ([19], [23] and 
[31]) with respect to dilation effects in sandy soils.  

The bearing capacity of unsaturated sands increases with 
matric suction in a linear fashion up to the air-entry value 
(saturation zone).  There is a non-linear increase in the 
bearing capacity in the transition zone (i.e., from air-entry to 
the residual suction value). The bearing capacity however 
decreases in residual zone of unsaturation. Fig. 4 shows a set 
of typical results and behaviour of variation of bearing 
capacity with respect to matric suction. The behaviour of 
bearing capacity of unsaturated soils is consistent with the 
shear strength behaviour of unsaturated sands ([32], [33]).   
Schmertmann’s equation [8] (i.e., Eq. (5)) with proposed 
relationships for modulus of elasticity, Es for saturated and 
unsaturated conditions (i.e., Eq. (6) and Eq. (7)) provide 
reasonably good comparisons between measured and 
estimated settlements for both model PLTs and in-situ FLTs 
(see Figs. 10, 11, 12 and 13).  
The modified Terzaghi and modified Schmertmann’s 
procedures for predicting the bearing capacity and settlement 
behavior of sandy soils, respectively for both saturated and 
unsaturated conditions are promising and can be used by 
practicing engineers.  
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1. INTRODUCTION 
The high ductility of soil structure reinforced by geogrid is 
well known, as is the possibility of building independent soil 
wall. The independent reinforced soil wall has been applied 
to such diverse structures as rock-fall protection walls, mud 
and snow avalanche protection walls and the suchlike. Since 
it can be built using existing soil at the construction site if it 
is compactable one, they are being used ever more 
frequently as one of economic and CO2 reducible structures. 
At present, however, the adoption of the spread foundation 
for the independent reinforced soil wall makes the design too 
wide for application to narrow construction sites, such as 
beside mountainous road. If a narrow independent reinforced 
soil wall as like as RC wall with pile foundation is achieved, 
it could be widely applied. And it can also be substitute for 
concrete ones and contribute sustainable development. 
Therefore, a new type of independent reinforced soil wall 
with inserting piles into the Geo-wall body, as shown in Fig. 
1, which is referred to “Piled Geo-wall or PGW” in this 
paper, has been developed. The practicability of Piled 
Geo-wall to diverse structures has been already confirmed 
from three experimental studies with full-scale static and 
impact loading tests and a dynamic centrifuge model test 
(25G) were carried out in the past years [1], [2]. 
Recognizing the practicability, a study on simple design 
method to apply Piled Geo-wall to earth-retaining walls, 
rock-fall protection walls, and seismic countermeasure walls 
of road embankment in order to reduce deformation of road 
surface, has been conducted. In this paper, because of paper 
limitation, simple external stability verification methods of 
Piled Geo-wall as well as the reproducibility of the 
experiments’ results by using the proposed verification 
methods are introduced. 
 

 
 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig. 1. Image of Piled Geo-wall (PGW). 

2. FUNDAMENTAL EXTERNAL STABILITY MODEL 
Piled Geo-wall was devised from an assumption regarding 
the interaction between pile and Geo-wall body, which the 
Geo-wall body with high ductility is possible to transmit 
lateral forces to the piles despite large relative displacement 
between the pile and the Geo-wall body as shown in Fig.2. 
Hence, in the design, the responses of the pile and the 
Geo-wall body have to be estimated respectively. Fig. 3 
shows the proposed simple estimation model of the 
responses of the pile and the Geo-wall body of Piled 
Geo-wall. 
 
 
 
 
 
 
 

Fig. 2. Interaction image between pile and Geo-wall body. 
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(a) Estimation model for pile response 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

(b) Estimation model for Geo-wall body response 
Fig. 3. Fundamental external stability model. 

 
Where, EPIP, EGIG: flexural stiffness of pile and Geo-wall 
(kNm2/m), EPAP, EGAG: compressional stiffness of pile and 
Geo-wall (kNm2/m), EGIP: extent without considering 
flexural stiffness of pile, kH: elasto-perfectly plastic spring 
constant of horizontal subgrade reaction (kN/m) set from Eq. 
(1), the limited value of kH is passive earth pressure, KVG: 
elasto-perfectly plastic spring constant of vertical subgrade 
reaction beneath the Geo-wall body (kN/m) set from Eq. (2), 
the limited value of KVG is ultimate bearing capacity, KSG: 
elasto-perfectly plastic spring constant of horizontal shear 
reaction beneath the Geo-wall body (kN/m) set from Eq. (3), 
the limited value of KSG, Smax, is set from Eq. (4), KRG: 
elasto- plastic rotation spring constant beneath the Geo-wall 
body (kN/rad) set from Eq. (5), the limited value of KRG is 
determined by the ultimate bearing capacity, KVP: elasto- 

perfectly plastic vertical spring constant beneath the pile 
(kN/m) set from Eq. (6), the limited value of KVP is the 
ultimate bearing capacity of pile, kh and kv: coefficients of 
horizontal and vertical subgrade reaction (kN/m3) in normal 
time or seismic situation, which are estimated from 
Specifications for Highway Bridges (Part IV) [3], D: pile 
diameter (m), du: unit depth, namely 1.0m, AG and AP: cross 
section areas of the Geo-wall body and the pile (m2), c and 
φ: cohesion and shear resistance angle of foundation ground 
(kPa and rad).  
 
                                                                                             (1) 

                                                                                             (2) 

                                                                                             (3) 

                                                                                             (4) 

                                                                                             (5) 

                                                                                             (6) 
 

3. PRACTICABILITY OF THE MODEL TO DESIGN 

3.1 Earth retaining wall in normal time design situation 
The summary of the static loading test of Piled Geo-wall [1], 
which is targeted for verification of the practicability of the 
proposed external stability model to the design of earth 
retaining wall in normal time situation, is shown in Fig. 4. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig. 4. Summary of target static loading test. 
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Fig.5 shows the results of dynamic penetration tests 
converted to N value of standard penetration test (SPT) as 
the ground condition of the test. In this verification, the 
results of PD-2 obtained at the vicinity point of the target 
Piled Geo-wall was referred. 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig. 5. Ground condition. 
 
Fig. 6 shows the analysis results of the relationship between 
static load and displacement of Piled Geo-wall, top of the 
pile and Geo-wall body, which are compared with measured 
value from the test.  
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig. 6. Relative displacement between pile and Geo-wall. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig. 7. Maximum response of pile. 
 

And Fig. 7 shows comparisons with the analysis results of 
maximum response of pile and measured ones from the test. 
According to the results, it is confirmed that the proposed 
model can reproduce the response of Piled Geo-wall and 
relative displacement between pile and Geo-wall body. 

3.2 Earth retaining wall in seismic design situation 
Fig. 8 shows the transverse section of the model adopted in 
the dynamic centrifuge test (25G) [2], which is targeted for 
verification of the practicability of the proposed external 
stability model to the design of earth retaining wall in 
seismic situation. In this test, Piled Geo-wall was adopted as 
a seismic countermeasure for prevention of large 
deformation of the road embankment built on a slope. Slop 
ground was made up of cement-stabilized soil and, the soil 
of the embankment and the Geo-wall body was compacted 
with density control. Geotechnical and structural parameters 
converted to actual scale are presented on Table.1 and 2, 
respectively. Fig. 9 shows the input earthquake wave 
converted to actual scale. 
 
 
 
 
 
 
 
 
 
Fig. 8. Model of dynamic centrifuge test (25G). 
 
 
 
 
 
 
 
 
 
 
Fig. 9. Input earthquake. 
 
Table. 1. Geotechnical parameter. 

 E0 (kPa) c (kPa) φ (deg) 
Slope 3.26 x 105 55 0 
Embankment 3.0 x 104 0 40 
Geo-wall 3.0 x 104 0 40 
E0: deformation modulus, c: cohesion, φ: shear resistance angle 
 
Table. 2. Structural parameter. 

  E (kPa) A (m2/m) I (m4) 
Pile 2.0 x 108 4.79 x 10-3 2.04 x 10-4 
Geogrid 8.0 x 105 1.0 x 10-3 - 
E: Young modulus, A: sectional area, I: moment of inertia 
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Because recognizing of dynamic interaction between 
structure and surrounding ground is necessary in order to 
design the structure by static analysis, dynamic interaction 
between the Piled Geo-wall and the embankment, transition 
of pile response and earth pressure at the embankment side 
of the Piled Geo-wall at the time that the maximum pile 
response was obtained are shown in Fig. 10. 
 
 
 
 
 
 
 
 
 
 

(a) Dynamic interaction between PGW and embankment 
 
 
 
 
 
 
 
 
 

(b) Transition of maximum pile strain 
 
 
 
 
 
 
 
 
 
 

(c) Transition of earth pressure 
Fig. 10. Dynamic responses. 

 
According to the results, the antiphase between the response 
of Geo-wall body at 5th layer (the part with inserting pile) 
and ones of embankment and Geo-wall body at 10th layer 
(the part without inserting pile) is confirmed. And the states 
of inertia forces and earth pressure acting on the 
embankment side of Piled Geo-wall body at the time that the 
maximum pile response was obtained were confirmed as 
shown in Fig. 11. Fig.12 shows comparisons of the 
maximum response of the pile, which analyzed one by the 
confirmed load states and obtained one from the experiment. 
From this result, it could be confirmed that the proposed 
estimation model can reproduce well the actual response of 
the pile of the Piled Geo-wall. 
 
 

 
 
 
 
 
 
 
 
       (a) Dynamic interaction            (b) Load situation 

Fig. 11. Design situation. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig. 12. Maximum response of pile. 
 
In practical design, however, considering real dynamic 
interaction and load situation on the design stage is difficult. 
The inertia forces are estimated from design horizontal 
seismic coefficient of 0.8 in the experimental ground 
condition and the earthquake level and the earth pressure 
with the coefficient of earth pressure predicted by Eq. (7) is 
considered in Japan [4]. Large load situation is assumed in 
the design as the result as shown in Fig. 13. 
Fig. 14 shows the maximum pile response analyzed by 
proposed model with the deign load situation shown in Fig. 
13. An abnormal bending moment is occurred at the upper 
part of the pile as well as larger response than real one is 
obtained. This is caused by the considering of excessive 
inertia force, about 14 times of real one, at the upper part of 
the Geo-wall body (the part without inserting pile). From the 
following viewpoints, however, it is considered that the 
proposed model can be applied to practical design. 
- In the design executed on the stage that the real dynamic 

interaction and the real load situation, overestimating the 
response of the target structure is practical rather than the 
reproduction of actual one. It is the practical design. 

- From specifying that the piles have to be inserted to the top 
of Geo-wall body, occurrence of abnormal bending 
moment at upper part of the pile can be prevented. 

 
                                                                                             (7) 
 
Where, KEA: coefficient of active earth pressure during 
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earthquake, kh: design horizontal seismic coefficient 
 
 
 
 
 
 
 
 
 

Fig. 13. Design load situation. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig. 14. Maximum response of pile. 
 
Fig. 15 shows the comparison with the analysis result of the 
maximum response of Geo-wall body and measured one 
from the experiment. According to the results, it is 
confirmed that the proposed model can reproduce the real 
response of the Geo-wall body. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig. 15 Maximum response of Geo-wall body. 
 

3.3 Seismic countermeasure wall for road embankment 
The practicability of proposed model to the design on 
seismic countermeasure wall for prevention of large 
deformation of road embankment is confirmed from 
comparison with analyzed road surface deformation 
depending on maximum response of Piled Geo-wall 

estimated by the proposed model and ones obtained from the 
dynamic centrifuge model test (25G) shown in Fig.8. The 
measured points of the road surface deformation in the 
experiment are shown in Fig. 16. 
 
 
 
 
 
 
 
 
 
 

Fig. 16 Measured points of the road surface deformation. 
 
The road surface deformation depending on maximum 
response of Piled Geo-wall estimated by the proposed model 
is analyzed by using simple two-dimensional static elastic 
FEM as shown in Fig. 17. In this analysis, road surface 
deformation is analyzed by inputting estimated maximum 
Geo-wall response from the proposed model as an imposed 
deformation. 
Fig. 18 and 19 show the entire deformation results obtained 
from FEM and the comparison with analyzed road surface 
deformation by FEM and measured one from the experiment. 
According to the results, the analyzed deformation 
reproduces measured one comparatively well, hence it can 
be confirmed that the proposed model can apply to the 
verification of seismic performance of road embankment 
with Piled Geo-wall as a seismic countermeasure. 
 
 
 
 
 
 
 
 
 
 
 

Fig. 17. Analysis of road surface deformation. 
 
 
 
 
 
 
 
 
 
 
 
 

Fig. 18. Entire deformation obtained from FEM. 
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Fig. 19. Road surface deformation. 
 

3.4 Rock-fall protection wall 
The impact-loading test of Piled Geo-walls [1], which is 
targeted for verification of the practicability of the proposed 
external stability model to the design of rock-fall protection 
wall, is shown in Fig. 20. In this verification, the results of 
two impact-loading tests to actual scale models, one is 
adopted in the static loading test (PGW-1) shown in Fig.4 
and another is a new one (PGW-2), are targeted. The piles of 
PGW-2 are installed at outside of Geo-wall as shown in Fig. 
21, are adopted. 
 
 
 
 
 
 
 
 
 
 
 

Fig. 20. Impact-loading test. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig. 21. Structural condition and measurements of PGW-2. 

Fig. 22 shows proposed conversion procedure of design 
static load from impact-load in this study. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig. 22. Conversion procedure of design static load. 
 
Where, the maximum static load (Pmax) based on half sine 
wave method is estimated by Eq. 8. In this equation, m is 
mass, V0 is initial velocity (m/sec) at the time of the 
rock-fall impact to the Geo-wall body, which is predicted by 
Eq. 9, T is sustaining period (sec) of the impact by PGW, 
which is assumed as 0.07sec from the experiments, g is 
G-force, h is falling height of the rock fall.  
 
                                                                                             (8) 
 
                                                                                             (9) 
 
Energy absorption by Geo-wall body was assumed as 
follows;  
a.  The displacement-time relationship of the iron ball and 

the pile obtained from the experiment is converted to the 
load reduction-time relationship as shown in Fig. 23. The 
maximum load reduction is the maximum static load 
estimated by Eq. 8. Load reduction by pile is assumed 
from inverse analysis with using proposed external 
stability model, because high reproducibility of the static 
loaded pile displacement by using the proposed model 
was confirmed at the section “3.1”. 

 
 
 
 
 
 
 
 
 
 
 

Fig. 23. Load reduction-time relationship 
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b. The iron ball displacement expresses entire energy 
absorption, thus the difference of entire load reduction 
and one of pile was assumed as the reduction load by 
plastic deformation of Geo-wall body. 

c. From the abovementioned result, the relationship between 
load reduction ratio and plastic displacement of Geo-wall 
body was assumed as Eq. 10. 

 
                                                                                           (10) 
 
                                                                                           (11) 
 
                                                                                           (12) 
 
Where, cRP: load reduction ratio caused by plastic 
deformation of Geo-wall body, δ: plastic deformation of 
Geo-wall body (m) estimated by Eq. 11, Ks: equivalent 
plastic spring constant with respect to inserting rock-fall into 
Geo-wall body (kN/m), which is assumed as 1650kN/m 
from the experiments, PRmax: reduced static load with 
considering energy absorption by Geo-wall. 
The values of the impact period (T) and the equivalent 
plastic spring constant (Ks) are considered as variables 
depending on stiffness of the Geo-wall body and so on, but 
because the stiffness would not be so large different one if it 
is similar scale PGW with experiment one, it is considered 
that the values can be applied to small type of PGW. 
Load response ratio to pile expresses reduction (or 
amplification) effect of transmitting load to pile. It is well 
known that the response reduces if the structure with long 
natural period receives the impact load with short impact 
period; in contrast, the response amplifies if the structure 
with short natural period receives the impact load with 
comparative long impact period. Therefore, the coefficient 
considered the characteristics in case of using load estimated 
from half sine curve method was proposed, as Eq.13, from 
the past study [5]. According to the past study, the border of 
reduction and amplification of the response is said to be the 
case that the ratio of impact period of road and natural 
period of structure is about 0.26. 
 
                                                                                           (13) 
 
                                                                                           (14) 
 
                                                                                           (15) 
 
Where, cres: load response ratio to pile, rt: the ratio of impact 
period of road and natural period of pile, as Eq.14, t: natural 
period of pile (sec), PRES: load transmitting to pile (kN). 
And finally, the design static load (PD) is determined from 
the load reduction, which is estimated by equivalent energy 
method [6] of both elastic and elasto-plastic analyses with 
using the proposed external stability model. Fig. 24 shows 
an example of equivalent energy method applied to PGW 
design. 

 
 
 
 
 
 
 
 
 
 
 

Fig. 24. An example of equivalent energy method. 
 
Fig.25 and 26 show the maximum pile responses of PGW-1 
and 2, respectively. According to the results, it can be 
confirmed that the proposed external stability model 
reproduces well ones obtained from the experiments. Where, 
although it is no wonder that analyzed pile top displacements 
match up to obtained ones because the energy absorption of 
Geo-wall body was determined from inverse analysis of pile, 
the reproducibility can be confirmed from the distribution in 
depth of the displacement and the bending moment of piles. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig. 25. Maximum pile response (PGW-1). 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig. 26. Maximum pile response (PGW-2). 
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4. CONCLUSIONS 
The contents of this paper are concluded as follows; 
- Simple external stability model of Piled Geo-wall for 

practical design was proposed. 
- The practicability of the proposed design model was 

confirmed from good reproducibility of real response 
obtained from full-scale static and impact loading tests, 
and a dynamic centrifuge model test. 

- In the design on Piled Geo-wall in static load situation, 
high reproducibility of interaction between pile and 
Geo-wall body as well as one of pile response were 
confirmed. 

- In the design on Piled Geo-wall in seismic situation, it was 
confirmed that safety design can be executed in case with 
design load situation as well as high reproducibility of the 
pile response in case with real load situation. 

- In the design on Piled Geo-wall for rock-fall protection, 
conversion procedure of design static load from impact 
one was also proposed and its practicability was confirmed 
from good reproducibility of pile response by using the 
proposed procedure. 

The following issues, however, have to be conducted to 
apply the proposed model to more wide condition of Piled 
Geo-wall. 
- Application of the method to design on large scale (width, 

height) Piled Geo-wall. 
- Application of steel-pipe pile and multiple rows’ piles to 

Piled Geo-wall. 
- Improvement of static load conversion procedure from 

impact one as being able to apply to diverse conditions of 
Piled Geo-wall. 

Meanwhile, simple internal stability model has been also 
studied; it will be presented after more verification of 
validity. 
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1. INTRODUCTION 
The high strength prestressed spun concrete piles, commonly 
driven with hydraulic impact hammers or preferably installed 
with jacked-in rigs when considering the stricter regulations 
with respect to noise and vibrations in more urban areas, often 
offer a competitive choice of foundation system for projects 
with medium and high loadings. They are widely used in 
foundations for schools, high-rise buildings, factories, ports, 
bridges and power plants in this region.   
In early years, the main construction control for driven piles 
was mostly based on the measurement of set of each pile 
coupled with a selected small number of non-instrumented 
static load tests to verify the specified load-settlement 
requirements.  
In recent years, with critical evolution in the understanding of 
the load transfer and bearing behaviour of piles mainly 
through analysis of instrumented full-scale load tests 
(particularly for bored cast-in-place piles), many engineers 
can now appreciate that the pile performance is not simply a 
matter of ultimate load value alone. According to Fleming 
[1][2] some of the basic parameters required for forecasting 
pile deformation under loads include (a) Ultimate shaft load 
and its characteristics of transformation to the ground; (b) 
Ultimate base  load; (c)  Stiffness  of the  soil  below the pile 

 
 

 

 
base; (d) Pile dimensions; and (e) Stiffness of the pile 
material.  
This recent development in the understanding of the load 
transfer and bearing behaviour of piles in fact exerted a 
significant and positive influence on the evolution of codes of 
practice and design methods for foundations in some 
countries. For example, the revised Singapore Standard on 
Code of Practice for Foundations CP4: 2003[3], recommends 
that the static load test on preliminary test pile be 
instrumented to measure the transfer of load from the pile 
shaft and pile toe to the soil. The Code also recommends that 
for driven piles (similar to bored cast-in-place piles), the axial 
load capacity can be evaluated empirically from correlation 
with standard penetration tests SPT N-values (which are 
widely used in this region) using modified Meyerhof 
Equation, where the ultimate bearing capacity of a pile in 
compression is given by:  

 
Qu = Ks*Ns*As + Kb*(40Nb)*Ab       (1) 
  
where: 
 Qu = ultimate bearing capacity of the pile, kN, 
 Ks =  empirical design factor relating ultimate shaft load to 

SPT values, kN/ m2 per SPT blow, 
 Ns =  SPT value for the pile shaft, blows/300mm, 
 As =  perimeter area of the shaft, m2, 
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 Kb = empirical design factor relating ultimate end bearing 

load to SPT values, kN/ m2 per SPT blow, 
 Nb = SPT value for the pile base, blows/300mm, and  
 Ab = cross-sectional area of the pile base, m2.  
     

For bored piles, instrumentation using sacrificial cast-in 
vibrating wire strain gauges and mechanical tell-tales which 
permit for monitoring of axial loads and movements at 
various levels down the pile shaft including the pile toe level 
had been practiced successfully within limits of accuracy 
posed by constraints inherent of the installation method, in 
this region for many decades, allowing insight evaluation of 
Ks and Kb factors, including well documented history of 
“The Design of Foundations for Suntec City, Singapore” 
[4][5]. Recent use of Global Strain Extensometers (Glostrext) 
Method for bored piles in this region [6][7] also provides an 
excellent alternative means for similar purpose, but with the 
capability of producing a more reliable performance and 
accurate results.  For precast driven piles, the application of 
instrumented full-scale static load tests is far more 
challenging than their bored pile counterparts due to 
significant difference in method of pile installation. Due to 
practical shortcoming of conventional instrumentation 
method and the lack of innovation in this area, instrumented 
full-scale static load tests are in fact rarely used in driven pile 
application in this region. Therefore, the far lacking driven 
pile industry is long due for a better technology to 
revolutionize the methodology in the acquisition of design 
data in a more accurate and reliable way, to catch up with the 
evolution in the design methods.  
 
2.   CURRENT METHODS OF PILE 

INSTRUMENTATION 
 
2.1 Conventional Instrumentation Method 
 
A conventional instrumentation scheme for spun pile static 
load testing is shown in Fig. 1.  The method involves 
incorporating high temperature-resistant strain gauges into 
the heat-cured production process of prestressed spun 
concrete piles. 
This method is extremely unpopular and difficult to be 
routinely applied in project sites due to the following 
constraints: 
(a) High cost of these temperature-resistant strain gauges; 
(b) Tremendous difficulties involved in coordinating the 

installation of the strain gauges into pile segments; 
(c) Long lead-time is normally required for instrumentation 

works, as the instruments have to be pre-assembled and 
installed onto the high strength prestressing bar cage 
prior to heat-cured ‘spin-cast’ production process of the 
piles; and 

(d) Great uncertainty over the ability of the delicate 
instruments to withstand the stresses arising from pile 
production and driving processes. 

 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig. 1 - Diagrammatic illustration of conventional spun pile 

instrumentation scheme    

2.2 Approximate Instrumentation Method 
 
Due to the difficulties of using the conventional method, the 
engineering community for spun pile industry has been using 
an approximate instrumentation method for the past few 
decades, by installing either an instrumented reinforcement 
cage or an instrumented pipe, into the hollow core of spun 
piles followed by cement grout infilling (Fig. 2(a)). 
As this approximate method is comparatively more 
“convenient” to be implemented than the conventional 
method, it was widely practiced in this region for the past few 
decades. Some contract specifications also ask for the 
inclusion of conventional sleeved rod extensometers 
(depending on the space available) to monitor the pile 
shortening reading during the static load tests. Either using an 
instrumented reinforcement cage or an instrumented pipe, 
with or without the added-in sleeved rod extensometers, the 
end product after the cement grout infilling is more towards a 
solid pile, as shown in Fig. 2(b). 
Therefore the obvious shortcomings of this approximate 
method include: 
(a) The infilling of cement grout substantially alters the 

structural properties of the piles, thus rendering them 
significantly different from the actual working spun 
piles, which are usually not grouted internally;  

(b) The presence of the grout would change the overall 
stiffness of the pile and therefore the measured load 
distribution along the pile would be different under the 
applied loading.   
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(c) Structural shortening measurement of the test piles are 
not representative of the actual working piles; 

(d) Structural integrity of the original pile cannot be reliably 
ascertained, particularly performance of pile joints, 
during the static load test as the stiffness of the pile has 
been altered; and 

(e) Significant time loss due to grout infilling and curing 
process, beside the environmental unfriendly nature of 
this method. 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
 
 
 
 
Fig. 2(a) - Diagrammatic illustration of approximate spun pile 
instrumentation method    
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig. 2(b) - Section of instrumented spun pile after cement 
grout infilling in Approximate Method    
 
 
 

3. RECENTLY DEVELOPED INSTRUMENTATION  
To address the challenges and difficulties posed by the 
conventional and approximate methods, Global Strain 
Extensometer technology for spun piles had been developed, 
improved and field tested.  
In order to meet the requirements for practical 
instrumentation application on spun piles, the desired 
characteristics for the retrievable pneumatically anchored 
extensometer system were identified as follow: 
(i) To utilize the hollow core of spun piles (or cylinder 

concrete piles) as an ideal recess means for 
instrumentation purpose, generally the system shall be 
designed for clamping to internal side wall of spun piles; 

(ii) In use, the system shall be able to be pneumatically 
actuated and control remotely above the ground and the 
series of anchors in access hole shall be able to be 
connected by means of interconnecting rods.  

(iii)The system shall be designed to be retrievable from the 
access hole, with allowance for eight retractable pistons 
per anchor. 

(iv)The anchor shall be able to be clamped  to the side wall by 
at least 300 psi pressure. 

(v) Materials : Stainless steel or copper. 
(vi)The series of anchors in access hole shall have allowance 

for connecting to precision transducer sensor by means of 
fittings that grip the interconnecting rods. 

The concept of using hollow core of spun piles (or cylinder 
concrete piles) as recess means for retrievable 
instrumentation approach was then reviewed and 
re-examined, leading to suggested ideal arrangement of 
retrievable instrumentation approach as shown in Figures 
3(a),(b) , (c) & (d). 
 
3.1 Description of the State-of-the-Art Global Strain 

Extensometer technology 
 
The technology consists of a deformation monitoring system 
that uses advanced pneumatically-or hydraulically-anchored 
extensometers coupled with high-precision spring-loaded 
transducers, and a novel analytical technique to monitor loads 
and displacements down the shaft and at the toe of foundation 
piles. This method is particularly useful for monitoring pile 
performance and optimizing pile foundation design. 
To appreciate the innovation contained in the technology, the 
basic deformation measurement in the pile by strain gauges 
and tell-tale extensometers are reviewed.  Normally, strain 
gauges (typically short gauge length) are used for strain 
measurement at a particular level or spot, while tell-tale 
extensometers (typically long sleeved rod length) are used 
purely for shortening measurement over an interval (over a 
length between two levels). From a ‘strain measurement’ 
point of view, the strain gauge gives strain measurement over 
a very short gauge length while the tell-tale extensometer 
gives strain measurement over a very long gauge length!  
Tell-tale extensometer that measure strain over a very long 
gauge length may be viewed as a very large strain gauge or 
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simply called Global Strain Extensometer. With recent 
advancement in the manufacturing of high-precision 
spring-loaded vibrating-wire sensors, it is now possible to 
measure strain deformation over the entire length of piles in 
segments with ease during static load testing. 
 

 
 
Fig.3(a) Arrangement of retrievable instrumentation 

approach for typical spun pile instrumentation 
application. 

 

 
Fig. 3(b) Design for retrievable pneumatic extensometer 

anchors and transducer system 
 

 
 
Fig. 3(c)   Completed improved prototype for application    
 

 
 
Fig. 3 (d) Actual Global Strain Extensometer system for spun 

pile application    
 
Fig. 4 shows a schematic spun pile instrumentation diagram 
using Global Strain Extensometer technology. This system is 
equivalent to the conventional method of using 24 no. strain 
gauges and 6 no. sleeved rod extensometers, which might not 
be possible to be installed satisfactorily due to congestion in 
the spun piles. 
For the analysis of test data for spun piles using Global Strain 
Extensometer technology, the load distribution can be 
computed from the measured changes in global strain gauge 
readings and pile properties (cross-section area of spun pile 
and concrete modulus). Load transferred (Pave) at mid-point 
of each anchored interval can be calculated as: 

Pave = ε(Ec Ac )                (2) 
     

where,   
ε  = average change in global strain gauge readings; 
Ac  = cross-sectional area of spun pile section; 
Ec  = concrete secant modulus in pile section. 

With the instrumentation set-up as described in Fig. 4, the 
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state-of-the-art Global Strain Extensometers system is able to 
measure shortening and strains over an entire section of the 
test pile during each loading steps of a typical static pile load 
test, thus it integrates the strain over a larger and more 
representative sample.     
 
 
 
 
 
 
 
 
    
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig. 4 - Schematic diagram of typical instrumented spun pile 

using Global Strain Extensometer technology    
 
3.2 Verification of the Global Strain Extensometer 

System 
 
For the purpose of verification of the Global Strain 
Extensometer system, a special and detailed laboratory 
testing programme consisting of a series of full-scale tests on 
spun pile sections of various sizes has been implemented. The 
tests were carried out and completed in the laboratory, 
incorporating Global Strain Extensometer instrumentation 
technique alongside with and against well proven vibrating 
wire strain gauges systems in the test sections. 
The instrumented spun pile sections were tested by the 
normal Maintained Load (ML) Method, using hydraulic jack 
and high strength stress bar system. In the typical set-up used, 
the test loads were applied using 1 no. hydraulic jack (1,000 
tonnes capacity) acting against the main beam connected by 
high strength stress bar system . The jack was operated by an 
electric pump. The applied loads were indicated by calibrated 
Vibrating Wire Load Cell. To obtain good quality data, all 
instruments readings were logged automatic using Micro-10x 
datalogger, at 1 to 2 minutes interval for close monitoring 
during loading and unloading steps. The detailed test set-up, 
pile instrumentation comparison schemes adopted (using 
Global Strain Extensometer technique and strain gauges 

systems) and test data acquisition systems for verification 
load testing programmes are as shown in Figure 5.  
 

 
 
Fig. 5 Instrumentation Details and Test Setup. 
 
For a typical spun pile section, the test results for Pile Top 
Loads Versus Change in Strain measured by both Global 
Strain Extensometer Technology and Average of 12 no. 
Vibrating Wire Strain Gauges at Levels A, B and C are shown 
in Figure 6 and , plot of Pile Top Load & Change in Strain 
Versus Time for both Global Strain Extensometer 
Technology and Average of 12 no. Vibrating Wire Strain 
Gauges at Levels A, B and C are shown in Figure 7. 
Based on the results obtained from the laboratory tests it can 
be concluded that the axial strains measured by the two 
independent systems (conventional vibrating wire strain 
gauges and Global Strain Extensometers technique) show 
very similar characteristics and therefore in good agreement. 
The Global Strain Extensometers measure strains over an 
entire segment of the pile samples, thus it integrates the 
strains over a larger and more representative sample than the 
conventional strain gauges. 
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Fig. 6. Plot of Pile Top Loads (kN) Vs Change in Strain (µs) 
 

 
Fig. 7. Plot of Pile Top Loads (kN) & Change in Strain (µs) 

Vs Time (hours) for Spun Pile Section 
 
4.0 FIELD TESTING ON INSTRUMENTED SPUN 

PILES. 
 
The unique Global Strain Extensometer technology 
developed has been used to fully instrument 10 nos. of static 
axial compression load tests on driven prestressed spun 
concrete pile for a project site in the state of Johor, Malaysia. 
The structural properties and installation details (including 
drop height and final set record taken) for each test pile are 
given in Table 1 below.[8] 
The high strength prestressed spun concrete piles are driven 
with hydraulic impact hammers at the site. The test piles 
STP3, STP4R and STP7 were installed with a 9-ton BSP 
hydraulic impact hammer, STP5, STP6, STP8R2, STP10R 
and STP1 were also installed with a 9-ton BSP hydraulic 
impact hammer, while test piles STP2 and STP9R2 were 
installed with a 16-ton Twinwood hydraulic impact hammer, 

over a period of approximately two months.  
A typical pile instrumentation schemes adopted (using Global 
Strain Extensometer technique) for load testing programme, 
along with nearby borehole SPT N-values plot and subsurface 
exploration results from soil investigation are graphically 
represented in Figure 8. 
Table 1. Test Piles Structural Properties and Installation 

Details for Driven Piles 

 
 

 
Fig. 8. Pile instrumentation schemes adopted (using Global 
Strain Extensometer technique) 
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Test results acquired from Global Strain Extensometer 
technology on all tested piles appeared to be consistent, and 
the typical test results are reproduced here to highlight the 
capability of this technique (See Figures 9(a) to (f)). From 
highly consistent measurements of the structural elongation 
of the entire length of piles using Global Strain 
Extensometers the pile toe displacement behaviour can be 
reliably established by subtracting the structural elongation 
from the pile head displacement . 
Similarly, Global Strain Extensometer technology also enable 
pile displacement under load at any depth along the shaft to be 
accurately derived, based on its ability to make segmental or 
global shortening/elongation measurement along the whole 
pile independent of any external reference and free of 
common errors associated with the conventional sleeved rod 
extensometers. This enables the movement and strains at 
various levels down the pile shaft to be accurately 
determined, thus permitting a significantly improved means 
for the acquisition of load transfer data. 
The technology not only enables ease of the assessment of 
modulus–strain relationship and load transfer study it also 
significantly improves the reliability of the measurement of 
movement of pile between deeper soil stratums, as illustrated 
in the characteristic curves of mobilized unit shaft friction . 
 

 
 
Fig. 9(a). Plot of pile top load versus pile top settlement, pile 

base settlement and total shortening  
 

 
Fig. 9(b). Load Distribution Curve 
 

 
Fig. 9(c). Load Transfer Characteristics during Loading 

stages 

 
 
Fig. 9(d). Plot of Mobilised Unit End Bearing versus Pile 
Base Settlement 
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Fig. 9(e). Plot of Applied Pile Top Load, Total Shaft 

Resistance and Base Resistance versus Pile Top 
Settlement 

 

 
 
Fig. 9(f). Plot of Pile Base Load over Applied Pile Top Load 

versus Pile Top Settlement 
 
4.1 Correlation between SPT N-Value and Pile Design 

Parameters for Driven Spun Piles Test Results 
 
With critical evolution in the understanding of the load 
transfer and bearing behaviour of piles in recent years mainly 
through analysis of instrumented full-scale load tests, it is 
common that for driven piles, the axial load capacity can be 
evaluated empirically from correlation with standard 
penetration tests SPT N-values (which are widely used in this 
region) using modified Meyerhof Equation, where the 
ultimate bearing capacity of a pile in compression is given by 
equation  (1)  
As the instrumented full-scale static load tests for driven piles 
are rarely being carried out in this region due to lack of 
innovation in this area, there is strong need for the evaluation 
of Ks and Kb factors for driven piles to be carried out more 
routinely for the improvement of empirical method of 
designing piles based on the results of full-scale instrumented 
load tests, to catch up with the evolution in the design 

methods. 
For driven spun piles test results analyzed in this study, the 
results of the load transfer parameters for silty sand layer are 
summarized in  the corresponding correlation of SPT-N 
values versus Maximum Mobilised Unit Shaft Resistance for 
driven spun piles under this study as shown in Figure 10. The 
results of the end bearing parameters for driven spun piles are 
summarized in the plot of SPT-N values versus Maximum 
Mobilised Unit End Bearing Resistance under this study as 
shown  in Figure 11 
 

 
   
Fig. 10 Correlation of SPT value versus maximum mobilized 

unit shaft friction in silty sand layer for driven spun 
piles. 

 

 
Fig. 11 Correlation of SPT value versus max. mobilized unit 
end bearing in silty sand layer for driven spun piles. 
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The comments on correlation for driven spun piles test results 
are as follow: 
 
a) The silty sand layer for pile founding depth is generally 

overlain by 7m to 10m hydraulic sand fill followed by 
compressible weak marine clay layer from approximately 
10m to 26m depth, and the silty sand layer that underlies 
the sand fill and marine clay extends to depths beyond the 
toe of all driven spun piles; 

 
b) The SPT N-value in this silty sand layer generally varies 

between 10 and 100. The maximum mobilized unit shaft 
friction from the test results is generally between 29 kpa to 
346 kpa; 

 
c) Correlation results for driven spun piles yield shaft 

resistance factor, Ks = 3.2 in the shaft resistance empirical 
relationship of fs = Ks*Ns, where fs is the ultimate unit 
shaft reisistance, Ks is the empirical design factor relating 
ultimate shaft load to SPT N-value, kN/m2 per SPT blow 
and Ns   is the average SPT value for the pile shaft, 
blows/300mm. 

 
d) Correlation results for driven spun piles yield end bearing 

resistance factor, Kb = 1.3 in the end bearing resistance 
empirical relationship of  qb = Kb*(40Nb),  where qb is 
the ultimate unit end bearing reisistance, Kb is the 
empirical design factor relating ultimate end bearing load 
to SPT N-value,  kN/m2 per SPT blow, Nb  is the SPT 
value for the pile base, blows/300mm. 

 
e) It is worth to note that Singapore Standard (SS) CP4: 2003 

code of practice for foundations’ recommendation for Ks 
is between  2 to 5 for driven piles shaft resistance factor, 
subject to a limit of  fs = 200 kpa, and Kb is between 6 to 9 
for driven piles end bearing resistance factor, subject to a 
limit of  qb  = 18,000 kpa.  

 
f) Normally the critical shaft displacement is relatively 

small to fully mobilize the shaft resistance compared to 
the big movement that is needed to fully mobilize the end 
bearing. Therefore Ks = 3.2   from this study is able to 
serve as a useful initial design guide for shaft resistance 
factor in silty sand materials, while Kb = 1.3 represent a 
conservative approach for end bearing resistance factor in 
silty sand materials, as the majority of the piles are not 
tested to full failure. 

 
4.2    Advantages of using the Global Strain Extensometer 

Technology  
 
Due to the significant difference in the methodology 
evolution, from conventional sacrificial cast-in method to a 
new retrievable post-install approach, the Global Strain 
Extensometer technology has been proven via full-scale load 
tests to be a reliable and powerful pile load testing and data 

interpretation tool, capable of leading the spun pile 
instrumentation industry to a revolutionary improvement not 
seen in the past. 
Some of the obvious benefits of using Global Strain 
Extensometer technology are as follow: 
 
(i) The technology enables installation of instrumentation 

after pile-driving and thus virtually eliminates the risk of 
instrument damage during pile production and 
installation; 

 
(ii) The post-install nature of the method empowers engineers 

to select instrumentation levels along the as-built depth of 
foundation piles using pile driving/installation records 
and site investigation data as guides; 

 
(iii)The technology reliably measures segmental 

shortening/elongation and strain over an entire section of 
the test pile during each loading step of a typical static 
load test. Unlike the conventional strain gauges that make 
just localized strain measurements, the new technology 
integrates individual measurements over a larger and 
more representative sample; 

 
(iv)Significant cost and time saving, as the additional cage 

and cement grout infilling are not required; 
   
(v)The technology is extremely environmental friendly, as the 

sensors are retrievable, and no messing around with 
cement grouts; and 

 
5. CONCLUSIONS. 
 
The successful driven field testing programmes using the 
unique Global Strain Extensometer pile instrumentation 
technique have clearly demonstrated that the novel Global 
Strain Extensometer  instrumentation technique provides high 
quality, reliable and consistent results. Three distinct features 
of this method would especially appeal to engineers:   
• The method enables installation of instrumentation after 
pile-driving and thus virtually eliminates the risk of 
instrument damage during pile production and installation. 
• The post-install nature of the method enables engineers to 
select instrumentation levels along the as-built depth of 
driven piles using pile driving records and site investigation 
data as guides. 
• The method reliably measures segmental shortening and 
strains over an entire section of the test pile during each 
loading step of a typical static load test and unlike 
conventional strain gauges that make just localized strain 
measurements, integrates individual measurements over a 
larger and more representative sample, thus making the test 
results more informative. 
Pile instrumentation using the Global Strain Extensometer 
technique developed enables acquisition of design data in a 
more accurate and reliable way for shaft friction and end 
bearing parameters to be obtained for driven piles and 
subsequently help to optimize pile design. It also helps to 
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derive correlation of shaft friction and end bearing parameters 
with the standard penetration tests commonly used locally.  
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1. INTRODUCTION 
Novel grout materials have been developed to reinforce the 
ground and/or to control ground permeability with bacterially 
produced cement material [1]–[6]. These grout materials are 
called biogrouts. Three mechanisms of mineral formation 
have mainly been considered for biogrouts. The first 
mechanism is the precipitation of calcium carbonate by in situ 
microorganisms and/or added yeasts [2]. In this process, 
calcium carbonate is precipitated by the binding of carbonate 
ions released from microorganisms and calcium ions from the 
grout, which includes calcium and glucose. The second 
mechanism was reported by Whiffin et al. [3], who used urea 
instead of glucose and ureolytic Sporosarcina pasteurii 
instead of yeast and other in situ microorganisms; the 
decomposition of urea by S. pasteurii produced carbon 
dioxide, which supplied the carbonate ions. In both cases, 
additional pH buffers or ammonium ions play the role of pH 
adjusters for effective precipitation. The third mechanism is 
based on the pH dependence of the extension speed of the 
siloxane bond; this mechanism was reported by Terajima et 
al. [5], who utilized the carbon dioxide produced by yeast to 
neutralize the alkaline active silica solution because the 
siloxane bond rapidly extends and gelates in the middle range 
of pH. 

Soil and rock vary infinitely in their physical and chemical 
properties. This fact orients the development of biogrout 
along two main directions: one, to develop a highly 
general-purpose biogrout, and the other, to develop a 
specialized biogrout for a specific type of soil or rock. To 

 
 
 

apply biogrout to various soils and rocks, it is very important 
to increase the number of mechanisms available for the 
precipitation of cement materials. 

In engineering as well as in science, it is essential to learn 
from nature. In nature, various minerals, such as calcium 
carbonate, calcium sulfate, calcium phosphate, calcium 
oxalate, silicate, and iron oxide are precipitated by living 
organisms. These biominerals are promising as engineering 
materials because they have considerable strength and low 
environmental impact. In this study, we carried out a 
fundamental examination on novel grout materials composed 
of calcium phosphate compounds (CPCs) (Fig. 1). CPCs exist 
as phosphate rocks (e.g., fluorapatite) in the natural 
environment and also as an important inorganic substance 
(e.g., hydroxyapatite, HA) in living organisms [7]. As shown 
in Table 1, there are 11 known CPCs with various 
calcium-to-phosphate (Ca/P) molar ratios in the ternary 
system Ca(OH)2–H3PO4–H2O. Research and development 
of materials composed of CPCs are currently in progress, 
especially in the fields of medicine and dentistry. 
 

In vitro experiment using chemical reactionStep 1

In vitro experiment using a test piece made
by chemical reaction

Step 2

In vitro experiment using chemical reaction
and microbial activity

Step 3

In vitro experiment using a test piece made
by chemical reaction and microbial activity

Step 4

Scale-up of in vitro experimentStep 5
Practical scale experimentStep 6

This study

 
 
Fig. 1 Flowchart of the study. The steps carried out in this 
study are highlighted in gray. 

ABSTRACT 
 
To employ calcium phosphate compounds (CPCs) in ground improvement measures such as the reinforcement of soil 
and rock, we examined suitable conditions for CPC precipitation and performed unconfined compressive strength 
(UCS) tests of sand test pieces cemented by CPC. Two types of phosphate stock solution and two types of calcium stock 
solution were used to prepare the reaction mixtures and CPC precipitation was confirmed in all reaction mixtures. The 
volume of CPC precipitation in the mixture increased as the pH rose from strongly acidic to around neutral. The UCS of 
sand test pieces cemented by 1.5 M diammonium phosphate and 0.75 M calcium acetate tended to increase with time, 
reaching a maximum of 87.6 kPa. The results indicate the practical feasibility of using unique and new CPC grouts as 
chemical grouts because of their self-setting property and as biogrouts because of the pH dependence of precipitation. 
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Table 1 Properties of biologically relevant calcium 
orthophosphates. The table is adapted from Dorozhkin and 
Epple [7]. 

Ca/P 
ratio 

Compound Abbrevi-
ation 

Formula 

0.5 Monocalcium 
phosphate 
monohydrate 

MCPM 
(MCP) 

Ca(H2PO 4)2·H2O 

0.5 Monocalcium 
phosphate 
anhydrate 

MCPA 
(MCP) 

Ca(H2PO 4)2 

1.0 Dicalcium 
phosphate 
dihydrate 

DCPD 
(DCP) 

CaHPO4·2H2O 

1.0 Dicalcium 
phosphate 
anhydrate 

DCPA 
(DCP) 

CaHPO4 

1.33 Octacalcium 
phosphate 

OCP Ca8(HPO 4)2(PO4)4·5H2
O 

1.5 α-tricalcium 
phosphate 

α-TCP α-Ca3(PO4)2 

1.5 β-tricalcium 
phosphate 

β-TCP β-Ca3(PO4)2 

1.2-2.2 Amorphous 
calcium phosphate 

ACP Cax(PO4)y·nH2O 

1.5-1.67 Calcium-deficient 
hydroxyapatite 

CDHA Ca10-x(HPO4)X(PO4)6-x  
(OH)2-x  (0 < x < 1) 

1.67 Hydroxyapatite HA Ca10(PO4)6(OH)2 
2.0 Tetracalcium 

phosphate 
TTCP Ca4(PO4)2O 

 
Medical CPC paste, however, is extremely expensive and 

has high viscosity, which makes it unfeasible for engineering 
applications. Therefore, we considered CPC use from an 
engineering viewpoint and aimed to develop a grout material 
that could be precipitated under normal temperature and 
pressure through microbial activity by using materials that 
can be easily handled. To the best of our knowledge, no 
existing grout material makes use of the self-setting 
mechanism of CPC alone or employs microbial pH 
adjustment activity for CPC precipitation. CPCs have unique 
physical and chemical properties. Their numerous advantages 
as a grout material include the following: 
(1) Gel-like or amorphous CPCs change into HA over time 

(Fig. 2 [8]). Therefore, CPC hardens after injection into 
soil and rock because of the self-setting mechanism. 

(2) The solubility of CPCs depends on the pH of the 
surrounding environment (Figs. 3 [8] and 4). This makes 
it possible to utilize the mechanisms of pH adjustment by 
microorganisms, which are used in known biogrout 
methods to control CPC precipitation. 

(3) Phosphate and calcium stock solutions can be made from 
fertilizers, and calcium and phosphate can also be 
extracted from the bones of livestock and the shells of 
aquatic animals, respectively.  

(4) CPCs that precipitate after grout injection are non-toxic.  
(5) Unlike concrete, re-excavated muck that consists of soil, 

rock, and CPC grout is recyclable as agricultural fertilizer. 
We begin by focusing on the development of a novel grout 

material intended for soil materials (sand, in this study). We 
then extend our approach to control the strength and 
permeability of rock materials. This work can contribute to 
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Fig. 2 Formation, stability, and hydrolysis of calcium 
phosphates as a function of phosphate concentration (log(P)) 
in solutions of amorphous calcium phosphate (ACP) at 
neutral pH. OCP, octacalcium phosphate; HA, 
hydroxyapatite. The figure is adapted from Tung [8]. 
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Fig. 3 Solubility phase diagrams for the ternary system, 
Ca(OH)2–H3PO4–H2O, at 25 °C, showing the solubility 
isotherms of CaHPO4 (DCPA), CaHPO4·2H2O (DCPD), 
Ca8H2(PO4)6·5H2O (OCP), α-Ca3(PO4)2 (α-TCP), 
β-Ca3(PO4)2 (β-TCP), Ca4(PO4)2O (TTCP), and 
Ca10(PO4)6· (OH)2, (HA). The figure is adapted from Tung 
[8]. 
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Fig. 4 Effect of pH on the precipitation volume of CPC. 
countermeasures for liquefaction in alluvial plains and 
reclaimed land, and to measures for preventing the failure of 
natural and/or artificial slopes. 

In this study, the most suitable conditions for CPC 
precipitation were determined in an in vitro examination by 
using phosphate and calcium stock solutions (Step 1 in Fig. 1). 
Subsequently, test pieces composed of sand cemented by 
CPC were subjected to unconfined compressive strength 
(UCS) tests and observed by scanning electron microscopy 
(SEM) (Step 2 in Fig. 1). Our aim was to evaluate the 
feasibility of using the unique and novel grout as both a 
chemical and a microbiological grout by exploiting the 
self-setting property of CPC and the microbial pH adjustment 
activity in CPC precipitation, respectively. 

2. MATERIALS AND METHODS 

2.1 CPC Precipitation Test 
Reagents with relatively high solubility were chosen for 
convenient handling in a practical application. 
Monoammonium phosphate (MAP, pH 4.2) and 
diammonium phosphate (DAP, pH 8.0) were used as the 
components of the phosphate stock solution—a type of 
agricultural fertilizer that can be prepared easily. For the 
calcium stock solution, calcium nitrate (CN) or calcium 
acetate (CA) was used. All reagents were of special grade. 

The reaction mixtures were prepared by mixing the 
ammonium phosphate (AP) solution and one of the two 
calcium solutions at a 1:1 volume ratio (2 mL each); 
consequently, the final concentrations of the AP and calcium 
stock solutions were half the initial concentrations. The initial 
concentrations of the AP and CN solutions were 0.2, 1.0, 2.0, 
and 3.0 M (the final concentrations were 0.1, 0.5, 1.0, and 1.5 
M). A 3.0 M MAP solution could not be prepared because the 
water solubility of MAP at 20 °C is 27.2 g/100 g. The 
solubility of calcium acetate is 25.8 g/100 g water (20 °C). 
Because we could not prepare a 2 M solution of calcium 
acetate, the concentrations of the CA stock solution were set 
at 0.2, 1.0, and 1.5 M (the final concentrations were 0.1, 0.5, 
and 0.75 M). The in vitro precipitation tests were conducted 
for the entire set of combinations of AP stock solutions and 
CN or CA stock solutions. 

Subsequently, the reaction mixtures were left standing at 
20 °C for 3 months to monitor their precipitation status; a 
period of 3 months was chosen because changes in this status 
can appear with time depending on the properties of the CPC. 
To observe the precipitation status, the proportion of the CPC 
precipitation volume to the reaction mixture volume (PPV) 
was measured during this time (the maximum PPV was 1.0). 
Simultaneously, the pH of the reaction mixture was measured 
by using a pH Spear, a device designed for measuring the pH 
of solids and semisolids, including gels. 

2.2  UCS Test of Sand Test Pieces Cemented by CPC 
Reaction mixtures (sets of each stock solution) for the UCS 
test (Fig. 5) were selected according to three criteria, based on 

the results of the in vitro CPC precipitation test. 

C D

A B

 
 
Fig. 5 Toyoura sand test pieces cemented by CPC. A, mixing 
stock solutions and Toyoura sand; B, a test piece covered with 
Parafilm; C, a self-standing test piece cemented by CPC; D, 
UCS test. 
 
 
Table 2 Physical characteristics of Toyoura sand. 

Soil particle density, ρs (g/cm3) 2.64 
Minimum density, ρdmin  (g/cm3) 1.335±0.005 
Maximum density, ρdmax  (g/cm3) 1.645±0.010 
Maximum void ratio, emax 0.973 
Minimum void ratio, emin 0.609 
Mean grain size, D 50 (mm) 0.17 
10% diameter on grain size diagram, D10 (mm) 0.11 
Fine fraction content, Fc (%) 0 

 
 

Criterion 1: Set of stock solutions with the minimum 
concentration among reaction mixtures that showed a PPV of 
1.0 (DAP/CN = 1.0 M:0.5 M, DAP/CA = 1.0 M:0.5 M). 

Criterion 2: Set of stock solutions with the maximum PPV 
among those with the maximum concentration (DAP/CN = 
1.5 M:1.5 M, DAP/CA = 1.5 M:0.75 M). 

Criterion 3: Set of stock solutions with a concentration that 
is closest to average of the concentrations discussed in criteria 
1 and 2 (DAP/CN = 1.0 M:1.0 M, DAP/CA = 1.0 M:0.75 M). 

Table 2 lists the physical properties of the Toyoura sand 
used as a soil material in this study. To avoid the destruction 
of the test pieces during their removal from the mold, the 
inner wall of the mold container (φ = 5 cm, h = 10 cm) was 
covered with a 0.01-cm-thick overhead projector (OHP) sheet. 
The volumes of the test pieces made by the mold container 
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and maximum volume of the reaction mixture injected into 
the voids between the Toyoura sand particles were 194.59 
cm3 and 73.3 mL, respectively. Considering these values, 
36.7 mL each of the DAP and calcium stock solutions were 
mixed, making their final concentrations half of their initial 
concentrations. Immediately after the reaction mixture was 
prepared, it was uniformly mixed with weighted Toyoura 
sand in a stainless-steel ball for 2 min. This mixture was 
divided into quarters, each of which was placed into a mold 
with an OHP sheet. The sand in the mold container was 
tamped down 30 times by a hand rammer after each of the 
four quarters was placed in the mold. Finally, the edge surface 
of the test piece was molded flat and covered with Parafilm M 
to avoid desiccation. The test pieces were cured in an airtight 
container at a high humidity for 1, 7, 14, and 84 days at 20 °C. 
The UCS of the test pieces removed from the mold container 
after curing was measured at an axial strain rate of 1 %/min 
by employing a UCS apparatus. For each curing time, two test 
pieces were used to perform the UCS test. 

2.3 SEM Observation of Sand Test Pieces Cemented by 
CPC 
Segments of UCS test pieces cemented by the reaction 
mixture with the maximum PPV value among the sets of AP 
and calcium stock solutions with the maximum concentration 
were observed by SEM. The segment of the test piece was 
allowed to dry naturally at 20 °C for a few days and was then 
carbon-coated by a carbon coater. SEM observations were 
carried out at an accelerating voltage of 15 kV and at ×2000 
magnification. Simultaneously, elemental analyses of test 
piece segments were performed by using an energy dispersive 
X-ray fluorescence spectrometer (EDX) with SEM. 

3 RESULTS 

3.1 CPC Precipitation Test 
CPC precipitation was observed in all reaction mixtures (Fig. 
6). The pH of the reaction mixture ranged from 1.6 to 7.5 for 
CN and from 4.6 to 7.9 for CA. The pH showed the highest 
values among all combinations of AP and CN or CA when 
DAP was used as AP. The PPV showed a tendency to 
increase with the pH. 

3.2  UCS Test of Sand Test Pieces Cemented by CPC 
Toyoura sand test pieces cemented by six reaction mixture 
sets were selected based on the results of an in vitro 
precipitation test (Fig. 7). The measured UCS in this study 
ranged from 10.2 to 87.6 kPa. The maximum value was 
measured when the DPA/CA ratio was 1.5 M:0.75 M (Fig. 7 
(F)). The UCS tended to increase with the curing time. Test 
pieces with a DAP/CA ratio of 1 M:0.5 M showed a UCS of 
over 20 kPa without any tendency to increase with curing 
time. The UCS values of the other four reaction mixtures 
were below 20 kPa and showed neither increasing nor 
decreasing trends as a function of the curing time. 

3.3 SEM Observation of Sand Test Pieces Cemented by 
CPC 
Segments of UCS test pieces cemented by the reaction 
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Fig. 6 Relationship between the proportion of CPC 
precipitation volume of reaction mixture (PPV) and pH for 
calcium nitrate (CN) and calcium acetate (CA). The value is 
represented as the proportion of the precipitation volume to 
the entire volume of the reaction mixture (4 mL). In vitro 
precipitation test was carried out by mixing equal volumes of 
ammonium phosphate and calcium nitrate or calcium acetate 
solutions. 
 
 
mixture with the maximum PPV among the sets of AP and 
calcium stock solutions with the maximum concentration 
were observed by SEM (Figs. 7 (C) and (F)). In images 
captured at ×76 magnification, particles of Toyoura sand 
were covered with precipitation in both the CN and CA stock 
solutions (Figs. 8 (A) and (D)). In images captured at ×600 
magnification, bridges built between particles of Toyoura 
sand by precipitation were observed (Figs. 8 (B) and (E)). At 
×2000 magnification, plate-like crystals with diameters of 
~10 μm were observed in the segment cemented by CN stock 
solution (Fig. 8 (C)). In contrast, a collection of whisker-like 
precipitations was formed in the segment cemented by the CA 
stock solution (Fig. 8 (F)). Through elemental analysis, it was 
found that the distributions of phosphorous and calcium 
overlapped and corresponded to the distribution of 
precipitation in the SEM images. 
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Fig. 7 Temporal variations in unconfined compressive 
strength (UCS) of Toyoura sand test pieces cemented by 
CPCs. Mixing concentrations of diammonium phosphate 
(DAP) and calcium solutions (calcium nitrate (CN) and 
calcium acetate (CA)) for mixture of each grout: (A), 1.0 
M:0.5 M; (B), 1.0 M:1.0 M; (C), 1.5 M:1.5 M; (D), 1.0 M:0.5 
M; (E), 1.0 M:0.75 M; (F), 1.5 M:0.75 M. The dashed line 
represents the change in the average of two measurements. 
 

4 DISCUSSION 

4.1 Relationship between CPC Precipitation and pH of 
Reaction Mixture 
The results of an in vitro CPC precipitation test showed that 
the PPV tended to increase as the pH increased from strongly 
acidic to around neutral. Apparently, this is why the solubility 
of the CPC decreased at around neutrality and in a weakly 
alkaline region [8]. The Ca/P molar ratios in all reaction 
mixtures of each set were constant, regardless of pH. This 
indicates the possibility that pH-increasing actions, including 
microbial activity, e.g., urea hydrolysis of S. pasteurii [3], can 
effectively promote crystallization of CPC after the injection 
of an acidic reaction mixture with little precipitation into soil 
and rock. 

In the case of 1.5 M CN (Fig. 6 (D)), the pH of the reaction 
mixture was below 4, even at the maximum PPV. This shows 
that if calcium is saturated, CPC can be precipitated in acidic 
conditions under which the solubility of CPC is higher. Some 
types of peat soils, which typically form a poor ground 
surface, show acidic properties due to the presence of humic 
acid [9]. The above results demonstrate the suitability of 
applying the CPC grout to such a soil. Because the solubility 
of CPC is also higher in alkaline regions around pH 12, a high 

concentration of calcium can be achieved in such alkaline 
conditions [10]. The mechanism proposed by Kawasaki et al. 
[2] of utilizing acidification by carbon dioxide from yeasts 

 
 
Fig. 8 Scanning electron microscope (SEM) images of 
Toyoura sand test pieces cemented by diammonium 
phosphate and calcium nitrate (A, B, and C) or calcium 
acetate (D, E, and F). A and D, ×76; B and D, ×600; and C and 
F, ×2000. An accelerating voltage of 15 kV was used for the 
observations. Bars represent 500, 50, and 10 μm in A and D, 
B and E, and C and F, respectively. 
 
 
may precipitate a large amount of CPC if an alkaline stock 
solution is initially used. In this case, it is necessary to study 
the utilization and activation of alkali-tolerant yeasts and 
bacteria. 

4.2 UCS Improved by CPC 
The most suitable combination of AP and calcium stock 
solution concentrations for improving the strength of the UCS 
test piece was a DAP/CA ratio of 1.5 M:0.75 M (Fig. 7 (F)), 
for which the UCS reached a maximum of 87.6 kPa. In 
contrast, all UCS values of the test pieces subjected to CN 
treatment were below 20 kPa and showed no significant 
trends (Figs. 7 (A)–(C)). SEM images of test pieces subjected 
to CA treatment showed whisker-like crystal formation 
among particles of Toyoura sand (Fig. 8). It has been reported 
that HA whiskers are formed by adding an acetic acid 
solution to amorphous calcium phosphate [11]. In Portland 
cement, the formation of ettringite, which shows whisker-like 
crystals, promotes solidification and increases strength [12]. 
These results suggest that the strength of the test pieces 
subjected to CA treatment in this study might increase if 
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whisker-like HA crystals are formed within them. In addition, 
they show that CA would be a potent candidate calcium stock 
solution in applications of CPC grout. In contrast, plate-like 
crystals were formed in test pieces treated with CN (Fig. 8). 
Zhang et al. [13] reported that plate-like HA formed in cases 
where CN was used as the calcium stock solution. There are a 
few CPCs, e.g., octacalcium phosphate (OCP) [14] and 
dicalcium phosphate (DCP) [11], whose precipitation leads to 
plate-like crystals. Non-HA CPC ultimately changes into HA 
[8]. Thus, the crystal form in test pieces treated with CN may 
change after a long curing period, thereby increasing the 
strength of the test pieces. 

Whiffin et al. [3] reported that the precipitation of at least 
60 kg/m3 of calcium carbonate is required to achieve a 
measurable strength improvement in a sand test piece 
(porosity, 37.8%) by using biogrout. Assuming that HA 
(Ca/PO4/OH molar ratio of 5:3:1) precipitates maximally in 
the most porous of the Toyoura sand test pieces, the 
theoretical value of CPC precipitation in 73.3 mL of the 
reaction mixture was 5.5 g in the test piece shown in Fig. 7 (F) 
(porosity, 37.7%). The details of this piece, which is 
cemented with a DAP/CA ratio of 1.5 M:0.75 M, are as 
follows: 
(1) 0.75 M Ca corresponds to ~2.2 g of Ca mass 
(2) 0.45 M PO4 corresponds to ~3.1 g of PO4 mass 
(3) 0.15 M OH corresponds to ~0.2 g of OH mass 

The volume of the Toyoura sand test piece was 194.59 
cm3; therefore, the proportionate CPC precipitation mass for a 
volume of 1 m3 is 28.3 kg. This means that the CPC grout 
attained a UCS of 87.6 kPa by a relatively low amount of 
CPC precipitation. A surplus of phosphate may exist in the 
pore water of the test pieces treated with CA because HA has 
a calcium-phosphorus molar ratio of 1.67 (Table 1). This 
suggests that multiple injections of calcium stock solution 
increase HA precipitation and induce the strengthening of test 
pieces, as described previously [6]. 

In this study, we begin by focusing on the development of 
novel grout material intended for soil materials (sand, in this 
study) and assume that the phosphate solution and calcium 
solution are mixed just before injection or that they are mixed 
in the ground after being sequentially injected. The procedure 
for mixing them might be formulated based on the viscosity 
of the reaction mixture, the PPV of CPC precipitation, and the 
precipitation status over time for a particular combination of 
stock solutions. It is also necessary to conduct a detailed 
evaluation of the relationship between the UCS and the rate of 
stiffening because temporal variation in the UCS over the 
long term may prove to be one of the most important 
parameters in determining the applicability of CPC. 
 

4.3 Application of Knowledge in and Collaboration with 
Medical and Dental Sciences 
The feasibility of improving the UCS was examined by 
forming CPC with only solutions that can be conveniently 
handled during practical application. Chow [15] reported that 
the utilization of CPC seed crystal caused the strengthening of 
HA in CPC solution. In particular, Chow [15] pointed out that 
utilization of a powder mixture of TTCP (tetracalcium 

phosphate) and DCP led to a stronger HA with the greatest 
purity. The pastes also possessed the properties of self-setting 
and biocompatibility. 

Research on CPC paste has established that a maximum 
compressive strength of 56 MPa can be obtained with a 
mixture of DCP and α-TCP (α-tricalcium phosphate) pastes 
and a seed crystal of calcium carbonate; this is substantially 
larger than the compressive strength of 35 MPa obtained 
without the seed [16]. This observation shows that the 
presence of the calcium carbonate seed crystal can 
supplement the effect of strength reinforcement, as is the case 
for the CPC grout studied here. Co-existing ions (e.g., 
magnesium ions) with in situ pore water change the form of 
the CPC crystal [17], and the compressive strength of HA is 
increased by the co-existence of bone marrow cells and CPC 
[18]. These observations suggest that the effective utilization 
of ionic and/or organic materials can be an important method 
for strength reinforcement in the geotechnical field. 

Nowadays, clinical breakthroughs are made daily in the 
medical and dental sciences; these include the enhancement 
of the injectable [19], biocompatibility, and self-setting 
properties of CPC paste by organic matter [20] as well as the 
development of novel apatite blocks [21]. The injectability of 
CPC grout is also one of the most important factors in its 
application to natural soils and rocks with minute cracks. The 
medical and dental sciences have accrued an extensive 
amount of fundamental knowledge regarding CPC. 

5 CONCLUSION 
In this study, we examined the feasibility of a new grout 
material composed of CPC. A candidate cement type that 
increased the UCS of the sand test piece with time was 
identified by evaluating the effect of pH, the type of 
phosphate and calcium stock solutions, and the component 
ratios of the phosphate stock solution on the PPV of CPC. 
Although only chemical reactions for CPC precipitation were 
examined, the results of this study showed that CPCs have 
sufficient potential for use as (1) chemical grouts, because of 
their self-setting property, and (2) biogrouts, because of their 
crystal structure and the pH dependence of precipitation. 

Changes in the concentration of the reaction mixture were 
not reflected proportionally in the strength of the sand test 
pieces. In the future, additional tests aimed at determining the 
improvement in the strength by CPC are needed to understand 
more clearly the underlying mechanical processes and to 
facilitate practical application. The relationship between the 
strength and the various CPC precipitation parameters 
(concentration and pH of reaction mixture, curing time, etc.) 
should be examined in further detail, as continued research is 
needed to identify the process or processes that link crystal 
precipitation to the increase in strength. Furthermore, 
shearing and permeability tests using pieces cemented by 
CPC should be conducted to evaluate the applicability of 
CPCs for purposes such as permeability control and 
reinforcement of soil and rock. 
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1. INTRODUCTION                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                             
Soils are natural and environmentally friendly materials and 
they can be very economical for constructing fill slopes, 
landfill covers, pavements and various earth structures 
including retaining walls, dams and foundations. Under 
proper design, they can be very robust. Accurate 
measurements of soil stiffness at very small strains (0.001% 
or less) and small strains (between 0.001% and 1%) is 
essential for correctly predicting  ground movements and 
dynamic responses of many earth structures at working 
conditions (Burland, 1989; Atkinson and Sallförs, 1991; Mair, 
1993; Ng and Lings, 1995; Brown, 1996; Malone et al., 1997; 
Atkinson, 2000; Mancuso et al., 2002; Ng and Menzies, 2007; 
Ng and Yung, 2008; Clayton, 2011; Ng and Xu, 2012). Up to 
now, small-strain stiffness of saturated soils has been studied 
by many researchers (Atkinson and Sallförs, 1991; Atkinson, 
2000; Clayton, 2011). It is found that shear stiffness of 
saturated soil depends on many factors such as effective stress, 
strain level and recent stress history. 
   In many parts of the world, soils at and near the Earth’s 
surface are often unsaturated and they are subjected to 
seasonal variations of moisture content (i.e., soil suction).. 
Previous experimental studies revealed that shear modulus 
G0 at very small strains of an unsaturated soil is significantly 
affected by soil suction (Mancuso et al. 2002). This study is 
limited to the measurement of a single G0 value from each 
specimen. The degree of stiffness anisotropy of unsaturated 
soil is rarely reported, with the exceptions of Ng and Yung 
(2008) and Ng et al. (2009). The former investigated the 
degree of stiffness anisotropy of recompacted completely 
decomposed tuff (CDT) under both saturated and unsaturated 
 
 

conditions, whereas the latter studied the effects of 
wetting-drying and stress ratio on anisotropic shear stiffness 
of CDT at very small strains. Ng and Xu (2012) explored the 
effects of suction history, which refers to current suction ratio 
and recent suction history, on both very small strain shear 
modulus and shear modulus reduction curve of an unsaturated 
soil.  

For pavements, subgrade soils are often unsaturated and 
they are subjected to seasonal variations of moisture and 
cyclic traffic loads. Resilient modulus MR, defined by Seed 
(1962) as the ratio of repeated deviator stress to recoverable 
axial strain in a cyclic triaxial test, is commonly used to 
determine soil stiffness under cyclic loads. By testing soil 
specimens compacted at different water contents, previous 
researchers reported that MR of an unsaturated soil is 
significantly dependent on water content (Seed et al., 1962; 
Jin et al., 1994; Lekarp et al., 2000; Kim and Kim, 2007). 
However, soil suction was rarely measured or controlled in 
previous resilient modulus tests.  

By using a newly modified suction-controlled triaxial 
apparatus equipped with three pairs of bender elements and 
local Hall-effect transducers, measurements of anisotropic 
shear modulus at very small strains and shear modulus 
degradation curve of an unsaturated weathered soil 
(completely decomposed tuff, CDT) at small strains are 
described and discussed in this paper.  Moreover, resilient 
modulus of CDT under cyclic loads is investigated. 
Semi-empirical state-dependent equations are proposed to 
describe and predict anisotropic shear modulus and resilient 
modulus of the unsaturated CDT. It should be noted that the 
contents of this keynote paper are mainly based on Ng and 
Yung (2008), Ng et al. (2009) and Ng and Xu (2012) and Ng 
et al. (2012).  

Shear Stiffness of Unsaturated Soil under Static and Cyclic Loads 
C. W. W. Ng, C. Zhou and J. Xu 

Department of Civil and Environmental Engineering, the Hong Kong University of Science and Technology, Clear 
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ABSTRACT 

Shear stiffness of soil is one of the most important geotechnical parameters for predicting ground movements and 
dynamic responses of many earth structures.  In this study, a suction-controlled triaxial apparatus is newly modified to 
investigate anisotropic shear stiffness of an unsaturated soil either subjected to static or cyclic loads. This new apparatus 
is equipped with three pairs of bender elements and local Hall-effect transducers. Measured results of anisotropic shear 
modulus at very small strains, shear modulus degradation curve at small strains and resilient modulus of an unsaturated 
soil under both static and cyclic loading-unloading are reported. Semi-empirical state-dependent equations predicting 
anisotropic shear modulus and resilient modulus of unsaturated soil are proposed and verified using experimental 
results. 
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2. THEORETICAL CONSIDERATIONS 

2.1 State-dependent anisotropic shear modulus at very 
small strains 
Previous researchers (Roesler, 1979; Stokoe et al., 1995; 
Jamiolkowski et al., 1995; Bellotti et al., 1996) found that the 
velocity of a shear wave propagating in a completely dry or 
saturated soil depends on the principal stresses in the plane of 
shear (i.e., stresses in the directions of wave propagation and 
particle motion), but it is independent of the stress normal to 
the plane of shear. Effects of the two principal stresses in the 
plane of shear on shear wave velocity are found to be similar 
(Bellotti et al., 1996). In addition to principal stresses, void 
ratio also has an effect on shear wave velocity. Based on these 
findings, Ng and Leung (2007) proposed a semi-empirical 
equation for the relationship between shear wave velocity and 
the state of a saturated soil: 
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                                                  (1)  
 
where Cij is a constant reflecting the inherent soil properties 
in the ij plane, with dimension m/s; f (e) is a void ratio 
function relating shear wave velocity to void ratio; pr is a 
reference pressure, taken as 1 kPa for simplicity in this study; 
n is an empirical stress exponent; σ i’ and σ j’ are effective 
principal stresses in the direction of wave propagation and 
particle motion, respectively.  
   With the development of unsaturated soil mechanics since 
the 1950s, various stress state variables have been proposed 
to describe the behaviour of unsaturated soils (Bishop, 1959; 
Jennings and Burland, 1962; Fredlund and Morgenstern, 
1977; Alonso et al., 1990; Wheeler and Sivakumar, 1995; 
Houlsby, 1997; Gens, 2010). Based on thermodynamic 
theory, Houlsby (1997) showed that a complete description of 
unsaturated soil behaviour requires at least two stress state 
variables. Keeping the interpretation of experimental data 
rigorous yet simple, this study adopts the most commonly 
used two independent stress state variables (Jennings and 
Burland, 1962), namely net normal stress (σ-ua) and matric 
suction (ua-uw), where σ, ua, uw are total normal stress, pore 
air pressure and pore water pressure, respectively. Based on 
these two independent stress state variables, Ng and Yung 
(2008) proposed the following expression to capture velocity 
of shear waves travelling in unsaturated soil:  
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where b is an empirical exponent reflecting the influence of 
matric suction on shear wave velocity. This equation allows a 
smooth transition between unsaturated and saturated states. 
When soil is saturated (i.e., ua-uw = 0), Eq. (2) reduces to Eq. 
(1). 

The shear wave velocity for a homogeneous 
cross-anisotropic elastic continuum with a symmetrical 
vertical axis subjected to principal stresses in the horizontal 
and vertical directions is expressed by the following equation 
(Mavko et al., 1998): 

 
( ) 0( ) /s ij ijv G ρ=                                                                         (3)   

 
where ρ is bulk density of the medium and G0(ij)  is elastic 
shear modulus in the ij plane. If a specimen is homogeneous 
and cross-anisotropic, shear modulus of an unsaturated soil, 
G0(ij), can be obtained from Eq.s (2) and (3) and expressed as 
follows (Ng and Yung, 2008):  
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where F(e) is void ratio function relating shear modulus to 
void ratio, given by 
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where e is void ratio; Gs is specific gravity of soil; ρw is water 
density and Sr is degree of saturation, which is 1 for saturated 
soil.  

2.2 Degree of stiffness anisotropy 
If the degree of stiffness anisotropy of a soil is expressed in 
terms of the ratio of shear modulus in the horizontal plane 
(G0(hh)) to that in the vertical plane (G0(hv)), by making use of 
Eq. (4), degree of stiffness anisotropy of an unsaturated soil 
can be expressed as follows (Ng and Yung, 2008):  
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It can be seen from Eq. (6) that the degree of stiffness 

anisotropy of an unsaturated soil depends on inherent 
material properties, C 2 

hh /C 2 
hv , and the ratio of net normal 

stresses in the horizontal and vertical directions, 
(σh-ua)/(σv-ua). However, the degree of stiffness anisotropy 
appears to be independent of matric suction. If a soil is 
subjected to isotropic stress condition, this equation can be 
further simplified: 
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Equation (7) suggests that under isotropic stress state, 

degree of stiffness anisotropy expressed in terms of 
G0(hh)/G0(hv) only depends on inherent anisotropic material 
properties.  

2.3 Resilient modulus under cyclic loads 
Many equations have been proposed to predict MR. One of 
the most widely used formulations in pavement engineering 
is as follows (Uzan, 1985):  
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where σ1, σ2 and σ3  are principal total stresses; qcyc is cyclic 
shear stress, defined as the amplitude of change in deviator 
stress during cyclic loading-unloading; patm is atmospheric 
pressure and parameters ar, br and cr are regression 
coefficients. Clearly, Eq. (8) cannot completely describe MR  
of an unsaturated soil since it does not consider the effects of 
matric suction on soil behaviour explicitly.  

Following its definition, MR can be considered to be 
equivalent to secant Young’s modulus of a material (Brown et 
al., 1987). For an isotropic elastic material, Young’s modulus 
is linked to shear modulus G by the formulation of E = 2G 
(1+ν), where ν is Poisson’s ratio. It may be reasonable to 
assume that suction affects shear modulus and resilient 
modulus in a similar manner qualitatively. Referring to Eq. 
(4), it is logical to propose and revise Eq. (8) for MR of an 
unsaturated soil as follows: 
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where p is net mean stress, defined as ((σ1+ σ2 +σ3)/3-ua). 
Parameters k1, k2 and k3 are regression exponents. The term 
M0 denotes the resilient modulus at the reference stress state 
when p-ua=pr, qcyc=pr and ua-uw=0. It empirically 
incorporates the effects of a number of factors such as 
microstructure and void ratio on M0, which is equivalent to 
Cij and F(e) in Eq. (4). The term (p/pr)k1 quantifies the 
influence of net mean stress on MR. The term (qcyc/pr)k2 
reflects the variations of MR with cyclic stress. The term (1+ 
(ua-uw)/p)k3 accounts for the influence of matric suction on 
MR.  

When qcyc approaches 0 (i.e., at very small strains), qk2 
cyc 

approaches infinite because the power k2 is negative. 
Therefore, MR predicted by Eq. (9) approaches infinity when 
qcyc approaches 0. This prediction contradicts experimental 
observations that soil stiffness at very small strain levels is 
finite (Mancuso et al., 2002; Ng and Yung 2008). The 
limitation of this equation may be overcome by replacing the 
term (qcyc/pr) by (1+qcyc/pr). Then, this equation can be 
rewritten as: 
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In this paper, Eq. (10) is proposed to predict 
stress-dependent MR of an unsaturated soil.  

The validity of the above state-dependent equations, for 
predicting anisotropic shear modulus at very small strains (Eq. 
(4)), degree of stiffness anisotropy (Eq. (7)) and resilient 
modulus (Eq. (10)) of an unsaturated soil, are verified 
experimentally later. 

3. MODIFIED SUCTION-CONTROLLED TRIAXIAL 
APPARATUS 

Fig. 1 shows the schematic diagram of a modified triaxial 
system for testing saturated and unsaturated soils (Ng and 

Yung, 2008; Ng et al., 2012). The system consists of a triaxial 
cell, four independent pressure controllers, five transducers 
and a computer. The four pressure controllers are capable of 
controlling axial stress (σa), cell pressure (σr), pore air 
pressure (ua) and pore water pressure (uw) independently. 
The five transducers consist of an external load cell for 
measuring axial force, a linear variable differential 
transformer (LVDT) for measuring axial displacement 
externally and three pressure transducers for monitoring cell 
pressure (σr), pore air pressure (ua) and pore water pressure 
(uw). This triaxial system is controlled by a closed-loop 
feedback scheme. It can be used to apply both static and 
cyclic loads. To measure water volume change of a soil 
specimen, a vertical tube is connected to the pedestal to 
determine the amount of water flowing in or out of the soil 
specimen. This is achieved by measuring the height of the 
water column by a sensitive differential pressure transducer 
inside the tube. In addition, this triaxial apparatus is equipped 
with a shear-wave velocity measurement system, a set of 
local Hall-effect strain transducers and a high capacity 
suction probe. 

To control matric suction (ua-uw) during a test, the 
axis-translation technique (Hilf, 1956) is adopted to control 
(ua-uw) of each specimen by applying ua and uw 
independently. ua was controlled through a coarse low 
air-entry value (AEV) corundum disk placed on top of a soil 
specimen, whereas uw was controlled through a saturated 
high AEV (300 kPa) ceramic disk sealed to the base pedestal 
of the triaxial apparatus. The conventional pedestal of the 
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Fig. 1. Modified suction-controlled triaxial apparatus for 
testing unsaturated soil (modified from Ng and Yung, 2008) 
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triaxial cell was modified to incorporate both a high-entry 
value ceramic disk and a bender element. In addition, a 
spiral-shaped drainage groove of 3 mm wide and 3 mm deep 
connected to the water drainage system was carved in the 
base pedestal. It serves as a water channel for flushing air 
bubbles that may be trapped or accumulated beneath the 
ceramic disk as a result of air diffusion during long periods of 
unsaturated soil testing. Diffused air was removed by flushing 
de-aerated water along the spiral-shaped drainage groove 
beneath the ceramic disk once every 24 hours throughout a 
test.  

3.1 Shear wave velocity measurement system 
The shear wave velocity measurement system consists of 
bender elements, a function generator, a power amplifier, a 
multi-channel filter, an oscilloscope and a computer. The 
arrangement of bender elements on each specimen are shown 
in Fig. 2(a). Three pairs of bender elements are installed on 
each specimen to measure shear wave velocities in different 
planes. Thus, very small strain shear moduli in different 
planes can be determined. A pair of bender elements was 
inserted into the top and bottom platens to measure the 
velocity of vertically transmitted shear wave with horizontal 
polarization, vs(vh). A pair of bender element probes was 
developed and inserted into the mid-height of each specimen 
to measure velocities of horizontally transmitted shear waves 
with vertical and horizontal polarization, vs(hv) and vs(hh). Each 
bender element probe consists of two pieces of bender 
elements, 9 mm in length and 6 mm in width, in a T-shaped 
assembly, as shown in Fig. 2(b). More details of the bender 
elements probe are given by Ng et al. (2004).  
 

 
Fig. 2. Details of bender element (Ng et al., 2004) (a) 
Arrangement of bender elements; (b) Details of horizontal 
bender element probe at the mid-height of soil specimen 

 
 Fig. 3. Particle size distribution of completely decomposed 
tuff (CDT) (data from Ng and Yung, 2008) 

The input signal consists of a single sinusoidal pulse with a 
frequency of 2 to 15 kHz. The range of frequency was 
selected to obtain a clear signal and to minimize the near field 
effect (Sanchez-Salinero et al., 1986). The velocity of a shear 
wave propagating in soils in the direction of the wave 
propagation, i, and particle motion, j, can be calculated from 
the following equation: 
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where Li is current travel distance and tij is travelling time of 
the shear wave propagating over the distance Li. In this study, 
Li is determined as the tip-to-tip distance between transmitter 
and receiver bender elements (Dyvik and Madshus, 1985; 
Viggiani and Atkinson, 1995b). tij is determined by 
measuring time shift between characteristic points of the 
transmitted and received signals (Pennington et al., 2001; Lee 
and Santamarina, 2005). 

3.2 Hall-effect local strain transducers 
In order to avoid possible errors in the conventional external 
measurements of axial strain using a LVDT, such as seating, 
alignment, bedding and compliance errors (Scholey et al., 
1995), Hall-effect transducers (Clayton et al., 1989) are 
adopted to measure local strains at center portion of each soil 
specimen. As shown in Fig. 1, the triaxial apparatus is 
equipped with two axial and one radial Hall-effect 
transducers for measuring local axial and radial deformations 
of a specimen. After calibration by a micrometer, the 
resolution and accuracy of each Hall-effect transducer is 
about 1 and 3 μm, respectively. In the axial strain 
measurement, 3 μm corresponds to a stain of about 0.004% in 
this study. 

3.3 High capacity suction probe 
A high capacity suction probe is developed and used in this 
study for measuring pore water pressure at the mid-height of 
soil specimen. It is used to provide a guideline for the 
termination of suction equalisation stage. When suction 
equalisation is reached, uw measured using suction probe is 
equal to uw applied from the base pedestal. The suction probe 
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was modified from Druck PDCR 81 miniature pore water 
pressure transducer, which mainly consists of a ceramic tip，
a small water reservoir and a diaphragm. The original low 
air-entry value ceramic tip was replaced by a ceramic tip with 
a higher air-entry value (500 kPa). It is able to measure a 
negative pore water pressure of up to 480 kPa, close to the 
AEV of the ceramic tip used in the probe, as verified in free 
evaporation tests. More details of its development, saturation 
procedures and performance can be referred to Ng and Xu 
(2012). 

4. TEST MATERIAL AND SPECIMEN 
PREPARATION 

The material investigated in this study is yellowish-brown 
completely decomposed coarse ash tuff (CDT) (Geotechnical 
Engineering Office, 1988). CDT is weathered saprolite, 
commonly found in Hong Kong and often used as 
construction materials. Fig. 3 shows the particle size 
distribution of CDT as determined by sieve and hydrometer 
analyses (British Standards Institution, 1990). The physical 
properties of CDT are summarized in Table 1. Following the 
Unified Soil Classification System, CDT is classified as silt 
(ML) (ASTM, 2006).  

Fig. 4 shows two stress-dependent soil-water characteristic 
curves (SDSWCCs) of CDT. The SDSWCCs were measured 
using a triaxial pressure plate system (Ng et al., 2011). Two 
identically prepared compacted triaxial specimens were 
subjected to a drying and wetting cycle under net mean 
stresses of 100 and 200 kPa. Total volume change and water 
volume changes of each specimen were measured by a 
double-cell measurement system and a ballast tube, 
respectively. It can be seen from this figure that soil-water 
characteristic curve is dependent on stress level. The 
specimen subjected to a higher net mean stress tends to 
possess a higher AEV. The AEVs are estimated to be 60 and 
90 kPa at net mean stresses of 100 and 200 kPa, respectively. 
In addition, the specimen subjected to net mean stress of 200 
kPa shows a slightly lower desorption rate than the one under 
net mean stress of 100 kPa. The above observations are 
probably because that soil specimen under higher net mean 
stress has a smaller average pore-size distribution and thus a 
better water retention ability (Ng and Pang, 2000).  

Each triaxial specimen, 76 mm in diameter and 152 mm in 
height, is compacted at initial water content of about 16.3% 
and dry density of about 1760 kg/m3. In order to produce a 
uniform specimen, the specimen is compacted in 10 layers. 
After the completion of compaction, the height and diameter 

dimensions of the specimen are measured by a caliper 
(readable to 0.01 mm) and a PI tape (readable to 0.01 mm), 
respectively. The average initial suction of the specimens 
after compaction is 95 kPa as measured by a high capacity 
suction probe. The variations of measured initial suction 
among different height of each specimen and the variations of 
measured initial suction among different specimens are all 
less than ±2 kPa. 

5. TEST PROGRAM AND PROCEDURES 
Four series of tests were carried out on compacted CDT 
specimens at unsaturated state. Two of them were conducted 
to study anisotropic shear modulus at very small strains. The 
third series of tests were carried out to study shear modulus 
degradation curve at small strains. The purpose of the fourth 
series of tests was to study resilient modulus under cyclic 
loading-unloading. 

5.1 Series A tests: isotropic compression test under 
constant matric suction 
In order to study anisotropic shear modulus of unsaturated 
CDT under isotropic stress state and to verify Eq.s (4) and (7), 
four isotropic compression tests (series A) were carried out at 
different suctions (Ng and Yung, 2008). The stress path of 
each test is illustrated in Fig. 5. The four specimens (iso-s0, 
iso-s50, iso-s100 and iso-s200) were firstly subjected to net 
mean stress of 110 kPa and matric suction of 0, 50, 100 and 
200 kPa, respectively. Then each specimen was left for 
suction equalisation. The purpose of applying a suction 
equalisation state is to ensure that soil moisture has reached 
its equilibrium state, when pore air pressure and pore water 
pressure are equal to predefined values throughout a 
specimen. This stage was considered to be completed when 
the rate of water content change was less than 0.04% per day 
(Sivakumar, 1993), which corresponded to a water flow of 
about 0.5 cm3 per day in this study. This equalisation criterion 
was used in all series of tests in this study. Once a specimen 
was equalised at its predefined stress and suction level, it was 
isotropically compressed to each required net mean stress at 
constant matric suction. The cell pressure was ramped up at a 
rate of 3 kPa per hour to each target value, while maintaining 
constant pore air and pore water pressures. This compression 
rate was reported by Ng and Chiu (2001) to be slow enough to 

Table 1. Index properties of CDT (Ng and Yung, 2008) 

Index test Measured value 
Standard compaction tests  
    Maximum dry density: (kg/m3) 1760 
    Optimum water content: (%) 16.3 
Atterberg limits (grain size < 425 µm)  
    Liquid limit: (%) 43 
    Plastic limit: (%) 29 
    Plasticity index: (%) 14 
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Fig. 4. Stress-dependent soil-water characteristic curves of 
compacted CDT 

 

Fig. 5. Stress paths of isotropic compression tests at different 
matric suctions 
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ensure fully drained condition by monitoring both changes in 
water flow and volume change in a soil specimen at the end of 
each compression stage. Shear wave velocities (vs(vh), vs(hv) 
and vs(hh)) were measured at each predefined net mean stress, 
as shown by dots in the figure. More details of this series of 
tests were given by Ng and Yung (2008). 

5.2 Series B tests: dying-wetting test under constant 
isotropic net stress 
Two dying-wetting tests (series B) were conducted under two 
different constant isotropic net stresses to study the effects of 
wetting-drying cycle on anisotropic shear modulus at very 
small strains. Fig. 6 shows the stress paths of the two tests. 
Desired net mean stresses of 110 and 300 kPa were first 
applied to specimens (dw-p100 and dw-p300), which were 
then brought to zero matric suction at constant net mean stress 
for equalisation. Shear wave velocities (vs(vh), vs(hv) and vs(hh)) 
were measured at the end of the equalisation stage, and then 
matric suction was increased to the next desired value. Upon 
completion of the drying phase at a matric suction of 250 kPa, 
wetting phase began. When matric suction was decreased to 
zero, the wetting phase was completed. The drying-wetting 
tests consisted of a sequence of equalisation stages. Shear 
wave velocities (vs(vh), vs(hv) and vs(hh)) were measured at the 
end of each equalisation stage, as shown by dots in the figure. 
More details of this series of tests were given by Ng et al. 
(2009). 

5.3 Series C tests: suction-controlled constant p triaxial 
compression test 
Two suction-controlled constant p triaxial compression tests 
(series C) were carried out on two CDT specimens (tc-s150 
and tc-s300) to study effects of matric suction on shear 
modulus degradation curve of unsaturated soil. The stress 
paths in (p: q: s) space for series C tests are shown in Fig. 7. 
Desired net mean stress (100 kPa) and matric suctions (150 
and 300 kPa) were first applied to the two soil specimens for 
equalisation. After the equalisation stage, deviator stress was 
increased at a rate of 3 kPa per hour while the net mean stress 
and matric suction were kept constant. The shearing rate was 
confirmed by the measurement of the suction probe to be 
slow enough that the excess pore water pressure generated 
during shearing stage was negligible (less than ±2 kPa). The 
use of a constant p stress path was to eliminate the coupling 
effects on shear modulus due to a change in the net mean 
stress (Atkinson and Sallförs, 1991; Ng et al., 2000). More 
details of this series of tests were given by Ng and Xu (2012). 

5.4 Series D tests: suction-controlled cyclic triaxial test 
Six cyclic triaxial tests (series D) were carried out to 
investigate resilient modulus of unsaturated soil under cyclic 
loads. Fig. 8 shows the stress path of each test in this series. 
Three specimens (cyc-s60, cyc-s30 and cyc-s0) were wetted 
from initial suction (i.e., 95 kPa) to 60, 30 and 0 kPa at net 
mean pressure of 30 kPa, respectively. After suction 
equalisation, each specimen was subjected to cyclic 
loading-unloading to determine MR. Measured resilient 
moduli of these three specimens were compared to 
investigate effects of matric suction on MR along a wetting 
path. Similarly, the other three specimens (cyc-s100, 

cyc-s150 and cyc-s250) were dried to matric suctions of 100, 
150 and 250 kPa, respectively. Measured resilient moduli 
were compared to study suction effects on MR along a drying 
path. 
   During cyclic loading-unloading, net confining pressure 
was maintained constant at 30 kPa while applied axial stress 
 

 
Fig. 6. Stress paths of dying-wetting tests at different 
isotropic net stresses 
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Fig. 7. Stress paths of constant p compression tests at 
different matric suctions 

 

 
Fig. 8. Stress paths of cyclic triaxial tests at different matric 
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was varied with time following a haversine form. For clarity, 
variations of axial stress during the first and last 10 cycles are 
shown in an insert in the figure. According to AASHTO 
(2003) standard for a resilient modulus test, four levels of 
cyclic stress (i.e., 30, 40, 55 and 70 kPa) were considered and 
applied to each specimen in succession. At each level of 
cyclic stress (qcyc), 100 cycles of loading-unloading were 
applied at 1 Hz. It should be pointed out that constant water 
content condition was simulated under cyclic loads because 
the dissipation rate of excess pore water pressure is low 
compared to the rate of repeated traffic loads in the field. 
Excess pore water pressure was monitored by a suction probe 
at mid-plane of each specimen. More details of this series of 
tests were given by Ng et al. (2012). 

6. INTERPRETATIONS OF EXPERIMENTAL 
RESULTS 

6.1 Anisotropic shear modulus at very small strains 
Fig. 9 shows variations of measured very small strain shear 
moduli (G0(vh), G0(hv) and G0(hh)) with net mean stress at 
different matric suctions (0, 50, 100 and 200 kPa) (obtained 
from series A tests). At any suction level, measured shear 
moduli, G0(vh), G0(hv) and G0(hh), increase with increasing net 
mean stress. As given in Eq. (4), shear modulus is 
proportional to p2n. As reported by Ng and Yung (2008), n is 
0.17 for the CDT. With this positive exponent, the form of the 
proposed Eq. (4) is consistent with measured data shown in 
the figure. Moreover, the rates of increase in shear moduli 
with increasing net mean stress are slightly higher when 
matric suction is lower, but the differences become less 
pronounced at high suctions ranging from 50 to 200 kPa. For 
instances, measured G0(vh), G0(hv) and G0(hh) at zero suction 
(saturated state) increase by 144%, 140% and 144%, 
respectively, as net mean stress increases from 110 to 400 kPa. 
While at a suction of 100 kPa, measured G0(vh), G0(hv) and 
G0(hh) increase by 96%, 89% and 94%, respectively, for the 
same net mean stress change. Thus, the rate of increase in 
shear modulus with increasing net mean stress also depends 
on matric suction. 

It can be seen from the figure that measured shear moduli, 
G0(vh), G0(hv) and G0(hh), increase with increasing matric 
suction at a given net mean stress. The observed increase in 
shear moduli with an increase in matric suction is explained 
by the term, [1+(ua-uw)/pr]2b, in Eq. (4). As reported by Ng 
and Yung (2008), the b value is 0.045 for the CDT specimens. 
Thus, shear modulus is proportional to [1+(ua-uw)/pr]0.09. 
Similar results that G0 of unsaturated soil increases with 
increasing matric suction have been reported by Cabarkapa et 
al. (1999) and Mancuso et al. (2000) in their measurements of 
single G0 values. The beneficial effects of matric suction on 
very small strain shear modulus arise from at least two 
possible reasons. Firstly, when a soil specimen becomes 
unsaturated, voids are partly filled with water and partly 
occupied by air, resulting in an air-water interface in each 
void. When there is an increase in matric suction, the radius of 
an air-water interface decreases and hence induces a larger 
normal inter-particle contact force (Fish, 1926; Mancuso et 

al., 2002; Wheeler et al., 2003; Ng and Yung, 2008). This 
normal inter-particle  

 
 

 
 

 
Fig. 9. Variations of (a) G0(vh), (b) G0(hv), (c) G0(hh) with  net 
mean stress during isotropic compression tests (Ng and Yung, 
2008) 

contact force provides a stabilizing effect on an unsaturated 
soil by inhibiting slippage at particle contacts and enhancing 
the shear resistance of the unsaturated soil (Wheeler et al., 
2003). Secondly, an increase in matric suction induces the 
volume shrinkage of soil specimen (Ng and Pang, 2000). Due 
to stronger inter-normal force between particles and higher 
density, shear modulus measured at higher matric suctions is 
larger. 

It is also revealed in the figure that measured shear moduli 
(G0(vh), G0(hv) and G0(hh)) increase significantly as matric 
suction increases from 0 to 50 kPa at a given net stress. 
Beyond a suction of 50 kPa, measured shear moduli continue 
to increase but at a reduced rate. Based on the test data given 
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in Fig. 4, the AEV of the two specimens are estimated to be 
60 and 90 kPa at net mean stresses of 110 and 300kPa, 
respectively. Soil specimen subjected to a higher net mean 
stress tends to possess a higher air-entry value. Since the net 
mean stresses applied in this series of tests are 110 kPa or 
even higher, the AEV of specimens in this series should be 
equal to or larger than 60 kPa. The observed significant 
increase in shear moduli when matric suction increases from 
0 to 50 kPa (less than AEV of test material) may be because 
each specimen remains essentially saturated at any matric 
suction less than AEV and so bulk water effects dominate soil 
responses (Mancuso et al., 2002). Any increase in matric 
suction is practically equivalent to an increase in effective 
mean stress, resulting in a smaller void ratio and a much 
stiffer soil. On the other hand, as matric suction increases 
above the AEV, each soil specimen starts to desaturate, 
resulting in the formation of an air-water interface at the 
contact points of soil particles. Although the meniscus water 
causes an increase in the normal forces which “hold” soil 
particles together and hence lead to higher shear moduli, this 
beneficial holding effects could not increase infinitely. This is 
because of progressive degradation in meniscus radius when 
matric suction increases above AEV of a soil specimen 
(Mancuso et al., 2002; Ng and Yung, 2008). 

6.2 Degree of stiffness anisotropy at very small strains 
The degree of stiffness anisotropy is expressed in terms of the 
ratio of shear modulus in the horizontal plane (G0(hh)) to that 
in the vertical plane (G0(hv) or G0(vh)) in this study. In a 
homogeneous cross-anisotropic elastic continuum, G0(vh) 
should be equal to G0(hv). However, a discrepancy between 
measured G0(vh) and G0(hv) is observed, as illustrated in Figs 
9(a) and 9(b). This discrepancy may be attributed to the 
following four reasons (Ng et al., 2009). Firstly, soil 
specimen was actually not a homogeneous cross-anisotropic 
elastic continuum. Due to the preferred orientation of 
particles in the horizontal direction, a horizontally transmitted 
shear wave travels through fewer particle contacts per unit 
distance than does a vertically transmitted shear wave and this 
results in vs(hv) being higher than vs(vh) (Jardine et al., 1999). 
Secondly, transmitting frequencies used by the horizontally 
mounted bender element probes (vs(hh) and vs(hv)) were higher 
than those used by the platen-mounted bender elements 

(vs(vh)) (Pennington et al., 2001). Thirdly, bender element 
embedded in the base pedestal probably deflected more than 
the horizontally mounted bender elements did inside the 
probe and hence resulted in a lower vs(vh) (Pennington et al., 
2001). Fourthly, platen end effects on stiffness measurements 
(Germine and Ladd, 1988; Lacasse and Berre, 1988) could be 
another cause of the discrepancy. To eliminate the differences 
in frequency and boundary effects, G0(hh) and G0(hv) reported 
in Fig. 9 were chosen for calculating degree of stiffness 
anisotropy. This is because that G0(hh) and G0(hv) were 
generated by the same bender element probe and they had the 
same frequency, travelling path and boundary conditions 
(Pennington et al., 2001; Ng et al., 2004). 
    Fig. 10 shows the relationship between degree of stiffness 
anisotropy (G0(hh)/G0(hv)) and net mean stress at different 
matric suctions (0, 50, 100 and 200 kPa). When matric 
suction is zero, G0(hh) is about 2.5% to 4% higher than G0(hv) 
for net mean stress range from 110 to 400 kPa. According to 
Eq. (7), this observed stiffness anisotropy should be attributed 
to the inherent anisotropy (Chh 

2 /Chv 
2 ) induced in the tested 

material during specimen preparation (Ng and Yung, 2008). 
However, this observed stiffness anisotropy may not be solely 
caused by the inherent anisotropy induced during specimen 
preparation. This is because the specimens have undergone 
isotropic compression and suction equalisation, as illustrated 
in Fig. 5. The ratio (G0(hh)/G0(hv)) changes during the isotropic 
compression and suction equalisation. When matric suction 
increases from 0 to 50 kPa, the degree of stiffness anisotropy 
(G0(hh)/G0(hv)) increases by a ratio of 3.6%, 4.2%, 4.5% and 
5.1% at 0, 50, 100 and 200 kPa, respectively. On the other 
hand, there is only a very small increase (less than 1%) in the 
stiffness ratio when matric suction is increased from 50 to 200 
kPa. The differences in measured results at different suction 
ranges seem to suggest that bulk water effects dominate soil 
behaviour when matric suction is lower than AEV of soil 
specimen and meniscus water effects dominate soil behaviour 
when matric suction above the AEV. Although the 
magnitudes of increase in G0(hh)/G0(hv) are not large, there is a 
clear trend showing that G0(hh)/G0(hv) of CDT increases with 
an increase in matric suction but at a reducing rate at a given 
net mean stress. The measured results seem to be consistent 
with theoretical and experimental work by Li (2003) and Mui 
(2005) who demonstrated that variations of matric suction 
could induce anisotropic strains under isotropic stresses. 

There is a 1% to 3% increase in G0(hh)/G0(hv) when net mean 
stress increases from 110 to 500 kPa at matric suctions 
ranging from 50 to 200 kPa. Although it is generally 
recognized that shear modulus will increase with an increase 
in net mean stress, it is somewhat surprising that the stiffness 
ratio also increases with an increase in net mean stress. This 
observed behaviour may be attributed to the coupling effects 
between the hydraulic and mechanical behaviour of 
unsaturated soils (Wheeler et al., 2003). As net mean stress 
increases at a given matric suction, specific void volume of a 
soil specimen decreases and water flows out of the specimen 
to maintain constant suction. This may provide an 
opportunity for re-distribution bulk water and meniscus water 
throughout soil specimen. As a consequence of water 
redistribution, different mechanical behaviour including 
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Fig. 10. The influence of net mean stress on G0(hh)/G0(hv) 
during isotropic compression tests (Ng and Yung, 2008) 
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shear stiffness response is expected even if the values of net 
mean stress, matric suction and specific volume were 
identical (Wheeler et al., 2003).  

Test results shown in Fig. 10 cannot be explained by Eq. 
(7) fully. This may be attributed to two reasons: firstly, the 
proposed equation does not consider any possible coupling 
effects between the hydraulic and mechanical characteristics 
of unsaturated soils, i.e., possible re-distributions of bulk 
water and meniscus water of soil specimens; secondly, 
measurements of shear wave velocity are not accurate enough 
to differentiate such small degree of stiffness anisotropy. The 
estimated measurement error in shear modulus (G0(ij)) is 
about ±5% (Ng and Yung, 2008). 

6.3 Effects of drying-wetting on anisotropic shear 
modulus at very small strains 
Fig. 11 shows variations of G0(vh), G0(hv) and G0(hh) with 
matric suction during two drying-wetting tests (obtained from 
series B tests). It can be seen that G0(vh), G0(hv) and G0(hh) 
increase with increasing matric suction following a similar 
trend during a drying path. This is consistent with the 
observation from series A tests. After drying to the maximum 
suction of 250 kPa, soil suction is reduced by wetting the soil 
specimen. Similar to SDSWCCs (see Fig. 4), there is a 
hysteresis between the drying and wetting stiffness curves 
showing variations of shear moduli with matric suction. At 
any given suction, the shear moduli measured during wetting 
are consistently higher than those obtained during drying. 
Since the induced axial and radial strains of each soil 
specimen are relatively small (less than ±0.3%), total volume 
change is not significant. The shear modulus hysteresis may 
be because that the water content on the adsorption curve is 
lower than that on the desorption curve at the same suction. 

Fig. 12 shows the relationship between degree of stiffness 
anisotropy, G0(hh)/G0(hv), and matric suction for the two 
drying-wetting tests. At net mean stresses of 110 and 300 kPa, 
variations of degree of stiffness anisotropy with matric 
suction follow a similar trend. Although the magnitudes of 
the increase in G0(hh)/G0(hv) with an increase in matric suction 
are very small, there is a clear trend showing that the degree 
of stiffness anisotropy increases with increasing matric 
suction. Moreover, G0(hh)/G0(hv) value at net mean stress of 
300 kPa is consistently higher than that at net mean stress of 
110 kPa. These observations are consistent with Fig. 10, 

illustrating that stiffness anisotropy is more significant at 
higher matric suction and higher net mean stress. There is a 
hysteresis between the drying and wetting stiffness curves 
showing the variations of stiffness anisotropy with matric 
suction. The changing rates of G0(hh)/G0(hv) and the sizes of 
hysteresis loops at two different net mean stresses are almost 
the same.  

6.4 Shear modulus degradation curve at small strains 
The shear modulus degradation curves at small strains are 
studied by constant p triaxial compression tests. Fig. 13(a) 
shows measured stress-strain relationship at matric suctions 
of 150 and 300 kPa (obtained from series C tests). When 
deviator stress increases, shear strain of each specimen 
increases non-linearly at an increasing rate. Under the same 
deviator stress, soil specimen tested at a matric suction of 300 
kPa produces consistently smaller shear strain than that at 
matric suction of 150 kPa under the same deviator stress. This 
is because the fact that shear stiffness of unsaturated soil 
increases with increasing suction level, as illustrated in Fig.s 
9 and 11. It is shown in Fig. 13(a) that secant shear modulus 
(Gsec) of each specimen at small strains can be obtained from 
the slope of a deviator stress-shear strain curve. Theoretically, 
G0 may be determined from the initial slope of the 
stress-strain curve. Due to the limited accuracy of Hall-effect 
transducers, G0 cannot be determined from the stress-strain 
curve reliably in this study. Therefore, G0 measured by 
bender elements is adopted to represent shear stiffness at very 
small strain level. As illustrated in Fig. 10, measured G0(hh) is 
slightly larger than G0(hv), meaning that CDT is stiffer in the 
horizontal direction. Yimsiri and Soga (2002) proposed a 
micromechanics model and demonstrated that the shear 
modulus evaluated from triaxial tests is closer to the shear 
modulus in the vertical plane (G0(vh) or G0(hv)) when the soil is 
stiffer in the horizontal direction. Besides, G0(hv)is believed to 
be more reliable than G0(vh) as discussed in section 6.2. 
Therefore, measured G0(hv) is selected for comparison with 
Gsec at different shear strains obtained from constant p triaxial 
compression tests.  

Fig. 13(b) shows the influence of shear strain on Gsec in a 
semi-logarithmic scale at matric suctions of 150 and 300 kPa. 
G0(hv) measured by bender elements before constant p 
compression is also shown for comparison. The 

 Fig. 11. Variations of shear moduli with matric suction 
during drying-wetting tests (Ng et al., 2009) 

 

 

 

 
Fig. 12. The relationship between degree of stiffness 
anisotropy and matric suction during drying-wetting tests (Ng 
et al., 2009) 
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corresponding shear strain for G0 is assumed to be 0.001% in 
this study (Dyvik and Madshus, 1985). The measured G0(hv) at 
matric suctions of 150 and 300 kPa are 164 and 220 MPa, 
respectively. G0(hv) increases by 34% when matric suction 
increases from 150 to 300 kPa. Suction effects on G0 have 
been explained in section 6.1. Due to the limited accuracy of 
Hall-effect local strain transducers, strain less than 0.003% 
cannot be measured accurately. Thus, there is no reliable data 
in the strain range from 0.001% to 0.003% shown in this 
figure. When shear strain increases from 0.003% to 1%, Gsec 
of the two specimens both reduces significantly but at 
different rates. The Gsec measured at a matric suction of 300 
kPa is consistently higher than that obtained at a matric 
suction of 150 kPa.  

 

 
 

 
 

 
Fig. 13. Effects of matric suction on (a) stress – strain 
relationship; (b) shear modulus degradation curve; (c) 

normalized shear modulus degradation curve during constant 
p compression tests (Ng and Xu, 2012) 

Fig. 13(c) shows secant shear modulus degradation curve 
normalized by G0(hv). The stiffness could be roughly constant 
if the soil behaves elastically as straining proceeds (Simpson, 
1992). The shear strain corresponding to the limit of the 
elastic proportion is generally described as elastic threshold 
shear strain (εe). Stokoe et al. (1995) reported that εe of sand 
is about 0.001% while εe of clay is much larger (in the order 
of 0.005%). In order to avoid subjective assessment, εe in this 
study is quantified as the shear strain corresponding to 
Gsec/G0(hv) = 0.95 (similar to Clayton and Heymann, 2001). 
As illustrated in the figure, the εe of the specimen tested at a 
matric suction of 300 kPa is about 0.003%. For the specimen 
tested at a matric suction of 150 kPa, although there is no 
reliable data shown in the strain range from 0.001% to 
0.003%, from the trend it can be seen that the εe is very likely 
smaller than 0.003%. The elastic “proportion” of a soil 
specimen might represent the proportion of the contacts 
between soil particles which are still intact and have not 
started to slide (Simpson, 1992). For soil specimen at a higher 
matric suction and lower degree of saturation, more meniscus 
water exists in the specimen. Meniscus water causes an 
increase in the normal force holding the soil particles together 
and resisting the slippage between soil particles. Therefore, 
the specimen at a higher suction has a larger εe. Beyond the εe, 
normalized shear modulus reduces significantly with shear 
strain, as shown in the figure. The rate of degradation is 
higher for the specimen at higher matric suction. When the 
shear strain is larger than about 0.02%, the two normalized 
shear modulus degradation curves overlap with each other. 
This means that the effects of suction on normalized shear 
modulus degradation curve become negligible when the shear 
strain is larger than 0.02%. 

6.5 Effects of number of load applications on resilient 
modulus 
In series D tests, there are 100 cycles of loading-unloading at 
each stress and suction level. To investigate the influence of 
number of load applications on resilient modulus, resilient 
modulus from the Nth cycle (MN 

r ) is normalised by resilient 
modulus from the first cycle (M1 

r ).  
Fig. 14(a) shows variations of normalised resilient 

modulus (MN 
r /M1 

r ) with number of load applications (N) after 
wetting to zero matric suction (obtained from test cyc-s0 in 
Fig. 8). It can be seen that MN 

r /M1 
r  increases with an increase 

in N at each cyclic stress (30, 40, 55 and 70 kPa). This is a 
consequence of progressive densification resulting from that 
the application of repeated cyclic stress (Dehlen, 1969). In 
this study, volume change was determined from axial and 
radial strains measured using Hall-effect transducers. At zero 
matric suction, contractive volumetric strains measured after 
100 cycles of loading-unloading are 0.03%, 0.04%, 0.09% 
and 0.25%, corresponding to cyclic stresses of 30, 40, 55 and 
70 kPa, respectively. The decreasing volume and hence 
increasing dry density of each specimen results in an increase 
in MN 

r /M1 
r  with increasing N. 

Fig. 14(a) also reveals that the rate of increase in MN 
r /M1 

r  
with increasing N is dependent on cyclic stress. When cyclic 
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stress is 30 and 40 kPa, MN 
r /M1 

r  increases by about 10% 
during the first 20 cycles of loading-unloading. After the first  

 

 
Fig. 14. Relationship between normalized resilient modulus 
and cyclic number at (a) zero suction; (b) cyclic stress of 70 
kPa during cyclic triaxial tests (Ng et al., 2012) 

 
20 cycles, there is no obvious variation of MN 

r /M1 
r . For the 

case of cyclic stress of 55 and 70 kPa, MN 
r /M1 

r  increases 
continuously during the 100 cycles of loading-unloading, but 
at a decreasing rate after the first 20 cycles. Thus, the 
influence of N on MN 

r /M1 
r  is more significant at higher cyclic 

stress. This is because that accumulated contractive 
volumetric strain during cyclic loading-unloading increases 
with an increase in cyclic stress at an increasing rate. The 
measured contractive volumetric strain is only 0.03% and 
0.04% at cyclic stresses of 30 and 40 kPa, but increases to 
0.09% and 0.25% under cyclic stress of 55 and 70 kPa. Due to 
larger contractive volumetric strain, densification effect on 
MR is more significant at a higher cyclic stress. 

Fig. 14(b) shows the relationship between MN 
r /M1 

r  and N at 
cyclic stress of 70 kPa but different matric suctions (0, 30, 60, 
100, 150 and 250 kPa). This figure clearly reveals two types 
of soil response. At zero matric suction, MN 

r /M1 
r  increases 

continuously with increasing N. The total increase during the 
100 cycles of loading-unloading is up to 20%. On the other 
hand, when matric suction is equal to or larger than 30 kPa (s 
= 30, 60, 100, 150 and 250 kPa), MN 

r /M1 
r  varies only slightly 

with N. One reason is that contractive volumetric strain under 
cyclic loads is much smaller when matric suction is equal to 
or larger than 30 kPa. For example, contractive volumetric 
strain under cyclic loading-unloading measured at cyclic 

stress of 70 kPa decreases from 0.25% to 0.03% when matric 
suction increases from 0 to 30 kPa. Given such a small 
volumetric strain, the variation of MN 

r /M1 
r  with N becomes 

insignificant. At higher matric suction such as 100 kPa, there 
is even a slight degradation in MN 

r /M1 
r  with N. This is because 

that soil dilation rather than contraction occurs under cyclic 
loads because of suction induced dilatancy (Ng and Zhou, 
2005). Dilative volumetric strain of -0.03% is measured 
during cyclic loading-unloading at cyclic stress of 70 kPa and 
matric suction of 100 kPa. Due to the occurrence of dilation, 
soil density and hence resilient modulus decreases with an 
increase in number of load applications. Suction effects on 
soil behavior under cyclic loads are further discussed in the 
next subsection.  

Fig. 14 suggest that the variation of MN 
r /M1 

r  is negligible 
when number of load applications is larger than 20, except 
when cyclic stress is larger than 55 kPa at zero matric suction. 
An unsaturated CDT specimen generally achieves a stable 
resilient modulus within 100 loading-unloading cycles.  

6.6 Effects of stress and suction level on resilient modulus 
Fig. 15 shows the relationship between MR and s at different 
cyclic stresses (30, 40, 55 and 70 kPa) (obtained from series D 
tests). MR is the average resilient modulus of the last five 
cycles at each stress state (i.e., N = 96-100). Irrespective of 
whether it is along a drying or a wetting path, MR increases 
with increasing s significantly. At cyclic stress of 30 kPa, MR 
increases by eight times when s increases from 0 to 250 kPa. 
The suction effects on soil stiffness have been well illustrated 
in Figs 9, 11 and 13(b) and explained in the section 6.1. The 
influence of s on MR is captured by the term (1+s/p) k3 in Eq. 
(10). Since MR increases with an increase in s, the parameter 
k3 should be positive.  

Further inspection of this figure reveals that the 
relationship between MR and s is highly nonlinear along a 
wetting path, along which soil suction is smaller than initial 
suction. Given the same increase in s, the percentage of 
increase in MR is much larger in the lower suction range. At a 
cyclic stress of 30 kPa, MR doubles when s increases from 0 
to 30 kPa, while only increases by 10% when s increases from 
30 to 60 kPa.  Along a drying path, the increase rate of MR 
with increasing s is almost constant. The different results 
observed in different suction ranges are likely related with 

Fig. 15. Influence of matric suction on resilient modulus 
during cyclic triaxial tests (Ng et al., 2012) 
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AEV of a soil specimen, as illustrated in Fig. 10. The different 
results observed in different suction ranges are probably 
because the bulk water effects dominate soil behaviour when 
matric suction is lower than AEV of soil specimen (here 
about 60 kPa, see Fig. 4) and meniscus water effects dominate 
soil behaviour when matric suction exceeds AEV (Ng and 
Yung, 2008). 

It is revealed in Fig. 15 that MR decreases significantly 
with increasing qcyc at all matric suctions except s = 0. For 
instance, MR decreases by about 40 % when qcyc increases 
from 30 kPa to 70 kPa at a matric suction of 30 kPa. The 
observed decrease of MR with an increase in qcyc is due to the 
non-linearity of soil stress-strain relationship (Atkinson, 
2000). Fig. 13 shows that soil stiffness is high at very small 
strains but it decays with an increase in strain level. In 
resilient modulus tests, strain level increases with an increase 
in qcyc, hence measured MR decreases with an increase in qcyc. 
The non-linearity of soil stress-strain behaviour is captured 
by the term (1+qcyc/pr) k2 in Eq. (10). Since MR decreases with 
increasing qcyc, the parameter k2 should be negative. For a soil 
specimen with a larger degree of non-linearity, the 
degradation of MR with qcyc should be more significant and 
parameter k2 should be smaller. 

6.7 Verification of proposed equations 

6.7.1 Verification of proposed state-dependent equation 
for very small strain shear modulus 
As predicted by Eq. (4), G0 of an unsaturated soil depends on 
void ratio, net normal stress and matric suction. Assuming 
that the void ratio function takes the form of a power function 
in ea, where a is an empirical void ratio exponent. For 
isotropic stress condition, Eq. (4) can be rewritten as 
 

[ ] b
wa

na
ijij uupeCG 2222

)(0 )(1 −+= ρ                                        (12) 
 
Taking the logarithm of each side gives 
 

[ ])(1ln2ln2ln2lnln2ln )(0 waijij uubpneaCG −+++++= ρ  
                                                                                      (13) 
 
   Equation (13) is applied to fit very small strain shear moduli 
of CDT measured in series A tests (Ng and Yung, 2008). The 
parameters Cij, a, n, and b in Eq. (13) can be determined by 
the least squares method using a multiple linear regression 
model. The fitted parameters are listed in Table 2. Shear 

modulus can be calculated based on Eq. (12) with the fitted 
parameters. The coefficient of determination, R2, for the 
calculated and measured shear modulus in each polarization 
plane are also summarised in this table. The average value of 
R2 is about 0.96, suggesting very strong correlations between 
the calculated and measured shear wave velocities. Thus, it is 
clear that Eq. (12) describes the test results well.  

6.7.2 Verification of proposed equations for resilient 
modulus 
In order to verify the validity of Eq. (10) for representing 
resilient modulus of an unsaturated soil, the measured 
resilient modulus of four different fine-grained soils are fitted, 
including CDT and Keuper Marl, Gault clay and London clay. 
MR of CDT is measured in series D tests in this study and that 
of the other three soils is reported by Brown et al. (1987). 
According to AASHTO classification (2000), Gault clay and 
London clay are classified as A-7-5 soil, whereas CDT and 
Keuper Marl are classified as A-7-6 soil. Equation (10) was 
firstly applied to fit resilient modulus of CDT measured in 
series D tests. Four parameters in the equation (M0, k1, k2 and 
k3) are determined by curve fitting using least square method. 
This set of parameters except M0 was applied to fit resilient 
modulus of Keuper Marl. The parameter M0, which 
incorporates the density effect on MR, is determined using the 
least square error method. Similarly, Eqn (10) was used to fit 
resilient modulus of two A-7-5 soils. The values of soil 
parameters except M0 were determined from resilient 
modulus of Gault clay. Then this set of parameters was 
applied to fit measured resilient modulus of London clay. The 
basic soil properties and parameter values are summarised in 
Table 3. 
    It should be pointed out that this study does not focus on 
the influence of net mean stress on resilient modulus. No 
cyclic triaxial test is conducted for calibrating k1, which is 

Table 3. Fitted parameters for resilient modulus of four different soils (Ng et al., 2012) 

Material AASHTO 
classification 

Specific 
gravity 

Plastic  
limit 

Liquid  
limit 

Plasticity 
 index M0 k1   k2 k3 R2 Se/Sy 

CDT A-7-6 2.73 29 43 14 8.32 1.00 -0.65 1.01 0.98 0.14 

Keuper Marl A-7-6 2.69 18 37 19 6.32 1.00 -0.65 1.01 0.66 0.60 

Gault clay A-7-5 2.69 25 61 36 0 1.00 -0.36 1.31 0.98 0.14 

London clay A-7-5 2.73 23 71 48 0.53 1.00 -0.36 1.31 0.96 0.21 

 

Table 2. Fitted parameters for shear wave propagating in 
different polarization planes (Ng and Yung, 2008) 

Shear wave, 
vs(ij) 

Cij a n b R2 

G0(hh) 65.5 -0.77 0.17 0.045 0.94 

G0 (hv) 63.2 -0.77 0.17 0.045 0.94 

G0 (vh) 57.7 -0.77 0.17 0.045 0.99 
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determined based on previous theoretical and experimental 
studies. According to the well-known modified Cam-clay 
model, MR (i.e., the axial Young’s modulus during 
unloading) is proportional to effective mean stress p' (Muir 
Wood, 1990). Viggiani and Atkinson (1995a) also performed 
triaxial compression tests to study the relationship between 
shear modulus and p'n, where n is regression coefficient. They 
observed that n is 0.72 at very small strain levels and 
increases to 1.0 at a strain level of 0.5%. In this study, the 
total axial strain, including both permanent plastic strain and 
recoverable resilient strain, is generally between 0.1% and 
1%. Therefore, it may be reasonable to assume that MR 
increases linearly with an increase in (p - ua) (i.e., k1 = 1) for 
simplicity.  

Fig. 16 compares the calculated and measured resilient 
modulus of these four fine-grained soils. It is well illustrated 
that the proposed Eq. (10) is able to capture the variation of 
resilient modulus of different soils with stress and suction 
level. It should be pointed out that two underlying 
assumptions are made to keep this equation simple. Firstly, 
parameters k1, k2 and k3 are assumed to be constant, 
independent of stress level and stress history. Secondly, 
density effect on MR is incorporated in M0. If this equation is 
used to describe MR of soil specimens with different initial 
densities, a single value for M0 may be not sufficient. 

7. SUMMARY AND CONCLUSIONS 
Shear stiffness of an unsaturated soil is one of the most 
important geotechnical parameters for predicting ground 
movements and dynamic responses of many earth structures. 
In this study, a suction-controlled triaxial apparatus was 
newly modified to measure shear stiffness of an unsaturated 
weathered soil subjected to both static and cyclic loading 
conditions. This apparatus is equipped with three pairs of 
bender elements and Hall-effect transducers. Semi-empirical 
state-dependent equations were proposed to capture effects of 
net mean stress, matric suction and void ratio on anisotropic 
shear moduli at very small strains and resilient modulus under 
cyclic loading-unloading. The validity of these equations was 
verified by experimental study. Based on derived equations 

and experimental measurements, some key conclusions are 
summarised. 

From isotropic compression test on compacted soil 
specimens at different matric suctions, measured very small 
strain shear moduli, G0(vh), G0(hv) and G0(hh) consistently 
increase with an increase in net mean stresses. They also 
show significant increases with increasing matric suction at a 
given net stress. Moreover, the shear moduli increase more 
significantly below air-entry value (60 kPa). The effects of 
bulk water appear to be dominating when matric suction is 
smaller than the air-entry value whereas the influence of 
meniscus water prevails when matric suction exceeds the 
air-entry value.  

Measured G0(hh), was about 2.5% to 4% higher than G0(hv) 
at zero matric suction for net mean stress varying from 110 to 
500 kPa. When matric suction was increased from 0 to 50 kPa, 
G0(hh)/G0(hv) increased by 3.6% to 5.1%. No further significant 
increase in suction-induced stiffness anisotropy was observed 
at matric suctions higher than the air-entry value. Moreover, a 
small increase (less than 3%) in the shear modulus ratio, 
G0(hh)/G0(hv) was observed when the isotropic net mean stress 
increased from 110 to 500 kPa at a constant matric suction 
ringing from 0 to 200 kPa. This may be attributed to the 
coupling effects of hydraulic and mechanical characteristics 
of the unsaturated soil or to sample preparation.  

From wetting and drying tests, it was found that there is a 
hysteresis between the drying and wetting stiffness curves 
showing the variations of very small strain shear moduli with 
matric suction. At the same suction, the shear moduli 
measured during wetting are consistently higher than those 
obtained during drying. The shear modulus hysteresis is 
possibly because water content on the adsorption curve is 
lower than that on the desorption curve at the same suction. 

There is a clear trend showing that the degree of stiffness 
anisotropy increases with an increase in matric suction. There 
is also a hysteresis between the drying and wetting stiffness 
curves showing variations of stiffness anisotropy with matric 
suction. Although the size of hysteresis loop is very small, the 
trend is clear. The changing rates of G0(hh)/G0(hv) and the sizes 
of hysteresis loops at two different net mean stresses (110 and 
300 kPa) are almost the same.  

From constant p triaxial compression test, shear modulus 
of unsaturated soil is consistently larger at higher matric 
suction in the shear strain range of 0.001% to 1%. However, 
the effects of suction on normalized shear modulus 
degradation curve become negligible when shear strain is 
larger than 0.02%. G0, elastic threshold strain (εe) and the rate 
of stiffness degradation all increase with an increase in 
suction magnitude. This may be attributed to the stabilisation 
effect arising from meniscus water when the degree of 
saturation and water content decrease.  

For a contractive soil, measured MR of unsaturated soil 
increases with the number of load applications under cyclic 
loads. On the contrary, MR decreases slightly with increasing 
number of load applications in dilative soil. An unsaturated 
CDT specimen generally achieves a steady resilient response 
within 100 cycles of loading-unloading. 

Measured MR is highly dependent on stress state. MR 
decreases with an increase in cyclic stress due to the 

 
Fig. 16. Comparison between measured and calculated 
resilient modulus of four different soils using newly proposed 
semi-empirical equation (Ng et al., 2012) 
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non-linearity of soil stress-strain behaviour, whereas it 
increases significantly with an increase in matric suction. 
When matric suction is increased from 0 to 250 kPa at a cyclic 
stress of 30 kPa, MR increases by up to one order of 
magnitude. This may be attributed to a larger induced 
inter-particle normal force resulting from an increase in 
matric suction.  
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1. INTRODUCTION 
Developments in nanotechnology particularly over the past 
10 years have been fully tapped for its advantage by all fields 
of knowledge. On the other hand, this cannot be much said for 
geotechnical engineering. By its own right, geotechnical 
engineering should be at the forefront of nanotechnology as it 
is one of the biggest users of materials. In addition, 
geotechnical engineers are amongst the earliest 
“nanotechnologist” in which in the past they have dealt with 
materials at nano sizes and phenomenon that operates at nano 
scale [1].  Geoenvironmental engineers are the only group of 
geotechnical/soil engineers that are well into applying 
nanomaterials in their work, especially for environmental 
remediation.  

This purpose of this paper is to provide some background 
on “nano’ related research works in geotechnical engineering. 
In addition, some results on the use of nanomaterials such as 
carbon nanotubes, nano-soil, nano-clay, nanoalumina, etc  for 
soil improvement will be covered. As previously mentioned, 
geotechnical engineers as one of the major user of materials, 
thus should exploit this technology/material  to our advantage 
and provide efficient use of materials for clients/society.   

2. REVIEW OF RELATED “NANO” STUDIES IN 
GEOTECHNICAL ENGINEERING 

Many phenomena that are part of basic geotechnical 
knowledge such as soil moisture, water molecule 
characteristics, diffuse double layer systems, soil mineralogy 
are processes and materials that operates at nano level [1] & 
[2]. The following provides some other examples of research 
works in order to show geotechnical engineers involvement 
in nano related studies.  
 
 

3.1 Clay Structure 
Based on the fundamental definition of nanomaterial, it is not 
difficult to envisage that a clay particle is a nanomaterial. 
Furthermore, geotechnical engineers have long recognized 
the “nano” dimensions related clay structures. Only 
previously, these dimensions were provided in unit of 
angstrom (Å) in which 1 Å is 0.1 nm [3].  

Molecular issues related to the properties of 
nano-meso-microscale montmorillonite clay particulate 
systems were studied by Katti et al.[4]. It was shown (first 
using a controlled uniaxial device then electron microscopic 
and Fourier transform infrared spectroscopic) that the 
addition of solvents causes breakdown of large particles to 
smaller nano and meso scale particles with increased water 
incorporation in the interlayers causing swelling. In addition, 
using micro-attenuated total reflectance (ATR) spectroscopy 
they found that the increased swelling is related to increased 
misorientation of the montmorillonite platelets. Thus, these 
investigation, observation and behavior can be used to 
develop novel nanocomposite systems based on 
montmorillonite with tailored properties. 
 Understanding the nanostructure of clays has lead to the 
synthesis of many clay products of various uses. For example, 
Chen et al. [5] produced nanostructure nano-clay multi layers 
for  potential applications such as coatings and membranes 
for MEMS/NEMS (micro/nano electrical-mechanical 
systems)  and sensors. Nanostructured composite consisting 
of zirconia and nano-clays is chemically inert, high thermal 
resistance, high hardness and the presence of platy nano-clay 
layer within the structure increases fracture toughness by 
deflecting cracks, rendering even higher hardness of 
themultilayers. In geotechnical and geoenvironmental 
engineering, these properties may be useful for liners and 
caps of nuclear waste containment systems. Thus, with the 
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knowledge now available, it is possible to produce any 
nanomaterial to suits our needs. 

3.2 Molecular Dynamics Simulation 
Molecular dynamics (MD) refers to numerical methods of 
solving classical equations of motion (particle dynamics) for 
multiparticle systems with known interatomic potentials [7]. 
Further computer processing and visualization simulations of  
results are commonly known as molecular dynamics 
simulations.  This approach is particularly popular amongst 
nanoscientist in their study of  particle interactions in 
nanosystems.   
 In general, the classical Newton’s Law for motion of 
particles is given by 
 
                (1) 
  
where Fi is the force acting on particle i, m is the mass of the 
particle, r is the distance of the particle i from a datum,  t is 
time. The force acting on the particle calculated from the 
interatomic potential function Uij, may be written as 
 
       (2) 
 
 
The potential function  can be obtained classically using 
Hooke’s Law. However, in MD simulations, nanoscientist 
commonly used the Lennard-Jones (L-J) potential function 
which gives the total van der Waals force and written as 
follows [6] 
 
 
      (3) 
 
 
In Eq. (3), εLJ is the dislocation energy, and σ is the collision 
diameter, i.e. the distance in which U = 0.  Another common 
model involving short-range pair-wise interaction is the 
Morse potential. A host of other potentials may also be used . 
For example, a general 3-D interatomic function also 
involving the long range Coulomb, van der Waals interaction, 
etc. was described by Gutierrez [7] 

Skipper [8], used MD simulations of clay nano-structure to 
study the influence of pore-fluid interaction. The interlayer 
region of the stacked clay nano-structure was looked into to 
provide insight into the molecular mechanisms underlying 
clay swelling.  

The influence of applied load on the interlayer of 
pyrophillite was studied by Katti et al.[9]. Using steered MD 
simulations (SMD), where external forces were applied to 
individual atoms, they found that deformation largely 
occurred occurred in the interlayer with the clay layer show 
relatively little deformation. In another studies [10], [11], & 
[12], Katti and his co-workers used SMD to study the 
load–deformation behavior of the interlayer water and nature 
of water in the interlayer. 

3.3 Nanomechanics  
Nanomechanics (nanoscale mechanics) also include 
molecular dynamics and its applications in geotechnical 
engineering were specifically mentioned by Voyiadjis and 
Song [13]. It is based on quantum and molecular mechanics 
and thus it deals with the equilibrium states of atomic and 
molecular forces. Bridging nano-, micro- and macro scales 
can be achieved by combination of molecular mechanics, 
particular mechanics and continuum mechanics based on the 
hierarchical approach [14]. 

However, there are some advantages and disadvantages of 
using nanomechanics in geotechnical engineering. 
Advantages include input parameters physical quantities, 
such as electron charge, dihedral angle, electron permittivity, 
etc. are known and well established [13]. Thus,  
nanomechanics provide a new insight into soil behavior 
particularly at atomic level. Amongst the disadvantages is the 
amount of computational time required to arrive at the overall 
solution. However, recent developments have reduced this 
time to a reasonable period especially with the aid of many 
up-to-date softwares now available in the market. Many of 
theories are also unfamiliar to many geotechnical engineers. 
Therefore, most geotechnical engineers will not have the 
motivation or capacity to learn and apply them. 

Nanoindentation and atomic force microscope (AFM) are 
the two main equipment which have found much use in the 
study of nanomaterials. Developed in the early 70’s, 
nanoindentation was initially designed for testing of small 
volume materials. It is simply a device with nano size 
indenter providing stress-strain behavior at relatively minute 
loadings and displacements. Two main properties as a result 
nanoindentation testing are Young’s modulus and hardness.  
It is now commonly equipped with a microscope so that the 
load target area/aim is known. It can also provide “signature” 
responses of materials even for materials with very similar 
crystal structures [15]. 

For geotechnical applications, Zhang et al. [16] wrote that 
understanding the macroscopic behavior of geomaterials 
requires an insight into the micro/nano scale behavior of 
individual particles. Advances in understanding the Young’s 
modulus and hardness of individual soil particles can 
contribute significantly to micro/nano mechanics and 
multiscale modeling of geomaterials. 

  A schematic diagram of the nanoindentation processes 
and  load- displacement curve is shown in Fig. 1. For the load 
displacement curve, in conventional loading apparatus for 
soils (and other materials), the resulting curve is different in 
which load reduces with increasing displacement. In addition, 
the resulting plot shows that the behavior of materials is 
non-linear even at very-very small loadings. 

The AFM is mainly used to study the surface morphology 
of materials. In addition, it can be used to measure friction 
and almost all surface forces. Using a tip (a mechanical 
probe) which is made of diamond, or silicon or CNT, etc. the 
probe moves up and down according to the nature of the 
surface during scanning (Fig. 2). 
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Figure 1: Nanoindentation processes and typical load 
-displacement curve [16]. 

 
A 3-D image may also be obtained through this imaging 

process which can reach down to sub-nanometer range, which 
is smaller than the capacity of SEM (scanning electron 
microscope). Because it uses a probe, it is possible for the 
user to manipulate atoms on materials surfaces. In one 
investigation on the pore structure of wet clay [17], there was 
a linear decay of pore structure when the water content was 
increased. This was postulated due to the reduction in the 
diffuse double layer and more extensive hydrogen bonds 
between clay particles and bipolar water molecules. 
Microfabric of clay was studied quantitatively using AFM by 
Sachan [18]. The quantification was done by developing the 
criteria for average and maximum values of angle of particle 
orientation using empirical equations for intermediate and 
extreme microfabrics. Dispersed or flocculated clay 
structures were able to be identified for kaolin with varying 
content of dispersing agent. 

Figure 2: AFM scanning probe and its interaction with a 
surface [19]. 
 

4 SOIL IMPROVEMENT WITH NANOPARTICLES  
 In this section, some results on the applications of 
nanomaterials for improving the properties of soil will be 

presented and discussed. 

4.1 Nano-soil 
The nano-soil was obtained by grinding a local soil 
(metasedimentary residual soil within the campus of 
Universiti Kebangsaan Malaysia, UKM). After the disturbed 
soil was dug and taken to the laboratory, it was first cleared of 
all roots and stones, dried in an oven, and sieved. Soil samples 
passing through 425 mm sieve was then pulverized in a 
planetary mono mill. In this mill, 20 small diameter (5 mm 
diameter) balls made of sintered corundum move is a fast 
planetary/cyclonic fashion to pulverize the soil. The time of 
pulverization was about 10-13 hours in which during this 
period, distilled water was added to provide over heating. 
SEM images of  the soil sample before and after milling 
showed that there was much more soil in the nano range (i.e. 
50-60 nm) in the soils after milling[20]. The specific surface 
of the soil obtained from EGME (ethylene glycol monoethyl 
ether) method improve from 2.4 m2/g to 3.9 m2/g. Milling of 
kaolinite and montmorillonite samples show similar 
observation. 
 In order to evaluate its potential for improving soil 
properties, a soil-cement mix was prepared and the nano-soil 
was added to the mix. The amount of nano-soil added was 1 
and 2 & by weight of the UKM soil. Thus, the overall mixture 
is 94% UKM original soil, 6 % Portland cement, and 
nano-soil.  

The results of compression test on 50 mm3 samples are 
shown in Fig. 3 [21]. It shows significant improvement in the 
strength of the nano-soil mixtures over the control test albeit 
the amount of nano soil added was rather quite low. The 
strength of the soil-cement mixture almost doubled when 1 % 
UKM nano-soil was added compared to samples without 
nano-soil. In addition, the mixture which is usually termed as 
cement-modified soil in geotechnical engineering will have 
lower tendency of volume change and PI in addition to 
increase in load bearing capacity [21]. This study have 
demonstrated that even a small addition of nanoparticles will 
show marked enhancement in soil behavior. It is also possible 
to engineer nanoparticles to improve behavior of soils to suit 
design and practice requirements.  

4.1 Carbon Nanotube (CNT) 
Carbon nanotube is considered as the first generation 
nanomaterial in that it is one of the earliest nanoparticles that 
were produced. Carbon nanotube is so popular and interesting 
because it has many “super” properties, especially for those 
working in electronics and superconducting industries. It has 
high unparalleled strength, high electrical and thermal 
conductivities, making it ideal for wide range applications 
[22] & [23]. Thus, it is sometime termed as the “king of 
nanomaterial” and also “a solution waiting for problem”. In 
order to study the behavior of soil-CNT mix, kaolinite was 
used as the soil material. The CNT is a multi-walled nanotube 
(MWNT) and was purchased from Arkema, France under 
product name Graphistrength C100. 
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Figure 3: Compressive strength of soil-cement and nano-soil 
mix. 
 
The black powder CNT material used in this study have a 
bulk density ranging between 50-400 kg/m3.  The results of 
Atterberg limit tests are shown in Fig. 4 [25]. It is shown that 
even with small amount of CNT, the changes in basic 
characteristics are measurable. Increase in CNT led to 
increase in LL, PL and plasticity index (PI=LL-PL). In these 
tests, the addition of the fine CNT particles certainly 
increases the overall specific surface of the mixture. As a 
result, the need for water, is greater and thus this is indirectly 
shown by an increase in LL.  

The increase in PI is due to the fact that the increase in PL 
is not as dramatic as the increase in LL. It was also found that 
the values of Gs, in general, also decrease upon addition of 
CNT due to the low density of CNT. 
 These results have important significance in geotechnical 
engineering. In terms of mechanical properties, increase in 
LL (and increase in surface area) means the soil will have 
higher capacity for water thus decreasing its strength and 
increasing its consolidation/compressibility (settlement). 
However, increase in PI will generally mean a decrease in its 
hydraulic conductivity. For geotechnical structures (such as 
foundations and retaining walls) in which strength and 
compressibility are the main criteria, the use of CNT may not 
be advantageous. In the case of landfill liners and caps, in 
which low hydraulic conductivity is very important, its use 
may thus be considered.  

4.2 Nano-clay 
The performance of nanoparticle in arresting volume change 
of compacted residual soil (UKM metasedimentary residual 
soil) mixed with a natural montmorillonite was studied using 
nano-clay.  The nano-clay material was supplied by Southern 
Clay Products Inc, Gonzales, Texas, USA under the product 
name Cloisite®Na+. The size of the particle is 5-15 nm in 
thickness and 20 nm to 10 µm  in diameter. 
 It was observed that the increase in nano-clay causes small 
increase in the plasticity index and linear shrinkage of the 
soil. This happened because the nano-clay material is an 
expansive clay. 
 

 

 

 

 

 
 
 
 
 
 
 
 
 

 

 

 

 

 

 

 
 
 
 

 

 

 

Figure 4: Effect of CNT on the Atterberg Limits of kaolinite. 
 
It was also found that the increase in nano-clay gives a 

decrease in hydraulic conductivity (Fig. 5) due to increase in 
the smaller size of particles. The nano-clay particles probably 
diffuse between the large sedimentary soil particles, closing 
or minimizing the pores which lead to a decrease in the flow 
of water in the soil mixtures. This is a very significant results 
because one of the common materials tested to reduce the 
shrinkage strain is fiber. Mixing the soil with fiber can reduce 
the shrinkage strain up to 90% but the fiber cause an increase 
in the hydraulic conductivity up to 50 times [26]. 

4.3 Nanoalumina  
The tests with nanoalumina follow that of nano-clay as 
discussed in the previous section. The soil used is the UKM 
residual soil mixed with various percentages of 
montmorillonite to produce soil mix with different plasticity 
index. Nanoalumina was then added to these soil mixes and 
its plasticity, shrinkage and  hydraulic conductivity was 
studied. 
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Figure 5: Influence of nano- clay on the hydraulic  
conductivity 
 

The nanoalumina used was purchased from Infamat 
Advanced Materials, Manchester, CT, USA. It has a chemical 
formula Al2O3, particle density of 3.6 g/cm3, surface area of 
> 150 m2/g, and a transitional gamma crystal structure [27]. 

The physical properties of the soil mix are shown in Table 
1. Adding nanoalumina within 0.1-0.3% (by weight) causes a 
slight decrease in the plasticity index of the soil mix (Fig. 6). 
Maintaining this basic property is important in soil 
improvement process as the enhancement of other more 
important properties are sought. 

 
Table 1: Physical characteristics of the soil mix. 

*The number in the parenthesis indicate the percentage of 
montmorillonite. 

Figure 6: Effect of nanoalumina on plasticity index. 
 
 
 

 
Apparently with regard to total volumetric strain, it was 

found that that minimum volume change occurs between 0.05 
% to 0.1 % nanoalumina content. For high plasticity soils, i.e. 
S3 and S4, the crack intensity factor (CIF [26]), is minimum 
at 0.1 % (Fig. 7). Furthermore, the hydraulic conductivity 
measurements showed that adding nanoalumina will cause a 
slight decrease in its value (Table 2). Thus, using 
nanoalumina for dessication crack control does not cause 
detrimental effects on the hydraulic behavior of the soil. 

 
Figure 7: Effect of nanoalumina on crack intensity factor. 

 
 

Table 2: Hydraulic conductivity values for various 
nanoalumina mix. 

 
 
 
 
 
 
 
 
 
 
 
 
 

5 CONCLUSION 
Some general nano level concepts, contributions of 
geotechnical engineers in nanotechnology and use of 
nanomaterials for soil improvement are described in this 
paper. Concepts such as moisture around a soil particle, 
dipolar characteristic of water molecule, diffuse double layer, 
and clay structure are some examples of phenomena that 
operate at nano level. They have been known and researched 
by geotechnical engineers for quite sometime. These serve to 
show that geotechnical engineers have long been making 
contributions in the field of nanotechnology. The application 
of nanomaterials described in this paper is mainly used for 
soil improvement. For example, a small amount of nano-soil 
when added to soil-cement mix causes considerable increase 
in its compressive strength. The addition of nano-clay and 

Characteristics Values and descriptions 
S1 (0)* S2(5) S3(15) S4(20) 

Gs 2.607 2.609 2.612 2.617 
PI (%) 16.96 28.26 36.18 69.01 
Passing No. 200 
sieve (%) 47.16 49.80 52.44 57.72 

Clay % (< 2 µm)  18 22.9 28.5 38.5 

USCS 
classification CL CL CH CH 

Compaction 
properties     
wopt (%) 14.29 16.01 18.63 20.3 
γmax (kN/m3) 18.05 17.70 16.93 16.12 

Soil type Nanoalumina 
content (%) 

Hydraulic 
conductivity 

(m/s) 
S1 0 1.86E-09 
S1 0.05 1.81E-09 
S2 0 1.24E-11 
S2 0.075 1.30E-11 
S3 0 1.00E-11 
S3 0.1 5.40E-12 
S4 0 4.56E-12 
S4 0.1 1.59E-12 
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nanoalumina for dessication crack control of soils results in 
soils with minimal change in plasticity and reduced hydraulic 
conductivity. Thus, nanomaterials could offer varieties of soil 
behavior which may be advantageous for many geotechnical 
applications. 
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1. INTRODUCTION 
 
Kosti Military Hospital is a four-story R/C framed building 
constructed five years ago in Kosti city in the middle of 
Sudan, by the White Nile River (Fig. 1). The building was 
designed and constructed over an area of 1350 sq. m to 
provide advanced medical services for the citizens of the 
White Nile state. Because of inadequate geotechnical 
investigation prior to construction, the building was 
constructed in an area of highly potential expansive soils, 
without any special considerations for this type of soil. 
The building is a R/C frame type building, the frame is a 
column-flat slab type, supported on isolated footings. 
All parts of the building are used as rooms for doctors 
and hospital wards for patients.   
As reported by the local governmental authorities, a few 
years after completion of construction of the hospital, the 
building started to suffer from cracks and visible movements 
of the expansion joints. Lack of routine inspection and 
maintenance and poor previous rehabilitation works had led 
to continuous and fast development of cracks and 
movements. 

 

 

 

 

 

 
 
 
 
Figure 1. Location of Kosti Military Hospital (Google Earth). 

2. LITERATURE REVIEW 
 
Expansive soils are soils that have potential for swelling and 
shrinkage under changing moisture conditions. The volume 
change resulting from swelling and shrinking causes damages 
to structures founded on them. The expansive soil area 
includes nearly all the agricultural schemes and most of the 
development projects in Sudan and covers about 40% of the 
total area of Sudan (Osman and Charlie 1983). 
Damages of structures caused by expansive soils have been 
reported from different locations in the clay plain (Lates et al 
1983). The damages include buildings, roads, factories, 
hydraulic structures etc., and were attributed to lack of proper 
identification and classification of expansive soils and 
improper design of the foundations of the damaged structures 
(Elsharief, 2009).  
 
 3. ASSESSMENT PROGRAM AND RESULTS 

A comprehensive structural-geotechnical assessment 
program was designed and implemented. The following 
sections discuss the steps and findings of this program. 
 
3.1 Visual inspection & excavations 
A careful visual inspection was performed for the structural 
members of the building, it was clear from the inspection that 
the building was unstable since expansion joints were 
undergone excessive rotations (Fig. 2) and severe structural 
cracks were seen in some columns. The maximum opening 
of the expansion joints at the top of the building was about 
13cm which indicates that the building had undergone a total 
rotation of 0.67 degrees. Fortunately, foundations were not 
affected by these movements. A number of internal and 
external footings were excavated for visual inspection and 
measurements. Excavation has been done on some of 
the foundations with great difficulty because of the saturation 
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of the clay soil, and in some cases, water 
gushed profusely about the footings (Fig.3). Because of the 
upheaval movement of the soils, and probably due to the 
weakness of concretes some of the basement columns were 
buckled and crushed (Fig. 4). All sanitation systems of the 
building were damaged. Leakage and accumulation of waste 
water and chemicals (waste of hospital’s laboratories) around 
the columns and in contact with the basement cover slab had 
caused deterioration and corrosion of reinforcement of 
columns and slabs (Fig. 5). 

 
Figure 2. Opening at expansion joint. 

 

 
Figure 3. Dewatering during excavation. 

 

 
Figure 4. One of buckled basement columns 

 

 
Figure 5. Corrosion of reinforcement of basement slab and 

columns 
 
3.2 Detailed geotechnical investigation 
3.2.1 Drilling of Boreholes 
Three boreholes were drilled, two of them to about 10.0m and 
the third one to 15.0m depth, in different locations around the 
building. The boreholes were drilled using a rotary soil 
mechanics drilling rig. Disturbed soil samples were collected 
at 1-m meter intervals for visual inspection and classification 
tests. Undisturbed samples were taken at 1.5-m intervals from 
the cohesive soil. The standard Penetration Test (SPT) was 
performed in silt or sand layers or whenever there was 
difficulty in getting undisturbed soil samples.  The SPT was 
performed by driving an open tube sampler (50mm O.D.) by 
the blows of a standard automatic hammer weighing 64kg and 
falling freely from a height of 760mm.  The number of blows 
required to give tube penetration of 300mm was taken as 
SPT-N value.   
 
3.2.2 Excavation of Test Pits 
Three test pits were excavated manually to about 4.0m at 
different locations around the building. The disturbed soil 
samples were collected at each meter interval for visual 
inspection and laboratory testing.  
 
3.2.3 Groundwater 
No groundwater was observed during the drilling of 
boreholes in this site. It is expected to be far below the 
effective zone of the foundations. 
 
3.3.4 Soil Conditions 
The soil profile for the two boreholes and test pits is shown in 
Appendix (A). The three boreholes showed relatively similar 
soil stratification consisted of dark brown silty clay of high 
plasticity (CH) and dark brown to yellowish greyish very 
loose to medium dense clayey sand (SC) at the top 4.0m to 
5.5m. Below this alternative layers of very stiff brown low 
plastic silty clay (CL) and very stiff brown low plastic silt 
(ML) and very stiff dark to light brown highly plastic silty 
clay (CH) were encountered down to the bottom of boreholes 
at 10.0m and 15.0m depths. 
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Test pits soil profile showed one layer of dark to light brown 
silty clay of high plasticity (CH) extending down to the 
bottom of test pits at 4.0m depth.  
 
3.2.5 Laboratory Testing 
Laboratory tests were performed on a number of disturbed 
and undisturbed soil samples. The tests included Atterberg 
limits, grain size analysis, natural moisture content, UU 
triaxial test, consolidation test, swelling pressure test and 
chemical tests. The procedures followed were in general 
conformance with those recommended in the British Standard 
BS 1377 (1990).  Soils were classified according to the 
Unified Soil Classification System (USCS).  
 
3.2.5.1 Classification Tests  
The objective of these tests was to reveal soil types 
encountered at different depths of the boreholes. Tests carried 
out included Atterberg limits, grain size analysis and natural 
moisture content. These classification tests confirmed the soil 
profile described in subsection 3.5. 
 
3.2.5.2  Atterberg Limits 
The tests were carried out on clayey soil samples taken from 
different depths. The results gave liquid limit values ranging 
between 29% to 85% and plasticity index values between11% 
to 60%. This indicated high swell potential for the clayey soil 
at the present site.   
 
3.2.5.3 Grain Size Distribution 
The grain size distribution of the soil samples was determined 
in the laboratory. The results of this test with combination of 
Atterberg limits test results were used to assess the soil types 
according to the Unified Soil Classification System (USCS).  
 
3.2.5.4 Natural Moisture Content 
The natural moisture content was determined from 
undisturbed samples and by weighting the disturbed samples 
obtained from SPT sampler in the field and then the test was 
continued in the laboratory.  
 
3.2.5.5 UU-Triaxial Test 
The undrained unconsolidated (UU) triaxial test was 
conducted to measure the shear strength parameters of the 
soil.  The average measured shear parameters (Ø & C) were 
9.33º and 45.93 kPa respectively.  
 
3.2.5.6 Consolidation Tests 
Consolidation tests provide information for use in evaluating 
the compressibility of the soils and estimating the settlement 
of foundations established on these soils. The consolidation 
tests were performed on undisturbed clayey samples. First, 
the swelling pressure test was conducted on the samples. 
Then the samples were loaded beyond the swelling pressure 
to allow consolidation to proceed.  
  
 

3.2.5.7 Swelling Pressure Test 
The swelling pressure tests were conducted on undisturbed 
soil samples. The volume of the soil was kept constant in an 
oedometer cell, while the soil was saturated with water during 
the test. The results are shown in Table 1 below. The results 
reflected low swelling pressures. This is due to high moisture 
content of these samples, usually high swelling pressures 
depend on high moisture content deficiency. Also the soil 
samples may be subjected to some disturbance during 
mobilization. 

Table 1: Swelling Pressure Test Results 
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1 1.5 0 29.05 33.68 CH 
1 3.0 20 19.05 23.23 SC 
2 3.0 20 21.92 24.80 SC 
3 3.0 20 23.70 24.52 CH 

3.2.5.8 Chemical Tests 

Chemical tests were performed according to BS 1377,1990-2 
on two soil samples and one water sample to determine 
chloride content, sulphate content and the pH value. The 
results are shown in Table 2 below. The results indicated 
alkaline soil and water of low contents of chloride and 
sulphate. Therefore, the building foundations are not 
expected to be affected by these low contents of chemical 
salts. 

Table 2: Chemical Test Results 
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Sulphate   
(%

) 

pH 

1 Soil B.H. 2 2.0 0.2142 0.2513 5.27 

2 Soil B.H. 3 2.0 0.2213 0.1642 4.34 

3 Water - - 0.2057 0.2043 5.10 

3.2.6 Analysis of geotechnical results 
It is evident from the soil profile that the top 4.0 to 5.5m layer 
of highly plastic silty clay (CH) and very loose to medium 
dense clayey sand (SC) was encountered. This is underlained 
by alternative layers of very stiff low plastic silty clay (CL) 
and very stiff low plastic silt (ML) and very stiff highly 
plastic silty clay (CH) extending down to the end of 
boreholes. No groundwater was encountered in boreholes 
during this investigation; it is expected to be far below the 
effective zone of the foundations. Although low values of 
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swelling pressures were measured in the laboratory, the index 
properties of the investigated soil indicated high swelling 
potential for the clayey layers. The SPT N-values generally 
indicated soft to very stiff clays and very loose to medium 
dense sands, which reflects low to medium shear strength for 
the soil at the present site. The chemical test results showed 
acidic soils of high contents of harmful chemical salts.  The 
building was constructed on isolated footing foundations 
placed at about 2.9-m depth below the ground surface level. 
At this depth the bearing capacity of the soil recommended to 
be 140 kN/m2.  
The bearing capacity determination was based on soil 
classification and SPT results. Use SPT-N average value 
below the foundation level and maximum footing width of 
4.5m for permissible settlement of 25mm at (Terzaghi and 
Peck Chart, Bowles, 1994).  
 
3.3 Field and Lab. Testing of concretes 
 
A combination of destructive core tests, ultrasonic pulse 
velocity and rebound hammer tests was performed to find the 
compressive strength and to assess the quality and uniformity 
of the concretes of the building.  
 
3.3.1 Core test results 
Six core specimens were extracted from the foundations and 
floor slabs using an electrical type core cutting machine. All 
core specimens were thoroughly inspected and prepared for 
the compression test. Visual inspection of the core specimens 
before compression tests revealed the following: 

- Entrapped air voids were noticed in the core specimens 
which indicated that the concretes of different structural 
elements of the building were not properly vibrated and 
compacted. 

- The concrete mix was found to be over sanded (i.e. the 
amount of cement was less than required). 

- Many decayed aggregate particles were were noticed in 
the mix. Also the maximum size of aggregate found was 
less than 15mm and the grading observed was not 
uniform. 

- After visual inspection the specimens were prepared and 
tested under uniaxial compression load, the average 
value of the strength results was 14N/mm2. 

 
3.3.2 Ultrasonic pulse velocity tests results 
Ultrasound pulse velocity was performed to assess the quality 
of concretes of columns and to evaluate the degree of 
compaction. 
Ultrasonic pulse velocity test is usually performed for 
assessing the quality and integrity of concrete by passing 
ultrasound waves through the specimen or reinforced 
concrete member under test, This test can also be used to 
determine the presence of honeycombs, voids, cracks etc. The 
main strength of the method is in finding general changes in 
condition such as areas of weak concrete in a generally sound 
concrete. At the same time, the UPV technique is not always 

practicable in testing sound concrete. Especially in 
investigation of crack depth, it is ineffective if the crack is 
water filled. The performance is also often poor in very rough 
surfaces. Sometimes good contact requires the use of a 
coupling gel between the transducers and the structure. Sound 
energy above the audible frequency of 16,000 Hz is 
designated as ultrasonic (Song & Sarthawathy, 2007). The 
instrument consists of transmitter and receiver (two probes). 
The time of travel for the wave to pass from the transmitter to 
the receiver when kept opposite to each other is recorded in 
the ultrasonic instrument. The distance between the two 
probes (path length) can be physically measured. Hence 
ultrasonic pulse velocity = path length/time. This velocity in 
concrete can be related to its compressive strength. Different 
approaches have been published for classification of concrete 
quality based on the pulse velocity. In this study the 
Whitehurst (5) classification method was adopted.  According 
to the Whitehurst classification method, the quality of 
concretes of the columns of different floors was found to be 
varying between poor (pulse velocity < 3Km/sec.) and 
doubtful (pulse velocity < 3.5 km/sec.), whereas some points 
were found to indicate very poor quality (pulse velocity < 
2.5km/sec.). 
   
3.3.3 Rebound hammer test results 
This test is basically a surface hardness test and should be 
used only where the surface has not carbonated as the results 
tend to be very high and unrealistic on carbonated surfaces. It 
is also possible to evaluate the degree of uniformity of 
concrete through statistical analysis of test results (ACI, 
1195). 
The building under consideration was constructed four years 
ago so little carbonation effect is possible. Rebound hammer 
values obtained from different columns at different floor 
levels showed low surface hardness (average rebound number 
14) and high variability (standard deviation of rebound 
number 12.5) in the properties of concretes of columns.  
 
3.4 Structural analysis 
A structural analysis of the concrete frame was performed 
based on the actual dimensions of the building and main 
findings of field and laboratory tests results. The structural 
analysis showed that all the basement columns, second floor 
columns and the basement cover slab were stressed beyond 
the ultimate limits. While the bearing capacity of foundations 
were found to far less than the applied axial and bending 
forces of basement columns, the uplift pressures of soil didn’t 
affect the punching shear strength of foundations. 
  
4. SUGGESTED STRENGTHENING METHODS 

After a comparative socio-economic feasibility study of the 
two options of demolishing and strengthening, it was decided 
by the different consultancies and authorities involved to 
strengthen the building. Time was critical since the hospital 
building had to be restored to provide medical services. Based 
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on the findings of the assessment program, it was clear that 
the building required faster major and minor strengthening 
and retrofitting. It was also critical for building and 
strengthening works to be implemented before the rainy 
season, so as to prevent any moisture variation in soils and to 
stop any further movement of the building skeleton. Five 
different major structural strengthening techniques were 
suggested and implemented. 
  
4.1 Modification of foundation system 
It was suggested that the isolated footings of the foundation to 
be strengthened and connected using reinforced concrete 
beams fixed on top of footings.  This will increase the 
stiffness and tightness of the foundation; hence redistribute 
the bearing stresses and the non-uniform uplift soil pressures. 
Also this will eliminate any stress concentrations and prevent 
any further increase in differential movement of underneath 
soils (Fig.6). This was performed after restoring the affected 
footings to their initial levels. Soils beneath the footings 
affected by the uplift pressures were removed and the 
footings were allowed to restore gradually to the initial levels 
under the existing dead loads. Wherever needed, additional 
surcharge loads were applied to push the footings down to 
their initial levels. For damaged short columns, shoring of 
upper floors was sometimes needed to reduce the applied 
loads, strengthen the columns and restore the footings.  
 

 
 
Figure 6. Modification of foundation and concrete jacketing 
of short columns  
 
 4.2 Concrete jacketing of short columns 
 
Strengthening of basement columns using concrete jacketing 
was apparent since the load carrying capacities of these 
columns were much less than the applied axial forces and 
bending moments. Shear connectors were first inserted and 
fixed in the old concrete columns using a carefully selected 
epoxy binder. The surfaces of the old concrete columns were 
roughened and a suitable epoxy binder was distributed before 
the additional reinforcement was placed (Hollaway and 
Leeming, 2005). After that additional flexure and shear 

reinforcements were fixed around the columns before final 
concreting.  
 
4.3 Metal jacketing of columns 
In order to increase the load carrying capacity of the second 
floor columns while maintaining the same cross-section, 
metal jacketing was the best solution. The columns were 
strengthened using four channel sections at the four corners 
along the columns, connected via horizontal steel strips at a 
suitable spacing (Fig. 7). The gaps between the concrete and 
the added steel frame were filled with a suitable epoxy 
mortar.  
 

 
 

Figure 7. Metal jacketing of second floor columns 
 
4.4 CFRP for basement cover slabs 
The basement cover slab (total area 1350 sq.m) was 
strengthened using carbon fiber reinforced polymer laminates 
fixed at the soffit of the concrete slab using selected epoxy 
resin (Bank, 2006). This technique was the best solution to 
remedy the two deficiencies of the slab; structural cracks due 
to foundation movements and corrosion of reinforcements 
due to chemical attack (Fig. 8).  
 

 
 

Figure 8. CFRP for basement cover slabs 
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4.5 Shear wall installation 
 
To enhance the stability of the building and to rectify the 
openings at the expansion joints caused by the differential 
movement of the foundations, concrete shear walls were 
installed at both sides of each expansion joint along the total 
height of the building (Fig. 9). 
 

 
 

Figure 9. Installation of shear walls at expansion joints 
 
5. CONCLUDING REMARKS 
 
This case study highlights the following facts: 

- Clever combination between different strengthening and 
retrofitting techniques can save a lot of money and time. 

- When considering the strengthening and rehabilitation of 
structures, it is essential to establish the nature of the 
problems, extent, severity and exact causes. If this is not 
done the symptoms could be treated rather than the 
causes.   

- There is no substitute for following sound design and 
construction principles when constructing structures on 
expansive soils. 

- Careful and continuous monitoring during and after 
installation of strengthening and retrofitting works is 
vital to evaluate the efficiency of such works. 
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1. INTRODUCTION 
       Sphere packing is a method which has been used in 
many fields such as geotechnical and chemical engineering, 
physic, ceramics, powder technology, and biology [1]- 
[2]-[3]-[4]-[5]-[6]-[7]-[8]-[9]. Porosity calculation of the 
soil is important from the aspect view of finding the void 
fraction of the particles, permeability computation, and 
interaction between the particles. 
 
       There are two types of sphere packing which are 1: 
loose or gravitational sphere packing, and 2: close sphere 
packing. The former one simulates the conditions of the 
unconsolidated soil particles with loosely interior structure, 
whereas the latter one simulates the conditions of 
consolidated soil particles with fully compacted particulate 
materials. The model structures of two sphere packing are 
quite different with each other. In the first one, the method 
of the drop and roll from specified height is applied, while 
for the second one, providing the most compacted packed 
bed is the striking aim which should be met. 
 
      In the current paper, authors utilized the loose or 
gravitational sphere packing which can simulate layering of 
the soil particles without any compaction called 
unconsolidated porosity value. Tory was the inventor of 
this method, whilst the other researchers have promoted the 
work of him [10]-[11]-[12]. Loose sphere packing can 
employ equal-sized spheres from nano- till coarse-sized 
particles, hence wide variety applications of this method 
would be very helpful in the field of soil particles 
interaction. 
 
       Variations of container size have positive correlation 
with the final porosity results. However, some researchers 
 
 

have expressed periodic boundary condition to eliminate 
the wall effects and provide the raw data of porosity [12]. 
Periodic boundary condition is a computational box which 
is repeated infinitely in x and y direction .In fact, periodic 
boundary condition checks on the spheres which are exited 
from the wall, and those spheres enter inside the container 
from opposite side. 
       In some cases, the containers are not eliminated to 
simulate the reality condition of the interaction of the 
particles with each other, thus the resulted porosity would 
have higher value in comparison with the manner without 
the effect of wall. The higher porosity results will be 
achieved without wall effects because of the partial 
ordering of soil particles near the wall. Consequently, the 
most porous regions of a container are near the walls, but it 
should be mentioned that shape of the containers have some 
effects in partial ordering. 
      The most common containers are cylindrical and square 
container. Of these, cylindrical container is more popular 
because of the having same shape with the equipments in 
laboratory. 
       Mathematical [13] and geometrical [10] are the most 
common ways to simulate the sphere packing. There are 
pros and cons for the both way. In the former one, the 
porosity can be calculated by mathematical formulas 
analytically, whereas it is not able to depict the spheres and 
interaction of them. In the latter one, the speed of packing 
process will decrease by increasing the number of elements. 
The macro and micro structures of particles, however, can 
be defined minutely. The geometrical approaches are 
applied for this present paper, therefore different 
geometrical methods are employed to create the structure of 
loose sphere packing. Apollonius 3D has been 
implemented for equations of tangents controlling 
treatments of soil particles.  
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2. Computational method 
       The Tory’s method has been applied for the current 
work. However, pure geometrical approaches have been 
employed rather than vectors manipulations. The base of 
the work of Tory can be summarized as follows: 
1: The initial co-ordinates of spheres are chosen based on 
the random number generator on which the Monte-Carlo 
method is implemented. 
 
2: The first height of every sphere is chosen based on the 
previously settled particles, hence the upmost height of 
pre-settled spheres is chosen, and the first height of 
incoming sphere is defined according to the upmost height. 
 
3: The incoming sphere may collide with other fixed 
spheres. In this case, the stability conditions have to be 
controlled for the incoming sphere. If there have been three 
spheres underneath of the incoming sphere, the sphere is 
determined as a stable sphere; otherwise that sphere rolls 
down on the other spheres to find the stability condition 
which is usually called reaching the minimum potential 
point. Subsequently, there are two stability methods. The 
first one is being stable on the top of the other spheres and 
the second one is being stable by hitting the floor [10] 
-[11]-[14]. 
 
       Apollonius 3D governs the equations of the contacting 
an incoming sphere with one, two, and three spheres. The 
formulas for contacting with three spheres are as follows: 
Take for example: 
       The fixed spheres have been determined with 1, 2 and 3 
subscripts and incoming sphere is determined by “s” 
subscript. 
 
(𝑋𝑠 − 𝑋1)2 + (𝑌𝑠 − 𝑌1)2 + (𝑍𝑠 − 𝑍1)2 = (𝑅𝑠 + 𝑅1)2  (1) 
(𝑋𝑠 − 𝑋2)2 + (𝑌𝑠 − 𝑌2)2 + (𝑍𝑠 − 𝑍2)2 = (𝑅𝑠 + 𝑅2)2  (2) 
(𝑋𝑠 − 𝑋3)2 + (𝑌𝑠 − 𝑌3)2 + (𝑍𝑠 − 𝑍3)2 = (𝑅𝑠 + 𝑅3)2  (3) 
 
 

3. Results and discussion 
       The simulated sphere packing is verified with the 
literature, and the verification has been done with the 
mathematical method [15], which can explore that the 
results of the mathematical and geometrical are same 
intrinsically. The results are shown in Table 1. 
  
Table 1 Comparison of porosity between geometrical and 
mathematical method. 

N1 
Container 

size(radius, 
mm) 

Height of 
the 

container, 
mm) 

Porosity2 
(%) 

 
Porosity3 

(%) 
 

50 3.5 10.6177 54.7885 54.15 
60 3.5 12.6174 53.3936 53.7 
80 4.5 9.6620 52.9012 52.63 

100 4.5 11.9555 51.5812 51.31 
125 4.5 14.7689 50.9920 50.15 

1: N is the number of the spheres as to the literature. 
2: Porosity results of present work. 
3: Porosity results in literature. 

 
       Stoyan found the porosity values of loosely packed 
spheres by the means of “greedy algorithm”.  
       The porosity results are decreased by increasing the 
diameter and the height of the container, and the reason is 
interpreted by the effects of the container volume on the 
results. 
       One sample of sphere packing is shown in Fig. 1, 2, 
and 3 which are the 3D and 2D view of packed spheres. 
Container shape is not completely shown in order to better 
observation of the identical size of the soil particles, and 
interaction with them. 

 
Figure 1. Three dimensional view of the sphere packing 

model 

 
 
 
 
 

 
Figure 2. Cross section sample of the sphere packing 
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Figure 3. Plane view of the sphere packing 
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5. CONCLUSION 
       It is shown that the values of porosities for the both 
geometrical and mathematical methods are very close to 
each other. 
       It is construed that with increasing in the volume of the 
container, the porosity will be decreased subsequently.   
Because, there are more porous regions near the wall of the 
container, and increasing the volume size of the container 
will diminish these effects drastically. 
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1. INTRODUCTION 
In the past decade, piled raft foundations have been widely 
used in practice to support heavy and high - rise buildings and 
extensive studies have been done about their design methods. 
The piled raft foundation is a combination of a raft foundation 
with piles. Taking into account the design requirements and 
bearing capacity, piles in piled rafts are designed. In soft soils 
where a raft alone may not provide the bearing capacity, 
connected piles to enhance the performance of the raft or 
unconnected piles to reinforce the supporting soil are usually 
added. The most effective application of piled rafts occurs 
when the raft can provide adequate load capacity, but the 
settlement or differential settlement of the raft alone exceeds 
the allowable values. In this situation, piles are used as 
settlement reducer and designed to have small size and 
number in comparison with conventional pile groups. 
Piled raft foundation consists of three carrying elements: soil, 
raft and pile, which the interaction between the elements may 
cause some complexity in prediction of this composite 
foundation. 
One of the Technical Committees of the International Society 
for Soil Mechanics and Foundation Engineering (ISSMFE) 
focused its efforts in the period 1994 - 7 towards piled raft 
foundations, collected considerable information on case 
histories and methods of analysis and design, and produced 
comprehensive reports on these activities including O'Neill 
etal. [1]; van Impe & Lungu [2]. The concept of piled raft 
foundations is by no means new, and has been described by 
several authors, including Zeevaert [3], Davis & Poulos [4], 
Hooper [5], Burland et al. [6], Sommer et al. [7] and Franke 
[8], among many others. 
Poulos [9] developed a program GARP which employs an 
approximation method for the analysis of piled raft with the 
consideration interaction effects between the piles and raft. 

 
 

Allowances were made for the piles to reach their ultimate 
capacities and local bearing failure of the raft. Russo [10] 
employed a similar method where the piles and soil were 
modelled by linear or non-linear interacting springs. The soil 
displacements were calculated using Boussinesq’s solution 
thus yielding a closed form solution. The non-linear 
behaviour of the piles was modelled by the assumption of a 
hyperbolic load-settlement curve for a single pile. Brown and 
Wiesner [11] used the Boundary Element Method to analyse a 
strip footing supported by equally spaced identical piles 
embedded in an isotropic homogenous elastic half space. 
Application of Mindlin’s solution was used to determine the 
interaction relationships due to the interface forces. Poulos 
[12] extended a method of BEM to incorporate the effect of 
free-field soil movement, load cutoffs for the pile - soil and 
raft – soil interfaces to examine the interaction mechanism 
between the piled raft and a soil subjected to externally 
imposed vertical movement. The analysis is implemented via 
a computer program PRAWN. Hooper [5] used Finite 
Element Method to analyze a piled raft and considered the 
stiffening effect of the superstructure on the behaviour of the 
piled raft by introducing an equivalent raft thickness. Liu and 
Novak [13] employed the finite element method to examine 
the behaviour of a raft supported by a single pile at the centre. 
Mapped infinite elements are used to model the far - field soil 
medium to simulate an unbounded domain. A weak zone 
around the pile with lower strength and modulus was 
introduced to account for the slip at the pile-soil interface. 
Reul and Randolph [14] presented a three-dimensional 
elasto-plastic finite element method using program ABAQUS 
for the analysis of piled raft foundations in overconsolidated 
clay. Oh etal [15] used finite element program PLAXIS for 
the analysis of piled rafts on Australian sand. 
Combined Boundary and Finite Element Method as well as 
Combined Finite Element and Finite Layer Method are used 
to reduce the calculation time by some authers including 
Mandolin and Viggiani [16] and Zhang. In this paper finite 
element is employed to perform parametric studies.  

ABSTRACT 
 
The piled raft Foundation is a geotechnical composite construction, consisting of pile, raft and soil elements, which is 
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2. DESIGN CONCEPTS 
As with any foundation system, the design of a piled raft 
foundation requires the consideration of a number of issues, 
including: ultimate load capacity for vertical, lateral and 
moment loadings, maximum settlement, differential 
settlement, raft moments and shears for the structural design 
of the raft, pile loads and moments, for the structural design of 
the piles. 
In much of the available literature, emphasis has been placed 
on the bearing capacity and settlement under vertical loads. 
While this is a critical aspect, and is considered in detail 
herein, the other issues must also be addressed. In some cases, 
the pile requirements may be governed by the overturning 
moments applied by wind loading, rather than the vertical 
dead and live loads. 

2.1 Alternative Design Philosophies 
Randolph [17] has defined clearly three different design 
philosophies with respect to piled rafts: 
(a) The “conventional approach”, in which the piles are 
designed as a group to carry the major part of the load, while 
making some allowance for the contribution of the raft, 
primarily to ultimate load capacity 
(b) “Creep piling”, in which the piles are designed to operate 
at a working load at which significant creep starts to occur, 
typically 70 - 80% of the ultimate load capacity; sufficient 
piles are included to reduce the net contact pressure between 
the raft and the soil to below the preconsolidation pressure of 
the soil. 
(c) Differential settlement control, in which the piles are 
located strategically in order to reduce the differential 
settlements, rather than to reduce the overall average 
settlement substantially. 

2.2 The Design Process 
Poulos [18] has suggested that a rational design process for 
piled rafts involves three main stages: 
(a) A preliminary stage to assess the feasibility of using a 
piled raft, and the required number of piles to satisfy design 
requirements 
In the preliminary stage, it is necessary first to assess the 
performance of a raft foundation without piles. Estimates of 
vertical and lateral bearing capacity, settlement and 
differential settlement may be made via conventional 
techniques. 
(b) A second stage to assess where piles are required and the 
general characteristics of the piles 
Much of the existing literature does not consider the detailed 
pattern of loading applied to the foundation, but assumes 
uniformly distributed loading over the raft area. While this 
may be adequate for the preliminary stage described above, it 
is not adequate for considering in more detail where the piles 
should be located when column loadings are present. 
Assessment of the maximum column loadings for this control 
is the subject of second stage. 
(c) A final detailed design stage to obtain the optimum 
number, location and configuration of the piles, and to 

compute the detailed distributions of settlement, bending 
moment and shear in the raft, and the pile loads and moments. 
The first and second stages involve relatively simple 
calculations, which can usually be performed without a 
complex computer program. The detailed stage will generally 
demand the use of a suitable computer program that accounts 
in a rational manner for the interaction among the soil, raft 
and piles and may be the effect of the superstructure. In order 
to do this stage carefully, there are many approaches 
including “strip on springs” approach, “plate on springs” 
approach, boundary and element method and etc. In this paper 
we employ mentioned design process and philosophies to 
perform a suitable design.  

3. FINITE ELEMENT MODELING 
3.1 Finite Element Mesh and Boundary Condition 
The behavior of the piled raft was investigated by carrying 
out 3D numerical analyses. The geotechnical finite element 
code PLAXIS (Vermeer and Brinkgreve [19]) was used for 
this purpose and 15-node triangular elements were used. Fig.1 
shows a typical finite element mesh used for parametric 
study. This parametric study has been done for different raft 
and pile sizes and different number of piles. Material 
properties of soil and piled raft are shown in Table I.  

 
Fig1. Typical Finite Element mesh used for numerical 
method 
 
Table I. Material properties used for analysis 

 E (MPa) n γ (kN/m3) C (kPa) φ 
Soil 14 0.18 18 5 30 
Pile 25000 0.20 24 - - 
Raft 25000 0.20 24 - - 

 
The pile head was connected to the raft rigidly. Special 
interface element was used at the soil – pile and raft – pile 
interface. A relatively fine mesh was used near the interfaces 
while a coarser mesh was used further from the pile and raft. 
Vertical boundaries are assumed to be on rollers to allow 
downward movement of the soil layers and the beneath of the 
model is fixed in three orthogonal directions. For the far-field 
boundaries, the distance of the boundary from the edge of the 
raft was greater than the pile length since the observed 
influence zone based on the finite element analysis including 
interface is there [20]. This limit prevents the effects of 
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boundaries and works as infinite elements to simulate half 
space. After initial equilibrium, the vertical loading was 
applied on the top of the raft surface. Since modeling of the 
entire pile installation process is rather complicated, the pile 
was assumed to be in a stress-free state at the start of the 
analysis.  
 
3.2 Constitutive Modeling 
Based on the materials, it is preferable to use the 
Mohr-Coulomb model for relatively quick and simple and 
first analysis of any problem considered. To simplify the 
analysis process, average values of material parameters (as 
mentioned in Table I) were adopted for the soil layer. The raft 
and piles has great Young’s modulus in comparison with the 
soil and remain in elastic area, so they were modeled with a 
linear elastic model. 
The modeling techniques used for the pile - soil interface are 
generally divided into two types: slip element and thin layer 
element. The former was used by Jeong etal. [20] and Lee 
etal. [21], in which the slip behavior could be considered. The 
latter was used by Reul and Randolph [14] and de Sanctis and 
Mandolini [22]. In this paper thin layer elements with a 
thickness of 0.1d (d, pile diameter) is used.  

4. VALIDATION 
The validation of the present model was done by a 
comparison with a centrifuge model test for a circular piled 
raft on stiff clay, which was carried out by Horikoshi and 
Randolph [23]. The total number of piles was nine (a 3×3 
array with a pile spacing of 2.5 m) with a length of 15 m and 
diameter of 0.32 m, which were located under a 14 m 
diameter circular raft with a thickness of 0.05 m. A soil depth 
of 25 m was taken into account. Eq.1 describes the average 
settlement. Also a comparison of the results with a numerical 
method proposed by Prakoso and Kulhawy [24] has been 
done. The results are shown in Fig.2 and Table II.  

( )cornercenteraverage SSS +≈ 2
3

1
                                            (1) 

where Scorner is the settlement of the raft corner and Scenter is 
the displacement of the raft center of piled raft system. 
 

 
Fig2. Comparison between present method and a numerical 
method 

Table II. Comparison of the results with the test data 

 Average Settlement, 
Savg (mm) 

Load taken by 
piles (%) 

Horikoshi and 
Randolph 22 19 

Present Study 21.67 23.55 

5. PARAMETRIC STUDY 
Table III lists soil, raft and pile configurations, different sizes 
and distances and number of piles used in the raft only and 
piled raft analyses.  
 
Table III. System configuration for parametric study 

Pile 

Length 40 m – combined 20 and 40 m 
Diameter 0.5 m 
Distance s/d= 4 , 6 

Arrangement Center- Uniform 

Raft Thickness 0.5, 1, 2 m 
Width 26 by 26 

Load Uniform 150 , 200  kN/mP

2 
Concentrated Equal to uniform load (on piles) 

 
Fig.3 shows different arrangements used for parametric 
study. Arrangements have 16, 25, 36, 81 and 169 piles, 
respectively. Arrangement 3 and 5 have s/d=4 and others 
have s/d=6. 
 

 
Arrange 1                  Arrange 2                  Arrange 3 

 
                             Arrange 4        Arrange 5 
Fig3. Different arrangement used for parametric study 
 
In order to consider more detailed design stage, as mentioned, 
uniform loading results (preliminary stage) are compared 
with the nonuniform and concentrated loading one. For a 
concentrated load, the load was applied at the center of the 
raft, but the equivalent magnitude of the load in the two 
different loads was the same. The vertical loading was 
applied on the top of the raft surface after initial equilibrium. 
All analyses were carried out under drained conditions. Thus, 
hydrostatic water pressure distribution was assumed in a 
drained condition with the ground water table located on the 
top of the soil layer. 

6. COMPUTED RESULTS AND DISSCUSION 
As mentioned before, maximum settlement, differential 
settlement, raft moments and pile loads are the main 
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parameters in the assessment of the piled raft behaviour. Also 
concentrated and local loading is used to consider the design 
stages proposed by poulos in addition to uniform loading. 
Fig.4 shows the variation of the normalized average 
settlement with the square root of the number of piles,

pn .  

Each value of this parameter also introduces an arrangement. 
The average settlement is calculated using Eq.1 and 
normalized respect to average settlement of the raft only.  
 

 
 

 
 
Fig4. Variation of normalized average settlement with the 
square root of the number of piles (a) Load: 150 kPa (b) Load: 
200 kPa 
 
The average settlement is reduced with increasing the number 
of piles. Arrangement 3 shows satisfactory performance for 
both loads and beyond that the reduction procedure continued 
at a slow rate. The average settlement due to uniform loading 
(solid line) is less than the average settlement caused by 
concentrated loading (dashed line) in most cases. Because in 
the piled raft under uniform loading there are regions without 
loading and the settlement in this regions is not considerable. 
Therefore, the resultant of average settlement in this case in 
comparison with the concentrated loading becomes less. 
Another point that realized from Fig.4 is that increasing in raft 
thickness may lead to reduction of average settlement, but 
this reduction is not remarkable and with the increase in load 
level the lines are approaching. The raft thickness of 1 meter 
shows acceptable performance between different thicknesses. 
Concentrated loading has unfavorable effect that is obvious in 
differential settlement. Fig.5 shows the variation of the 

normalized average settlement with the square root of the 
number of piles,

pn . The normalized differential 

settlement, Sd, is calculated from Eq.2.  

r

sec
d Bq

Ew
S

⋅
∆

= −                                                               (2) 

where ∆wRc-e Ris the differential settlement, ERs Ris the modulus of 
elasticity for the soil, q is the applied load and BRr R  is raft 
breadth. 
In this case, arrangement 3 does not act so well and shows 
significant differential settlement especially under 
concentrated loading. As expected, when the load applied in 
certain point (on the piles), significant local displacement 
occurs and make remarkable differential settlement. 
 

 
 

 
 
Fig5. Variation of normalized differential settlement with the 
square root of the number of piles (a) Load: 150 kPa (b) Load: 
200 kPa 
 
For piled raft under uniform loading a decrease of normalized 
differential settlement with increasing load level can be 
observed. This is due to the plastic deformation under the 
edge being larger than those under center of the raft. 
According to this figure, at arrangement 4, foundation shows 
good performance. After the arrangement 4 (nRpR=81), 
reduction procedure continued at a very slow rate and 
modifying the pile number and arrangement is not required. 
As previously mentioned by Horikoshi and Randolph [14], 
raft thickness describes the piled raft foundation stiffness 
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when raft width and soil configurations are constant. Thus, it 
can be mentioned that the differential settlement increases 
with decreasing foundation stiffness. Using thin raft (tr=0.5) 
is less favorable, because it makes two or three times further 
differential settlement than other conditions. On the other 
hand, Using thick raft (tr=2) just to decrease the differential 
settlement is not an economic plan. Raft thickness of 1 meter 
shows satisfactory performance except at one case 
(concentrated load: 200 kPa).  
Another unfavorable aspect of using thick raft is exceeding 
maximum raft moment from the acceptable limits in design 
procedure. Fig.6 clearly indicates rapid increase in maximum 
raft bending moment when using larger value of raft 
thickness. 
 

 
 

 
 
Fig6. Normalized maximum bending moment in raft for 
different raft thicknesses (a) Load: 150 kPa (b) Load: 200 kPa 
 
As mentioned above, raft thickness of 1 meter in this case is 
admitted. Load type and magnitude has not had any 
considerable on the normalized bending moment and both 
types can be placed at a certain limit. At tr=1 arrangement 5 
shows the best performance and indicates that using uniform 
distributed arrangement of piles may cause reduction in raft 
bending moment and so the optimized design can be 
achieved.  
Fig.7 shows the ratio of load taken by the piles. In some 
instances piles take more than 90 percent of applied load. In 
the scope of acceptable and economic design it is not 

admitted. However, the limit of 70 percent of applied load as 
an average seems good. In this case, arrangements 2 and 3 at 
raft thickness of 1 meter shows reasonable design alternative.  
 

 
 

 
 
Fig7. Pile load ratio for different raft thicknesses (a) Load: 
150 kPa (b) Load: 200 kPa 
 
Therefore, assumption of two mentioned conventional 
method about giving all loads to raft or to piles is not 
acceptable and each of these elements play different role in 
the foundation behaviour. 

7. AN EXAMPLE OF OPTIMIZED DESIGN 
In Table IV two arrangement of the parametric study is 
compared with an example of optimized design for tr=1 m 
and load = 150 kPa. As suggested by Reul and Randolph [14], 
the piles under the core 25% of the raft area have the same 
length (40 m) and others constructed shorter. In this example 
other piles have 20 m length. According to the table, 
reduction of the total pile length up to 30 percent makes little 
increase in the average and differential settlements. Also, the 
magnitude of maximum absolute bending moment of the raft 
becomes little larger and in some cases decreases in 
comparison with the studied ones. Therefore, in the optimum 
design such cases should be considered to achieve the best 
design alternative. 
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Table IV. Comparison of the foundation behaviour by equal 
piles and combined piles 

 Savg 
(cm) 

∆wRc-eR 
(cm) 

Raft moment 
(kN.m) 

Arrange3 
(Uniform) 

Equal piles 4.4 1.2 2435 
Combined piles 6.17 2 1610 

Arrange3 
(concentrated) 

Equal piles 4 3.8 1855 
Combined piles 6.2 3.9 2625 

Arrange5 
(Uniform) 

Equal piles 3.7 1 1500 
Combined piles 5.6 1.8 1690 

Arrange5 
(concentrated) 

Equal piles 3.8 1.3 1650 
Combined piles 5.6 2.5 1670 

8. CONCLUSION 
In this paper a parametric studies on the piled raft foundation 
behaviour has been done by accurate analysis and design 
method (FEM) and it is understood that two mentioned 
conventional design method are conservative. Because it has 
been seen that for some cases, pile groups undergo just 40 or 
50 percent of applied load and installation of the acceptable 
raft above that can improve the design process. On the other 
hand, using of piles as settlement reducer is not an economic 
option and the design of raft in order to carry all 
superstructure loads makes difficulties in this element 
performance like exceeding bending moment. Therefore, 
using more accurate analysis and design procedures help us to 
consider different aspects of design and lead to choice of the 
best option. 
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1. INTRODUCTION 
The California Bearing Ratio (CBR) has been used as a semi 
empirical approach for predicting bearing capacity of 
subgrade for pavement design. The method was firstly used in 
1920’s in the California State Highway Department and was 
adapted by US Corp of Engineer in the 1940’s for military 
airfield. After the Second World War, the CBR was also used 
in UK and has spread to European countries [1]-[2]. Due to its 
simplicity and relatively low cost, this method has been 
widely used around the world for flexible pavement design.  
The CBR test is performed by penetrating a plunger with 
constant penetration rate of 1.27 in/min on compacted 
specimen on rigid mould with diameter of 152.4 mm and a 
height of 177.8 mm as describe in ASTM D 1883-07. There 
are 2 types of CBR test associated with the treatment of the 
sample: unsoaked and soaked. The unsoaked CBR test is 
performed to simulate the natural condition whereas the 
soaked one is performed to replicate the worst condition such 
as high water table in the field, in which the soil layer is 
considered to be in saturated or nearly saturated condition.  
The intensive study of the CBR and its relationship with 
water content and dry density has been studied by Davis [3] 
using a relatively wide range variation of soils from heavy 
clay to sandy gravel. The relation was presented in semi 
logarithm diagram, showing that the log CBR value was 
affected by water content, dry density and structure of soil 
particle. As water content increased, the CBR value went 
down linearly for plastic soil, whereas for non-plastic soils 
the relation was non-linear. The non-plastic the soil exhibited 
increasing in CBR at initial range of water content, and 
decreasing as the water content increased. This non linearity 
 
 

was believed as the effect of compaction on the soil structure 
of the soil.     
Black [4] carried out the study to estimate the CBR value of 
cohesive soil indirectly using the soil plasticity and its 
moisture content. Firstly, soil suction and true angle of 
friction were predicted using soil suction-water content and 
true angle of friction-plasticity index curves respectively.  
From this, the predicted suction and the true angle of friction 
were used to calculate bearing capacity, and finally the CBR 
was estimated using the calculated bearing capacity.   
Paraire [5] carried out the study for predicting CBR in 
unsaturated condition indirectly using bearing capacity 
approach. He performed the bearing capacity test using a 
small cone with an angle of 30o and 2.03 cm in diameter 
penetrated on the surface of silt and quartz sand specimen 
with similar dimension of CBR mould. During the test, 
suction was generated using suction plate apparatus and water 
content was also measured. The CBR was indirectly obtained 
from the large number of suction-bearing capacity data. The 
result indicated that there was a non-linear suction-CBR 
relation in which the increase in suction caused the increase in 
CBR.       
The non-linearity of CBR with respect to matric suction was 
also resulted from the study carried out by Sivakumar and 
Tan [6]. They investigated the effect of compacted water 
content on CBR of tills, while matric suction was taken into 
consideration using a pressure plate. The effect of matric 
suction was presented indirectly by water content, and 
indicated that water content has a significant effect on CBR. 
The result also indicated that the rate increase in CBR at wet 
side of optimum water content was lower than that at dry side.        
The effect of matric suction on CBR value has also been 
studied by Ampadu [7] on decomposed granite. He focused 
on the effect of drying and wetting of remolded specimen on 
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CBR value. The result indicated that from the OMC the CBR 
tends to increase rapidly as water content decreased. The 
CBR was drop as water content increased due to soaking. In 
his study, matric suction was obtained indirectly from SWCC 
using filter paper method.  
The aforementioned studies indicated that many more 
investigations regarding the effect of matric suction on CBR 
were still required. This paper presents the experimental 
study of CBR on various proportion of sand-kaolin mixtures 
with direct measurement of matric suction using tensiometer.    
   

2. SUCTION-MONITORED CBR DEVICE 
The suction-monitored CBR is the device for CBR test in 
which matric suction is monitored during the test. It is made 
by a modification of conventional CBR by attaching 1-bar 
miniature tensiometers on its mold and surcharge weight. The 
set-up and configuration of the test is shown in Fig. 1. The 
tensiometers were connected to the data logger or readout unit 
so that the suction measurement together with the loading and 
displacement can be recorded continuously during the test. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig. 1: The setup of modified CBR test (not to scale) 
 

3. TESTING PROGRAM 
3.1 Preparation 
Sand-kaolin mixture with different proportion of 100% sand, 
95:5, 90:10, 80:20 dry weight were investigated. The sand 
was taken from Baldivis sand pit, Western Australia, and has 
the specific gravity of 2.63. Grain size analysis indicated that 
it consists of 99.74 % fine and medium size of sand and 0.26 
% of fines. According to the ASTM D 2487, this material is 
classified as poorly-graded sand (SP). The trade mark of 
kaolin clay was obtained from the UNIMIN Australia Ltd., 
and has the liquid limit and plasticity index of 48.1 and 17.4 
respectively. The dry sand and kaolin clay were then mixed 
with the pure water according to the desired proportion and 
put in a sealed plastic bag for at least 72 hours for curing and 
water content equilibration. The compaction test was 
performed following the Proctor compaction procedure as 

described in ASTM D 698. The grain size distribution curves 
of all mixtures are shown in Fig. 2.  
 

 
 

Fig. 2. Grain size distribution curves 
 

 
Fig. 3. Compaction curves 

 
Fig. 3 and Table 1 show the compaction curves and 
compaction characteristic respectively. During compaction, 
the small particles of kaolin clay fill the voids causing the 
increase in MDD and the decrease in void ratio. This result 
has a good agreement with the result of Mullins and 
Panayiotopoulos [8] and Chiu and Shackelford [9]. The 
optimum water content (OWC) and maximum dry density 
(MDD) were two referenced parameters for the compaction 
of CBR specimens. The relatively high water content in 100% 
sand was caused by the high portion of fine size of sand (> 
50%).   
Table 1. Compaction characteristic of the sand-kaolin mixture 

Sand-kaolin 
clay mixture 

MDD 
(kg/m3) 

OWC 
(%) 

Void ratio 
(e) 

100% sand 1700 13 0.55 
95:5 1830 11 0.45 
90:10 1970 9.8 0.35 
80:20 2030 9.1 0.31 

Tensiometer  

Specimen 

Surcharge 
 

6 cm  

3 cm  

3 cm  
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Prior to the CBR compaction, the orifices prepared for 
attaching the tensiometers on the mold were blocked tightly 
with electrical tape. This was done to avoid the specimen 
coming out from the mold through these holes during 
compaction. The CBR tests were performed on both 
“saturated” and unsaturated conditions, represented by 
soaked and unsoaked specimen respectively. 
It is essential to ensure that before and during matric suction 
measurement, the tensiometers were completely free of air 
bubbles. The presence even a small air bubble would have 
affected the performance of the tensiometer by increasing the 
response time. The saturation of tensiometers was then 
required. It was performed by immersing its ceramic disk and 
reservoir in the distilled water and then was vacuumed using a 
desiccator and a vacuum pump for around 2-3 hours.  

3.2 Testing Program 
Prior to plunger penetration, the tensiometers were installed 
through the orifices on the CBR mold and its surcharge in 
such a way that its high air entry disk (HAED) of tensiometers 
has a good contact with the specimen. High quality 
removable adhesive and clamping set were utilized to hold 
the tensiometers in their position. Pneumatic machine was 
utilized to penetrate the CBR plunger on the specimen with a 
constant rate of 1 mm/min. A load-penetration curve 
produced from the test was utilized for determining the CBR 
value. By definition, the CBR value is the magnitude of stress 
at which the specimen has been penetrated at 1 in (2.54 mm) 
compared to a standard stress of 6.9 MPa. During the test, the 
matric suction of the bottom and upper layers of the specimen 
were recorded. After the CBR test, the water content of the 
bottom, middle and top layer of specimen were determined. 
In this study, various water contents were obtained by 
air-drying for different time periods from unsoaked 
specimens. 

4. RESULTS  

4.1 The Effect of Clay Content and Air Drying Period on 
CBR 

Fig. 4 shows the effect of kaolin clay content on CBR for 
various periods of time. The CBR of 100% sand (0% kaolin 
clay content) are not significantly affected by the water 
content, as the CBR values remain around 15-20% at any 
water content. The increase of kaolin clay content up to 5% 
causes the decrease in CBR in both soaked and unsoaked 
condition, but it causes a slight increase in CBR when the 
specimens were dried up for 1 or 2.5 day. The significant 
increase in CBR is shown by 10% kaolin clay content (90:10 
mixture) when the specimen was dried up. The mixture of 
90:10 exhibits the best proportion in term of CBR (even 
though according to compaction curves, the highest MDD 
was resulted from 80:20 mixture). The CBR of 90:10 mixture 
increases from 18.6% in soaked condition to 28.3% in 
unsoaked condition. Again, the CBR increases to 41.3% and 
48.5%, when the sample was dried up for 1 and 2.5 days 
respectively. Beyond 10% kaolin clay content, the CBR 
decreases even though the samples were air-dried.  
.  

 
Fig. 4. The effect of kaolin clay content on CBR 

 

4.2 The Effect of Water Content and Matric Suction on 
CBR 

Fig. 5 quantifies the effect of the decrease in water content 
due to air-drying on CBR. The CBR-water content relation 
forms a non-linear curve. Until its water content reaches the 
OWC, the CBR increases slightly as the water content 
decreases, and a significant increase rate in CBR occurs when 
the water content is less than OWC. The result has a good 
agreement with the result of Ampadu [6]. In general, the 
longer the air-drying period, the lower the specimen water 
content and the higher the CBR value.  
 

 
Fig. 5. The effect of water content on CBR 

 
The effect of water content and matric suction on the strength 
of compacted sand-kaolin mixtures has been investigated as 
part of the author’s study. The result indicated that to some 
extent the presence of kaolin clay affected the shear strength 
through the increase of effective cohesion and the decrease of 
effective internal friction angle. However, the cohesion itself 
was affected by the amount of water in the mixture. 
Accordingly, it may be deduced that the CBR of compacted 
sand-kaolin clay mixture is affected by the combination effect 
of kaolin clay and water content altogether. 
It has been recognized that the decrease in water content leads 
to the increase in matric suction. The effect of the increased 
matric suction on the CBR is presented in Fig. 6. This result 

OWC  
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may be explained as the decrease in water content due to 
drying causes the increase in water tension amongst the soil 
particles causing the increase in matric suction, and as a 
consequence, causing the increase in strength.  
It can be observed from the figure that the relation between 
CBR and matric suction forms a bi-linear curve. The first part 
of the curve starts from near zero matric suction (soaked 
sample) to 5-7 kPa, at which the CBR increases sharply, and 
the second part starts from 5-7 kPa with a relatively slower 
increase in CBR. It also can be seen that the matric suction 
has never attained zero even though the sample was soaked 
for 4 days. The soaked CBR test was not performed in the 
fully saturated condition. The reason is that the test was 
performed 15 minutes after removing the mold from the bath. 
Some of the water in the specimen may infiltrate through the 
base, and some of them may evaporate.    
    
 

 
 

Fig. 6. Bi-linear curve of CBR versus matric suction relation 

5. SUMMARY AND CONCLUSION 
Based on the laboratory testing on CBR with suction 
measurement, it can be concluded:  

1. Suction-monitored CBR is modification of conventional 
CBR by attaching tensiometers on its mould and 
surcharge weight. 

2. The CBR test was performed on sand-kaolin clay 
mixtures of 100% sand, 95:5, 90:10, and 80:20 dry 
weight proportion, combined with the variation of water 
content and matric suction using air-dying method.  

3. The CBR value of each mixture was presented in respect 
to water content and matric suction. The decrease in 
water content leads to the increase in matric suction, and 
the increase in matric suction leads to the increase in 
CBR.  

4. The relation between CBR versus water content and also 
the CBR versus matric suction are non-linear. Until the 
water content reaches the OWC, the CBR increases 
slightly as the water content decreases. A significant 
increase rate in CBR value occurs when the specimen 
water content is less than its OWC.    

5. In this study, the non-linearity of CBR in respect to 
matric suction forms a bi-linear curve for all mixtures. 
The first part of the curve at which the CBR increases 

sharply is started at near zero matric suction (soaked 
sample) until 5-7 kPa, continued by a relatively slower 
increase in CBR at the second part of the curve. For 
100% sand, the second part of the curve exhibits the 
decrease in CBR even though the matric suction is 
increased. 

6. Further study is required using the device with higher 
matric suction capacity such as suction probe, and also 
using the wider range of soil types. 

6.  ACKNOWLEDGEMENTS 
The first author gratefully acknowledges the Indonesian 
Ministry of Education for providing funds through the DIKTI 
Scholarship Project.   

7. REFERENCES 
[1] Croney, D. and Croney, P., The Design and Performance 

of Road Pavements, 2nd edition, Mc-Graw Hill Book 
Company, 1991, Part 3, pp. 159. 

[2] Asworth, R. ‘Highway Engineering’, Heinemann 
Education Books, London, 1972, Chapter 11, pp. 190.  

[3] Davis, E.H. 'The California Bearing Ratio Method for 
the Design of Flexible Roads and Runway', 
Geotechnique , Vol. 1, No. 4, 1946, pp. 249-263.  

[4] Black, W.P.M. 'A Method of Estimating the California 
Bearing Ratio of Cohesive Soils from Plasticity Data', 
Geotechnique, Vol. 12, No. 4, 1962, 271-282. 

[5]  Paraire J., Suction Tests on CBR-Diameter Specimens. 
The Bearing Capacity-Suction Relation', Transport and 
Road Research Lab. (TRRL), 1987. 

[6]  Sivakumar, V. and W.C Tan, W.C., 'CBR, Undrained 
Strength and Yielding Characteristics of Compacted 
Tills', Unsaturated Soils: Proc. of the Third International 
Conference on Unsaturated Soils, 2002, pp. 657-661. 

[7] Ampadu, S.,  'A Laboratory Investigation into the Effect 
of Water Content on the CBR of a Subgrade Soil',  
Experimental Unsaturated Soil Mechanics, Springer 
Berlin Heidelberg, 2007, pp. 137-144. 

[8] Mullins, C.E. and Panayiotopoulos, K.P., ‘Compaction 
and Shrinkage of sands and sands-kaolin mixture’, Soil 
and Tillage Research, 4, 1984, pp. 191-198. 

[9] Chiu, T.F. and Shackelford, C.D., ‘Unsaturated 
Hydraulic Conductivity of Compacted Sand-Kaolin 
Mixture, J. of Geotechnical and Geoenvironmental 
Engineering, Vol. 124, No.2, 1998, pp. 160-170. 

 



 

85 
 

 

  
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
 

 
 
 
 
 
 
 
 

 
 
 
 
 
 
 

 
 

 
 
 
 
 

{The person who says it can not be 
done should not interrupt the person 

doing it-Chinese Proverb} 

 

        
         

 

Second International Conference on Geotechnique, Construction Materials and Environment, 
Kuala Lumpur, Malaysia, Nov. 14-16, 2012, ISBN: 978-4-9905958-1-4 C3051 



 

91 
 

 

  

1 INTRODUCTION 
Cairo and its environs preserved and contained a parade of 
historical buildings and monuments famous for their 
precious value and fascinating design.  Several Islamic and 
Christian monuments have suffered from severe 
environmental attack over the years and showed serious 
signs of distress. Structural cracks caused by differential 
settlement of the foundations were noted in walls, facades, 
columns and arches of these invaluable buildings.  These 
phenomena called for a comprehensive geotechnical 
investigation to outline the causes of the problem and 
suggest the proper strengthening and rehabilitation schemes. 
Micropiles were a rather successful means in the restoration 
process of these important structures [1]. 

Micropiles were first installed in Italy in the 1950s and were 
utilized as a method to underpin historic buildings and 
monuments. In the 1970s, this new technique was 
introduced in the U.S. In the late 1980s, it gained a wide   
acceptance as a means for strengthening and underpinning 
foundations of ancient buildings and existing structures as 
well in the construction of new civil projects in many 
countries. Micropiles were successfully used in Turkey [2], 
Spain [3], France [4], Japan [5], Canada [6] and Australia 
[7] as well as many other countries around the world. 

Micropiles were used in Egypt for the first time in 1993 in the 
restoration of Sultan El-Ghoury Mosque in Cairo. Since then, 
they have been utilized in the rehabilitation of many historic 
structures [8] such as Al-Azhar Mosque, and the Hanging 
Church, the subject of this paper. Al-Azhar Mosque is one of 
the most important mosques in Cairo, built in the Fatimid 
era in year 970. The Hanging Church is the most famous 

 
 

Coptic Christian church in Cairo. It was built in the 7th 
century.  

2 MICROPILES  
Micropiles are drilled, cast-in-place, and grouted piles with 
small diameter, normally between 125 and 250 mm. They 
have the capability of sustaining high loads. The main 
advantage of employing micropiles in the renovation of the 
historic buildings is their suitability for headroom restricted 
access, their suitability for wide range of soil conditions and 
their ability to penetrate obstructions. Furthermore, 
micropiles can be constructed with minimal noise, vibration 
and disturbance of the structure and the surrounding 
buildings, at any angle below horizontal. 
Micropiles are mainly used for: 
 a. Foundation rehabilitation with underpinning, upgrading 
foundation capacity, and seizing the foundation movement 
 b. Soil reinforcement as in landslide stabilization, soil 
strengthening, and settlement reduction 
c. Resisting dynamic loads    
d. Excavation support   
e. Resisting uplift forces  
Micropiles are installed mainly by two methods; 
Replacement and Displacement methods. Piles, when driven, 
are defined as “Displacement Piles” because their installation 
methods laterally displace the soils through which they are 
installed. The most commonly used in ancient buildings are 
the “Replacement Piles” which are formed by drilling and 
grouting. The load is mainly carried by the micropiles 
reinforcement and transferred through the grout to the 
surrounding soils by high values of interfacial friction. The 
majority of micropiles are between 100 and 250 mm in 
diameter, 15 to 30 m in length and 250 to 1000 kN in 
compressive or tensile service load [9]. 

ABSTRACT 
 
Cairo contains a treasure of historical buildings and monuments. Several magnificent monuments have deteriorated 
over the years due to environmental changes. The restoration schemes of two important monuments are the subject of 
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2.1 Design Aspects  
Several design procedures were suggested by many 
researchers [10].  The design methods are intended to provide 
an axial capacity for initial design which should be checked 
with results of load tests. Locally, the methods widely 
adopted are the Empirical Methods described as follows. 
2.1.1 Anchor System 
Based on field experience [11], the design method for 
anchors grouted under pressures of less than 1.0 MPa can be 
used to calculate the capacity of the micropile, Qu, obtained 
by side friction. 
Q u  =  L x n x t a n φ ’  (kN)                                          (1) 
where, 
L   : pile bond length in meter 
φ ’ : effective angle of shearing resistance  
n   : factor in kN/m, affected by the drilling technique, depth 

of overburden pressure in the range 30 to 1000 kPa, in 
situ stress field, and dilation characteristics of the soil. 

Table I gives the values of “n” for a given soil type based on 
field experience. They were obtained for normally 
consolidated materials for borehole anchor diameters of 
approximately 0.1 m. If the drilling diameter changes 
significantly, n should be proportionally modified. 
 

Table I. Values of factor n (kN/m) 
 

Type of Soil Permeability (m/sec) n 
Coarse sand &Gravel  >  l 0 - 4  400 to 600 
Medium to fine sand 10- 4  to 10- 6    130 to 165 

 
2.1.2 Lizzi’s Method 
Lizzi proposed a simple empirical formula to evaluate the 
ultimate load of the micropile [12], which is:  
Q ult. = D x L x K x I                                                      (2) 
Where, 
D : nominal diameter of the micropile in cm (drilling 

diameter) 
L  :   length of the pile in cm 
K  :   pile-soil adherence coefficient, Table II 
I : dimensionless coefficient depends on the micropile 

nominal diameter (drilling diameter), Table III 
 
      Table II. Values of K                 Table III. Values of I 
                 

  
      
The empirical design method proposed by Lizzi, developed 
basically for root piles with relatively low grouting pressures. 

It mostly yielded very low computed capacities compared to 
the observed capacities, showing that this method is not 
appropriate for compaction grouted piles. 

2.2 Method of Construction  

2.2.1 Placing the casing into the ground 
To place the casing into the ground, drilling is used because 
the placing can be done in almost every ground conditions. If 
the casing is drilled properly, it does not cause significant 
disturbance to adjacent structures or to the structure being 
underpinned. Where, a casing is rotated with a "drilling bit" 
at the bottom to cut the soil and fluid circulates through the 
casing to flush the soil cuttings through the space between the 
casing and the ground. 
2.2.2 Placing the steel reinforcement 
Reinforcement is placed in the casing. It can be a single 
rebar, cage of reinforcement bars or a steel pipe. If the 
reinforcement is a steel pipe, it can be provided with sleeves 
and packers. The grouting can be performed through the steel 
pipe at specific horizons. If the reinforcement is not a pipe, 
either a plastic pipe for grouting may be placed near the 
reinforcement or grouting is done directly through the casing. 
2.2.3 Injecting the grout 
The typical grout used in micropile practice is a mixture of 
water and cement with a water/cement ratio between 0.40 
and 0.55. Sand is sometimes added to decrease the cost of the 
mixture.  
In many cases and before injecting the grout, the casing is 
filled with grout placed by tremie to push the drilling fluid 
out of the casing. Reinforcement is sometimes installed after 
tremie grouting. The subsequent pressure injection of the 
grout can be done in different ways; through the casing as it is 
removed, or through the steel pipe used for reinforcement, or 
through a plastic pipe placed near the reinforcement. 
Repeated pressure grouting is used in some cases. It costs 
more than the single injection, but the capacity of the 
micropile increases due to the better grout-soil bond 
obtained. Typical dimensions and grouting pressures 
reported by various authors [9], [13] and [14] from the 
state-of-the-practice are summarized in Table IV. 
 

Table IV. Typical characteristics of a micropile 
 

 
Reference 

Boring 
Diameter 

 
Length 

Grouting 
Pressure 

Service 
 Load 

(mm) (m) (MPa)  
[9] 100-250 Up to 40 Low: 0.2-0.5 

High:1.0-2.0 
150-600 kN 

[13] 100-250 20-30 Up to 8 MPa 300-1000 kN 
 

[14]  67-89 4-4.9 Up to 9 MPa Ultimate 
99-140  kips 

 
3 AL-AZHAR MOSQUE  

 
It is one of the most important mosques in Cairo, Egypt (Fig. 
1). Al-MuizzliDinAllah,the FatimidCaliphate commissioned 
its construction for the newly established capital city in year 
970. After its dedication in 972, and with the hiring by 

 
Soil Type 

 
K (kg/cm2) 

Soft soil 0.5 
Loose soil 1.0 

Soil of average 
compactness 

1.5 

Very stiff soil, 
gravels, sands 

2.0 

 
Pile Diameter 

 
I 

10 cm 1.00 

15 cm 0.90 

20 cm 0.85 

25 cm 0.80 
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mosque authorities of 35 scholars in 989, the mosque slowly 
developed into what is today the second oldest continuously 
run university in the world, Al-Azhar University, which has 
long been regarded as the foremost institution in the Islamic 
world [15].  
 

 
 

Fig. 1.  Al-Azhar Mosque interior yard 
 
The Mosque has drawn the attention to its precious value and 
fascinating design features with their clever and inspired 
craftsmanship (Fig. 2 and 3). Over the course of a 
millennium-long history, the mosque has been alternately 
neglected and highly regarded by Egypt’s rulers, and 
numerous expansions and renovations took place. Recently, 
Egypt showed differing degrees of deference to the mosque. 
Today, Al-Azhar remains a deeply influential institution in 
Egyptian society and a symbol of Islamic Egypt. 
 
 

 
 

Fig. 2. Al-Azhar Mihrab 

 
 

Fig. 2. Artistic details in the ceiling 
 

3.1 The Problem 
The mosque recent area is about 12000m2. It has 3 gates, 5 
minarets, and 380 columns. It included several parts built in 
different eras starting with the Fatimid epoch in 972 to 
Mamluki and Othmani periods. In the recent time, which 
starts in 1936, the main façade was built in 1970.  Therefore, 
every edition was built on a different foundation at various 
foundation level, size and material. 
The walls, arches and footings of Al-Azhar Mosque were 
made of masonry (bricks & stones) and clay-lime mortar. Its 
walls and columns were supported by strip footings built on 
heterogeneous fill that extended to a considerable depth. 
After the 1992 strong earthquake that hit Cairo, wide and 
deep cracks spread in the arches and walls of the mosque, and 
inclination was noticed in many columns.  
 
3.2 Rehabilitation Plan 
An engineering committee including geotechnical and 
structural engineers, as well as architects studied these 
phenomena to outline the causes. A restoration and 
renovation program was initiated. It started with a foundation 
investigation. Test pits were executed to inspect the 
foundations. They revealed that the bearing walls were 
resting on weak lime stone footings 25cm wider than the 
wall, at depth varied from 1,40m to 2.40m below the floor 
level, and at depth of 0.90m under the columns. The grade 
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beams, when existed, were built with old red bricks where the 
mortar consisted of lime and clay, and they were much 
deteriorated. In some places, there were no foundations under 
some walls and columns which aggravated the problem. The 
deep borings executed at the site indicated that the soil is 
generally formed of a heterogeneous fill layer started from 
the mosque floor to a depth varied between 3 and 7m 
followed by a silty clay layer contained limestone fragments 
to a depth around 9m. The bottom layer consisted of graded 
sand with traces of silt and clay. 
The geotechnical engineers recommended the use of 
micropiles to reinforce the existing foundation. The footings 
were underpinned using micropiles 15 cm in diameter, 
12-15m in depth, reinforcement was high tensile steel pipe of 
9 cm outer diameter and 1.0 cm thick. Grouting was carried 
out using cement grout under pressure (low pressure of 0.2 - 
0.5 MPa & high pressure of 1-2 MPa) [8].  
Micropiles were connected together by a reinforced concrete 
continuous cap. Caps were built on the sides of walls or 
columns at the same level under the floor. The cap was 
connected to the masonry strip footing by means of shear 
connectors. Figure 4 illustrates the method of underpinning 
the masonry footings supporting columns and walls. 
Parts of the walls and columns located upper the level of pile 
cap must be strong or strengthened by grouting. The masonry 
walls and columns were repaired by jet grouting under low 
pressure of 0.1 MPa. 
 

 
 

Fig. 4. Underpinning foundations with micropiles 
 
4 THE HANGING CHURCH 

 
The Hanging Church is the most famous Coptic Christian 
church in Cairo (Fig.5). The Saint Virgin Mary's Coptic 
Orthodox Church which known as the Hanging or the 
Suspended Church is one of the oldest churches in Egypt. It is 
located in a religious compound in Old Cairo, adjacent to the 
Amr Ibn Al-Ass Mosque, Ben Ezra Synagogue and a 
collection of churches. The Hanging is named for its location 
above a gatehouse of Babylon Fortress [15]. 

 

4.1 Historical Background 
The Hanging Church was built in the 7th century, probably 
on the site of a 3rd or 4th century church for the soldiers of 
the bastion. It has been rebuilt several times since then, 
including a major rebuild under Patriarch Abraham in the 
10th century. By the 11th century, it became the official 
residence of the Coptic patriarchs of Alexandria and several 
Coptic synods were held in the church. The main furnishings 
and the pulpit and screens date from the 13th century. The 
church was largely rebuilt by the Pope Abraham (975-78) 
and has seen many restorations over the years including the 
very recent one finished in 2009. 
 
4.2 Building Description 
Since the Hanging Church stands with its Basilica-style 
architecture on top of the Roman Fortress of Babylon in Old 
Cairo, its nave is suspended over a passage. The land surface 
has risen by some 6 meters since the Roman period so that the 
Roman tower is mostly buried below ground, reducing the 
visual impact of the church's elevated position.  

 
 

Fig. 5. The Hanging Church entrance 
 
The entrance to the Hanging Church is via a beautifully 
decorated gate under a pointed stone arch. The nineteenth 
century facade with twin bell towers is then seen beyond a 
narrow courtyard decorated with modern art biblical designs. 
This leads into an open courtyard, flanked by mosaics, from 
which there are 29 steps to the church. At the top of the stairs 
are three wooden doors decorated with geometric patterns, 
framed with decorative carvings in the stone wall (Fig. 5). Up 
the steps and through the entrance is a further small courtyard 
leading to the eleventh century outer porch. Inside, only the 
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section to the right of the sanctuary, above the southern 
bastion, is considered original. Nevertheless, the Hanging 
Church remains one of the most impressive churches in the 
city, remarkable for its marble pulpit, inlaid screens, icons 
and murals. The timber roof of the nave recalls Noah's Ark 
(Fig. 7). 
 

 
 

Fig. 6. Detail of decoration over the door-arch 

 
 

Fig.7. Hanging Church barrel-vaulted aisle-ceiling 

4.3 Damage Assessment 
The Hanging Church, like other monuments located in 
heavily populated areas, was suffering from environmental 
hazards including air pollution, a high subsoil water level, a 
high rate of humidity, leakage of water from the outdated and 
decayed sewage system installed 100 years ago.  
The environmental impact on this magnificent monument 
resulted in a serious static crisis. The main reason for such 
damage and deterioration is attributed to human abuse. The 
increase of the population and economic activities around the 
building, rapid urbanization in the whole area, and 
consequently, the rise of the ground water table led to 
hazardous environmental changes that damaged the integrity 
of the church [16]. Above that, the adverse effects of the 
1992’s strong earthquake increased the number of cracks all 
over the church’s walls, barrel-vaulted aisle-wooden ceiling 
and door arches.  Ground water had flooded the Babylon 
fortress, which supports the church and leaked through to the 
church. The ground in front of the Hanging Church had 
caved in.  The church priests thought that the church was on 
the brink of destruction. 
 
4.4 Restoration Project 

In 1997 the Supreme Council of Antiquities (SCA) launched 
a comprehensive restoration project to preserve Egypt’s 
Coptic shrine and return such a distinguished church to its 
original splendor. The restoration project of the Hanging 
Church in Old Cairo was started in 1997 and completed in 
2009. The restoration process was indeed very complex 
because it is a comprehensive project that deals with 
underground water; the most pressing problem facing Islamic 
and Coptic antiquities since 120 years, besides the 
reinforcement and repair of most structural elements and 
architectural features of the monuments. 
There were many important parameters and considerations in 
the selection of the appropriate restoration schemes. Saving 
the monument should start with preventing the main cause of 
the problem. It was important to lower the ground water table 
and stop the leaking water. Monitoring the water table in this 
area called for an overall dewatering project to be 
implemented in old Cairo without causing any excessive 
settlement to the existing buildings.  
The aim of restoration, which was carried out in phases, was 
mainly to reduce the water leakage into the church and 
strengthen the church’s foundations and the Babylon fortress 
in order to protect them from future settlements and relative 
movement that causes further damage.  
4.4.1 Lowering the groundwater level  
The first stage included reducing the level of the water in the 
fortress. Deep wells were dug in the area around the fortress 
to trap any excess water. Two additional wells were dug in 
front of the fortress, and in front of the newly revealed door 
to the adjacent Mosque of Amr. The water gathered in the 
wells was siphoned out via pipes to the main sewage system. 
Then, a comprehensive dewatering project was carried out in 
the whole area of old Cairo to lower the ground water table 
and stabilize it at a reasonable depth below the foundations of 
the Church and the surrounding monuments. 
4.4.2 Strengthening the foundations  
A geotechnical investigation was carried out at the church 
site which revealed that soil layers are mainly composed of 
thick layer of heterogeneous fill that extended to 8m below 
the ground surface in some spots at the site. This layer was 
followed by sand interlayered with silty clay and extending at 
least to a depth of 10m; the end of borings.  The walls were 
rested on deteriorated lime stone strip footings. The proposed 
foundation rehabilitation was to transfer at least half of the 
loads carried by the masonry bearing walls to a deeper 
stronger subsoil layer by means of micropiles. The 
micropiles were the most suitable means for foundation 
reinforcement to ensure the least disturbance for the old 
monument and to manage its installation in locations with 
low headroom, and narrow and restricted access. The load 
transfer from the old footings to the piles were made by 
constructing reinforced concrete beams as pile caps, 
transversally connected to the existing footings by sheer 
connectors as illustrated in Fig. 8. Following that the 
re-enhancement of the old masonry footings took place. 
 
 
 
 

φ16mm 
 

Limestone wall 
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Fig. 8. Construction detail of micropiles 
 

4.4.3 Repairing the super structural elements  
The walls and the columns that hold the church also needed 
reinforcement as well as ceilings of the church. Injection of 
the church supporting walls with a filler material of the same 
type used in the original construction, to replace the original 
filler materials lost as a result of the variance in ground water 
levels. Repair of all wall cracks. Masonry stitching of the 
walls of the Church was carried out. The walls were 
reinforced, missing and decayed stones were replaced, and 
masonry was cleaned and desalinated. 
4.4.4 Dovetailing the stones of the Babylon Fortress  
The walls and the ceiling of the fortress were restored as well 
as the artwork throughout the fortress (Fig. 9).  
4.4.5 Repair of all the fine detailed works  
The decorations and icons of the church were also subjected 
to fine restoration and new lighting and ventilation systems 
have been installed. Every effort was made to ensure that all 
the original architectural features were retained.  
Moreover, the restoration work had been extended beyond 
the church’s walls to reach its neighboring monuments and 
the streets surrounding it, and the entire neighborhood was 
being revived and upgraded. 
 

 
 

Fig. 9. Babylon Fortress 
 
5 CONCLUSIONS 

 
Micropiles have been utilized for underpinning of historic 
buildings and monuments since they were successfully used 
for this purpose in Italy during the seventies. This technique 

gained a wide acceptance as a means for strengthening and 
underpinning foundations of ancient buildings and existing 
structures as well as construction of new civil projects in 
many countries. 
Since1993 up to 2001, micropiles have been used to 
strengthen 12 Egyptian historic buildings, 11 of them are in 
Cairo. These micropiles were mostly vertical with working 
load ranged between 15 to 45 tons and reached to 80 tons in 
few cases. Diameters of micropiles were between 14 to 20 
cm and their lengths ranged between 12 to 23.5 m. The outer 
steel diameters of micropiles varied between 88.9 to 
127 m m ,  a n d  both high and low pressures were used in 
their grouting. 
This paper discussed the use of micropiles to strengthen the 
bearing soils and the foundations of two significant historic 
buildings in Cairo, Egypt, namely, Al-Azhar Mosque and the 
Hanging Church. Both of them are masonry structures with 
bearing walls founded on continuous stone brick footings 
supported by heterogeneous fill. The recent severe 
deterioration was due to rise of water table and the strong 
1992 earthquake. Micropiles were the essential factor in the 
rehabilitation and restoration process. They were 
successfully installed to transfer a good part of the load to 
deeper subsoil and to strengthen the foundations. Then, a 
whole renovation of all the structural members, architectural 
features and artistic details took place to reserve the 
monuments’ glory and reopen them to worshippers and 
tourists. 
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1. INTRODUCTION 
Structures built on piles are vulnerable to lateral forces caused 
by soil movements, which may be seen when they are used in 
slope stabilization, to support bridge abutments, and as 
foundations of tall buildings adjacent to tunnelling and 
excavation or lateral spreading in liquefied sand during 
earthquake. Lateral loads generated by soil movements 
induce additional deflections and bending moments in piles 
or pile groups, which may undermine the structural integrity 
of the piles or groups and leads to serviceability or even 
failure of the piles. Although this characterization has been 
extensively studied through centrifuge modeling and 1g small 
scale model tests in [1]-[9], field tests in [10]-[11]and 
theoretical and numerical analysis in [12]-[16], the pile soil 
interaction mechanism is still not clearly understood. For 
instance, the recent numerical studies in [12]-[13] assumes a 
fixed depth of moving soil, in which the movement of soil is 
simultaneously mobilized along the pile.  However, in a 
practical scenario, soil movement may be gradually 
mobilized to a deep layer. The effect of progressive soil 
movement on the response of piles has not been completely 
investigated, particularly, when it is coupled with axial load.  
With an experimental apparatus developed, extensive tests 
have been undertaken for piles and pile groups in sand to 
investigate the responses of piles under combined vertical 
load and lateral soil movement. Reference [5] presents simple 
solutions for piles in moving sand from the results of 14 
typical 1g model pile tests. References [7]-[8] further verified 
the solutions and findings by investigating the pile responses 
due to effective soil movement and impact of a uniform and 
triangular soil movement profile.        
This paper investigates the group effects of piles due to lateral 
 
 

soil movement. Four tests on a group of two piles in a row 
with the pile head capped and a single pile of free head were 
conducted. Typical pile responses are presented. Group 
factors are used to quantify the group effect and compared 
with previous experimental and numerical analysis results.  

2. APPARATUS AND TEST PROCEDURES 
For brevity, detailed information regarding the apparatus, test 
preparation, data acquisition and measurement system, and 
data process program are omitted. Only the relevant parts are 
briefly introduced herein.   

2.1 Shear Box and Loading System 
A schematic cross section of the shear box and the loading 
system is shown in Fig. 1. The internal dimensions of the 
shear box are 1 m by 1 m, and 0.8 m in height. The upper part 
of the shear box is made of a series of 25 mm thick square 
laminar steel frames. The frames, which are allowed to slide, 
contain the “moving layer of soil” of thickness Lm. The lower 
section of the shear box comprises a 400 mm high fixed 
timber box and the desired number of frames to achieve a 
“stable layer of soil” of thickness Ls (≥ 400 mm). A loading 
block is used to apply lateral force on the laminar frames, 
which is made into arc, rectangular, and triangular shape to 
impose varying soil movement profiles. In this paper, an arc 
loading block was used. The rate of movement of the upper 
shear box (thus the soil) is controlled by a hydraulic pump 
(lateral jack), and a flow control valve. A vertical jack is used 
to install the pile into the shear box.   

2.2  Model Piles 
Fig. 2 shows a schematic diagram of the model pipe pile 
under testing. The aluminum pile has a length of 1200mm, 
outer diameter of 32mm and wall thickness of 1.5mm. The 
pile was instrumented with 10 pairs of strain gauges at an 
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interval of 100mm. Prior to the testing, the strain gauges were 
calibrated by exerting a transverse load in the middle of the 
pile that was clamped at both ends. Given various magnitudes 
of the load, measured strains were compared with those 
calculated for each gauge, so that a calibration factor was 
obtained, which in turn allows a measured strain to be 
converted to an actual strain. To protect from damage, the 
gauges were covered with 1mm epoxy and wrapped by tapes.  

2.3 Sand Properties 
The sand used in this study was oven dried medium grained 
quartz, sand with a uniformity coefficient Cu of 2.92 and a 
coefficient of curvature of Cc of 1.15. The sand was 
discharged into the shear box through a rainer hanging over 
the box to achieve a reasonably uniform density of the sand 
within the shear box. The falling height of sand was chosen as 
600 mm, which gave a uniform relative density of about 89%, 
and a unit weight of 16.27kN/m3. Angle of internal friction 
was 38° as evaluated from direct shear tests.   

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
 

2.4 Test Procedures 
The model tests were conducted using an arc loading block as 
shown in Fig. 2. The instrumented pile was installed at a 
distance, Sb of 500mm from the loading side (see Fig. 1(b)) to 
an embedded depth, L of 700 mm in the shear box. The 
predetermined final sliding depth, Lm and stable layer depth, 
Ls was maintained as 200mm and 500mm. After pile 
installation, a pile cap fabricated from solid aluminum was 
used to secure the piles in the pile cap. Weights were put on 
the pile cap to apply axial load. The strain gauges were 
connected to a data acquisition system and measurement 
system established. During testing, the frame movement, wf 
was measured from a reference board using a ruler moving 
with the top frame (see Fig. 1(b)) and up to 120mm. Each test 
is denoted by a combination of letters and numbers, e.g. 
AS32-0 or AG32-3d-294, where ‘AS’ or ‘AG’ signifies 
Single pile or pile Group test using an Arc loading block; ‘32’ 
indicates 32 mm in diameter, ‘3d’ denotes the pile center to 
center spacing, Sv=3d, ‘0’ or ‘294’ represents an axial load of 
294N or 30kg per pile.   
 
 
 
 
 
 
 
 
 
 
 
 
      
 
 
 
 
 
 
 
 
 
 
 

3 TEST RESULTS 
The pile deflection profiles were derived from double 
numerical integration of the bending moment profiles, using 
the measured pile deflection and rotation at ground surface as 
input boundary conditions. The shear force profiles were 
deduced by single numerical differentiation of the bending 
moment profiles. It is noted that both piles A and B (Fig. 1(b) 
were instrumented with strain gauges. The pile responses 
obtained from the two piles are similar, therefore only the 
data collected from pile A were used. These profiles were 
plotted at every 10mm frame movement, wf for all the tests. 
Due to space limitation, only the profiles in tests AS32-0 and 
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AG32-3d-0 were presented. The development of maximum 
bending moment, Mmax, shear force, Tmax and pile deflection 
at ground line, y0 are plotted against the frame movement, wf  
for all the tests.  Table 1 summaries these values at wf 
=120mm.    

3.1 Test AS32-0  
Test AS32-0 was conducted without axial load. Similar to the 
tests using a triangular loading block described in [5], the arc 
loading block induces an increasing soil movement both 
horizontally and vertically with the progressive mobilization 
of the frames. Fig. 3 shows the pile response profiles for a 
frame movement, wf up to 120 mm. The bending moment 
profile is of parabolic shape when wf ≥90mm. The bending 
moment increases significantly at a frame movement wf 
≥80mm and has not reached the ultimate value even at wf 
=120mm. The measured maximum bending moment occurs 
at about the same depth of 350 mm, which is about half of the 
pile’s embedded length. At wf =120mm,    two local largest 
shear forces of -137.2N and 122.4N was deduced from the 
bending moment profile. The pile rotated around the pile tip 
with a pile deflection of 4.2mm.   
 

3.2 Test AG32-3d-0  
Test AG32-3d-0 was conducted with the pile arranged in a 
row (Sv=3d) perpendicular to the direction of soil movement 
and pile head capped as shown in Fig. 1. Presented in Fig. 4 
are the five response profiles. A very similar trend to those 
observed in the single pile test TS32-0 was noted. At wf= 
120mm, the maximum bending moment, Mmax, is 23.5 
kNmm, occurring at a depth of 350 mm. Again, two largest 
shear forces, Tmax of -96.2N and 88.8N occur in the sliding 
and stable layers, respectively. The pile deflected by rotation, 
with a magnitude of about 3.6mm at the ground level.   
 

3.3 Response of Mmax, Tmax and y0 versus wf   
 
The development of the maximum bending moment, Mmax 
shear force, Tmax and pile deflection at ground level, y0 for the 
five tests are plotted in Figs. 5(a), 5(b) and 5(c) against the 
frame movement, wf. These figures demonstrate:  
• The initial frame movement wi of 40mm caused negligible 

or little Mmax, Tmax and y0 for the pile group tests and single 
pile test using the arc loading block. At wf=40~80mm, the 
three critical responses for the single pile are generally less 
than those of the piles in a group, but overall the pile 
responses are still very small. Afterwards, the single pile 
responses surpass those of the pile groups, showing greater 
rigidity of the pile groups with the pile head capped at 
larger soil movement.  

• The development pattern of Mmax, Tmax and y0 with wf for 
the pile groups and single pile are similar, revealing that 
the pile cap and pile-soil-pile interaction have insignificant 
impact on the performance of the two piles in a row.  

• Imposing the axial load of 588 N on the pile cap, i.e. 294 N 
per pile, and the pile spacing of 3d and 5d have little 

impact on the development pattern of Mmax, Tmax and y0 
with wf. 
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3.4 Maximum Pile Response Profiles    
The largest bending moment, shear force and pile deflection 
profiles with depth for the five tests at wf =120mm are plotted 
in Figs. 6(a), 6(b) and 6(c). These figures show that  
• The bending moment profiles of the pile group tests and 

single pile test are similar amongst themselves and 
analogous to parabolic. The maximum bending moment 
occurs at a depth of 350mm below the ground surface, 
which is 0.5 times of the pile embedded length.  

• The shear force profiles are also of similar shape. Two 
local largest shear forces of approximately equal 
magnitude but of opposite signs are deduced from the 
bending moment profiles.  

• The bending moment and shear force profiles of the single 
pile encompass those of the pile group tests.  

• The axial load of 588N and pile spacing of 3d and 5d have 
little impact on bending moment and shear force profiles, 
except that very small bending moment of 1.67kNmm and 
4.0kNmm was measured at the ground level in tests 
AG32-3d-294 and AG32-5d-294.  

• Pile deflects mainly by rotation about the pile tip or a depth 
near the pile tip.  

4 DISCUSSIONS 

4.1 Mmax versus Tmax  
The deduced Tmax in Fig. 5(b) are plotted in Fig. 7 against the 
corresponding measured Mmax in Fig. 5(a) for the five tests. 
This figure shows a remarkably good linear relationship 
between Tmax and Mmax under any wf and independent of the 
pile head restraint conditions and pile spacing.  
Reference [5] presents equivalent elastic solutions for piles 
subjected to moving sand, giving  
Mmax=TmaxL/m                                                                           (1) 
where L(=0.7m) is the embedded length of the pile and m is a 
non-dimensional constant. The value of m is estimated as 2.8 
with a variation of ±5% for the best curve fitting between Tmax 
and Mmax for the 32mm diameter pile tests using a triangular 
loading block. The current test results corroborate this linear 
relationship as shown in Fig. 7. This equation may be used in 
the estimation of the lateral thrust (shear force), which is 
required in the design of reinforcing piles to increase slope 
stability in [15].      

4.2 Group effect 
In order to assess the group effect and investigate the pile-soil 
interaction behavior of piles subjected to lateral soil 
movement, the critical pile responses of a pile within a group, 
such as the maximum bending moment, pile head deflection 
and limiting soil pressure are compared with those of a single 
pile. Investigation on group effect on the behavior of piles 
subjected to lateral soil movement has been carried out both 
numerically and experimentally on piles with various pile 
head fixity conditions in sand and weathered soil in 
[2],[4],[16]. Reference [4] demonstrates that the group effect 
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quantified in terms of measured maximum bending moment 
may be more reliable and consistent.   
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
In this study, the group effect was evaluated by a group factor, 
Fm based on the measured Mmax.   

max

max

s

g
m M

M
F =                                                                              (2) 

in which Mgmax is the maximum bending moment for a pile in 
a group at a frame movement, Msmax is the maximum bending 
moment from the single pile at the same frame movement.  
Table 1 summarize the group factors, Fm at wf =120mm and 

those obtained from the previous studies on capped-piles in 
sand. The current test results indicate that for the capped-piles  
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
in a row, the group factor Fm for the group with a spacing of 
3d is less than those of 5d. The axial load of 294 N per pile has 
virtually very limited impact on the group factors. The group 
factors are plot in Fig. 8 against the normalized pile pacing. It 
is found that the group factors are less than unit in the 
investigated pile spacing of (2.5~7)d and decrease as the pile 
spacing decreases. Nevertheless, the group factors from the 
current results are 17% and 30% less than those presented in 
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[2][16]on average. This may be attributed to the pile positions 
in the shear box discussed below.   
 
 

     Test Mmax 
(kNmm) 

Tmax 
(N) 

y0 
(mm) 

    AS32-0 36.6 122.4 3.6 
    AS32-3d-0 23.5 88.8 5.0 
    AS32-5d-0 24.3 90.7 3.6 
    AS32-3d-294 22.9 85.3 4.4 
    AS32-5d-294 24.5 100.0 4.8 

 
       

Spacing 2.5 3 5 7 
Current (without load)  0.64 0.66  
Current (with load)  0.63 0.67  
Reference [16] 0.82  0.94 0.96 
Reference [4] 0.72  0.78 0.84 

 
The experimental results from three series of  nine tests on a 
25mm and 32mm pile using a triangular and rectangular 
loading block [5]-[7] show that the Mmax decreases with 
increasing distance Sb between the pile location and the 
loading side where free soil movement is generated. The 
experimental investigation on two piles in a row subjected to 
soil movement induced by a triangular loading block in [6] 
further reveals that the group factor Fm decreases with 
increasing Sb for both free and capped pile head fixity 
conditions.     

5 CONCLUSIONS 
Laboratory model tests were conducted to investigate the 
responses of piles due to lateral soil movement. The results of 
a single pile test and four group tests on two piles in a row 
with pile head capped were presented. These tests were 
carried out using an arc loading block, which induces 
progressive soil movement. The group effect was assessed by 
using group factors. The key findings from the studies are 
summarized as follows: 
1. The bending moment, shear force and deflection profiles 

for a pile in the two piles in a row group tests are very 
similar to the shape of those in a single pile test, including 
the position of the maximum bending moment, but their 
magnitudes are generally smaller, showing group effect.  

2. The development pattern of Mmax, Tmax and y0 with wf for 
the pile groups and single pile are similar, revealing that the 
pile cap and pile-soil-pile interaction have insignificant 
impact on the performance of the two piles in a row.  

3. The axial load of 588N on the pile cap, i.e. 294N per pile, 
has little impact on the responses of the piles in a row.  

4. A linearly relationship exists between the Mmax and the 
Tmax, which can be described by Eq. (1) with m=2.8.  

5. The group factors, Fm are less than unit in the investigated 
pile spacing of (2.5~7)d and decrease as the pile spacing 
decreases.  

6. The group factors, Fm from current experimental 
investigation are 17% and 30% less than those obtained in 
[2],[16].  
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1. INTODUCTION 
Collapsible soil deposits are found extensively in many arid 
and semi-arid regions of the world [1]. These soils are 
conventionally considered problematic, since they exhibit a 
high potential for collapse under loading. Upon loading, all 
soils settle, but the amount of settlement varies from soil to 
soil and is dependent on load-induced stresses. Although 
such settlement will eventually cease after a certain period of 
time,  subsequent wetting under certain conditions may cause 
additional settlement, known as collapse. An evaluation of a 
soil’s collapse potential should, thus, be included in all 
settlement calculations. In this paper, the base of 
embankments placed on a collapsible soil subgrade provides 
the objective of these calculations. 
According to [2], soils subject to collapse have a 
honeycombed structure of bulky shaped particles or grains 
held in place by a bonding material or by capillary-tension 
forces. Common bonding agents include soluble compounds, 
such as calcareous or ferrous cementation, that can be 
weakened or partly dissolved by water, especially acidic 
water. Removal of the supporting material or force occurs 
when water is added, enabling the soil grains to slide or shear 
and move into voids. 
Two methods currently exist to determine the amount of 
collapse in the laboratory, the single-odometer test and the 
double-odometer test. This paper refers only to the 
single-odometer test, known also as ASTM D 5333 collapse 
testing. In this test, an undisturbed or remolded specimen is 
first driven into the odometer ring and then subjected to 
increasing vertical load. The specimen is permitted to attain 

 
 

equilibrium deformation at each level of pressure. It is then 
inundated at a prescribed applied pressure, and the 
deformation is measured. The deformation induced by the 
addition of water, divided by the initial height of the 
specimen, expressed in percentage terms, defines the collapse 
potential, which this paper also terms vertical collapse. 
Now, a prediction of the settlement of the base of an 
embankment as a result of added water, and thus as a result of 
subgrade collapse, necessitates knowledge of the 
collapse-pressure characteristics (curves) of the silty strata 
under consideration. These curves, which are usually 
obtained from laboratory tests on undisturbed and remolded 
silty samples, are in general terms dependent on the 
following parameters: (a) liquid limit, (b) in-situ moisture 
content, (c) in-situ dry density, and (d) coefficient of 
uniformity.  
In light of all these introductory notes, the objectives of this 
paper are as follows: 

• Developing the collapse model for a given data of 
laboratory collapse tests conducted on silty 
undisturbed and remolded specimens. 

• Formulating the effect of partial saturation on 
collapse potential and evaluating the in-situ 
saturation distribution from wetting. 

• Outlining the suggested collapse-calculation 
procedures for any given site conditions.  

Finally, through an Excel spreadsheet, the paper offers a 
practical example of how the suggested collapse calculation 
can be applied with any given set of data. 

2. VERTICAL COLLAPSE MODEL  
As mentioned previously, predicting the settlement of an 
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embankment-base surface as a result of subgrade collapse 
necessitates knowledge of the collapse-pressure characteristics 
(curves of the collapse model) of the silty strata under 
consideration, and these are usually obtained from laboratory 
tests on undisturbed silty samples. This prediction model 
denotes a statistical relationship between the vertical collapse 
(Cp), in percentage, that is due to applied vertical pressure 
(Pp) in kPa, and the following parameters 
characterizing the silty specimens under examination: 
moisture content (W) in percentage, in-situ dry density (D) in 
kN/m3 and dry density at liquid limit (DLL) in kN/m3 as 
defined by Eq. (2). For 73 local specimens extracted from a 
silty subgrade situated in the southern part of the country, for 
which the plasticity data are given in Figure 1, the 
best formulation of this model is as follows: 

Cp=28.5354-27.0305×(D/DRLLR)P

0.9825
P+ 

+0.0001196×[log(Pp)]P

11.3741
P/(W/PL) P

1.4908
P (1) 

DRLLR=9.807×100/(100/G+LL) (2) 
In Eq. (2), G denotes the solid specific gravity of the silty 
specimen, and LL denotes its liquid limit in percentage. Here 
it should be noted that Eq. (1) has been derived with the aid of 
the Excel Solver command.  

A-Line

y = 0.7819x - 12.573
R² = 0.9124
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Figure 1: Plasticity data from 73 silty specimens (65 
undisturbed and 8 remolded)  

As shown in Fig. 2, the RP

2
P (coefficient of determination) 

value obtained for the collapse model of Eq. (1) is 0.535. In 
addition, the accompanying SE (standard error) value 
obtained is 4.206%, and the SE/SY (ratio of standard error to 
standard deviation of the measured vertical collapse values) 
is 0.707. In other words, 68 percent of all predictions from 
Eq. (1) may be expected to be accurate within ±4.206%, and 
95 percent to be accurate within ±8.412%.  
Here, it should be mentioned that Eq. (1) was formulated to 
yield the highest R

P2P

 value from among all possibilities that (a) 
include the independent variables of the soil's plasticity and 
(b) yield true physical behavior as clearly described in [3] 
(i.e., an increase in Cp with increasing Pp, and a decrease in 
Cp with increasing W, D and LL). The D/D

R

LL 
R

variable of Eq. 
(1) exactly follows this finding as given in [4] or indirectly as 
given by a similar finding in [5]. 

It is interesting to compare all the statistics given above with 
those in Table 1. This table contains the statistical criterion 
for goodness of fit (SE/SY) and validity of correlation (R

P2P

) as 
taken from [6] for five states of correlation: excellent, good, 
fair, poor and very poor. The comparison leads to the 
conclusion that the Excel Solver analysis of the 65 specimens 
given in Fig. 1 can be categorized as leading to a fair state of 
correlation for Eq. (1) together with Eq. (2). 

Table 1: Statistical criterion for goodness-of-fit statistic 
(SE/SY) and validity-of-correlation statistic (RP

2
P), after [6] 

SE/SY RP

2 Criteria for 
Correlation 

≤0.35 ≥0.90 Excellent 
0.36-0.55 0.70-0.89 Good 
0.56-0.75 0.40-0.69 Fair 
0.76-0.90 0.20-0.39 Poor 

≥0.91 ≤0.19 Very Poor 

In addition, Fig. 3 depicts Eq. (1) 
5T

graphically 
5T

for the silty 
material. For comparison purposes, this figure also includes 
the collapse results obtained from the laboratory testing of the 
73 specimens of Fig. 1. 

y = 1.0092x - 0.0445
R² = 0.5350
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Figure 2: Measured vertical collapse versus predicted vertical 
collapse from Eq. (1) for the experimental data shown in Fig. 1 
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Figure 3: Vertical collapse versus density ratio (D/DRLLR) for 
vertical pressures of 100 kPa and 200 kPa as derived from Eq. 
(1) for the experimental data shown in Fig. 1 
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Finally, in order to illustrate that Eq. (1) yields the highest R2 
value obtained from among various regression formulations, 
the following equation may be offered for comparison 
reasons: 

Cp=1,009.1849-944.1516×(W/PL) P

0.004543
P- 

-95.0980×(D/DRLLR)P

0.8239
P+16.6917×[log(Pp)]P

0.8239
P  (3) 

For this equation, the RP

2
P value obtained is lower, 0.510. In 

addition, the accompanying SE obtained is higher, 4.318%, 
as is the SE/SY obtained, 0.726. 

3. ALTERNATIVE COLLAPSE MODEL  
In connection with Eq. (1) and Eq. (3), another multiple linear 
regression equation can be derived for the data of Fig. 1. This 
equation, although it yields a somewhat higher value for 
RP

2
P,P

  
P0.595 (see Fig. 4), and a somewhat lower value for SE, 

4.049%, as well as a somewhat lower value for SE/SY, 0.650, 
contains only two independent variables: 

Cp=26.8201-0.5065×W-2.6995×D+10.9653×log(Pp) (4) 

The outputs of Eq. (4) are shown in Fig. 4 and Fig. 5. The 
latter figure indicates that its predicted Cp values are 
somewhat lower than those given in Fig. 3. It should be noted 
that Eq. (4) follows the general pattern of Eq. (5), reproduced 
from [7]. For this latter equation, the RP

2
P value obtained for its 

experimental data (138 remolded specimens) was much 
higher than the preceding two RP

2
P values, 0.94. Furthermore, 

the SE value was much lower than the preceding two values, 
1.94%. Finally the formulation of this equation is as follows: 

Cp=48.496+0.102×Cu-0.457×W-3.533×D+ 
+6.447×log(Pp) (5) 

y = x + 0.0000
R² = 0.5947
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Figure 4: Measured vertical collapse versus predicted vertical 
collapse from Eq. (4) for the experimental data shown in Fig. 1 

Compared with Eq. (4), Eq. (5) contains an additional 
independent variable, Cu, which denotes the coefficient of 
uniformity of the prescribed silt. For the case of Cu=80, 
which represents the average Cu value for the 73 specimens 
of Fig. 1, Eq. (4) yields higher Cp values than those of Eq. (5) 
by about a ratio of 2.1-3.9 for the W range of 5-15%, D=13 
kN/'mP

3
P and Pp=200 kPa. For the Pp=100 kPa case, this range 

of ratio values increases to 2.2-13.6. These differences in the 

predicted Cp values might result from the fact that most of the 
specimens for Eq. (4) are of the undisturbed type and all of 
them for Eq. (5) are of the remolded type. For lower values of 
Cu, the percentage values change to a lower range of ratio 
values.  
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Figure 5: Vertical collapse versus dry density ratio for vertical 
pressures of 100 kPa and 200 kPa as derived from Eq. (4) for 
the experimental data shown in the Fig. 1 

Following Eq. (4), the results obtained for additional multiple 
linear regressions conducted with (a) the XR1R, XR2 R and XR3R 
independent variables are shown in Table 2 and (b) the XR4R 
independent variable, which as always is equal to log(Pp). 

Table 2: Summary of statistic-values of four multiple linear 
regression analyses conducted on vertical collapse testing 
data for 73 specimens  

RP

2 SY/SE SE [%] XR3 XR2 XR1 
0.614 0.640 3.806 LL D W 
0.613 0.640 3.809 LL D/DRLL W/PL: 
0.595 0.650 3.869 --- DP

) WP

(1) 
0.493 0.727 4.327 --- D/DRLL W/PL 

P

(1)
P This row represents the outputs for Eq. (4). 

Table 2 indicates that the best statistical results are associated 
with the equation in the first row below the heading row; i.e., 
Eq. (4) modified by adding the LL variable). However, this 
equation cannot be regarded as applicable, as it leads to 
increased collapse values with increasing LL values. The 
same applies to the equation in the second row below the 
heading row. In other words, these findings lead to the 
conclusion that the plasticity inputs in the regression analysis 
should be eliminated. 
This conclusion is compatible with [8], who suggests 
eliminating the use of LL or Pl in these regression analyses 
and, instead, including the gradation characteristics, such as 
the percentage difference between gravel and fines, and the 
percentage difference between sand and fines. This 
suggestion is of similar magnitude to that given in [7, 9], who 
include sand percentage, silt content and clay percentage in 
their regression analyses. All these findings lead to the 
conclusion that the regressions of Table 2 with the LL 
variable should be eliminated; as a result, Eq. (4) is seen to be 
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the most favorable of the four equations given in the table.  

4. FINAL COLLAPSE MODEL  
Finally, a determination needs to be made of the regression 
equation--the collapse model--that is more preferable to 
employ, Eq. (1) or Eq. (4). To do so, it is advisable first to 
check the differences in the predicted vertical collapse values 
between these two equations. Figure 6 depicts the predicted 
vertical collapse value of Eq. (4) for the given 65 specimens 
compared to Eq. (1). As this figure indicates, the results of 
these two equations are, on the average, similar. Yet, as Eq. 
(4) does not contain any independent variable to represent the 
plasticity of the specimens examined, it seems that Eq. (1) is 
preferable one, but only if the findings of [4] and [5] on 
plasticity influence are to be adopted.  
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Figure 6: Predicted vertical collapse from Eq. (4) versus 
predicted vertical collapse from Eq. (1) for the data of the 73 
specimens of Fig. 1 

5. EFECT OF PARTIAL WETTING  
Partial wetting of the specimens in the single-odometer test 
results in only a proportion of the total collapse value that is 
compatible with the case of total specimen inundation. The 
study conducted in [10] indicates that full collapse essentially 
occurs for degrees of saturation of 65%-70% and above. 
However, for degrees of saturation of 50%, only about 85% 
of the full collapse occurs.  
Fig. 7, reproduced from Fig. 14 in [10], enables formulation 
of the aforementioned collapse reduction resulting from 
partial saturation. The equations obtained are the following: 

Ro=-6.95×(ΔSo)P

3
P 7.20+ ×(ΔSo)P

2
P 0.20- ×(ΔSo)-0.004151 (6) 

ΔSROR=(SRFR-SRIR)/(100-SRIR) (7) 

In Eq. (6), Ro denotes the collapse reduction; i.e., the ratio of 
vertical collapse resulting from a partially saturated state to 
the full vertical collapse resulting from a fully saturated state. 
ΔSo denotes the ratio increase in the degree of saturation 
from wetting as defined by Eq. (7). In the latter equation, SRIR 
denotes the initial degree of saturation (prior to wetting) in 
percentage and SRFR denotes the final degree of saturation (after 
wetting) in percentage. 

The calculation of collapse for field conditions should 
obviously take into consideration the distribution of the 
degree of saturation with depth after wetting. According to 
[11], the depth of a change in moisture content occurring in 
the silty subgrade of an unpaved shoulder in a semi-arid zone 
resulting from a cumulative total of 300 mm rainfall per year 
extends down to 2,000 mm only. Fig. 8 depicts this moisture 
distribution as reported in [11]. An analysis of this 
distribution with the aid of Eq. (8) and Eq. (9) leads to the 
conclusion that a good correspondence exists between the 
amount of effective rainfall that has penetrated into the silty 
subgrade and the characteristics of the moisture distribution 
shown in the figure.  
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Figure 7: Collapse reduction (Ro) versus increased ratio in the 
degree of saturation (ΔSo)  
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Figure 8: Moisture-content versus depth as measured in a 
silty subgrade from an unpaved shoulder of a flexible 
pavement, after [11] 

The same pattern of moisture-content or degree of saturation 
distribution is reported in [8]. This reference deals with a 
full-scale test in which artificial wetting (by ponding the site) 
is applied to cause settlement collapse in a silty stratum 
possessing a single concrete footing on its surface. For this 
test, the degrees of saturation monitored before and after 
wetting are given in Fig. 9, in which the degree of saturation 
distribution, as suggested by this paper for design purposes, is 
also included. 
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In addition, the data in [10] also includes in-situ 
moisture-content distribution before and after artificial 
wetting. Figs 9-11 in this reference indicate that the general 
pattern of moisture-content distribution or the degree of 
saturation distribution in Fig. 8 or Fig. 9 also exists in these 
figures. 
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Figure 9: Degree of saturation versus depth as measured in 
the collapse field test of [12]] 

6. SETTLEMENT CALCULATIONS 
The first step in calculating the settlement of an embankment 
base constructed on silty subgrade is to evaluate SRFR and ΔSo 
from the rainfall quantity together with the final moisture 
distribution as described in Fig. 9. This calculation is 
performed with the aid of the following equations:  

WRFMR=100×HRWR/(ZRFR×DRIR/9.807) (8) 

WRFTR=2× ZRFR×WRFMR/(ZRCR+ZRFR) (9) 

SRIR=100×WRIR/(100×9.807/DRIR-100/G) (10) 

SRFTR=100×WRFTR/(100×9.807/DRFR-100/G) (11) 

In these equations, WRIR denotes the initial moisture content in 
percentage, WRFMR denotes the average final moisture content 
along the wetted zone in percentage, WRFTR denotes the final 
moisture content at the top of the subgrade in percentage, ZRFR 
denotes the depth of active (wetting) zone in mm (i.e., usually 
3,000 mm; see Fig. 9), ZRCR denotes the depth of the constant 
wetting region measured from the surface of the subgrade in 
mm (i.e., usually 1,000 mm; again see Fig. 9), HRWR denotes 
the effective rainfall quantity that penetrates into the 
subgrade in mm, DRIR denotes the dry density of the silt before 
wetting in kN/mP

3
P, DRFR denotes the dry density of the silt after 

wetting in kN/mP

3
PR,R G denotes the solid specific gravity of the 

silt, SRI Rdenotes the initial degree of saturation (prior to 
wetting) in percentage, and SRFTR denotes the final degree of 
saturation (after wetting) at the top of the subgrade in 
percentage. Note that these equations refer to a homogeneous 
silty stratum in regard to in-situ water content and dry density. 
Similar equations, however, can be developed for a 
heterogeneous silty stratum.  
Now, for the subgrade depth range of 0 to ZRCR mm, the 
increased ratio in the degree of saturation that is due to 

wetting is: 

ΔSROZR=ΔSROTR×(ZRRR-Z)/(ZRRR-ZRCR) (13) 

The development of Equations (12) and (13) enables a 
computation of settlement resulting from rain water 
penetration into the silty stratum for any given in-situ data. 
This computation is performed by dividing the silty stratum 
into horizontal strips down to a depth of ZRFR) (i.e., usually, 
again, 3,000 mm). The final computed settlement (δ) for a 
homogeneous silty stratum is derived from the following 
equation: 

δ=Σ(Roi×Cpi×di)/100 (14) 
Where: di denotes the thickness of the horizontal strip of the 
silty stratum under consideration (usually, a constant value of 
500 mm, thus 6 strips in all for the case of ZRFR=3,000mm); Roi 
denotes the collapse reduction for the middle depth of the iP

th
P 

strip; and Cpi denotes the vertical collapse in percentage, 
again for the middle depth of the iP

th
P strip, for which the 

vertical pressure (Ppi) is given by the following equation: 

Ppi=HRER×DRER+HRPR×DRPR+Zi×DRIR×(1+WRIR/100) (15) 
Where: HRER denotes the height of the given embankment in 
mm, DRER denotes the wet in-situ density of the embankment in 
kN/mP

3
P, HRPR denotes the thickness of the given pavement in 

mm, DRPR denotes the wet in-situ density of the pavement in 
kN/mP

3
P, Zi denotes the depth to the middle thickness of the iP

th
P 

strip, and Ppi denotes the vertical pressure acting at the 
middle thickness of the iP

th
P strip in kPa. 
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Figure 10: An Excel spreadsheet demonstrating a settlement 
computation for the data given in the figure 

The best way to demonstrate the settlement computation is by 
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presenting a specific illustrative example. This was done with 
the aid of the Excel spreadsheet shown in Fig. 10 (located in 
the previous page) for the data given in the uncolored cells of 
the figure and for the collapse model formulated by Eq. (1). 
To emphasize, the computations given in Fig. 10 assume 
these distribution inputs for the rainfall and moisture: 
HW=150 mm, ZC=1,000 mm and ZF=3,000 mm. The final 
settlement result is 27 mm, which is an acceptable value for 
withstanding the collapse event. For the same Fig. 10 data, 
the use of Eq. (4) instead of Eq. (1) leads to a lower total 
settlement value: 25 mm. Thus, the use of Eq. (1) seems to be 
preferable in order to enhance the factor of safety.  

7. SUMMARY AND CONCLUSIONS 

This paper dealt with the issue of calculating collapse 
settlement, specifically that of the base of an embankment 
constructed on collapsible silty subgrade. An essential input 
for this type of calculation, in addition to such routine 
characteristics as liquid limit, plasticity limit, in-situ moisture 
content and in-situ dry density, is an evaluation of the 
collapsing characteristics of the silty stratum; that is,, the 
vertical collapse percentage.  
It was shown that for a given set of experimental results on 
undisturbed and remolded silty specimens, Eq. (1) constitutes 
the best available collapse model of all models analyzed, 
utilizing both the Excel solver command technique and the 
multiple linear regression technique. This equation includes 
plasticity inputs, whereas such inputs were found to be 
inadequate in the multiple linear regression analysis.  
The accuracy of all collapse models examined was found to 
be only fair: i.e., more than a poor state but less than a good 
state. This is a frequent finding, however, in similar analyses 
offered in the technical analysis literature [10]. 
In addition, it should be recalled that the collapse model is 
based on experimental results obtained from ASTM D 5333 
collapse testing (also known as single-odometer testing). 
Therefore, this model is compatible only with a final wetting 
state of full saturation. However, it was shown that only a 
final state of partial saturation is reached. The influence of 
this partial final site condition state on vertical collapse 
values is very significant as shown in Fig. 7 taken from [10]. 
Thus, the formulation of the curve given in this figure yields 
an important input for the settlement calculations discussed. 
In order to utilize the reduced vertical collapse resulting from 
partial saturation, the depth of the wetting zone and the 
degree of saturation distribution along this zone should be 
evaluated. This was done in this paper by analyzing three 
different site tests reported in the technical literature [10, 11 
and 12]. Moreover, it was found that the amount of effective 
rainfall that penetrates into the subgrade governs the 
characteristics of this distribution.  
The final conclusion is that all the above findings can serve as 
a proper tool for calculating the collapse settlement of the 
base of an embankment constructed on a collapsible silty 
subgrade. This is illustrated in this paper by utilizing an Excel 
 

spreadsheet for a given practical example. 
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1 INTRODUCTION 
Geotechnical monitoring of earthfill dam during 
construction and operation is critical to control static and 
dynamic stability of dam. For this purpose different 
instruments are used in a dam. Earth pressure cells are 
installed within earthfill dams to monitor stress in different 
directions. The accuracy of their measurements is important 
for anticipating destructive phenomena like hydraulic 
fracture in an earthfill dam. Earth pressure cells are difficult 
to monitor accurate total stress due to various reasons such 
as installation method. Dunnicliff and Green (1988) have 
expressed their concerns on factors affecting earth pressure 
cell readings such as cell dimension, stiffness ratio, aspect 
ratio and placement effects [1].  
A report by the International Society for Rock Mechanics 
(ISRM, 1981c) includes detailed recommendations for 
installation of embedment earth pressure cells [2]. The 
report recommends excavating a trench with a compacted 
and level base. Then, cells should be installed in small 
pockets at the base of excavation and protruding stones 
should be removed since earth pressure cells are prone to 
damage due to heavy loads. Although it is ideal that the soil 
within the trench have a density similar to that of the core,  
it should be backfilled using stone-free  soil and compacted 
by hand-operated equipment.  
Although the above procedure prevents damage of cells but 
many studies have been done to increase the accuracy of 
measurements. Matsuu et al. (2008), quantitatively 
evaluated measurement errors caused by embedding 
method and the trench geometry for earth pressure cells to 
be installed in the central core-type rock-fill dam [3].  
Ahangari and Noorzad (2010) carried out laboratory tests, 
using a casing material for the cell to improve the accuracy 
of the results. Their study shows that when the casing 
material is softer than surrounding soil, the pressure cell 
underestimates the stress [4]. Shahbazian and Fakharian 

 
 

(2007) indicated that measurement of total stress is not only 
affected by the inclusion made by the pressure cell, but the 
trench geometry and installation procedure also contributes 
to nonconformities in the medium. They concluded that the 
main dominating parameter in installation is over/under 
compaction of a backfill material [5]. 
The accuracy of stress measurement is evaluated by arching 
ratio, which is the proportion of registered stress to 
theoretical normal stress: 
 

z
ioArchingRat v

.γ
σ

=                                                      (1)  

 
Where σv is total vertical stress registered by pressure cell, γ 
is soil unit weight and z is earthfill height above the 
pressure cell.  
In an ideal measurement, when the stiffness of medium is 
equal with the surrounding, arching ratio is near to unity. 
Conversely, smaller arching ratio means the stress is 
transmitted from flexible zone to stiffer one. 
Three types of arching are probable in an earthfill dam: 
First, transversal arching which happens between different 
zones (shell, core, filter,...) of an embankment dam. Second, 
longitudinal arching which is caused by steep slope of 
valley, usually V shape. This occurs between body and dam 
abutments. Third, local arching that is possible when the fill 
around pressure cells has different material compared to 
surrounding medium.  
Presence of pressure cell installation trench with different 
material affects natural stress distribution. Total stress 
transmits from the trench to the core and pressure cell 
registers less stress at this location. This inaccuracy of field 
readings should not be considered in designing program. 
This paper, studies on changing of local arching during 
construction steps to calibrate total stress data of pressure 
cell. 
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2  NUMERICAL MODEL 
In this study the installation trench is modeled within an 
earth fill dam in ABAQUS which uses finite element 
method to analyze the problem. Fig. 1 shows a 2D model of 
the non-homogeneous earthfill dam in which dam height, 
core width and shell slopes are assumed to be 128m, 66m 
and 1:2.5 respectively. The trench is situated 4 meters 
above the bed. To simulate a real model with reliable 
results, dam sides are assumed to be 600m and bed depth is 
two times of dam height.  
 
 

 
Fig. 1 The view of dam-foundation model 

 
Soil is assumed to be 100% saturated with Mohr Columb 
behavior. Table 1 presents soil mechanical properties of 
dam in different zones. To mesh the model, 4-node bilinear 
plane stress element (CPS4) is used. Fig. 2 shows the grid 
mesh zone for the dam. 
 
 

 
Fig. 2 Quadratic mesh for different regions 

 
 
 

Table I. Material properties of earthfill dam 

 Trench Core Transition 
zone shell bed 

Density 
(kg/cmP

3
P) 1740 1740 1950 2050 2100 

Young’s 
Modulus 

(MPa) 
35 35 70 102 900 

Poisson’s 
Ratio 0.35 0.35 0.27 0.25 0.25 

Permeability 
(m/s) 

KRxR 
=1e-8 KRxR =1e-8 

KRyR =1e-9 1e-5 1e-6 1e-10 KRyR 
=1e-9 

Bulk mod of 
fluid (GPa) 2 2 - - 2 

Friction 
angle (deg) 

20 
 

20 
 35 39 39.4 

Dilation 
angle (deg) 0 0 3 5 9 

Cohesion 
(kg/cmP

2
P) 0.3 0.3 0 0 0.85 

Void ratio 0.35 0.35 0.45 0.3 0.4 
 
A basic concept in ABAQUS is the division of the problem 
history into steps. As depicted in Fig.3 dam is constructed 
in 46 layers within 2 years. Layers are generally 4 meters at 
except at upper elevations and near to the crest. In 
construction steps the load changes linearly from one 
magnitude to another.   
 
 

 
Fig. 3 dam construction time 

 
The choice of initial time step is important in consolidation 
analysis in ABAQUS. Due to the coupling of spatial and 
temporal scales, it follows that no useful information is 
provided by solutions generated with time steps smaller 
than the mesh and material-dependent characteristic time. 
This issue is discussed by Vermeer and Verruijt (1981) [6], 
who propose the criterion: 
 

kE
h

t w

.6
. 2∆

≥∆
γ

                                                                  (1) 

 
Where  is the distance between nodes of the finite 
element mesh near the boundary condition change, E is the 
elastic modulus of the soil skeleton, k is the soil 
permeability, and  is the specific weight of water. 
To verify that the geostatic stress field is in equilibrium 
with the applied loads and boundary conditions on the 
model, initial stress condition of bed is considered. In this 
case, the loads and initial stresses equilibrate and produce 
zero deformations. Zero-valued boundary conditions are 
imposed on displacements to constrain the movement of the 
selected degrees of freedom of bed to zero. To specify the 
zero pore pressure at the surface of each layer during 
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construction, pore pressure boundary conditions are 
imposed in each step.  
 
 
3 ANALYSES RESULTS 
 
To clarify the influence of mechanical properties on local 
arching, the proportion of trench to core was set to 1/2, 1/5, 
1/10, 1/20, 1/35, 1/50 and 1/100.  
In non-homogeneous earth fill dam, transversal arching 
happens between various zones due to nonconformity of 
material. By completing the construction steps core 
settlement increases and more stress transmits from flexible 
zone (core) to stiffer one (shell). During initial steps of 
construction up to 10-15 m backfilling, the influence of 
transversal arching is negligible and just local arching 
happens between the core and the trench due to different 
material. By increasing dam elevation, registered total 
stress by pressure cell will be affected by local and 
transversal arching. Fig. 4 represents total stress 
distribution along a horizontal path in dam section at 
pressure cell elevation in different steps. It is clear that at 
the end of construction stress is significantly transmitted 
from core to the shell, while it is more slightly at stages of 9 
and 13m of backfilling.  
  

 
Fig. 4 Total stress distributions along a horizontal path in 

construction steps 
 
Evaluation of stress and transversal arching is critical to 
guarantee safety of embankment dam; however, presence 
of trench changes the natural stress field. To reach the 
natural field of stress in presence of trench, calibration 
should be done on pressure cell data for designing 
procedure. 
A study was taken on local arching ratio during 
construction steps to express total stress calibration. For 
this, the stiffness of trench material set equal to stiffness of 
the core. Thus, registered stress by pressure cell (S1) was 
affected by transversal arching. In other analyses, the 
proportion of elastic modulus of trench to core material set 
to 1/2, 1/5, 1/10, 1/20, 1/35, 1/50 and 1/100 and stress 
distribution plotted for trench center with respect to 
construction level (S2). In this case, measured stress at 
center of the trench was affected by local and transversal 

arching. In other step S1 subtracted from S2 to evaluate 
intensity of local arch action (ΔSL).  
The proportion of measured stress to theoretical stress 
(ΔSL/Theoretical Stress) presented for the center of trench, 
in different stiffness, during the construction procedure to 
specify arching ratio changing. Fig. 5 shows local arching 
ratio (ΔSL/Theoretical Stress) for the trench in 7 modes of 
stiffness. 
 

 
Fig. 5 Local arching ratio at the trench center, during 

construction 
 
As it is shown in Fig. 5, when the elastic modulus of the 
trench was half of the surrounding medium, the transmitted 
stress to the core is about 5% of the normal pressure above 
the cell (γ.h) during backfilling. Analyses show that local 
arching remains approximately constant during 
construction procedure. In this case, it is possible to 
subtract local arch action from field readings of pressure 
cell to calibrate data and reach the natural field of stress in 
dam body.  
 
3 CONCLUSION 
 
Earth pressure measurements are carried out in order to 
determine stress redistribution occurring within the dam. 
The reliability of these measurements is significantly 
reduced, however, by many factors such as presence of 
installation trench with material different from the core. 
Therefore, local arching changes the natural stress field and 
transmits total stress from trench to stiffer zone (core).  
This paper studied on local arching trend by increasing the 
construction elevation. The study concluded that the stress 
which was transmitted to the core, due to stiffness 
nonconformity, remained approximately stable during 
construction steps. Moreover, subtraction of pressure cell 
field readings from analytical stress in absence of trench 
material is a constant percent of normal stress (γ.h). 
Therefore, local arching can be divided from field readings 
to reach to natural stress in absence of the trench. 
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1. INTRODUCTION 
If the adjacent soil of a geotechnical structure does not have 
proper condition and durability/ resistance, various ways such 
as inserting geo synthetic layers, soil stabilization, and nailing 
can be used. In addition, among the geo synthetics, geo 
textiles are the best and most useful ones. These plates are 
similar to fabric layers which instead of cotton, wool and silk, 
synthetic materials are used in their textures. At least 80 
specific uses are defined for geo textiles, but their basic  
application can be summarized in five cases: Separation, 
reinforcing, filtration, drainage and sealing membrane[1]. By 
entering geo synthetics to geotechnic engineering, a lot of 
research was done by researchers such as Seki (1986), Korner 
(1994), Basarest (1998), sheen and Das (1998). They studied 
different kinds of geotechnical structure buried in reinforced 
soil by geo textile material. Furthermore in recent years other 
studies about geo synthetic behavior available in shallow 
were done by shookla and yeen (2006), Chang and 
kasekant(2007) and Sawav(2007).  
Three decades ago, nailing was introduced as a technique for 
trench stability and protection of excavation, wall nailing 
means reinforcing existing soil in the form of in situ and 
installing adjacent steel bars in a sloppy area or dug in 
ground. In this way the bars usually are put in to holes created 
in soil walls and are controlled in their own place by cement 
grout. This process has passive performance and applies its 
effect by soil-bar interaction. The issue of soil interaction 
with reinforced elements has been in the focus of many 
researchers. Clearly, true understanding of this problem 
necessitates information about soil mechanic parameters and 
their effect on interaction between soil and elements. One of 
 
 

the most important parameters is dilation angle. As we know, 
in general, five parameters are needed in Mohr-Coulomb 
behavioral model which are as follows: Young modules, void 
ratio, friction angle, cohesion and dilation Angle. Dilation 
angle has  a unit of degree. For heavily-over consolidated 
clay, the dilation angle is counted zero. On the other hand the 
amount of dilation in sands depends on compaction and 
friction angle. for quartz sand  is approximately φ-30 and for 
φ<30  it's amount can be considered zero. Additionally 
negative amount of ψ can only be applied for very loose 
sands. By using finite element program Afena, Vafaiean[2] 
calculated bearing capacity coefficients of shallow 
foundations in wide spectrum of parameters including 
dilation angle. Fahimifar and Javaheri[3], examined shear 
behavior and dilation of two sliding surfaces on each other by 
modeling direct shear test. Rabi'ee & Shahkarami[4] by 
examining the effect of various parameters on bearing 
capacity of foundation on the slope, found that by increasing 
dilation angle from zero to  φ, the amount of bearing capacity 
increased such that they recorded the effect of dilation angle 
on less slope, in a clearer and better way. Fredman and 
Burd(1997)[5] examined the changes of  bearing capacity 
coefficients (Nγ) for dilation angle between zero to φ in the 
smooth and rough foundations  and came to the conclusion 
that in smooth foundations and for internal frication angle 
under 35º, changing the dilation angle, significant difference 
is not observed in Nγ amount, but for amount of friction angle 
plus 35º and change of dilation angle between 0.0 to φ 
significant changes is observed in bearing capacity 
coefficient Nγ. Shahbarkhordar & et.al)[6] examined the 
sensitivity of bearing capacity coefficients Nγ toward changes 
of dilation angle and by using finite element method. By 
calculating bearing capacity coefficients, Griffiths [7]  
observed that in the case of dilation angle  equal zero, 
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Applying geo textile and nail elements adjacent to structures like: shallow foundations, dams, tunnels, slopes, retaining 
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Significant instability is created in calculation  process 
(trends). Owlaapour & Fakhradini [8] worked on the effects 
of various parameters such as dilation angle and  emphasized 
numerical analyses the effect of clay layer on bearing 
capacity of sandy soil by using finite element program 
PLAXIS. Amir Hossein & Ali shaff'ie[9], also calculated 
bearing capacity coefficient of a shallow strip foundation for 
wide variety of changes in dilation angle. In the present paper, 
modeling and examining the performance of geo technical 
elements, geo textile and nailing operation by using finite 
difference program (FLAC.2D) was emphasized. The 
performance of these two geo technical elements is calculated 
for different amounts of soil dilation angle and by following a 
reasonable trend, general results are achieved. 
 
2. Introducing FLAC.2D software  
Flac is a two-dimensional finite difference program that is 
exclusively used for geotechnical calculations. by using this 
software, we can model the behavior and performance of any 
construction (structure) on soil , stone or any building 
materials which may undergo a kind of plastic flow during the 
yield limit. in a general view, materials are defined in FLAC 
by help (means) of elements or Zones, And by forming a 
network, the geology shape of the object or structure to be 
modeled, is formulated. Both elements in this software are 
defined based on a linear or non-linear stress-strain rule and 
react against  applied boundary conditions. Another feature of 
FLAC is yielding and flowing of materials in parallel to 
changes in network form in the case of large-strain mode. 
Accurate calculation of Langrage along with techniques 
based on definition of behavioral zones and availability of 
wide variety of materials in this software, makes the 
modeling of failure and flowing more exact (accurate). On the 
other hand, since no matrix will be formed in FLAC, it is 
possible to do two-dimensional calculations without the need 
for extra memory. Also formulating (existing limitation in the 
given time to run the problem or definition of needed 
damping) have been lifted in this virtual space especially by 
automatic scaling inertia capability and defining automatic 
damping (this problem has no effect on failure situation). 
Although FLAC has exclusively been designed to solve geo 
technical and mining engineering problems, it has also great 
capability in analyzing complex mechanical problems. Such 
that by means of various defined behavioral models in it we 
can model and simulate many of geologic non-linear and 
irreversible behaviors. 
 

3. statement of the problem 
3.1. soil (ground) space  
The target soil in the problem site, was mono layer sand and 
had the following specifications: 
 
 
 
 
 

Table 1: constant parameters used in the modeling trend of 
soil space. 
 

Resistance 
cohesion 
(C) kPa 

Internal 
friction 
angle(φ) 

Bulk 
modulus 

kPa 

Shear 
modulus 

kPa 

Unit 
weight 
KN/m3 

0.0 35 2×108 1×108 10 
 
We know that, introducing the parameter of dilation angle in 
the position of internal friction angle which is greater than or 
equals 30 is meaningless and can be ignored. Therefore in 
order to have a realistic modeling the degree of internal 
friction angle of target sandy soil in this study is 30 to 40 and 
to be more exact it is 35. It must be noted that the target 
failure criterion in this modeling was Mohr-Coulomb criteria. 
 
3.2. Geo textile Element 
In order to have a much better and effective geo textile 
element, two parameters should be taken into account. First, 
the question of flexibility of texture of geo textile and second, 
the question of the  interaction of inserted geo textile with its 
own upper and lower soil surface. Performing this task in 
finite difference program FLAC.2D, is possible through 
connecting beam element to its upper and lower  network 
lines. In this way by putting  moment of inertia of modeled 
beam to zero in the FLAC.2D consider its performance as 
equal to geo textile elements. furthermore, one of the major 
problem of soil profiles reinforced with geo textile element, is 
the possibility of sliding on both sides of installed geo textile 
plates and consequently is the happening of pull out and 
eventually paying the way for large strain. 

 
Fig 1: schematic drawing of investigated geo textile model 
 
According to fig(1) the used numerical model is a rectangle 
network in the dimensions of  5(m)*7(m) [5 meter width 2 & 
7 meter depth). The boundary conditions on this model are 
regarded in such a way That the bottom and the upper part of 
the model is supported in both directions, and its left and right 
ends are free in both directions. The reason for leaving free 
support conditions in both ends, as to facilitate the modeling 
of sliding phenomenon. In this way by inserting geo textile 
element in the center of target profile, It is possible  to 
observe the effect of pull out happening on it Directly. In 
order to apply loading in the case of strain control, the load 
has been introduced as application of velocity vectors. The 
amount of these velocity vectors in vertical loading equals 
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0.5×10-4 and the case of loading it is regarded 1×10-4 m for 
each step of loading. The amount of velocity vector in both 
states, is considered in such a way that, it prevents an initial 
shock to system and to neutralize and modify the initial and 
temporary effect of the loading. 
 
3. 3. Nailing Operation 
 

 
Fig 2: schematic drawing of nailing model. 

 
Modeling of nailing operation in ELAC.2D has been done by 
cable element According to figure (2), the applied model is a 
rectangle network with the dimensions of 11m×11m(11 meter 
width * 11 meter depth). In this model border lines are 
considered in such a way that  model bottom is supported in 
both directions but its left  and right end(s) has reactions only 
in horizontal direction or(X axis). In this situation three layers 
of nailing are predicted for protection of a vertical deposit. In 
this case the behavior and  reaction of nail elements are 
analyzed against the force of deposit weight. In order to make 
real the modeling of nail elements, we  can show the effects of 
grout injection around the nails by considering a friction 
resistance among the nail and sand soil. This resistance force 
is regarded as a friction angle  between nail and soil and its 
amount, is determined 20 according to reference[10]. On the 
other hand, by regarding support conditions by maintaining 
more consistency in nail performance, the effect of shotcrete 
performance has been taken into account. 

4. Modeling and analyzing the results 

4.1 geo textile element  

 
Fig 3. Element network of geo textile problem in FLAC.2D 

 

Element network for geo textile modeling is based on fig 3. 
Having done the modeling, the problem for dilation angles 
equals Zero, φ-30(5 degree), φ/3 (about 12 degree), φ/2 
(about 18 degree) and φ (equals 35 degree), is solved. It 
should be noted that the assumption of equality between 
amounts of dilation and internal friction means that soil 
follows an associated flow rule which is not a correct 
assumption. But in the present article, to compare with the 
result of other targeted  amounts, for dilation angle and 
examining the effect of increasing the amount of ψ, we have 
taken this assumption. Based on Table 2 and Fig 4, we can see 
that by increasing dilation angle, the amount of bearable axial 
force on part of geo textile element is increasing, in other 
words its bearing capacity is rising. 
 
Table 2: The amount of axial force applied on geo textile on 
the moment of failure 
 

ºΨ 0.0 5.0 ϕ/3≈12 ϕ/2≈18 35 
Fa(N) 42358 48657 59237 84954 103547 

 
In table (2) the amount ψ dilation angle is based on degree, 
and FRaR is the amount of axial Force on geo textile element in 
terms of Newton at the moment of failure. As mentioned 
before, by increasing dilation angle, the bearing capacity of 
geo textile element is also increased. According to figures 4 
and 5, The greatest amount of the increase has been recorded 
in ψ equals to 12 to 18 degrees. 
 

 
Fig 4: Changes of amounts of axial force according to dilation 
angle. 
 
Table 3: The resultant increasing amounts in axial bearing 
capacity according to increasing the dilation angle 
 

ºΨ  0.0-5 5-12 12-18 18-35 
(%)Δ  15 22 43 22 

 
In table 3, Δ is increasing in amount of axial bearing capacity 
of geo textile element in term of percentage. As it can be seen, 
the greatest amount of this increase is in ψ within 12 to 18 
degree which record in ψ/3 to ψ/2. Additionally It was seen 
that by increasing dilation angle, the depth of shear failure 
mechanism is also increased. In fig 5 and 6 we can easily see 
the progress of shear failure mechanism, particularly under 
inserted geo textile layers. 
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Fig 5: Shear failure areas (zones) under geo textile regarding 
ψ=12o 

 
Based on fig 5 and 6, It can be seen that the depth of shear 
failure mechanism in dilation angle equals 12 degrees, is less 
than the situation in which dilation angle is 18 degrees. In 
other words in ψ=18º, bearing threshold of system is 
evaluated much greater than ψ=12 degrees , such that by 
forming greater failure zones, the system undergoes 
instability and failure. 
 

 
Fig 6: Shear failure zones under geo textile regarding ψ=18º 
 
4.2. Nailing operation 
 

 
Fig 7: Element network for nailing problem in FLAC.2D 
 
The applied element network for modeling of nailing 
operation is given in fig 7. After modeling, just like what was 
done before, the problem is solved regarding dilation angles 
equal to Zero, φ -30 (5 degrees), φ/3 (about 12 degrees), φ/2 
(about 18 degrees) and φ (35 degrees). It must be noted once 
again that the assumption of equality the amounts of dilation 

angles and internal friction implies that soil acts as associated 
flow rule, which is not a true assumption, but in this paper it is 
accounted to compare with results of other targeted amount of 
dilation angle and assessing the effect of increasing the 
amount of ψ. 
According to table 4 and fig 8, we can see that by increasing 
dilation angle, the amount of bearable axial force is increased 
on part of each of the nails. 
 
 
Table 4: Resultant increasing amounts of axial bearing 
capacity of nails regarding to increasing the dilation angle 
 

ºΨ  0.0 5 12 18 35 

 
Fa 
(N) 

Cable 
1 9439 11761 14924 18553 21687 

Cable 
2 12325 15587 18325 22491 27379 

Cable 
3 16554 17693 20136 23284 29953 

 
 

 
Fig 8: Variation in amounts of axial force of nails according 
to dilation angle 
 
According to Table 4, the amount of increase in bearing 
capacity, has directly relationship with increasing dilation 
angle and the depth  of buried nail element, such that nail or 
cable number 3 with  the greatest amount of depth regarding 
dilation angle of 35 degrees  experiences (bears) the greatest 
amount of axial force. [The nail are put in order of 1, 2 and3 
from  top to bottom]. According to Table 5, by increasing 
buried depth, the increase in bearing axial capacity of nails in 
ψ between φ/2 to φ is very conspicuous. put simply, the more 
the amount of surcharge soil is increased, the greater amount 
of dilation angle (with in φ/2 to φ) will have more effect on 
enhancing axial bearing capacity of nails. It is noted again 
that in Table 5, Δ is increasing in axial bearing capacity in 
each of nails in terms of percentage. 
 
Table 5: Resultant increasing amount in axial bearing 
capacity regarding to increasing the dilation angle 
 

ºΨ  0.0-5 5-12 12-18 18-35 

Δ(% 
Cable 1 25 27 24 17 
Cable 2 25 18 23 22 
Cable3 7 14 16 28 
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However for lower amount of dilation angle, increasing of 
buried depth, not only did not cause the increase of bearing 
capacity of nails (relative to upper nail) but  also bring about 
decreasing bearing capacity of nail elements in comparison 
with its upper elements. 
 
5.CONCLUSION 
In this paper the effect of dilation angle on the performance or 
function of geo technical elements like geo textiles and 
nailing operation was examined. Modeling of these two cases 
was done by finite difference code FLAC.2D and in the 
condition of Mohr-Coulomb criteria. Generally it was seen 
that by increasing dilation angle, the axial bearing capacity of 
geo textile and nails is also enhanced. In other words, by 
increasing dilation angle, the threshold of system failure and 
the width (extension) of shear failure zones are increased; 
meaning that by accounting greater amounts for dilation 
angle, the necessary condition for instability in system is 
forming and joining more failure zones. Furthermore, in 
modeling geo textile element, the greatest amount in bearing 
capacity occurs in dilation angle within φ/2 to φ/3. However 
the problem of increasing amount of bearing capacity in 
modeling the operation  of nailing does not follow a specific 
rule or order. We come to  conclusion that due to greater 
amount of dilation angle (within φ/2 to φ) as the amount of 
surcharge soil increases, the axial bearing capacity is also 
intensified. 
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1. INTRODUCTION 
The approach to growing use of tunnels to facilitate 
transportation in busy and crowded parts of cities has brought 
about  deflection in soil mass and eventually in ground 
surface. Among the features of urban tunnels, their less 
surcharge depth, loose ground of towns, large span of these 
areas and the buildings on the stations are important, All of 
them make the control of shallow settlement and maintaining 
stability in the underground spaces very difficult. Settlements 
due to tunnel excavation, can cause serious damages to the 
neighboring structures. 
In this study, we examined single tunnels by numerical 
method and twin tunnels by computer modeling and accurate 
instrumentations. The researches on comparing the effect of 
single tunnel and twin tunnels on settlement of ground surface 
has been limited. In Iran, after the growing trend of subway 
tunnel excavation, in urban regions, irreparable damage of 
ground surface settlement on building and ancient 
monuments particularly in Isfahan and Siyo-Se-poul, are 
noticeable [Fig 1] . 
 

    
 

Fig 1: Damage to Siyo-Se-Poul, a worldly recorded 
monument due to settlement of ground surface. 

 
 
 

Perhaps Terzaghi's report[1] is among the first reports that 
show the effect of soil type in transferring settlement to 
ground surface. Regarding coarse-grained soil, he believed 
that all ground displacement in tunnel site owing to dilation 
gradually disappear to ground surface. However in clay layer, 
this effect is less clear mostly due to lack of volume change 
and soil layer which are influenced by cohesion. 
Peck(1969) presented a comprehensive report containing 
general collection of executive operation of tunnel in soft 
ground. In his detailed examination, he divided settle able 
ground into four categories. Then for each of soils mentioned, 
measurements for tunnels situated in these soils[12]. He 
showed that the cure of ground surface settlement to tunnel 
excavation has normal distribution and presented a relation 
for the profile of settlement as follows: 

( ) )
2

exp(
2

max i
xSxS ×=                                    

(1) 

This equation has no theoretical foundation and chosen 
because of its similarity to experimental form of settlement. 
In i and Smax were determinant and a lot of research was done 
to determine them amounts and many suggestions were made 
to calculate them. Most of the studies are to modify determine 
i. Another important parameter is Smax [Fig2]. To achieve a 
relationship to calculate the amount of this parameter, a 
parameter called ground loss is defined ,which is in fact 
equals to contraction of tunnel span. In clay soils, the 
condition of undrained is governed during tunnel excavation, 
Therefore  the contracted volume at tunnel's span, equals to 
volume of clay soil on ground surface. The amount of name it, 
VL follows as  eq.(2)  

2

4
HD

VV s
L =                                               

(2) 
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Nowadays due to increasing rate of urbanization, population compaction and construction in Iran, the issue of 
construction of underground tunnels become the center of attentions, due to it's capability to obviate the problems 
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Fig 2: Curve of ground surface settlement due to tunnel 

excavation [12] 
 
Where D is diameter of tunnel and VL is reduction of ground 
volume relative to excavation. VL was calculated as a 
percentage  of settlement of volume in ground surface to 
tunnel volume per unit of length. Vs is the total volume of 
ground surface settlement and is determined by integrating 
the relationship eq.(1)  as in eq.(3): 

max2 ISVS ×= π                                          (3) 
By combining eqs.(2) and (3)  and by regarding KZI = , Smax  

KZo
VLS

D2

313.0
max =

                                                                 
(4) 

In this equation, Smax is the maximum ground settlement 
above tunnel axis, Sx ground surface settlement to the 
distance of x relative to tunnel symmetry axis and i is the 
landmark of the curve. 
Although this equation has no theoretical foundation, it has 
been chosen due to its similarity to experimented values of 
settlement. As it was seen, i is an important parameter in 
showing curve width[12].  
Sagaseta(1987) [15] presented a solution to determine 
stress-strain behavior in an isotropic homogeneous 
environment while the incompact able soil and excavation is 
near ground surface. The relation which he proposed for 
settlement shape in plain strain state, in equations ( 5) and (6): 

( ) ( )222 / hxxasxo +−=   
Horizontal displacement at ground surface                 (5) 

( ) ( )222 / hxhasxo +−=   
Settlement at ground surface                                              (6) 
In this equations (a) is tunnel's radius, and (h) is the depth of 
tunnel's axis. Because of incompatibility of soil the Poisson 
coefficient is 0.5 presented a linear elastic analysis for a 
tunnel in an isotropic environment. They use elasticity theory 
and approximate method of Sagaseta [15]which is even 
usable for compactable soils with arbitrary amounts of 
Poisson coefficient. Their solution that is the generalized 
method Sagaseta, considers oval deflection of tunnel section  
[16]. 
Another factor that is defined in different condition of ground 
settlement  is ground loss parameter that is the percentage of 
the ratio of settlement volume at ground surface to tunnel 
volume per unit of length. Based on ground loss, gap 
parameter is defined as follows:  

ω++= DUGPg 3                                                            (7) 
In which the difference between maximum internal diameter 
of excavated tunnel and external diameter of tunnel lining is 
for circular tunnel. Equivalent 3D Deflections are, in form of 
elastic-plastic at the front of the tunnel and determinant of 
excavation quality and operation of the tunnel. 
 
2. TUNNEL GEOMETRY 
Fig 3 shows complete sections of twin tunnel of Isfahan 
subway. It is a two-arc tunnel that . 

 
Fig 3. Sample section of the tunnel: (Center of 
documentation of urban trains, Isfahan (2003) 

 
Based on the first stage research, urban train of Isfahan was 
designed in the form two dimensional and horse-shoe section, 
7m in the middle part and its axis to axis distance is 14m. 
Fig 5. is a part of target vertical section in the direction of 
tunnel excavation. This section was built in the width of 
Chahar Bagh street. Due to symmetry of boundary and 
environmental condition of these two tunnels, only half of 
geometry of target section, regarding environmental 
condition and loading shallow adjacent to tunnel is shown 
[10]. 
This street has two driving lines and 7m of its middle section 
is occupied by landscaping . The street width is assumed to be 
90m in which 22.5m from each direction, is allocated to the 
buildings. Loading system of building is accounted 20 kP in 
two ways and loading of middle part (traffic loading) is 
supposed to be 10 KP  [11] . 
 

 
Fig 4: Vertical section of the symmetrical geometry of the 

tunnels and the region under study 
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 So in the first stage, regarding the present situation, the 
geometry of modeled section is made in the form of two 
dimensional by PLAXIS software and based on Fig 5. 
 

 
Fig 5: Modeled geometry of tunnels in software space for 

5 meter depth [10] 
 
 

3. DETERMINING THE SPECIFIC FEATURES OF 
GEO TECHNICAL MODEL 
 
Based on present reality and environmental condition, in this 
model, geology layers and behavioral model of soil are 
assumed horizontal and coarse-grained respectively. These 
layers are defined in three different parts and in the form of 
fill materials, alluvial and silt from up to down. Geotechnical 
parameters given in Table 1. 
 
Table 1: Behavioral model and geotechnical specification 

of soil [11] 
Fill 

Material Alluvial Shale Unit Symbol Parameter 

0-2.5 2.5-21.5 21.5-30 m H Depth 

18 21.5 26 kN/m3 γd Unit 
Weight 

5*10-7 2.5*10-7 5*10-6 m/s Kh Permeabili
ty 

1*10-6 2.5*10-4 1*10-6 m/s Kv 
Permeabili

ty 

1.5*104 8*104 1.7*106 kN/m3 E Young 
Modulus 

0.35 0.3 0.3 - ν Poisson 
Ratio 

15 50 0.8 kN/m3 C Cohesion 

23 35 26 Degree ϕ 
Internal 
Friction 
Angle 

 
4. ANALYSIS OF OUTPUT DATA 
Based on carried out modeling in four different and 
subsequent phases, the results for shallow settlement, for six 
different states at tunnel depth are achieved. According to 
these results, it is clear that maximum settlement in ground 
surface is occurred around the tunnel axis in all states, and by 
increasing the surcharge of the tunnel, the interference of 
settlement depth of two tunnels is also increasing to the point 
that in surcharge state of 10m , a ditch of settlement is seen 
completely. The varying trend of maximum settlement 
relative to excavation depth of tunnel  is shown in Fig 6. Ii is 
obvious  that by increasing the depth of tunnel excavation, the 
amount of maximum settlement is significant [10] . 
 

 
(a) 

 

 
(b) 

 
Fig6: Comparison of shallow settlement profile for six 

states of tunnel depth (a) - The varying trend of maximum 
settlement relative to excavation depth (b)[10] 

 
The results show that: 

a- In different states of  surcharges(5 up to 10 meters), 
settlement in neighborhood of buildings in both 
sides of street is within the allowable of 1.0 
centimeter. 

b- Maximum settlement at ground surface happened at 
neighboring points of axis of tunnel. 

c- By increasing the height of rock load on tunnels, the 
interaction of ditches of resulted settlement us 
increased. 

d- the amount and area of settlement of ground surface,  
has  direct relationship with depth of tunnel 
excavation.  

e- It must be noted  that the modeling can be done by 
examining three-dimensional effects of front of 
activities  on shallow settlement amounts in 
neighborhood of tunnels and assess the results [10] 

 
5. EFFECTS OF THE DISTANCE BETWEEN 
PARALLEL TUNNELS ON SETTLEMENT LEVEL  
Instrumentation studies show that if center to centre distance 
of two underground space is more than three times or much as 
diameter, the excavation of these two spaces will not affect 
each other, and can be considered separately. In this section 
we will address this issue by numerical method and 
examining a tunnel. 
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First, the settlement from a tunnel excavation in an urban 
environment is modeled, and then the effect of excavating 
another tunnel in its neighborhood on the settlement is 
considered. A tunnel with 4.5m diameter and 10m depth is 
excavated. Before tunnel excavation the present stress in 
environment is in the horizontal form. It should be kept in 
mind that the best and optional distance for neighboring 
borders is the amount that, stresses at borders, has  not 
changed just before and after the excavation and disturbance 
in stress contour doesn't happen[fig7][Fig8][Fig9] . 
 

 
Fig7: Initial stresses before excavating the tunnel 

 
 

 
Fig8: Stress state after excavating 10m of the tunnel 

 

 
Fig9: Single tunnel total displacement 

 
 

 
Fig10: Total strain - single tunnel 

 
 

 
Fig11: Total stress - twin tunnel with 2m distance      

 
 

 
Fig12: Total strain - twin tunnel with 2m distance 

      
 

After that the effect of neighboring tunnel excavation is 
considered with the same characteristic and in different 
distances. To do this, 5 states have been regarded. The 
distance we mean in this study is the ledge to ledge distance 
of two neighboring tunnels. The purpose of examining 
several cases (states) is obtaining optimal distance between 
two neighboring tunnels. At first neighboring (adjacent) 
tunnel is put in two meters distance from the first tunnel [Fig 
10][Fig11][Fig12] . 
As it can be seen, stress contours have overlap and do not act 
independently so that stress contour of twin tunnel is not 
similar to that of single tunnel, and this is also true for soil 
displacement around the tunnel. In the following situation 
tunnels are placed in 4 meter distance. In this case, although 
the interaction of stress and displacements contours in two 
tunnels are decreasing, but they still influence on each other. 
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In another situation, two tunnels are put in 8m distance from 
each other. It may be said that behavior of two tunnels is 
partially independent and have the least effect on each other 
[Fig13][Fig14] . 
 

 
Fig 13: Total strain twin tunnel with 8m distance 

 
 

 
Fig 14: Total stress with tunnel with 8m distance 

 
 

In another situation two tunnels are put in 10m distance and as 
expected, by increasing this distance and keeping the tunnels 
away from each other, their behavior becomes more separate 
[Fig15][Fig16] . 
 

 
Fig 15: Total stress- twin tunnel with 10m distance 

 
 

 
Fig16: Total strain- twin tunnel with 10 m distance 

 
 

 
Fig 17: Total stress- twin tunnel with 12m distance 

 
 

 
Fig 18: Total strain -twin tunnel with 12m distance 

 
 

In the next situation two tunnels are put in 12m distance. As it 
was seen from the distance of 10m or more, stress contours 
and displacement around each tunnel are just alike single 
tunnel and next tunnel excavation has no effect on 
displacement and applied stresses on neighboring tunnel so 
that to simplify and reduce the calculation, we can examine 
them independently (separately) [Fig17][Fig18] .  
 
 
6. COMPARING OF SINGLE TUNNEL BEHAVIOR 
WITH PARALLEL TUNNEL (WITH EQUAL 
EFFICIENCY) 
 
In this part a tunnel with 9 m diameter (two times as much 
diameter as former tunnel) is excavated and studied at the 
same environment and condition. The purpose of this study is 
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to examine settlement from tunnel excavation with larger 
diameter and its comparison with settlement from two 
tunnels, each one with a diameter equals to the radius of 
larger tunnel (with different distance from each other) 
[Fig19][Fig20] .  

 

 
Fig 19: Total stress-single tunnel    d=9m 

 
 

 
Fig 20: Total strains-single tunnel    d=9m 

 
 

As it was seen in comparing the displacement from 
excavation of two neighboring tunnels (with smaller 
diameter) and larger tunnel, it would be better to excavate two 
tunnels separately so that their distance should be in 
allowable level and has not much effect on displacement and 
settlement of ground surface. 
 
 
7. CONCLUSION 
 
In this study first the situation (condition) of urban train 
tunnels is studied in Isfahan and then a comprehensive review 
of literature is discussed about created deflections on an 
underground excavation and their settlement. Then general 
overview of stability analysis approaches are considered and 
regarding the use of PLAXIS software some brief description 
is provided. Two cross sections of subway tunnel of Isfahan 
were studied in which the settlement of ground surface and 
tunnel crown were measured by instrumentation equipments 
and was modeled by PLAXIS 3D. The outputs of software 
were adapted with measured data in above supposed stations.  
Furthermore, in order to examine the effect of important 
parameters of soil (such as cohesion, Poisson coefficient, 
elasticity modulus and unit weight) different diagrams of 

settlement were drawn and the result of created effect on the 
settlement of ground surface and tunnel crown was studied 
due to increasing or reduction of each of the mentioned 
parameters. Finally by modeling a tunnel with 9m diameter 
on one hand and two neighboring tunnels, each one with 4.5m 
on the other hand, and putting them in different distance from 
each other and observing created changes in stress contour 
and displacement as to using or not using two tunnel with 
smaller diameter instead of a tunnel with larger diameter in 
urban regions were explained. Regarding above –mentioned 
materials, following results are concluded: 
 
1. The result from in situ measurement indicates that 
maximum settlement from excavation of subway tunnel in 
Isfahan in monitored regions is less than amount of allowable 
settlement (0.5 under the building as 1 inch at street level). 
2. based on done research on stress contours and length 
displacement of 9 m diameter, and its comparison with stress 
contours and displacement of a twin tunnel-each with 4.5 m 
diameter at different distance from each other and with 
similar and same condition of a larger tunnel, we may say that 
in situations where tunnel construction is in urban regions or 
other sensitive places(areas), naturally any increase will have 
some important consequences. Using twin tunnels with 
smaller diameter seems reasonable and justified if the 
allowable distance for each of the tunnels-instead of 
excavating a tunnel with larger diameter- is observed. 
3. In cases where the distance of two neighboring tunnels are 
equal or more than allowable level, we can model one of two 
tunnels and use results for another tunnel and generalize its 
result(s) to another tunnel. 
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1. INTRODUCTION 
Sand mat is used as a horizontal drainage method during 
embankment to facilitate the initial consolidated settlement 
due to the weakness of the surface layer of dredged and 
reclaimed sites, and this construction method is applied in 
general areas of soft soil ground. In particular, due to the 
insufficient amount of sand in dredged and reclaimed areas 
and areas of soft soil ground, there is a desperate need to 
procure alternative materials, which has increased the need 
for research on using quality dredged soil as a sand mat.  
Thus, in order to determine whether dredged soil is a suitable 
material to be used as a sand mat, a large sample was 
collected for physical properties analysis and permeability 
testing. Based on the results, the representative dredged soil 
(of the samples with permeability coefficients that fit the 
criteria for sand mat, the sample with the worst particle size as 
it contains the most amount of fine powder) was selected and 
a model test was conducted to determine its applicability as a 
sand mat in advance. The distribution of pore water pressure 
and the drainage of the sand mat, which is necessary in the 
improvement of soft soil ground, were identified and the 
amount of consolidated settlement according to the 
embankment load was measured in order to perform a 
finite-element analysis and predict its behavior. After the 
consolidation was completed by the final load, a discharge 
test was performed and the effect of the permeability was 
observed. The aim of this study is to apply the theoretical 
review to the design by proposing a testing technique that can 
be utilized on sand mat, and improving the technology of 
utilizing alternative materials for sand mat based on the 
results. 

 
 

2. THEORETICAL WATER PRESSURE 
DISTRIBUTION IN SAND MAT 

The pore water pressure of sand mat laid on the soft clay 
ground generally increases in proportion to the amount of 
settlement in the clay layer according to Terzaghi's theory of 
one-dimensional consolidation (Terzaghi, 1943, Terzaghi, et 
al., 1967). The increased excess pore water pressure is 
quickly drained out from the embankment body due to the 
permeability of the sand mat. However, as shown in Fig. 1, if 
the permeability of the sand mat is low or there is large 
settlement of the soft clay ground, drainage is delayed in the 
central part of the embankment, which increases the pressure 
head. In Fig. 1, it is assumed that the amount of consolidated 
settlement in the saturated clay layer generated by the 
embankment load undergoes a one-dimensional change and 
the pore water from consolidation is completely drained out 
from the embankment body in a horizontal direction through 
the saturated sand mat. Thus, for saturated clay ground, the 
consolidated settlement of the clay layer can be represented as 
a function of the average degree of consolidation (U) and time 
(t) according to Terzaghi's consolidation equation. The 
pressure head (H) occurring at the horizontal distance (x) of 
the sand mat can be presented as Eq (1) according to 
Terzaghi's one-dimensional consolidation equation. 

ABSTRACT 
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where dU(t)/dt is the settlement rate of the clay layer, S0f is 
the final amount of settlement in the center of the 
embankment, SDf is the final amount of settlement in the sides 
of the embankment, T is the thickness of the sand mat, k is the 
permeability coefficient of the sand mat, 2L is the full width 
of the sad mat, and γw is the unit weight of water. Because 
Eq (1) assumes a one-dimensional, horizontal flow of the 
pore water from the sand mat, the pressure head is zero (H=0) 
at the sand mat boundary (x=L). Thus, when the maximum 
pressure head at the center of the embankment is set as H0t 
and the average pressure head in the transverse distribution is 
indicated as Ht, the pressure heads can be presented as follow 
in Eq (2) and Eq (3). 
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In Eq (2) and Eq (3), the pressure heads of the sand mat vary 
depending on the settlement rate, final amount of settlement, 
sand mat thickness, permeability coefficient, and the width of 
the embankment. Here, the settlement rate can be obtained 
from the approximation formula of the relationship between 
the degree of consolidation (U) and time factor (Tv) in 
Terzaghi's one-dimensional consolidation equation and the 
measured settlement as follow in Eq (4) and Eq (5). 
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In Eq (4) and Eq (5), Sf is the final amount of settlement, 
whereas St is the amount of settlement at an arbitrary time 
and the other coefficients have the same symbols as those in 
Terzaghi's one-dimensional consolidation equation. 

3. MODEL TEST ON BEHAVIOR OF PORE WATER 
PRESSURE IN SAND MAT 

3.1  Experimental Apparatus and Method 
For the model test, head devices were designed to be placed 
on both sides of the soil tank (dimensions: 300cm × 70cm × 
70cm) to maintain the groundwater inside the sand mat at a 
constant level, and 4 pore water pressure cells, 3 settlement 
plates and 2 earth pressure cells were installed to measure the 
amount of settlement of the clay layer and sand mat and the 
pore water pressure during embankment loading. The soft 
clay in the bottom of the sand mat was sufficiently stirred 
with distilled water using an electric agitator in a simple soil 
tank, and the slurry was inserted up to a height of 30cm. Then, 
saturated water was supplied for approximately a week by the 
head devices until a steady state was reached. Later, a sheet 
was laid, upon which dredged soil was spread to a height of 
20cm in place of the sand mat. The drainage valves on the left 
and right sides (Fig. 2) were closed and saturated water was 
supplied for a day. Then, spreading and loading were 
performed up to the third level using weathered soil. 

3.2 Physical and Mechanical Properties of Sand Mat and Clay 
The physical properties and particle distribution of dredged 
soil used in this experiment are shown in Table 1 and Fig. 3. 
Fig. 3 also contains information on the general particle 
distribution of sand mat applied in general soft soil ground 
designs. The dredged soil used in this experiment is slightly 
poor compared to quality sand as it is close to the lower limit 
of the fine materials used for sand mat, but it is deemed to 
have a good alternative to other materials for sand mat. In 
order to examine the consolidation characteristics of the 
lower clay used in this experiment, overconsolidated clay was 
turned in a slurry form using an agitator. Then, the 
consolidation sample was produced using a consolidation 
device. The standard consolidation characteristics of the test 
sample and the input moisture content (wn), etc., of the slurry 
form inserted into the model soil tank are shown in Table 2. 

Clay

Sand Mat

Step 1 of
Embankment

Step 2 of
Embankment

Step 3 of
Embankment

Earth Pressure Cell

Water Pressure Cell

Drain Valve

Dial Gauge

Settlement Plate

 
Fig.2 Model test on hydraulic gradient of sand mat (unit: cm) 
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Table.1 Physical properties of sand mat used in experiment 
Water Content (%) 17.6 
Plasticity Index (Ip) NP 

Specific Gravity (Gs) 2.60 
Passing 75 μm sieve (%) 9.5~13.3 

Coefficient of Permeability (cm/sec) 1.34 x 10-3 
USCS SM 
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Fig.3 Distribution of the pressure head of a sand mat 

 
Table.2 Physical and mechanical properties of remolded clay 

Water Content (wn, %) 54.5 
Unit Weight (γ t, kN/m3) 16.6 

Specific Gravity (Gs) 2.60 

Consolidation 

e0 1.26 
Cc 0.380 
Cs 0.159 

Cv (cm2/sec) 1.56 x 10-4 
Pc (kPa) 10 

USCS CL 

3.3 Settlement Characteristics According to 
Embankment 
For the embankment, the degree of consolidation was 
confirmed to be over 90% using the hyperbolic method (Tan, 
et al., 1991) and loading was performed in 3 steps up to a 
height of 100cm over the course of 11 days. The degree of 
consolidation according to the settlement of the clay ground 
was assessed using the ratio of the amount of settlement 
actually measured through the model test and the final 
amount of settlement calculated using the specifications of 
the consolidation test. The final amount of settlement was 
calculated based on the initial void ratio according to the 
input moisture content and the ground stress (Δp) measured 
using the earth pressure cell at the bottom of the clay layer. 
The measured values (Δp) of the earth pressure cell at the 
center, the amount of settlement (S0f and SDf) measured using 
the dial gauge at the center and the left and right fore-ends in 
the model test device (Fig. 2) during the embankment are 
shown in Table 3. 

Table.3 Amount of settlement and ground stress measured 
during embankment 

 SDf (cm) S0f (cm) Δp (kPa) 
Sand Mat 0.89 1.33 3.4 

Embankment 
Step 1 1.35 1.87 3.6 
Step 2 1.76 2.32 5.1 
Step 3 2.04 2.62 5.1 

4 NUMERICAL ANALYSIS OF PORE WATER 
PRESSURE OF SAND MAT 

4.1 Pore Water Pressure According to Permeability 
Coefficient and Thickness of Sand Mat 
The settlement rate (dU(t)/dt) for the initial consolidation 
degree (U) of 3%, obtained when the clay layer thickness of 
30cm and consolidation coefficient in Table 2, are substituted 
into Eq (5) and the amount of settlement at the center of the 
embankment (S0f) and the amount of settlement in the outer 
part of the embankment (SDf) measured at step 3 of 
embankment, and the spread thickness (T) of 20cm, were 
substituted into Eq (2). When the permeability, k, changed up 
to 10-4～10-2 (cm/sec), the pressure head, Ht, was calculated 
according to the horizontal distance of the sand mat, and the 
results are shown in Fig. 4. As shown in the figure, the lower 
the permeability coefficient of the sand mat, the higher the 
hydraulic gradient at the center of the embankment, which in 
turn increases the pressure head. In particular, there is a 
significant increase in the pressure head when the 
permeability coefficient of the sand mat is below 10-4 
(cm/sec) as it causes a delay in the draining of pore water. 
Also, the settlement rate calculated when the degree of 
consolidation was 3% using Eq (2), the amount of settlement 
at the center of the embankment (S0f) and the amount of 
settlement in the outer part of the embankment (SDf) 
measured at step 3 as shown in Table 3 were substituted into 
the equation, with the permeability coefficient, k, maintained 
at a constant of 10-3 (cm/sec). Then the thickness of the sand 
mat (T) was varied in the range of 5 to 30cm to analyze the 
resulting value of the pressure head, the results of which are 
shown in Fig. 5. The figure shows that with an increase in the 
thickness of the sand mat, the pressure head decreased, and 
the change in the pressure head was small in the outer part of 
embankment as it is less affected by the hydraulic gradient.  

4.2 Pore Water Pressure of Sand Mat Based on 
Coefficient of Consolidation in Clay Layer 
In order to analyze the pressure head of the sand mat 
according to the settlement rate of clay in the bottom, the 
coefficient of consolidation (Cv) was selected as a factor 
affecting the settlement rate in the clay layer. when the 
consolidation coefficient (Cv) of the clay layer is changed up 
to the range of 10-5～10-3(cm2/sec) with the initial degree of 
consolidation (U) at 3%, the consolidation time (t) for the 
arbitrary consolidation coefficient can be calculated using Eq 
(5) and thus, the settlement rate (dU(t)/dt) with respect to the 
degree of consolidation can be obtained. 
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Thus, the amount of settlement at the center of the 
embankment (S0f) and the amount of settlement in the outer 
part of the embankment (SDf) measured at step 3 as shown in 
Table 3 and the permeability coefficient, k, a constant of 10-3 
(cm/sec), were substituted into Eq (2) to obtain the pore water 
pressure in the sand mat. The results are shown in Fig 6, 
which shows a positive correlation between the consolidation 
coefficient of the clay layer and the pressure head at the center 
of the embankment. This is due to the increase in the amount 
of consolidation drainage resulting from the increased 
settlement rate of the clay layer caused by increased stress at 
the center of the embankment. 

5 ANALYSIS AND DISCUSSION OF RESULTS 

5.1 Pore Water Pressure of Sand Mat According to 
Height of Embankment 
The top of Fig 7 shows the results of the FEM analysis 
conducted based on the modified cam-clay model (Snadhu, et 
al., 1969, Mayhe, 1980, Gens, 1988) of the settlement, 
measured in the settlement gauges installed in the left, central 
and right parts of the sand mat layer, according to the elapsed 
time during embankment. The bottom of the figure shows the 
measurements of the pore water pressure cells installed inside 
the sand mat layer and at the center of the clay layer. 
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Fig.7 Pore water pressure of sand mat and settlement and pore 

water pressure of clay ground 
 
As the height of the embankment increased, there was a 
higher amount of settlement in the central part of the clay 
layer compared to the left side. Because of the soft surface 
and the low shear strength, there was a immediate settlement 
during the laying of the sand mat and the primary 
embankment, and the actual measurement of the settlement 
was higher than the settlement calculated based on FEM 
analysis. Afterward, the measured settlement and the result of 
the FEM analysis tended to be similar, but the actual 
settlement was slightly smaller due to the buoyancy effect 
caused by inhibited drainage during the experiment. Also, a 
comparison of the pore water pressure in the clay layer and 
sand mat layer during embankment showed a significant 
increase of pore water pressure in the clay layer, whereas such 
increase was prominent at the center and low in the left and 
right sides of the sand mat layer. This is due to the increased 
hydraulic gradient caused by an increase in the residual pore 
water pressure resulting from the concentrated stress in the 
central part of the clay layer. 
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Fig.8 Changes in pore water pressure during laying of sand mat 
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Fig.9 Changes in pore water pressure during step 1 of embankment 
 
Fig. 8 to 11 show the results of the pore water pressure 
measured using the pore water pressure cells installed in the 
sand mat and the clay layer according to the embankment 
during the model test. Fig. 8 shows a rapid increase of pore 
water pressure caused by soil disturbance and the 
groundwater level remaining at the top of the saturated soft 
clay layer. The pore water pressure increased up to 1.6kPa at 
the center of the sand mat, and gradually decreased over time 
until it reached 0.6~0.4kPa after 400 min. Fig. 9 shows the 
result of the pore water pressure measured during the primary 
embankment, which slightly increased at the center to a 
maximum of 0.8kPa and greatly increased in the left and right 
sides to a maximum of 0.6kPa in comparison with the loading 
of the sand mat. Fig. 10 shows the pore water pressure 
measured during the step 2 of embankment. The pore water 
pressure at the center increased up to 1.6kPa at initial loading 
before decreasing to approximately 0.5kPa over time. The 
bottom clay foundation subsided uniformly until the step 2 of 
embankment, which showed that the sand mat has maintained 
the horizontal function. The changes in the pore water 
pressure of the sand mat at the time of final embankment 
shown in Fig. 11 revealed that there was a significant increase 
of pore water pressure in the central part of up to 2.6kPa and 
in the left and right sides of up to 2kPa during initial loading 
compared to the step 2 of loading. 
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Fig.10 Changes in pore water pressure during step 2 of embankment 
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Fig.11 Changes in pore water pressure during step 3 of embankment 
 
Over time, the pore water pressure in the central part of the 
sand mat was observed to be higher than the left and right 
sides, with a constant slope. There was an increase of 
settlement at the center of the embankment and the sand mat 
formed a concave shape, which caused the pore water to form 
a pool as it could not be drained out. 

5.2 Pressure Head of Sand Mat According to Degree of 
Consolidation in Clay Layer 
In order to compare and identify the tendency of the water 
head of the sand mat according to the degree of consolidation 
in the clay layer during the embankment based on theory and 
experiment, the pressure head measured using the pore water 
pressure cells installed in the sand mat and the pressure head 
predicted using Eq (2) are indicated in Fig 12 and 13. The 
thickness and consolidation coefficient of the clay layer in the 
experiment were substituted into Eq (5) to obtain the 
settlement rate (dU(t)/dt) with respect to the predetermined 
degree of consolidation, which was then substituted into Eq 
(2) to calculate the pressure head. Then, the degree of 
consolidation of the clay ground was obtained using the ratio 
of the amount of settlement (St) measured through the model 
test and the final amount of settlement (Sf) calculated using 
Eq (4). The pore water pressures of the laboratory clay ground 
corresponding to the predetermined degree of consolidation 
are indicated in Fig 12 and 13. 
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An analysis of the step 2 and step 3 of embankment, which 
caused a significant increase in the pore water pressure, 
showed that the pore water pressure of the sand mat measured 
during the step 2 of embankment in the model test was 
generally higher due to the increase in the degree of 
consolidation compared to the result of the numerical 
analysis. The measured pore water pressure was at its 
maximum at the center when the degree of consolidation was 
26% and at the left and right sides when the degree of 
consolidation was 14%. On the other hand, the result of the 
numerical analysis revealed that the maximum pore water 
pressure was reached when the degree of consolidation was 
5%. Fig. 13 shows that the pore water pressure was measured 
to be at its maximum at the center during the step 3 of 
embankment when the degree of consolidation was 14% and 
at the left and right sides when the degree of consolidation 
was 5% and 14%. On the other hand, the result of the 
numerical analysis revealed that the maximum pore water 
pressure was reached when the degree of consolidation was 
5%, just as with the step 2 of embankment. In the case of step 
3 of embankment where the height of the embankment is 
greater, the pore water pressures measured in the left and right 
sides were higher compared to the values measured during the 
step 2 of embankment, and with an increase in the degree of 
consolidation, the measured values for the left and right sides 
of the sand mat were greater than the results of the numerical 
analysis. As the embankment grew taller, there was an 
increase of settlement in the central part of the sand mat, 
causing a deformation, which inhibited drainage. Thus,  

6 CONCLUSION 
In this study, the pressure head distribution of a sand mat laid 
on a clay layer was analyzed based on Terzaghi's one - 
dimensional consolidation, which takes into consideration the 
settlement characteristics of the bottom clay layer. Also, the 
effect of the settlement characteristics of the soft clay layer on 
the pore water pressure distribution of the upper sand mat 
layer was reviewed based on the model loading test. The 
findings of this study can be summarized as follows:  
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(1) Terzaghi's one-dimensional consolidation equation, 
which takes into account the rate of consolidated settlement in 
the clay layer and the settlement level, is highly influenced by 
the permeability coefficient and thickness of the sand mat and 
the consolidation coefficient of the clay layer.  
(2) Because the settlement level of the embankment center 
increases pressure head, it reduces the horizontal drainage of 
sand mat.  
(3) The reason for the delay in the drainage of the pressure 
head measured during the test compared to the result of the 
numerical analysis is the increased hydraulic gradient 
occurring because the increased settlement in the central part 
is transferred to the left and right sides.  
(4) The amount of settlement in the central, left and right 
sides should be predicted prior to the laying of the sand mat in 
order to reduce the hydraulic gradient and the horizontal 
water head resistance in the sand mat. 
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1. INTRODUCTION 
 
Sub-Grade soil bearing capacity plays very important role 

for the design of highway structure. It determines design 
thickness of the pavement. High bearing capacity of 
sub-grade soils reduces the required thickness of pavement. 
The bearing capacity of sub-grade (base soil) is mostly 
influenced by the type of soil, water content and its density. 
Several methods are available to determine base soil bearing 
capacity such as California Bearing Ratio (CBR) test, Plate 
Bearing test (to determine modulus of sub-grade reaction and 
modulus of resilient), Dynamic Cone Penetrometer (DCP) 
test, Machintosh Probe and Hand Cone Penetrometer (HCP) 
test, which is also known as Proving Ring Penetrometer [1] 

 
It is common in Indonesia that the base soil bearing 

capacity for highway pavement design is determined by CBR 
test measurement. This can be from the laboratory CBR test 
or directly from field CBR test. However, base soil bearing 
capacity can also be determined using field tests such as DCP, 
HCP, and Machintosh Probe [6]. These tests are much 
simpler and faster to perform. Correlation between the result 
of DCP test and CBR value, CBR test and HCP test are 
available whereas the prediction between the result of CBR 
laboratory soaked test and CBR laboratory soaked value is 
hardly found. Moreover, this prediction should be determined 
locally based on common local experience. 
 

 
 

This research is aimed to obtain a local correlation between 
the results of CBR laboratory test without soaked and CBR 
soaked value. The correlation is based on the comparison 
CBR un-soaked test results and CBR soaked value which has 
the same fraction of sand and clay in soil 
 
 
2. LITERATURE RIVIEW 

 
Proctor Compaction Test 

 
The Proctor compaction test is a laboratory method of 

experimentally determining the optimal moisture content at 
which a given soil type will become most dense and achieve 
its maximum dry density. These laboratory tests generally 
consist of compacting soil at known moisture content into a 
cylindrical mould of standard dimensions using a compactive 
effort of controlled magnitude. The soil is usually compacted 
into the mould to a certain amount of equal layers, each 
receiving a number blows from a standard weighted hammer 
at a specified height. This process is then repeated for various 
moisture contents and the dry densities are determined for 
each. The graphical relationship of the dry density to moisture 
content is then plotted to establish the compaction curve. The 
maximum dry density is finally obtained from the peak point 
of the compaction curve and its corresponding moisture 
content, also known as the optimal moisture content (OMC). 

The testing described is generally consistent with the 
American Society for Testing and Materials (ASTM) 
standards, and are similar to the American Association of 
State Highway and Transportation Officials (AASHTO) 
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standards. Currently, the procedures and equipment details 
for the standard Proctor compaction test is designated by 
ASTM D698 and AASHTO T99. Also, the modified Proctor 
compaction test is designated by ASTM D1557 and 
AASHTO T180 [2]. 

 
2.1 California Bearing Ratio (CBR) test 

 
The equipment for determining CBR value is a piston 

having an area of three square-inches. The piston is moved in 
vertical direction on a soil sample with a speed of 0.05 
inch/minute. A Proving ring with dial gauge is attached to the 
piston to measure the load at certain penetration. The CBR 
value is the comparison between applied piston loads on a soil 
sample and the standard loads, which value is expressed in 
percentage [2]).  

 
Basically, the CBR value describes the strength soil 

compared to the standard material. Indirectly, it also 
describes the relative density of the soil. Several correlations 
between CBR values and the results of other field 
measurements exist such as to results of Dynamic Cone 
Penetrometer (DCP) test [3], [4], [5]. This has been used in 
practice. 

 
A comparative study of HCP and CBR field tests has been 

performed by Nugroho et al. [6] on peat, sand, clayey sand 
and clays soil. The study was aimed to indirectly relate the 
value of CBR un-soaked to CBR soaked value through the 
comparison of the results of HCP to CBR field tests.  From 
the point of view of testing mechanism, CBR field test and 
CBR laboratory test procedures are the same. CBR field test 
uses static penetration whereas HCP is also uses quasi-static 
penetration test. Compared to CBR un-soaked test, which is 
also a quasi-static penetration test, CBR laboratory is a closer 
method. Hence, direct correlation between CBR un-soaked 
tests results to CBR soaked value seems to be more relevant. 
This correlation can be based on the same soil mixture. This 
study aims to obtain direct local correlation between the two 
latest two tests. 
 
 
3. MATERIALS AND METHODS 

 
In order to obtain the correlation between CBR soaked 

test and CBR un-soaked test results, comparison of two kind 
CBR test condition of several mixture soil samples from 
Pekanbaru were performed. The CBR tests of two condition 
tests were performed for each mix-soil sample from each 
variation. Thus, the density before and after soaked of the soil 
for both tests is the same for each soil from each condition. 
There were 45 CBR soaked tests and 45 CBR un-soaked tests 

performed at nine conditions of sand and clay mixture soil 
within the city of Pekanbaru, Indonesia. The result of index 
properties can be seen in Table 1. For index properties, soil 
can be classification for sand poorly graded (SP) to clay with 
low plasticity (CL) [7], [8] 

 
Table 1 Properties of Materials 
 

Clays LL (%) PL (%) Gs USCS 
0 NP NP 2,671 SP 

30 13,58 2,43 2,677 SM 
40 16,87 5,56 2,679 SM-SC 
45 19,16 6,86 2,681 SM-SC 
50 20,36 7,84 2,684 SC 
55 20,54 7,96 2,688 CL 
60 23,81 9,86 2,704 CL 
70 25,63 8,32 2,699 CL 
100 37,73 16,19 2,75 CL 

 
3.1 Materials 

 
Materials required for field tests are a set field CBR tools 

and a CBR mould. The CBR mould was used to obtain 
undisturbed sample for determination of physical and 
mechanical properties of the soil in laboratory and CBR 
mould uses to determine CBR value after soaked in the 
Laboratory for 7 (seven) days. Along mould containing 
specimen soaked, swelling of the specimen should be noted to 
know swelling potential of the soil from different location. 
Figure 1 shows the layout of CBR test in the field (un-soaked) 
and in the Laboratory (soaked)  

 

 
a. CBR Laboratory 
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b. Field CBR equipment 

Figure 1 Testing Equipment 
 

3.2 Methods 
 
Surcharge weights of 2.5kg are placed on top surface of 

soil. The penetration plunger is brought in contact with the 
soil and a load of 4kg (seating load) is applied so that contact 
between soil and plunger is established. Then dial readings 
are adjusted to zero. Load is applied such that penetration rate 
is approximately 1.25mm per minute. Load at penetration of 
0.5, 1, 1.5, 2, 2.5, 3, 4, 5, 7.5, 10 and 12.5 mm are noted. 

The CBR soaked (CBR tested in laboratory) tests were 
performed simply. After mould containing specimen soaked 
about 7 days, mould containing specimen is placed in position 
on the testing machine, by pressing the piston into the mould 
containing specimen from different locations. After that, load 
is applied such that penetration rate is 1.25mm per minute and 
then the tests were performed. For the determination of the 
physical and mechanical properties of the soils, undisturbed 
samples were taken from each location and the tests were 
done in laboratory. 

 
4. RESULTS AND DISCUSSION 

 
The results of this research are presented in three parts. 

First, the results of the all performed tests are described. After 
that regression analysis between CBR test results and filed 
CBR values as well as regression of fraction clay with Gs, 
Atterberg limits, unit weight density of the soils are shown. In 
the final part, the correlation between CBR soaked tests 
results and CBR un-soaked test results are put forward 

 
4.1 Physical and Mechanical Properties of Test Samples 

 
The test results of physical and mechanical properties of the 
samples can be divided into four categories based on the type 
of soils as seen in Table 2 and Table 3. 

Table 2: Physical and Mechanical Properties of CBR 
unsoaked Test Samples 

Sand (%) Clay (%) w (%) γd (kN/m3) CBR (%) 

100 0 7.5 16.24 12.710 

70 30 10.70 20.50 34.005 

60 40 11.75 20.09 14.433 

55 45 12.60 19.75 14.738 

50 50 12.80 19.65 13.927 

45 55 12.85 19.18 13.509 

40 60 14.00 19.12 13.411 

30 70 14.75 18.68 13.786 

0 0 14.85 16.31 4.739 

 

Table 3: Physical and Mechanical Properties of CBR soaked 
Test Samples 

Sand (%) Clay (%) w (%) γd (kN/m3) CBR (%) 

100 0 9.379 16.05 9.573 

70 30 10.276 19.13 21.286 

60 40 12.648 18.18 8.910 

55 45 13.726 18.25 4.976 

50 50 13.889 18.61 4.979 

45 55 14.223 18.16 3.862 

40 60 15.510 17.98 3.507 

30 70 19.153 17.05 1.625 

0 0 24.805 15.71 2.795 

 

For the soils which are considered as in-organic soils (Sand, 
Clay, Sand-Clay mixture), in general, they have water 
content, wn between 7.50–14.85%, dry unit weight, γd 
between 16.24–20.50 kN./m3.in field (un-soaked) and have 
water content between 9.379-24.805%, dry unit weight 
between 15.71-19.13kN/m3 (after soaked in laboratory). 
Furthermore, It was recorded that the values of CBR 
un-soaked tests on those soils are between 4.739-34.005% 
and CBR soaked values between 2.795-21.286% (see Table 2 
and Table 3). It is shown that the range of the physical and 
mechanical properties the soils varies considerably. 

 
As also can be seen in Table 2 and Table 3, for sand soil (sand 
poorly graded, SP), its properties (water content, dry unit 
weight, CBR value) are not different compared between 
soaked and un-soaked condition showing that it has a 
significant characteristic compared to the other samples. The 
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soils with clay fraction 70% and sand fraction 30% of sample 
CBR value is far above the maximum CBR value of all soils. 
The values of its dry unit weight, CBR soaked, and CBR 
un-soaked are far below the values of the other soils. 
 
4.2 Regression Analysis of CBR, index properties and 
unit weight density  
  
Figure 2 to Figure 4 show the results of regression analyses 
between clay fraction, index properties and unit weigh 
density tests results as well as regression results between 
CBR un-soaked and CBR soaked test results. The regression 
analyses are made for each clay fraction of soils which are 0% 
clay, 0% sand, clay and sand and clay mixture. 
It can be seen that regression using linier function suits the 
relation between water content and clay fraction relatively 
accurately whereas for the relation between Atterberg limits 
and clay fraction, second order polynomial function shows 
relatively accurate approximation. The two regression 
analyses will be combined later using Pearson’s correlation 
method to find the correlation between CBR test results and 
Atterberg limit with unit weight density. 
 

 
 

Figure 2 Regression results for Spesific Gravity 
 
Figure 3 shows that the value of liquid limit and plastic limit 
of soils increased with increasing clay fraction in the soil. 
Gradient increasing of liquid limit higher than plastic limit of 
soil. So, plasticity index of soils increases in proportion to the 
increase in soil clay fraction. Figure 3 also shows that 
optimum moisture content, determined from compaction test, 
same as with value of plastic limit at clay fraction between 
30% and 70%. It means that for sand clay soils with for 30% 
to 70% clay fraction, water content for CBR test can be 
approximated by the value of the soil plastic limit. 
 

 
 

 

 
 

Figure 4: Regression Results for Clay 
 
It can be seen from Figure 4 that for the clay fraction smaller 
than 70%, swelling is relatively smaller. Therefore, potential 
swelling for soil containing fine grain smaller than 70% is 
relatively small. 
Figure 4 shows that maximum density is on a combination of 
30% clay and 70% sand. In other words, it is the best 
composition to obtain the optimal value of CBR is in the 
range of 30-70% clay fraction. Fraction of clay between 30% 
and 70%, soil density is more than 90% of the value of 
density of 30% clay and 70% sand. 
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Figure 5: Regression Results for Sand-Clay Mixture 
 

Figure 5 shows that the difference of the results of the CBR 
un-soaked and the CBR soaked are increase for 0% to 30% 
fraction of clay and then decreases again up to 45% fraction 
of clay. For clay fraction more than 45% difference between 
the CBR un-soaked and CBR soaked tend to a constant. 
 
 
4.3 Correlation CBR Test Results 
 
In the previous section, relations between Clay Fraction and 
index properties as well as between clay fraction and soil 
density have been obtained. In order to correlate the CBR 
un-soaked test results to CBR soaked CBR value, Pearson’s 
correlation method is applied to both obtained power and 
polynomial functions for each type of soils.  
 
On using soil index properties (liquid limit, index plasticity) 
and the value of unit weight density (OMC, MDD) test as 
variables, the following linear equation can be applied to find 
simple correlation between CBR soaked and CBR un-soaked 
on the basis of the same clay fraction value of  (Nugroho, 
2011) 
 

 (1) 
with  

 constants   
   = value of CBR un-soaked – CBR soaked (%) 
       =  clay fraction (%) 
       = value of liquid limit (%) 
       = value of plasticity index (%) 
       = value of optimum water content (%) 

 
The values of the constants b0, b1, b2, b3, b4 can be solved 
using SPSS software which is based on the solution of the 
following matrix  
 

  
    (2) 
 
It was found that value for b0 b1, b2, b3 and b4 are –25.28, 
0.168, -0.064, -2.356 and 3.562 respectively for all soils. 
However, for the value of a3, there is no unique solution for 
all soils 
 

 
 
 
The correlation formula obtained from the correlation 
analyses can be written as follow: 

∆CBR[1]=10.78+0.01C+0.01LL-4.41IP+6.37OMC-2.15MD
D     (3) 

∆CBR[2]=-25.75+0.34C-0.53LL-2.63IP+3.81OMC (4) 

∆CBR[3]=-25.91+0.09LL-0.98IP+3.80OMC  (5) 

∆CBR[A]=-2.25+2.19LL-2.98IP-0.76OMC  (6) 

∆CBR[C]=-25.28+0.17C-0.06LL-2.35IP+3.56)MC (7) 
 
It is found that the value of b0 of -25, suits for equation (4), 
(5) and (7), clay and sand-clay mixture (in-organic soils) 
whereas for the solution of b0 is for minus 25 to minus 26. 
The final correlation formula can be written as follow: 

∆CBR=-25+C1 C+C2 LL+C3 IP+3.5 OMC  (8) 

Where C1, C2 and C3 is 0.34; -0.53 and -2.63 for sand, clay 
and sand-clay mixture (in-organic soils). ∆CBR is the value 
of CBR un-soaked-CBR soaked. 
For soils containing clay between 30 and 70%, the value of 
C2 need to be further tested and the C3 value is 2.35. The 
formula can be rewritten below. 
 

∆CBR=-25+0.168 C-0.064 LL – 2.356 IP +3.5 OMC (9) 

 
4.4 Validation of the Correlation Formula 
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For the validation of Equation (9), several prediction tests 
have been performed. Figure 7a to figure 7b show the 
comparison between predicted values of field CBR and 
measured field CBR values for different soil types and soil 
densities. 
 

 
Figure 6 Predicted and Tested CBR un-soaked (30-70%) 

 
 

 
Figure 7  Predicted and Tested CBR soaked (0-70%) 

 
It can be seen from Figure 6 to figure 7; the predicted field 
CBR values give significant agreements with the measured 
field CBR from the tests for soils that containing clay 
between 30% and 70%. On the other hand, very poor 
agreements were found for soils contain clay less than 30% 
and more than 70%. Hence, the local correlation formula is 
only valid for in-clayey sand or sandy clay. 

 
5. CONCLUSIONS 
 
This research has been performed to find local correlation 
between CBR un-soaked test results and CBR soaked values. 
A linear correlation has been put forward for the local 
correlation between the two values. Verification of the 
formula shows that the correlation can be used relatively 
accurately for predicting the difference CBR values from the 

CBR with and without soaked test for in-organic soils (sand, 
clay and sand-clay mixture). The formula needs to be 
modified and further research need to be done for peat soils. 
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1. INTRODUCTION 
Microbially induced calcite precipitation (MICP) has recently 
emerged as a new sustainable technique for soil 
improvement. The calcites precipitated from bio-activity are 
used for cementing and clogging soil particles, and hence to 
improve the overall engineering performances of the soils. 
This technique has also shown promising applications in 
other construction materials, i.e. improvements of concrete 
strength, concrete durability [1], [2], and brick durability [3]. 
Despite being a relatively young technology, studies 
pertaining to the soil improvement through MICP had been 
reported by numerous researchers. DeJong et al. [4] provided 
an overview of potential applications of this new technique in 
improving the engineering properties of soil. Various 
microscopy techniques were used to quantitatively assess the 
distribution of calcite during the soil improvement. Qian et al. 
[5] used three types of bacteria to consolidate and cement 
sand grains. They found that the precipitation program was 
essential for obtaining an effective cementation in the sand 
body. Qabany et al. [6] investigated the potential factors 
affecting the MICP. They concluded that high chemical 
efficiency of MICP can be achieved by supplying a low input 
rate (less than 0.042 mole/liter/hr) of urea and calcium 
chloride. Recently, Martinez et al. [7] attempted to upscale 
the bio-mediated treatment process for in situ 
implementations. They concluded that continued research 
must address several challenges associated with the field 
implementations such as soil and pore fluid interactions, 
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bioaugmentation versus biostimulation of microbial 
communities, controlled distribution of mediated calcite 
precipitation, and permanence of the cementation. 
Most of the current studies on MICP used microbially 
catalyzed hydrolysis of urea to produce calcite [8]. The 
bacteria suitable for this type of biological processes are of 
urease positive type i.e. genera Bacillus, Sporosarcina, 
Spoloactobacilus, Clostridium and Desulfotomaculum [9]. 
The urease enzyme produced from the urease positive 
bacteria is responsible for decomposing urea (CO(NH2)2) 
through the hydrolysis of urea: 

CO (NH2)2 + 2H2O        2NH4
+ + CO3

2-                 (1)     
The release of ammonium (NH4

+) increases pH, and 
eventually creates an ideal environment for calcite 
precipitation with the presence of calcium ion (Ca2+) from the 
supplied calcium chloride: 

Ca2+ + CO3
2-  CaCO3                                                              (2)   

The calcite (CaCO3) precipitated is responsible for improving 
the inherent properties of soil through biocementation and 
bioclogging. Biocementation is defined as an improvement of 
soil strength by the production of particle-binding materials 
through microbial means, while bioclogging is the reduction 
of hydraulic conductivity of soil or porous rock by 
pore-filling materials generated by microbial processes [10]. 
From the foregoing, it can be concluded that most of the 
previous studies had focused on the biocementation and 
bioclogging of sand grains [4] - [6], [8]. Attempts on other 
types of soils i.e. silty or clayey soils are still very limited. 
Besides, the efficiencies of MICP soil improvements were 
usually quantified by the measurements of calcite precipitated, 
shear wave velocity, or direct measurements of unconfined 
compressive strength and permeability. The effect of MICP 
on other engineering properties of soil such as 
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compressibility characteristics had never been reported in the 
previous studies. To address these research gaps, this paper 
attempts to investigate the compressibility behaviours of a 
MICP treated silty residual soil through one-dimensional 
consolidation tests.  

2. MATERIALS & METHODS 

2.1  Type of Bacteria 
The urease-producing bacterium used in this study was B. 
megaterium ATCC 14581. The bacterium has a diameter of 
about 2 - 5 μm.  

2.2 Cementation Reagents 
Cementation reagents serve as important ingredients for 
promoting calcite precipitation. As shown in the equations (1) 
and (2), the ammonium (NH4

+) and calcium (Ca2+) ions are 
decomposed from urea (CO (NH2)2) and calcium chloride 
(CaCl2), respectively. It is thus important to supply sufficient 
amounts of urea and calcium chloride into the soil to promote 
effective MICP. In the present study, the concentration of 
cementation reagents was fixed at 0.5 M [6]. The cementation 
reagents also contained 3 g nutrient broth, 10 g NH4Cl, and 
2.12 g NaHCO3 per litre of deionized water [11]. 

2.3 Soil Materials 
The soil specimens used in the present study was a typical 
silty residual soil retrieved from a site in Kuala Lumpur, 
Malaysia. The soil has particle sizes ranging from clay 
fraction to 2 mm. Rebata-Landa [12] suggested that the most 
optimum range of grain size for the bio-cementation process 
is between 50 and 400 µm as bacterial activity cannot take 
place in very fine soils, while large amounts of calcites are 
required to promote effective improvements in the very 
coarse soil. In the present study, 32% of the residual soil 
particles fall within the range of 50-400 µm. Table 1 tabulates 
the physical properties of the soil. 

2.4 Apparatus Setup 
Fig. 1a shows the schematic diagram of the apparatus setup 
for the MICP treatments. The apparatus consisted of a steel 
mould of 50 mm in diameter and 170 mm in length (Fig. 1b), 
an air compressor, a pressure tank, and an effluent collector. 
The air compressor and pressure tank was used to control the 
flow pressure of the cementation reagents at approximately 1 
bar. 

2.5 MICP Treatment Procedures 
To perform the MICP soil improvement, the bacteria were 
first cultivated in nutrient broth to a concentration of 1×108 
cfu/ml (optical density of 3.3). The bacteria were then mixed 
with soil specimens and compacted into the prefabricated 
steel mould at a dry density of about 1519 kg/m3 (90% of 
maximum dry density). The treatment commenced by 
supplying the cementation reagents into the soil specimen at 
room temperatures (ranging from 25 to 30o). Upon the 
completion of the treatment, the soil was extruded from the 
steel mould, and was fitted into the standard oedometer ring 
of same diameter. The consolidation test was then carried out 
in accordance to the British Standard (BS1377-Part 5). 

2.6 Experimental Variables 
The main variable in this study was treatment duration. Three 
treatment durations were adopted, i.e. 24, 48, and 72 hours. It 
was hypothesized that longer treatment duration would 
promote more calcite precipitations, and thus the 
compressibility characteristics of the soil for different 
amounts of calcite can be assessed. 
(a) 
 
 
 
 
 
 
 
 
 
 
(b) 
 
 
 
 
 
 
 
 
 
Fig. 1(a)  Schematic diagram of the apparatus setup; 
(b)  Photograph of the fabricated mould 
 

Table 1 Original Soil properties 

3. RESULTS AND DISCUSSIONS 

3.1 Calcite contents 
Fig. 2 shows the correlations between treatment duration and 
calcite precipitated. Acid-treatment weight loss technique 
was employed to determine the carbonate content in the soil 
specimens. The carbonate content that existed naturally in the 
original soil was 0.67%. The increment in the carbonate 
contents upon the MICP treatments can be safely assumed to 
be caused by the calcite (Calcium carbonate) precipitation. 
The calcite content was found to increase proportionally with 
the treatment duration up to 48 hours. Beyond this duration, 
the amount of calcite precipitated was negligible. A plausible 
explanation to this observation is that the pore throats might 
be clogged by the calcite precipitated resulting in lesser 
cementation reagents flowing through the soil column. The 
cementation reagents also contained nutrients for the bacteria. 

Properties Indices 

Grain size 0% Gravel, 38% Sand,  
43% Silt, 19% Clay 

Liquid limit 40.4% 
Plastic limit 24.9% 
Maximum dry 
density 1688.5 kg/m3 
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The lack of nutrient supplies may create an unfavorable 
environment for the bacteria to sustain the calcite 
precipitation. 
 
 
 
 
 
 
 

 
 
Fig. 2 Correlation between treatment duration and amount 
of calcite precipitated 

3.2 Compressibility Characteristics of Soils 
The compressibility characteristics of the soils were 
evaluated through the following four parameters: (1) 
compression index (Cc) and recompression index (Cr) that 
explains the relation between applied stress and amount of 
consolidation, (2) preconsolidation stress (pc) that explains 
the consolidation status of soil, (3) total consolidation 
settlement (Sc) that indicates the absolute value of settlement, 
and (4) coefficient of consolidation (Cv) which explains the 
time rate of consolidation.  
Fig. 3 shows the plotting of void ratio (e) versus stress in 
logarithm scale (log p) for the residual soils subject to various 
MICP treatment durations. The values of all the 
compressibility characteristics are summarized in Table 2. 
The results showed that there was no consistent relationship 
between the Cc values and the amounts of calcite precipitated 
/ treatment duration. The Cc values were in the range of 0.175 
– 0.195, indicating that the effect of MICP treatment on the 
Cc value was of minimal. On the contrary, the Cr values were 
significantly reduced (from 0.130 to 0.076) by the MICP 
treatments. The higher the amounts of calcite precipitated, the 
lower the Cr value. Similar trends were observed for the pc 
and Sc values. These observations can be explained by the 
calcite bonding between the soil particles. Upon the MICP 
treatment, the stiffness of soil was enhanced through the 
formations of calcite bonds. As the result, the amount of 
consolidation was reduced when the soil was subjected to a 
low stress (lower than pc), and hence yielded a lower Cr value. 
However, the calcite bonds were insufficiently strong to resist 
a high stress (higher than pc). Consequently, the breaking of 
the calcite bonds caused the soil to behave like its original 
untreated state. This explained the minimal effect of the 
MICP treatment on the Cc value. The total consolidation 
settlement, Sc of the MICP treated soils were reduced by 
about 2 – 21% compared to the original soil. The reductions 
in the Sc were mainly attributed to the reductions in the Cr 
values. 
To evaluate the coefficient of consolidation (Cv), the 
deformation of soil (δ) was plotted against square root of time 
(√t) under a stress lower than pc (i.e. 25 kPa), and a stress 
higher than pc (i.e. 400 kPa), as shown in Fig. 4a and 4b, 
respectively. The coefficient of consolidation (Cv) of soil was 

estimated using the Taylor’s square root of time method [13]. 
Under the stress condition of lower than pc, the dissipation 
rate of excess pore-water pressure in the MICP treated soils 
were faster that of the original soil. The coefficient of 
consolidation (Cv) increased with the increased amounts of 
calcite precipitated / treatment durations. This phenomenon 
can be attributed to the higher stiffness of the MICP treated 
soils compared to the original soil [14]. It is worth noting that 
the permeability of the MICP treated soils might be reduced 
through bioclogging, and eventually causes a reduction in the 
dissipation rate of the excess pore-water pressure. However, 
it is believed that the significant increment in the soil stiffness 
associated to the formations of calcite bonds has 
outperformed the factor of reduced permeability. Under the 
stress condition of higher than pc, the improvements in the Cv 
values were negligible. These observations can again be 
explained by the breaking of the calcite bonds under the high 
applied stresses. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig. 3 Void ratio (e) versus stress in logarithm scale (log p) 
 

Table 2 Compressibility characteristics of soils 
 

Compressibility 
characteristics 

Treatment Conditions 
Original 24 

hrs 
48 
hrs 

72 
hrs 

Compression 
index, Cc 

 
0.187 0.195 0.175 0.182 

Recompression 
index, Cr 

 
0.130 0.098 0.079 0.076 

Preconsolidation 
stress, pc (kN/m2) 

 
72 52 42 42 

Total 
consolidation 
settlement, Sc 

(mm) 
 

3.22 3.15 2.60 2.55 

Coefficient of 
consolidation, Cv 

(mm2/min):  
@ 25 kPa  

 

 
 

85 

 
 

133 

 
 

236 

 
 

236 

@ 400 kPa 85 105 94 94 
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(a) 
 
 
 
 
 
 
 
 
 
 

(b) 

 

 

 

 
 
 
Fig. 4 Deformation versus square root of time under the 
applied stresses of (a) 25 kPa, (b) 400 kPa 

4. CONCLUSION 
This paper presents experimental works to investigate the 
effectiveness of MICP treatment in improving the 
compressibility characteristics of a typical residual soil. The 
following conclusions can be drawn from this study: 
i) The calcite content increases proportionally with the 

treatment duration up to 48 hours. Beyond this duration, 
the amount of calcite precipitated is negligible. This can 
be attributed to the lack of cementation reagents and 
nutrients flowing through the soil column due to 
bioclogging. 

ii) The recompression index (Cr), preconsolidation stress 
(pc), and total consolidation settlement (Sc) reduce with 
the increased amounts of calcite precipitated / treatment 
durations. The total consolidation settlements (Sc) of the 
MICP treated soils are reduced by about 2-21%. 

iii) Under a low applied stress (lower than pc), the 
coefficient of consolidation (Cv) increased significantly 
with the increased amounts of calcite precipitated / 
treatment durations. This can be explained by the 
enhanced stiffness of the MICP treated soils.  

iv) The effects of MICP treatments on the compression 
index (Cc) and the coefficient of consolidation (Cv) 
under a high applied stress are negligible. This is 
probably caused by the breaking of the calcite bonds 
under high stresses. 

v) Future studies may be carried out by applying unloading 
and reloading cycles to further investigate the effect of 
cementation on the soil compressibility after large 
loading. Comparisons may also be made between the 
compressibility behaviours of the MICP treated soils 
and the natural aged clay. 
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1. INTRODUCTION 
Initially, the main purpose of deep soil mixing was to improve 
the stability and reduce settlements of structures such as 
embankments on soft soils of low shear strength or very high 
moisture contents [1]. These days, improving the strength and 
deformation properties as well as the permeability of very soft 
soils by deep soil mixing is a frequently used stabilization 
method, and the interest in the use of this technique not only 
for soft soils stabilization but also to construct temporary 
foundation/structural (load bearing) elements [2] and 
excavation retaining walls is increasing, as the execution is 
easier and less costly than traditional methods. 
Deep mixing is an all-purpose term for a large number of 
techniques in which binding agents are mechanically 
dispersed within the soil in slurry form. The amount of 
cement used in soil stabilization is usually much lower than 
the amounts used for the construction of structural elements. 
Consequently, the cement content varies largely from one 
application to another, ranging from 50 to 500 kg per cubic 
meter of soil. However, no binder content methodology has 
yet been accepted, even if a large number of studies using 
cement as well as industrial by-products such as wastepaper 
sludge ash, pulverised fuel ash, etc. have been carried out 
([3]; [4]; [5]). 
Sandy soils, that simplify the distribution of cement [6], are 
the most suitable for new applications of deep mixing, as the 
created material can be compared to a mortar, although with a 
higher water content. However, grain size distribution 
influences the unconfined compression strength as it seems 
that the smallest 25% to 40% of particle size controls the 
mechanical behaviour of soils ([7]; [8]; [9]). 
Furthermore, even if laboratory tests are the usual tests 
 
 

carried out in feasibility studies for soil mixing projects and if 
a large number of factors (such as the binder and soil nature as 
well as the mixing and curing conditions) are known to 
influence the strength and deformation properties of the 
treated soils [10], no international standard exists for the 
preparation of treated soil specimens in the laboratory [11]. It 
is therefore difficult to compare results from differences 
sources of the literature. 
This communication focuses on the mechanical properties of 
non-plastic sandy soils stabilized with cement to create 
self-compacting mixes simulating the deep mixing process. 
The objectives of this research were to evaluate and compare 
the effects of time, cement content and grain size distribution 
on strength of sandy soils when mixed in the laboratory with 
portland blastfurnace cement. Correlations and mathematical 
relations between different parameters such as strength, 
cement and fine content are presented, enabling the final 
design strength to be predicted, depending on the cement 
content and the grain size distribution. 

2. EXPERIMENTAL PROGRAM 

2.1 Materials 
The soils used in the testing were obtained from different 
regions of France, depending on the availability of test sites: 
Fontainebleau sand, which is a French reference sand, comes 
from the south of Paris. Triel sand comes from the west of 
Paris and Fréjus sand comes from the south of France, where 
in situ soil-mixing tests were carried out [2]. 
Fontainebleau sand is a sub-rounded silicate sand which has a 
uniform grain size distribution with no fines. Silica flour is an 
artificial soil created by crushing Fontainebleau sand, and 
was used in this research to study the influence of high fine 
content on the strength of the soil mixing material, by using it 
pure and also mixing it with Fontainebleau sand. Triel and 
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Fréjus sands, which are also silicate sands, show distributions 
that are more widely spread and contain 3% and 10% of fines 
respectively. Grain size distributions of all the soils are shown 
in Fig 1. 
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Fig. 1: Grain size distribution of the soils 

These soils present Methylen Blue Values ranging from 0 
(Fontainebleau sand) to 0.2 (Fréjus), showing the low content 
of clay particles. 
The cement used for this experimental program is a Portland 
blastfurnace cement containing 85% ground granulated blast 
furnace slag, with the rest Portland clinker and a little gypsum 
(European classification: CEM III/C 32,5 N CE PM-ES NF 
‘HRC’) [12]. 

2.2  Mixing, moulding and storage procedure 
The cement content C was chosen to cover the complete 
range of French soil mixing applications (from ground 
improvement to structural elements), i.e. from 70 to 400 
kg/m3. Cement contents and equivalences are presented in 
Table 1. 

Table 1: Cement equivalences 
C (kg/m3) C (%) 

70 4.2 
140 8.4 
210 12.7 
265 16 
320 19.4 
400 24.2 

 
The water content w was chosen to attain a sufficient 
workability, i.e. to ensure that the material was fluid enough 
to be poured in the moulds and be self-compacting. 
The preparation and conservation method of the specimens is 
described in a few words here. More details can be found in 
[13]. Soil and cement were first thoroughly dry-mixed 
manually, in order to obtain a uniform consistency. This 
premix was then put in the Hobart mixer and water was 
added. The amount of water was calculated based on the 
target water content of the mixes, i.e. 19% for the pure sands. 
After waiting three minutes to ensure complete wetting of the 
materials, the mixing process could now begin: five minutes 
in the mixer with constant intervention of the operator. The 
mix was then poured into cylindrical moulds of 52 mm 

diameter, and, to avoid air bubbles in the specimens, were 
rodded and tapped. References [14] and [15] showed this 
moulding method gives the best homogeneity and continuity 
(and hence compression strength) to the samples. The moulds 
were capped, and sealed in a hermetic bag containing a high 
relative humidity. These were stored at a temperature of 20 ± 
3°C until their testing day (7, 14, 21, 28, 56 and 90 days). 

2.3 Unconfined compression tests 
The samples were taken out of the moulds the day of the test. 
They were then cut and smoothed to create plan and parallel 
end surfaces. They were measured and weighed, then tested 
for their unconfined compressive strength (qu). Three 
specimens were tested at each curing time. The mean value of 
these tests is presented in this paper. In cases of clearly 
deviating results, an additional specimen was tested. 

3 RESULTS AND ANALYSES 
It has been observed that as expected the cement content has a 
great effect on the strength of these sand–cement mixtures. A 
small difference in cement content has a significant impact on 
the performance of the soil–cement mixing. 
Reference [16] proposed a power function, defined by Eq. (1), 
as the most adapted to fit the experimental relation between 
the unconfined compression strength (qu) and the cement 
content (C). 

b
u Caq ×=                                                                         (1) 

where a is a parameter expressed in kPa and b a dimensionless 
parameter. Both are experimental parameters. 
Fig. 2a and 2b show the relationships between qu and C for 
Fontainebleau sand and the Silica Flour. Again, the best fit 
curves follow a power function. However, the curvature is not 
the same, depending on the type of sand and age. The results 
show the same pattern for the Fréjus and Triel sands. 
The power function is the best fit for the range of cement 
contents tested (up to 25%, which is close to the maximum 
cement content used for deep mixing applications). However, 
it is clear that should C increase drastically, a plateau would 
be reached, then a decrease of strength would appear, 
meaning that the power function would no longer be the best 
fit. 
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Fig. 2: Evolution of the qu–C relationship with time for (a) 

Fontainebleau sand and (b) silica flour 
Whereas the mixtures made with pure Fontainebleau sand do 
not show a noticeable change of the values of parameters a 
and b (with a increasing from 7 to 28 and b decreasing from 
2.15 to 1.96 between 7 and 90 days of curing), comparatively, 
the Triel and Fréjus mixtures show a significant variation for 
those two parameters with time, with a increasing from 30 for 
both sands to 1144 for Triel and to 210 for Fréjus, and with b 
decreasing from 1.8 to 0.9 and from 1.5 to 1.17 for Triel and 
Fréjus respectively. For the mixtures containing silica flour, a 
increases significantly with time, whereas b is relatively 
stable. 
The decrease of b with time means that the effect of the 
cement content decreases for older ages. 
A clear linear relation in a semi logarithmic plan between the 
parameters a and b exists after 7 days of curing (Fig. 3). Eq. 
(2) describes the relationship between a and b after seven 
days of curing. 

7097.2ln3145.0 77 +−= ab                                           (2) 
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Fig. 3: Parameter b7 as a function of parameter a7 

Therefore, it is possible to produce a formula (Eq. (3)) linking 
qu to C with only b7 as an experimental parameter: 

)18.3(ln616.8 7 −×= Cb
u eeq                                                   (3) 

Introducing the fines content C63 (63 μm is a common 
threshold extensively used in earthworks to separate fine 
from coarse particles [17], it is possible to find a relation 
between b7 and the percentage of fines (Eq. (4)). 

7767.1ln1711.0 637 +×−= Cb                                     (4) 
Fig. 4 shows the relationship between b7 and the percentage 
of fines C63. 
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Fig. 4: Relation between C63 and b7 

It is therefore possible to propose a formula allowing the 
designer to estimate the strength of stabilised granular soils 
based on the cement content and the percentage of fines (Eq. 
(5)). 

544.0
63

ln171.0777.1 63

7
428.19 CCq C

u ××= −                               (5) 

This formula gives compression strength after 7 days of 
curing. Fig. 5 and Eq. (6) show the good correlation between 
the laboratory results and the values given by Eq. (5). 
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Fig. 5: Predicted qu7 versus measured qu7 

measuredpredicted uu qq 77 96.0 ×=                                                         (6) 

We have established that it is possible to predict the strength 
after 7 days of curing for a non-plastic granular soil, 
depending on the content of cement and fines. This is 
valuable as contractors have a need to determine the strength 
of the material as quickly as possible (so as to be able to 
readjust the cement content for example). However, for 
design purposes, it is often the unconfined compression 
strength at 28 days that is taken into account; therefore it is 
important to be able to predict this strength. 

Reference [18] showed that qu28 is by no means the highest 
achievable strength, and that it depends from the grain size 
distribution of the soil. Therefore, considering qu28 equal to 2 
times qu7 for purpose design as estimated by [6] can be 
dangerous. In our case, doing so leads to an overestimation of 
qu28 by almost 10%. On the contrary, it was shown by [18] 
that the highest achievable strength is at least equal to 2 times 
qu7, for treated sandy soils. 
Looking closer to the shape of the typical curves presenting 
the strength as a function of time, we observe that the relation 
linking these parameters follows a logarithmic function (Eq. 
7) 
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htgq
tu −×= )ln(                                                                          (7) 

Where g and h (in kPa) are experimental parameters. 
Reference [19] showed that the values of these parameters are 
in general close to each other, and directly related to qu7. We 
can then propose the following formula (Eq. 8) 

)1)(ln(
7

−××= tqq uut
β                                                         (8) 

With β an experimental coefficient to be determined, and 
implicitly taking into account the water and cement content. 
During the curing process, the only known variable value is 
the water content, which decreases. Reference [20]    
proposed a formula enabling us to estimate the final water 
content of the mix (Eq. 9). 
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Where wn is the initial water content and k the non evaporable 
water content, equal to 0.23. Considering that the parameter β 
is equal to the ratio final water content wf  on initial water 
content wi, we have the following formula (Eq. 10). 

)1)(ln(7 −××= tq
w
w

q u
i

f
ut

                                                   (10) 

Finally, Fig. 6 shows the comparison between the strength 
measured after 28 days of curing and the strength at 28 days 
calculated from the Eq. 11, which combines Eq. 5 and Eq. 10: 
the precision is very good (R² = 0.88) with an underestimation 
of the laboratory results of about 6 %. 
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Fig. 6: qu28 predicted with Eq. (5) and (10) versus qu28 

measured in the laboratory 
It is then possible to predict the strength of the Deep Mixing 
material made of a non-plastic sandy soil and cement, 
knowing only the fine content C63 of the soil, the target 
cement content C (%), and the initial and final water contents 
wi and wf of the Deep Mixing material. 

4 CONCLUSIONS 
This communication focused on granular materials to study 
the influence of fines and cement content on the mechanical 

strength of the cement mixed materials.  
This study has shown that the mix strength depends on the 
cement content, following a power relationship. In addition, 
the exponent depends directly on the soil fines content: the 
cleaner the sand, the higher the value. It seems that the upper 
limit of the value of this parameter is around 2.1 and the lower 
limit is 0.8.  
By studying six granular soils, we have proposed a formula to 
predict a cement treated granular soil qu7 solely from the 
cement content and the parameter C63. 
Finally, a formula to predict 28-day strength is proposed, 
based on strength after seven days of curing, with very 
satisfactory accuracy. We are therefore able to predict 28-day 
strength of a granular soil treated with cement knowing only 
soil particles size and the cement content used. The results 
were not compared to other authors’ results due to differences 
in the preparation method. In particular, compaction is a big 
issue. However, the relationship linking qu to C is always a 
power function for the range of applications concerned. 
Therefore, the formula simply needs to be reviewed for 
compacted Soil Mixing applications, taking into account the 
compaction energy. 

This formula needs now to be tested in situ. However, it 
should not be a big issue to transpose it for on sites mixes, as 
the sandy soils are the easiest soils to mixes, with a smaller 
number of inclusions [18] and a ratio in situ / laboratory with 
a value near one [20]. Hence, this is a real advance for 
practitioners, when encountering non to low plastic soils. It is 
now important to study the influence of plastic fines on 
strength and aging. 
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1. INTRODUCTION 
Space of construction activities is usually limited due to the 
proximity of adjacent structures. A major concern for projects 
involving deep excavation is the impact of such excavation on 
adjacent ground and structures [1]. Deformations of the 
excavation support system, adjacent ground and structures are 
influenced by a number of factors including stiffness of the 
excavation support system, installation procedures of the 
system, soil conditions, excavation procedures, type of 
foundation, distance of foundation from excavation, and 
orientation of foundation with respect to the excavation [2-4]. 
Wall pressures and deformation increase with the decrease in 
adhesion between sheet pile wall and soil [5]. The 
deformation behind flexible retaining walls anchored at the 
top was studied analytically through performing a number of 
model tests with dense sand [6]. Using a series of numerical 
nonlinear finite element analyses of experiments the effects 
of wall embedment depth, support conditions, and stress 
history profile on the undrained deformations around a braced 
diaphragm  wall in a deep clay deposit were studied [7]. The 
results were presented in the form of design charts for 
estimating ground movements as functions of the excavation 
depth, supporting conditions. Braced excavation was 
observed to inevitably result in deformation of the adjacent 
ground and settlement of adjacent buildings behind the wall. 
Building settlement is believed to exceed the amount of 
associated ground settlement by 500% of the settlement under 
building weight before excavation [8]. This is due to the 
 
 

decrease in stiffness of the foundation soil that is caused by 
lateral movement of the excavation face. It was also observed 
that additional settlement substantially decreased as the 
foundation level reached a depth equal to or more than 0.5 of 
excavation depth. To quantify the amount of building 
settlement, a model testing was conducted to determine the 
magnitude of the additional settlement of the structure and the 
effect of varying the building’s depth and of its distance away 
from the excavation wall.  Bearing walls oriented in a 
direction perpendicular to an excavation wall tend to become 
distorted with shear strain and lateral strain at the foundation 
level [9]. When ground movement initially impinged on the 
front of the building, the building is primarily subjected to 
shear distortion and lateral strain at the base. For deep 
excavations in stiff clays, residual soils, and sands, the 
average normalized lateral wall movement divided by 
excavation height “ζHmax/H” nearly equaled 0.2%, and 
increases to 0.5% for poor construction conditions  [10-12]. 
Other researchers specified a range of “0.1-0.5%” for 
“ζHmax/H”, [13-14]. “ζHmax/H” is affected by relative density 
of soil. For loose and dense sand, it was observed to range 
from “0.2% - 0.4%” and “0.1% - 0.2%”, respectively, [15]. 
Adjacent foundation settlement was observed to depend on 
footing load level and relative density of sand. Excavation 
effect nearly vanished as the foundation was shifted away 
three times the foundation width [16]. There are two ways of 
modeling the interaction between the soil and the structure 
including a method based on a modified Winkler model in 
which the soil reaction is expressed by a number of 
elasto-plastic supports. The other method models the soil 
reaction as continuous elato-plastic media. The first method 

ABSTRACT 
 
Ground movements induced from excavations are a major cause of deformation and damage to the adjacent 
foundations and utilities. A numerical prototype model has been verified by analyzing the results of an experimental 
model. The influence of foundation depth and distance from the excavation on straining actions and deformation of 
sheet pile and strip foundation were investigated. The lateral deformation of the cantilever retaining sheet pile wall 
and the accompanied vertical settlement of adjacent foundation nearly vanished as the excavation was shifted far 
away from the foundation by a distance equal to or more than 1.5 times excavation depth in both medium and dense 
sand. As the ratio between adjacent foundation depth to excavation depth increases a corresponding decrease in 
straining actions on retaining sheet pile and settlement of foundation occurs. Differential settlement of strip 
foundation adjacent to excavation vanished when distance of the footing reached 1.5 times excavation depth. 
Empirical formulae have been presented to express head deflection of cantilever sheet pile retaining wall, maximum 
bending moment and ratio of adjacent strip footing maximum settlement to corresponding values in the case of no 
adjacent footing or in case of footing before excavation cases. 

Keywords: Braced excavation, Sheet pile, Lateral deformation, Straining actions. 
 
 

     

Performance Of Cantilever Sheet Pile Supporting Excavation Adjacent To 
Strip Footing 

Yousry M. Mowafe 1, Ahmed M. Eltohamy 2 and Ahmed A. Mohamed 3 
                      1 Professor of Geotechnical Eng., Faculty of Engineering, Azhar Univ., Egypt. 
       2 Associate Professor of Geotechnical Eng., Faculty of Engineering, Beni Suafe Univ., Egypt. 

3 Assistant Professor of Geotechnical Eng., Faculty of Engineering, Azhar Univ., Egypt.  

        
         

 

Second International Conference on Geotechnique, Construction Materials and Environment, 
Kuala Lumpur, Malaysia, Nov. 14-16, 2012, ISBN: 978-4-9905958-1-4 C3051 



 

147 
 

 

underestimates forces in struts and anchors, as well as 
bending moments  in walls [17].  
The present study aims to investigate different aspects of the 
behavior of excavations in soil and the response of structures 
located near these excavations. The main objectives for this 
research are:- 

I. Establishing an analytical model to represent realistic 
behavior for the excavation and the adjacent strip footing. 

II. Studying the parameters affecting the behavior of the 
chosen model such as   distance between the foundation 
and excavation and foundation depth. 

III. Expressing maximum deformation and straining actions of 
sheet pile and settlement of foundation adjacent to 
retained excavation in terms of corresponding values of 
before excavation.  

2. MODEL TEST SETUP, MATERIALS AND 
PROCEDURE 

A schematic drawing of the test setup used in this study is 
shown in Fig. 1. The model test box was made of 2 mm thick 
steel sheets, 500 mm wide, 1000 mm high, and 1700 mm 
long. The excavation wall was made of a 1 mm thick steel 
sheet. The model strip footing was made of 500 mm firm 
wooden block. An automatic IOtech DaqBoard/2005 data 
acquisition system with LabView software was used to 
continuously monitor and record data during all stages of the 
tests. Multiplexing Isolated Analog Input DBK207 with 16 
channel capacity was used to monitor the output voltages 
from instruments.  

 
Fig. 1 Model of excavation, adjacent area and footing. 
 
The data acquisition system was connected to a PC Pentium 
IV processor, as shown in Fig. 2. The footing was stiffened by 
a vertical tapered wooden plate 500 mm wide extending from 
strip footing top level to the level arm loading rod. The 
dimensions of different model items are as follows: 
• Width of excavation (w) = 16 cm, 

• Depth of excavation = (H) cm,   
• Total height of sheet pile wall = (d) cm, 
• Building distance from excavation = (x) cm, 
• Foundation depth                          = (DRfR) cm. 
 

 
Fig. 2. Sheet pile wall supporting excavation and Data 
Acquisition system. 

The undrained shearing resistance of the sand compacted to a 
dry unit weight of 17 kN/mP

3
P was determined using triaxial 

tests and found to be 36°. The gradation curve is shown in 
Fig. 3. According to the Unified soil classification system, 
sand can be classified as SP. More detailed information 
regarding the experimental setup may be found in reference 
No. [18]. 

3. NUMERICAL MODELING AND SELECTION OF 
PARAMETERS 

Soil code Finite Element Program Plaxis 8.0 [19] was used in 
numerical modeling. In order to determine the appropriate 
numerical modeling meshing coarseness and refinement that 
are most suitable in modeling the studied geotechnical 
application a number of program runs were carried out to 
analyze the experimental model studied cases with different 
mesh configuration. The configuration that results in similar 
performance and close values of dependent parameter upon 
variation of independent investigated parameters will be 

1700 mm 

1000 mm 
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adopted for extension of the study with prototype dimensions. 

 
Fig. 3. Particle size distribution of tested soil. 

3.1 Material Model of Sandy Soil 

In order to make realistic predictions of the stability and 
deformations of excavation and adjacent strip footing, the 
hardening soil model in PLAXIS program was used for sand 
idealization. Material properties are presented in Table 1 for 
medium and dense sand. The sand is modeled by 15-node 
triangular elements in the analysis using an elastic perfectly 
plastic hardening model. The value of relative density is 0.53 
for medium sand and 0.76 for dense sand.  

Table 1. Input Physical And Mechanical Properties of Sand. 
Parameter Medium 

sand 
Dense 
sand 

Soil dry unit weight (γd) (kN/m3) 
Soil wet unit weight (γwet)  (kN/m3) 
Secant stiffness in drained Triaxial test 
(Eref

50) (kN/m2) 
Tangent stiffness for odometer loading 
(Eref

oed) (kN/m2) 
Unloading / reloading stiffness (Eref

ur ) 
(kN/m2) 
Poisson’s ratio for unloading-reloading 
(υur) 
Cohesion (c) (kN/m2) 
Friction angle (φ) (degree)  
Dilatancy angle (ψ) (degree) 
Interface reduction factor (R) 
Power for stress-level dependency of 
stiffness (m) 
Reference stress for stiffness (pref) 
(kN/m2) 

17 
20 

14925 
 

10447 
 

44775 
 

0.25 
 

10 
36 
6 

0.8 
0.5 

 
100 

18 
20 

29850 
 

20894 
 

89550 
 

0.25 
 

10 
42 
12 
0.8 
0.5 

 
100 

3.2 Sheet Pile Wall 

The sheet pile wall “S.P.W.” is modeled as a beam 
element. The parameters for sheet pile wall are presented 
in Table 2. The interaction between the wall and the soil 
is modeled at both sides by means of interface elements. 

The interfaces allow for the specification of a reduced 
wall friction compared to the friction in the soil. 

Table 2. Material properties of sheet pile. 

Parameter Value 
Normal stiffness (EA) (kN/m) 

Flexural rigidity (EI) (kN/m2/m) 
Equivalent thickness (d) (m) 
Weight (w) (kN/m) 
Poisson’s ratio (υ) 

2.68 x106 
9.68x103 

0.208 
1.2 
0.3 

3.3 Strip Footing 

Strip footing can be simulated as a beam element taking the 
modulus of elasticity for concrete “E” as follows: 

E cuF4400=  (N/mm2)                                     (1) 

Where  

Fcu: characteristic strength (25N/mm2) 

The footing is loaded with distributed load 100 kN/m2, 
the properties of footing are given in Table 3. 

Table 3. Material properties for strip footing. 

3.4 Verification of Numerical Modeling 

The mesh coarseness and refinement that results in similar 
performance of experimental and numerical small-scale 
model analysis is the very fine mesh coarseness and 
refinement along “S.P.W.” line. Figures 4 and 5 illustrate 
experimental and numerical bending moment “B.M.” 
distribution along “S.P.W.” for Rx = (x/H) equals 0.5 and 1, 
respectively, for medium sand. As can be observed the 
general trend of “B.M.” distribution along “S.P.W.” for both 
experimental and numerical analysis was similar. Maximum 
“B.M.” of experimental and numerical curves occurs at one 
third “S.P.W.” height measured from its top level. The 
maximum experimental “B.M.” values were observed to be 
higher than corresponding numerical values by nearly 16%. 
The previously presented observations regarding “B.M.” 
distribution and maximum “B.M.” value applies when the 
strip footing was shifted away from the “S.P.W.” with the 
cases of Rx = 1.5 and 2.0. The reduction of maximum “B.M.” 
value due to the increase of Rx compared to the closest case 
of Rx = 0.5 are 68, 90 and 94% for Rx = 1.0, 1.5 and 2.0, 
respectively, for the experimental investigation . The 
corresponding values recorded for the numerical 
investigation are 65, 90 and 93%. 

Parameter Value 
Axial stiffness (EA) ( kN/m) 
Flexural rigidity (EI) (kN.m2/m) 
Equivalent thickness (EI) (m) 
Weight ( w) ( kN/m) 
Poisson’s ratio ( υ) 

3.811E+07 
3.175E+06 
1.00 
25.00 
0.2 
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Fig. 4. Variation of the sheet pile wall bending moment for x= 
8cm and H=16cm. 

 
Fig. 5. Variation of the sheet pile wall bending moment for x= 
16cm and H=16cm.  

Comparing these ratios, it can be concluded that variation of 
“B.M.” values corresponding to variation of the independent 
variable Rx recorded close values in both experimental and 
numerical analysis. Hence it can be concluded that the 
adopted mesh coarseness and refinement results in a similar 
“B.M.” distribution profiles and relatively close “B.M.” 
maximum values. The variation in maximum “B.M.” values 
resulting due to corresponding variation of the independent 
parameter Rx has close values in both experimental and 
numerical analysis. Hence the mesh configuration will be 
adopted for the prototype scale model investigation of the 
tested parameters. 

4. NUMERICAL INVESTIGATION WITH 
PROTOTYPE DIMENSIONS 

The general layout of the physical model is shown in Fig. 6. 
The adopted finite element mesh was illustrated in Fig. 7. The 
independent parameters taken into consideration are the 
distance of strip footing “x” and the depth of foundation “DRfR”. 
Table 4 presents the cases of studied parameters including 
relative depth “Rd=DRfR/H” and the ratio of strip footing 
distance to depth of excavation “Rx=X/H”R.R The resulting 
straining actions and deformations due to excavation are 

presented in terms of “RRxR = 0.5, 1, 1.5 and 2” and  RRdR having 
the values of “0.25 and 0.5”. 

Table 4. Cases analyzed in the numerical study. 

Case No. 1 2 3 4 5 6 7 8 

 medium  

RRd R= ΗfD  0.25 0.50 

RRxR = ΗΧ   
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 Dense 

RRd R= ΗfD  0.25 0.50 

RRxR = ΗΧ   
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Fig. 6. Model of excavation, adjacent area and strip footing. 

5.  ANALYSIS AND RESULTS 

5.1 Lateral Deformation of Sheet Pillee 

FFiigguurree  88  iilllluussttrraatteess  tthhee  llaatteerraall  ddeeffoorrmmaattiioonn  pprrooffiillee  ooff  ““SS..PP..WW..””  
dduuee  ttoo  rreettaaiinneedd  eexxccaavvaattiioonn  iinn  mmeeddiiuumm  ssaanndd  aanndd  tthhee  aaddjjaacceenntt  
ssttrriipp  ffoooottiinngg  llooaaddiinngg  wwiitthh  vvaarryyiinngg  ddiissttaanncceess  ffrroomm  ““SS..PP..WW..””  ooff    
RRxx  ==  00..55,,  11..00,,  11..55  aanndd  22..00,,  aanndd  RRdd  ==  00..2255..  AAss  mmaayy  bbee  eexxppeecctteedd 
tthhee    mmaaxxiimmuumm    llaatteerraall    ddeeffoorrmmaattiioonn  ““ζRHmaxR”  wwaass      rreeccoorrddeedd  aatt  
TThhee  hheeaadd  ooff  tthhee  wwaallll  llaatteerraall  ddeeffoorrmmaattiioonn  wwaass  sshhaarrppllyy  rreedduucceedd  
wwiitthh  ddeepptthh  uunnttiill  tthhee  mmiidd  hheeiigghhtt  lleevveell  ooff  ““SS..PP..WW..””..  LLaatteerraall  
ddeeffoorrmmaattiioonn  aatt  tthhiiss  lleevveell  rreeaacchheess  aa  vvaalluuee  lleessss  tthhaann  5500..00  %%  ooff  
ddeeffoorrmmaattiioonn  aatt  hheeaadd  lleevveell  wwiitthhoouutt  aann  aaddjjaacceenntt  ssttrriipp  ffoooottiinngg  
ccaassee..  TThhee  rreedduuccttiioonn  rraattiioo  rreeaacchheess  aa  vvaalluuee  ooff  nneeaarrllyy  2200%%  ffoorr  RRxx  
vvaalluueess  ooff  22..00,,  11..55  aanndd  11..00,,  wwhhiillee  iitt  rreeaacchheess  1100%%  ffoorr  RRxx  ==  00..55..  
LLaatteerraall  ddeeffoorrmmaattiioonn  ggrraadduuaallllyy  rreedduucceess  ffrroomm  mmiidd  hheeiigghhtt  lleevveell  
uunnttiill  aapppprrooaacchhiinngg  nneeaarrllyy  zzeerroo  vvaalluuee  aatt  ttiipp  lleevveell  ooff  ““SS..PP..WW..””..  
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Fig. 7. Finite element mesh for the model of deep excavation 
and adjacent area. 

 
Fig. 8. Variation of the lateral deformation of sheet pile wall 
for different values of RRxR and “RRdR = 0.25” for medium sand. 
  
FFiigguurree  99  iilllluussttrraatteess  tthhee  llaatteerraall  ddeeffoorrmmaattiioonn  pprrooffiillee  ffoorr  
eexxccaavvaattiioonn  iinn  mmeeddiiuumm  ssaanndd  ffoorr  ddiiffffeerreenntt  RRxx  vvaalluueess  wwiitthh  RRdd==  
00..55..  FFiigguurreess  1100  aanndd  1111  iilllluussttrraattee  tthhee  ssaammee  pprrooffiillee  ffoorr  
eexxccaavvaattiioonn  iinn  ddeennssee  ssaanndd  ffoorr  RRdd==  00..2255  aanndd  00..55,,  rreessppeeccttiivveellyy..  
AAss  ccaann  bbee  ccoonncclluuddeedd  ffrroomm  tthheessee  ffiigguurreess  tthhee  llaatteerraall  
ddeeffoorrmmaattiioonn  pprrooffiillee  rreemmaaiinnss  uunncchhaannggeedd  ffrroomm  tthhaatt  pprreevviioouussllyy  
ddeessccrriibbeedd..  FFiigguurree  1122  iilllluussttrraatteess  tthhee  hheeaadd  ddeeffoorrmmaattiioonn  ““ζRHmaxR” 
vvaalluueess  ffoorr  tthhee  pprreevviioouussllyy  mmeennttiioonneedd  ddiiffffeerreenntt    ccaasseess..  IItt  ccaann  bbee  
ccoonncclluuddeedd  tthhaatt  tthhee  vvaalluueess  ooff  ““ζRHmaxR”  ooff  ““SS..PP..WW..””  eexxccaavvaatteedd  iinn  
ddeennssee  ssaanndd  aarree    nneeaarrllyy  5500%%  ooff  tthhee  ccoorrrreessppoonnddiinngg  vvaalluueess  
rreeccoorrddeedd  iinn  ccaassee  ooff    mmeeddiiuumm  ssaanndd..  OOtthheerr  rreesseeaarrcchheerrss  oobbsseerrvveedd  
aa  rreedduuccttiioonn  iinn  hheeaadd  ddeeffoorrmmaattiioonn  ooff  ““SS..PP..WW..””  eexxccaavvaatteedd  iinn  
ddeennssee  ssaanndd  eeqquuaalliinngg  oonnee  hhaallff  ooff  tthhee  ccoorrrreessppoonnddiinngg  vvaalluuee  wwhheenn  
eexxccaavvaattiinngg  iinn  lloooossee  ssaanndd  [[1155]]..  IItt  ccaann  bbee  aallssoo  oobbsseerrvveedd  tthhaatt  tthhee  
eexxiisstteennccee  ooff  ssttrriipp  ffoooottiinngg  iinn  ccaassee  ooff  cclloossee  eexxccaavvaattiioonn  ooff  RRxx==  
00..55  pprroodduucceess  iinnccrreeaassee  iinn  hheeaadd  ddeefflleeccttiioonn  ooff  22..44  aanndd  33..00  ttiimmeess  
tthhee  nnoonn  ssttrriipp  ffoooottiinngg  ccaassee  ffoorr  eexxccaavvaattiioonn  iinn  mmeeddiiuumm  aanndd  ddeennssee  
ssaanndd,,  rreessppeeccttiivveellyy..  AAss  tthhee  ffoooottiinngg  wwaass  sshhiifftteedd  aawwaayy  ffrroomm  tthhee  
““SS..PP..WW..””,,  aa  rreedduuccttiioonn  ooccccuurrss  iinn  hheeaadd  ddeefflleeccttiioonn  bbyy    

 
Fig. 9. Variation of the lateral deformation of sheet pile wall     
for different values of RRxR and  “RRdR = 0.50” for medium sand. 

 

 
Fig. 10. Variation of the lateral deformation of sheet pile wall  
for different values of RRx R and  “RRdR = 0.25” for dense sand. 

5500,,  4400  aanndd  3300%%  ffoorr  bbootthh  mmeeddiiuumm  aanndd  ddeennssee  ssaanndd  ffoorr  RRxx==  11..00,,  
11..55  aanndd  22..00,,  rreessppeeccttiivveellyy..  TThhee  rreedduuccttiioonn  iinn  hheeaadd  ddeefflleeccttiioonn  
““ζRHmaxR”  tthhaatt  ooccccuurrss  dduuee  ttoo  iinnccrreeaassiinngg  ffoouunnddaattiioonn  rreellaattiivvee  
ddeepptthh  ooff  tthhee  ffoooottiinngg  ffrroomm  RRdd  ooff  00..2255  ttoo  00..55  ffoorr  bbootthh  mmeeddiiuumm  
aanndd  ddeennssee  ssaanndd  iiss  3388,,  2255  aanndd  2200%%  ffoorr  RRxx ooff  00..55,,  11..00  aanndd  11..55,,  
rreessppeeccttiivveellyy..  TThhiiss  mmaayy  bbee  aattttrriibbuutteedd  ttoo  tthhee  ffoolllloowwiinngg..  AAss  tthhee  
ssttrriipp  ffoooottiinngg  ggeettss  ddeeeeppeerr  tthhee  iinnccrreeaassee  iinn  vveerrttiiccaall  ssttrreessss  aanndd  tthhee  
aaccccoommppaannyyiinngg  iinnccrreeaassee  iinn  llaatteerraall  hhoorriizzoonnttaall    ssttrreessss    iiss    sshhiifftteedd    
ddoowwnnwwaarrddss    aanndd    tthhee  rroottaattiioonn  iiss  rreedduucceedd  rreessuullttiinngg  iinn  lleessss  hheeaadd  
ddeefflleeccttiioonn..  TThhee  eeffffeecctt  ooff  ffoouunnddaattiioonn  ddeepptthh  vvaanniisshheess  aass  tthhee  
ffoooottiinngg  iiss  llooccaatteedd  rreellaattiivveellyy  ffaarr  aawwaayy  ffrroomm  tthhee  ““SS..PP..WW..””  wwiitthh  
RRxx  rreeaacchhiinngg  11..55..  AAss  ffoorr  ““SS..PP..WW..””  hheeaadd  ddeefflleeccttiioonn  ttoo  
eexxccaavvaattiioonn  ddeepptthh  rraattiioo  ““ζRHmaxR/H” the recorded values for 
different Rx and Rd values as illustrated in Table 5.  AAss  ccaann  bbee  
oobbsseerrvveedd  ffrroomm  TTaabbllee  55,,  ““ζRHmaxR/H” values coinside with values 
cited in the previous work [15], for Rx≥1.5. For strip footing 
loading closer to “S.P.W.” (Rx= 0.5 and 1.0) the recorded 
values of ““ζRHmaxR/H” were higher than the corresponding 
values recorded in previous work [15].  



 

151 
 

 

 
Fig. 11. Variation of the lateral deformation of sheet pile wall  
for different values of Rx “Rd = 0.50” for dense sand. 

  
Fig. 12. Variation of the lateral head deformation of sheet pile 
wall for different values of Rx and Rd. 

  
TThhee  eeffffeecctt  ooff  ssttrriipp  ffoooottiinngg  llooaaddiinngg  aaddjjaacceenntt  ttoo  ““SS..PP..WW..””  
eexxccaavvaattiioonn  mmaayy  bbee  eexxpprreesssseedd  iinn  tteerrmmss  ooff  ““ζHmax/H”  vvaalluuee  iinn  
tthhee  ccaassee  ooff  aa  ssttrriipp  ffoooottiinngg  llooaaddiinngg  aaddjjaacceenntt  ttoo  tthhee  
ccoorrrreessppoonnddiinngg  vvaalluuee  wwiitthhoouutt  aann  aaddjjaacceenntt  ssttrriipp  ffoooottiinngg  ““ffoorr  
sshheeeett  ppiillee  eemmbbeeddmmeenntt  ddeepptthh  ttoo  eexxccaavvaattiioonn  ddeepptthh  rraattiioo  
eeqquuaalliinngg  22..00””  mmaayy  bbee  eexxpprreesssseedd  aass  ffoolllloowwss::  
FFoorr  mmeeddiiuumm  ssaanndd::    

Table 5. Head deflection to excavation depth ratio ““ζHmax/H” 
for different Rx and Rd. 

 Medium Sand Dense Sand 
Rx                Rd 0.25 0.5 0.25 0.5 

Non strip 
footing 

0.4 0.375 0.163 0.165 

0.5 0.9 0.613 0.5 0.32 
1.0 0.5 0.375 0.25 0.138 
1.5 0.4 0.325 0.125 0.11 
2.0 0.275 0.25 0.125 0.11 

  

  )2.12.1(. )22.16.1(
)max/(

.)max/()max/( −−== RdFS RxRd
HH

HHratioHH
ζ

ζ
ζ

                    ((22))  
FFoorr  ddeennssee  ssaanndd::  

  )2.12.1(.. )47.10.2(
)max/(

)max/()max/( −−== RdFS RxRd
HH

HHratioHH
ζ

ζ
ζ

                    ((33))  
WWhheerree  

)max/( HHζ SS..FF.. ::  HHeeaadd  ddeefflleeccttiioonn  ooff  ““SS..PP..WW..””  iinn  ccaassee  ooff  
aann  aaddjjaacceenntt  ssttrriipp  ffoooottiinngg..  

)max/( HHζ ::  HHeeaadd  ddeefflleeccttiioonn  ooff  ““SS..PP..WW..””  iinn  ccaassee  ooff  
wwiitthhoouutt  aann  aaddjjaacceenntt  ssttrriipp  ffoooottiinngg..  

55..22  BBeennddiinngg  MMoommeenntt  aalloonngg  SShheeeett  PPiillee  

FFiigguurree  1133  iilllluussttrraatteess  bbeennddiinngg  mmoommeenntt  ““BB..MM..””  ddiissttrriibbuuttiioonn  
aalloonngg  ““SS..PP..WW..””  dduuee  ttoo  rreettaaiinneedd  eexxccaavvaattiioonn  aanndd  aaddjjaacceenntt  ssttrriipp  
ffoooottiinngg  llooaaddiinngg  ffoorr  mmeeddiiuumm  ssaanndd  wwiitthh  RRdd==  00..2255  aanndd  ddiiffffeerreenntt  
RRxx  vvaalluueess..  AAss  ccaann  bbee  oobbsseerrvveedd  ffrroomm  tthhiiss  ffiigguurree,,  ““BB..MM..””  
iinnccrreeaasseess  ffrroomm  hheeaadd  lleevveell  rreeccoorrddiinngg  aa  mmaaxxiimmuumm  vvaalluuee  aatt  00..3388  
ooff  ““SS..PP..WW..””  hheeiigghhtt  ffrroomm  ttoopp  lleevveell..  TThheenn  ““BB..MM..””  ddeeccrreeaasseess  
ddoowwnnwwaarrddss  uunnttiill  vvaanniisshhiinngg  aatt  00..6677  ooff  ““SS..PP..WW..””  hheeiigghhtt  
mmeeaassuurreedd  ffrroomm  iittss  ttoopp..  TThhiiss  pprrooffiillee  wwaass  oobbsseerrvveedd  aallssoo  ffoorr  tthhee  
ccaassee  ooff  RRdd==00..55  ffoorr  mmeeddiiuumm  ssaanndd  aanndd  RRdd==  00..2255  aanndd  00..55  ffoorr  
ddeennssee  ssaanndd..  FFiigguurree  1144  iilllluussttrraatteess  mmaaxxiimmuumm  ““BB..MM..””  vvaalluueess  
wwiitthh  ddiiffffeerreenntt  RRxx,,  RRdd  aanndd  ssaanndd  ddeennssiittyy..  AAss  ccaann  bbee  oobbsseerrvveedd  
ffrroomm  tthhiiss  ffiigguurree,,  mmaaxxiimmuumm  ““BB..MM..””  vvaalluuee  wwiitthh  tthhee  ccaassee  ooff  
eexxccaavvaattiioonn  iinn  mmeeddiiuumm  ssaanndd  wwaass  nneeaarrllyy  11..55  ttiimmeess  tthhee  
ccoorrrreessppoonnddiinngg  vvaalluuee  rreeccoorrddeedd  wwiitthh  ddeennssee  ssaanndd..  IItt  ccaann  bbee  aallssoo  
oobbsseerrvveedd  tthhaatt  ppllaacciinngg  aa  ssttrriipp  ffoooottiinngg  cclloossee  ttoo  aa  rreettaaiinniinngg  
““SS..PP..WW..””  wwiitthh  RRxx==00..55  rreessuullttss  iinn  iinnccrreeaassiinngg  mmaaxxiimmuumm  ““BB..MM..””  
vvaalluuee  bbyy  22..66  aanndd  22..88  ffoorr  RRdd==00..2255  ffoorr  eexxccaavvaattiioonn  iinn  mmeeddiiuumm  
aanndd  ddeennssee  ssaanndd,,  rreessppeeccttiivveellyy..  RReellaattiivveellyy  ssmmaalllleerr  iinnccrreeaassiinngg  
rraattiiooss,,  ooff  22..00  aanndd  11..88  wweerree  rreeccoorrddeedd  ffoorr  ddeeeeppeerr  ffoouunnddaattiioonn  
lleevveell  ooff  RRdd==  00..55  dduuee  ttoo  sshhiiffttiinngg  ooff  iinnccrreeaassee  ooff  llaatteerraall  pprreessssuurree  
ddoowwnnwwaarrddss..  TThhee  mmaatttteerr  rreessuullttss  iinn  iinnccrreeaassiinngg  tthhee  ffiixxaattiioonn  
eeffffeecctt  ooff  eemmbbeeddmmeenntt  lleennggtthh  ooff  ““SS..PP..WW..””  aanndd  hheennccee  rreessuullttss  iinn  
rreedduuccttiioonn  ooff  ““BB..MM..””..  SShhiiffttiinngg  ooff  ssttrriipp  ffoooottiinngg  aawwaayy  ffrroomm  
““SS..PP..WW..””    rreessuullttss  iinn  rreedduucciinngg  mmaaxxiimmuumm    ““BB..MM..””    vvaalluueess  bbyy  
00..5555,,    00..4455  aanndd    00..3355    ffoorr  RRxx==  11..00,,  11..55  aanndd  22..00,,  rreessppeeccttiivveellyy  ffoorr  
eexxccaavvaattiioonn  iinn  mmeeddiiuumm  ssaanndd..  CCoorrrreessppoonnddiinngg  vvaalluueess  ffoorr  
eexxccaavvaattiioonn  iinn  ddeennssee  ssaanndd  aarree  00..66,,  00..5577  aanndd  00..5511,,    rreessppeeccttiivveellyy..  
IItt  ccaann  aallssoo    bbee  oobbsseerrvveedd  tthhaatt  aass  tthhee  ssttrriipp  ffoooottiinngg  iiss  sshhiifftteedd  22..00  
ttiimmeess  eexxccaavvaattiioonn  ddeepptthh  ffrroomm  eexxccaavvaattiioonn  tthhee  ffoooottiinngg  eexxiisstteennccee  
ddooeess  nnoott  rreessuulltt  iinn  aaddddiittiioonnaall  ssttrraaiinniinngg  aaccttiioonnss  aalloonngg  sshheeeett  ppiillee  
ccoommppaarreedd  ttoo  tthhee  nnoonn  ssttrriipp  ffoooottiinngg  ccaassee..  TThhee  rraattiioo  bbeettwweeeenn  
mmaaxxiimmuumm  ““BB..MM..””  vvaalluueess  iinn  tthhee  ccaassee  ooff  aann  aaddjjaacceenntt  ssttrriipp  
ffoooottiinngg  ttoo  tthhoossee  iinn  tthhee  ccaassee  ooff  nnoo  ssttrriipp  ffoooottiinngg  ““ffoorr  sshheeeett  ppiillee  
eemmbbeeddmmeenntt  ddeepptthh  ttoo  eexxccaavvaattiioonn  ddeepptthh  rraattiioo  eeqquuaalliinngg  22..00””  
mmaayy  bbee  eexxpprreesssseedd  aass  ffoolllloowwss::  
FFoorr  mmeeddiiuumm  ssaanndd::  

  )0.1(. )0.176.1(
).(

..).(.).(. −−== RdFS RxRd
MBMax

MBMaxratioMBMax

                    ((44))  
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Fig. 13. Variation of the sheet pile wall bending moment for   
different values of Rx  and “Rd = 0.25” for medium sand. 

  
Fig. 14. Variation of maximum bending moment values on 
sheet pile wall for different values of Rx and Rd.  
  
  FFoorr  ddeennssee  ssaanndd::  

  )0.1(. )25.188.1(
).(

..).(.).(. −−== RdFS RxRd
MBMax

MBMaxratioMBMax

                    ((55))  
WWhheerree::  
MMaaxx..  ((BB..MM..))  SS..FF::  MMaaxxiimmuumm  ““BB..MM..””  vvaalluuee  wwiitthh  aann  aaddjjaacceenntt  
ssttrriipp  ffoooottiinngg..  
MMaaxx..  ((BB..MM..))::  MMaaxxiimmuumm  ““BB..MM..””  vvaalluuee  wwiitthhoouutt  aann  aaddjjaacceenntt  
ssttrriipp  ffoooottiinngg..  

55..33  SSeettttlleemmeenntt  ooff  SSttrriipp  FFoooottiinngg  

FFiigguurree  1155  iilllluussttrraatteess  vvaarriiaattiioonn  ooff  ssttrriipp  ffoooottiinngg  sseettttlleemmeenntt  ffoorr  
ddiiffffeerreenntt  RRxx  aanndd  ""RRdd==00..2255""  ffoorr  mmeeddiiuumm  ssaanndd..  IItt  ccaann  bbee  
oobbsseerrvveedd  tthhaatt  tthhee  ffoooottiinngg  sseettttlleemmeenntt  iinnccrreeaasseess  aass  tthhee  ffoooottiinngg  iiss  
cclloosseerr  ttoo  tthhee  rreettaaiinniinngg  ““SS..PP..WW..””..  TThhee  sseettttlleemmeenntt  ooff  ssttrriipp  
ffoooottiinngg  ttoowwaarrddss  eexxccaavvaattiioonn  ssiiddee  wwaass  rreeccoorrddeedd  ttoo  bbee  11..66  aanndd  
11..22  ttiimmeess  ccoorrrreessppoonnddiinngg  sseettttlleemmeenntt  iinn  tthhee  ccaassee  ooff  nnoo  aaddjjaacceenntt  
eexxccaavvaattiioonn  ffoorr  RRxx==00..55  aanndd  11..00,,  rreessppeeccttiivveellyy..  LLoonnggeerr  ddiissttaannccee  

 
Fig. (15): Variation of raft settlement for different values of 

Rx and "Rd = 0.25" for medium sand. 

TTaabbllee  66..  DDiiffffeerreennttiiaall  SSeettttlleemmeenntt  ffoorr  ddiiffffeerreenntt  RRxx  aanndd  RRdd  
vvaalluueess..  

  RRxx  
  00..55  11..00  11..55  22..00  

MMeeddiiuumm  
RRdd  

00..2255  44..6677**1100P

--33  22..00**1100P

--33  00..00  00..00  
00..5500  44..00**1100P

--33  22..00**1100P

--33  00..00  00..00  

DDeennssee  00..2255  22..7711**1100 P

--33  00..6677**1100P

--33  00..00  00..00  
00..5500  11..3333**1100P

--33  00..88**1100P

--33  00..00  00..00  
  

wwaass  bbeettwweeeenn  ssttrriipp  ffoooottiinngg  aanndd  eexxccaavvaattiioonn  ((  ccaasseess  ooff  RRxx==11..55  
aanndd  22..00)),,  tthhee  sseettttlleemmeenntt  vvaalluuee  rreemmaaiinnss  nneeaarrllyy  uunncchhaannggeedd  
ccoommppaarreedd  ttoo  tthhee  ccoorrrreessppoonnddiinngg  vvaalluuee  bbeeffoorree  eexxccaavvaattiioonn..  
TTaabbllee  66  iilllluussttrraatteess  rreeccoorrddeedd  vvaalluueess  ooff  ddiiffffeerreennttiiaall  sseettttlleemmeenntt  
ffoorr  ddiiffffeerreenntt  RRxx  aanndd  RRdd  vvaalluueess..  AAss  ccaann  bbee  oobbsseerrvveedd  ffrroomm  tthhiiss  
ttaabbllee  ddiiffffeerreennttiiaall  sseettttlleemmeenntt  ooff  ssttrriipp  ffoooottiinngg  eexxcceeeeddiinngg  11//550000  
wwaass  rreeccoorrddeedd  iinn  tthhee  ccaassee  ooff    mmeeddiiuumm  ssaanndd  ffoorr  RRxx  ==  00..55  aanndd  11..00  
ffoorr  bbootthh  ffoouunnddaattiioonn  lleevveell  vvaalluueess  ooff  RRdd==  00..2255  aanndd  00..55..  TThhiiss  
wwaass  aallssoo  rreeccoorrddeedd  iinn  tthhee  ccaassee  ooff  ddeennssee  ssaanndd  ffoorr  rreellaattiivveellyy  
cclloossee  ffoooottiinngg  hhaavviinngg  RRxx==00..55  aanndd  aa  rreellaattiivveellyy  sshhaallllooww  
ffoouunnddaattiioonn  lleevveell  ooff  RRdd==00..2255..  NNoo  ddiiffffeerreennttiiaall  sseettttlleemmeenntt  wwaass  
rreeccoorrddeedd  ffoorr  ssttrriipp  ffoooottiinngg  hhaavviinngg  RRxx==11..00  aanndd  11..55  ffoorr  bbootthh  
ssttuuddiieedd  ffoouunnddaattiioonn  lleevveellss  aanndd  ssaanndd  ddeennssiittiieess..  FFoorr  ddiiffffeerreenntt  RRxx  
aanndd  RRdd  vvaalluueess,,  iitt  ccaann  bbee  oobbsseerrvveedd  tthhaatt  tthhee  mmaaxxiimmuumm  
sseettttlleemmeenntt  vvaalluuee  wwaass  nneeaarrllyy  rreedduucceedd  ttoo  oonnee  hhaallff  iittss  vvaalluuee  wwiitthh  
tthhee  ccaassee  ooff  eexxccaavvaattiioonn  iinn  ddeennssee  ssaanndd  ccoommppaarreedd  ttoo  tthhee  mmeeddiiuumm  
ssaanndd  ccaassee..  IItt  aallssoo  ccaann  bbee  oobbsseerrvveedd  tthhaatt  eexxeeccuuttiinngg  rreettaaiinneedd  
eexxccaavvaattiioonn  nneeaarr  tthhee  ssttrriipp  ffoooottiinngg  rreessuullttss  iinn  iinnccrreeaassiinngg  iittss  
mmaaxxiimmuumm  sseettttlleemmeenntt  vvaalluuee  bbyy  nneeaarrllyy  6600%%    aanndd  3300%%  ffoorr  RRdd  ==  
00..2255  aanndd  00..55,,  rreessppeeccttiivveellyy..  MMaaxxiimmuumm  sseettttlleemmeenntt  vvaalluuee  
rreedduucceess  aass  tthhee  ffoooottiinngg  wwaass  sshhiifftteedd  aawwaayy  ffrroomm  tthhee  ““SS..PP..WW..””  
uunnttiill  nneeaarrllyy  rreeaacchhiinngg  tthhee  vvaalluuee  ccoorrrreessppoonnddiinngg  ttoo  tthhaatt  bbeeffoorree  
eexxccaavvaattiioonn  ccaassee  aass  RRxx  rreeaacchheess  22..00..  TThhee  rraattiioo  ooff  mmaaxxiimmuumm  
sseettttlleemmeenntt  vvaalluuee  iinn  tthhee  ccaassee  ooff  aann  aaddjjaacceenntt  eexxccaavvaattiioonn  ooff  aa  
vvaarryyiinngg  ddiissttaannccee  ffrroomm  ssttrriipp  ffoooottiinngg  RRxx  ttoo  tthhee  ccoorrrreessppoonnddiinngg  
vvaalluuee  wwiitthhoouutt  eexxccaavvaattiioonn  ((MMaaxx..  ((SS))  rraattiioo))  ffoorr  sshheeeett  ppiillee  
eemmbbeeddmmeenntt  ddeepptthh  ttoo  eexxccaavvaattiioonn  ddeepptthh  rraattiioo  eeqquuaalliinngg  22..00””  
mmaayy  bbee  eexxpprreesssseedd  aass  ffoolllloowwss::  

FFoorr  mmeeddiiuumm  ssaanndd::  
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  )5.05.0()4.037.1(
)(

..)(
)(. −−== RdRxRd

SMax
FSSMax

ratioSMax

                    ((66))  
FFoorr  ddeennssee  ssaanndd::  
  

)5.05.0()3.029.1(
)(

..)()(. −−== RdRxRd
SMax

FSSMaxratioSMax

                    ((77))  
WWhheerree::  
MMaaxx..  ((SS))  SS..FF::  MMaaxxiimmuumm  sseettttlleemmeenntt  vvaalluuee  iinn  ccaassee  ooff  aann  
aaddjjaacceenntt  ssttrriipp  ffoooottiinngg..  
MMaaxx..  ((SS))::  MMaaxxiimmuumm  sseettttlleemmeenntt  vvaalluuee  iinn  ccaassee  ooff  wwiitthhoouutt  aann  
aaddjjaacceenntt  ssttrriipp  ffoooottiinngg..  

6. CONCLUSIONS 

In the present numerical analysis study the effect of retained 
excavation on adjacent strip foundation was investigated. The 
effect of strip footing relative distance and foundation depth 
related to cantilever sheet pile wall retained excavation on 
straining actions along sheet pile and deformation of 
foundation was studied. Analyzing the investigation results it 
may be concluded that the lateral deformation of the 
cantilever retaining sheet pile wall and the accompanying 
vertical settlement of adjacent foundation nearly vanishes as 
the excavation was shifted far away from the foundation by a 
distance equaling or more than 1.5 times excavation depth in 
both medium and dense sand. As the ratio between adjacent 
foundation depth to excavation depth increases a 
corresponding decrease in straining actions on retaining sheet 
pile and settlement of foundation occurs. Differential 
settlement of strip foundation adjacent to excavation vanishes 
when the distance between excavation and the footing 
reaches 1.5 times excavation depth. Empirical formulae have 
been presented to express head deflection of cantilever sheet 
pile retaining wall, maximum bending moment and adjacent 
strip footing maximum settlement to corresponding values in 
case of no adjacent footing or before excavation cases ffoorr  
sshheeeett  ppiillee  eemmbbeeddmmeenntt  ddeepptthh  ttoo  eexxccaavvaattiioonn  ddeepptthh  rraattiioo  
eeqquuaalliinngg  22..00. 
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1. INTRODUCTION 
CCeemmeenntt  KKiillnn  DDuusstt  ((CCKKDD))  iiss  oonnee  ooff  tthhee  bbyypprroodduuccttss  ooff  cceemmeenntt  
iinndduussttrryy  tthhaatt  iiss  pprroodduucceedd  iinn  rreellaattiivveellyy  llaarrggee  qquuaannttiittiieess..  ((CCKKDD))  
iiss  aa  ffiinnaallllyy  ddiivviiddeedd,,  ddrryy  pprraaccttiiccee  mmaatteerriiaall  ddrraaiinneedd  ffrroomm  cceemmeenntt  
kkiillnn  bbyy  eexxhhaauusstt  ggaasseess  aanndd  ccaappttuurreedd  bbyy  tthhee  kkiillnnss’’  aaiirr  ppoolllluuttiioonn  
ffiilltteerriinngg  ssyysstteemm,,  [[11]]..  TThhee  rraaww  iinnppuutt  mmaatteerriiaall  ooff  cceemmeenntt  
iinndduussttrryy  iinncclluuddeess  lliimmeessttoonnee  sshhaallee,,  ssaanndd  aanndd  iirroonn..  RRaattiiooss  aanndd  
ttyyppee  ooff  tthheessee  mmaatteerriiaallss  ttooggeetthheerr  wwiitthh  mmaannuuffaaccttuurriinngg  
tteecchhnnoollooggyy,,  rreeqquuiirreedd  pprroodduucctt  ssppeecciiffiiccaattiioonnss,,  kkiillnn  ttyyppee  aanndd  
ffuueell  ttyyppee  wwhhiicchh  ddeetteerrmmiinnee  tthhee  cchheemmiiccaall  ccoommppoossiittiioonn  aanndd  
pphhyyssiiccaall  pprrooppeerrttiieess  ooff  tthhee  bbyypprroodduucctt  [[22]]––[[66]]..  AApppprroopprriiaattee  
ddiissppoossaall  ooff  ((CCKKDD))  iiss  aa  cchhaalllleennggiinngg  pprroobblleemm  iinn  cceemmeenntt  
iinndduussttrryy  dduuee  ttoo  eennvviirroonnmmeennttaall  ccoonncceerrnnss..  AAlltthhoouugghh  mmooddeerrnn  
aaddvvaanncceess  iinn  cceemmeenntt  mmaannuuffaaccttuurriinngg  tteecchhnnoollooggyy  rreessuulltteedd  iinn  
ccoonnssiiddeerraabbllee  rreedduuccttiioonn  ooff  tthhee  pprroodduucceedd  qquuaannttiittiieess  ooff  ((CCKKDD)),,  
hhoowweevveerr  pprroodduuccttiioonn  rraatteess  mmaayy  ssttiillll  bbee  ccoonnssiiddeerreedd  aass  aann  
iinndduussttrryy  bbyypprroodduucctt  bbeeiinngg  pprroodduucceedd  iinn  rreellaattiivveellyy  llaarrggee  
qquuaannttiittiieess..  TThhee  mmaajjoorriittyy  ooff  EEggyyppttiiaann  cceemmeenntt  mmaannuuffaaccttuurriinngg  
ppllaannttss  ttrraannssppoorrtt  ((CCKKDD))  ttoo  llaanndd  ffiilllliinngg  aarreeaass  wwiitthh  ccoonnssiiddeerraabbllee  
ttrraannssppoorrttaattiioonn  ccoossttss,,  eennvviirroonnmmeennttaall  ppoolllluuttiioonn  pprroobblleemmss  aanndd  
cceerrttaaiinnllyy  iinn  aann  uunneeccoonnoommiiccaall  wwaayy  ooff  ddeeaalliinngg  wwiitthh  tthhiiss  
pprroobblleemm,,  [[77]]..  TThhee  ccoommppoossiittiioonn  ooff  ((CCKKDD))  iiss  ssiimmiillaarr  ttoo  tthhaatt  ooff  
cceemmeenntt,,  ccoonnssiissttiinngg  ooff  aalluummiinnaa,,  ssiilliiccaa,,  ccaallcciiuumm  ooxxiiddee,,  aallkkaalliiss  
aanndd  ssuullffaatteess..  TThhee  hhiigghh  aallkkaalliinniittyy  aanndd  ffiinnee  ppaarrttiiccllee  ssiizzee,,  iinn  
aaddddiittiioonn  ttoo  iittss  cceemmeennttiioouuss  pprrooppeerrttiieess  mmaakkee  tthhiiss  mmaatteerriiaall  
uussaabbllee  ffoorr  sseevveerraall  aapppplliiccaattiioonnss,,  [[88]]..  TThheerree  aarree  aa  nnuummbbeerr  ooff  
ssttuuddiieess  tthhaatt  iinnddiiccaatteedd  tthhee  eeffffeeccttiivveenneessss  ooff  uussiinngg  ((CCKKDD))  iinn  aa  
nnuummbbeerr  ooff  ggeeootteecchhnniiccaall,,  cciivviill,,  ssttrruuccttuurraall  aanndd  aaggrriiccuullttuurraall  
aapppplliiccaattiioonnss,,  [[99]]––[[2211]]..  
 
 

TThhee  eeffffeetteenneessss  ooff  uussiinngg  ((CCKKDD))  aass  aa  ssttaabbiilliizzeerr  ooff  ggrraannuullaarr  ssooiill  
wwaass  ssttuuddiieedd  eexxppeerriimmeennttaallllyy  bbyy  aa  nnuummbbeerr  ooff  rreesseeaarrcchheerrss,,  [[2222]]  
aanndd  [[2233]]..  IItt  wwaass  ccoonncclluuddeedd  tthhaatt  tthhee  uunnccoonnffiinneedd  ccoommpprreessssiivvee  
ssttrreennggtthh  ooff  ssaanndd--((CCKKDD))  mmiixxttuurreess  iinnccrreeaasseess  aass  ((CCKKDD))  iinn  
aaddddiittiioonn  rraattiioo  iinnccrreeaasseess  uupp  ttoo  7755--110000%%  bbyy  ttoottaall  ddrryy  wweeiigghhtt..  IInn  
ootthheerr  ccaasseess  ppeeaall  uunnccoonnffiinneedd  ssttrriinngg  tthhaatt  mmiixxttuurree  wwaass  aacchhiieevveedd  
aatt  1155%%  ooff  ((CCKKDD))  bbyy  ttoottaall  wweeiigghhtt,,  [[2244]]..  IItt  wwaass  aallssoo  ffoouunndd  tthhaatt  
tthhee  ccoommpprreessssiivvee  ssttrreennggtthh  iinnccrreeaasseedd  wwiitthh  tthhee  iinnccrreeaassee  ooff  
ccuurriinngg  ttiimmee,,  [[2222]]..  MMaaxxiimmuumm  ddrryy  uunniitt  wweeiigghhtt  ((MMDDUUWW))  aanndd  
ooppttiimmuumm  mmooiissttuurree  ccoonntteenntt  ((OOMMCC))  aarree  aaffffeecctteedd  wwiitthh  ((CCKKDD))  
aaddddiittiioonn  ttoo  ggrraannuullaarr  ssooiill..  TThhiiss  wwaass  aattttrriibbuutteedd  ttoo  tthhee  aabbiilliittyy  ooff  
((CCKKDD))  ttoo  aabbssoorrbb  wwaatteerr  aanndd  aalltteerr  ssooiill  ssttrruuccttuurree  tthhrroouugghh  tthhee  
ppoozzzzoolloorriicc  aanndd  ccaattiioonn  eexxcchhaannggee  rreeaaccttiioonnss,,  [[2255]]..  IInn  aa  nnuummbbeerr  
ooff  pprreevviioouuss  ssttuuddiieess  ((MMDDUUWW))  ddeeccrreeaasseedd  wwhhiillee  ((OOMMCC))  
iinnccrreeaasseedd  aass  ((CCKKDD))  rraattiioo  bbyy  ddrryy  wweeiigghhtt  iinnccrreeaasseedd,,  [[2266]]--[[2288]]..  
OOtthheerr  ssttuuddiieess  oobbsseerrvveedd  aa  rreevveerrssee  ttrreenndd,,  [[2233]]  aanndd  [[2244]]..  TThhee  
eeffffeecctt  ooff  ssaallttss  iinn  ccaallccaarreeoouuss  ssooiillss  oonn  lloonngg  tteerrmm  ppeerrffoorrmmaannccee  ooff  
ssooiill  ssttaabbiilliizzeerrss  ssuucchh  aass  ((CCKKDD)),,  mmaayy  bbee  eelliimmiinnaatteedd  bbyy  uussiinngg  
aasspphhaalltt  ccooaattiinngg  aanndd  wwrraappppiinngg  tteecchhnniiqquueess,,  [[3300]]..    
AAss  ccaann  bbee  ccoonncclluuddeedd  ffrroomm  tthhee  pprreevviioouussllyy  pprreesseenntteedd  rreevviieeww  ooff  
rreesseeaarrcchh  wwoorrkk,,  oonnee  ooff  tthhee  cchhaalllleennggiinngg  pprroobblleemmss  tthhaatt  tthhee  
cceemmeenntt  iinndduussttrryy  ffaacceess  iiss  ttoo  eeiitthheerr  rreedduuccee  ((CCKKDD))  oorr  ttoo  eexxpplloorree  
aaddddiittiioonnaall  wwaayyss  ffoorr  bbeenneeffiicciiaall  uusseess  ooff  tthhee  bbyy--pprroodduucctt..  TThhee  
rreellaattiivveellyy  hhiigghh  lliimmee,,  aallkkaalliinnee  ccoonntteenntt  aanndd  hhiigghh  ffiinneesssseess  ooff  
((CCKKDD))  mmaakkee  iitt  aa  ppootteennttiiaall  ccaannddiiddaattee  ffoorr  ssttaabbiilliizziinngg  ssooiillss..  IInn  
EEggyyppttiiaann  cceemmeenntt  mmaannuuffaaccttuurriinngg  ppllaannttss  tthhee  mmaaiinn  pprroodduuccttiioonn  
rraattee  ooff  ((CCKKDD))  iiss  nneeaarrllyy  22%%  ooff  tthhee  aammoouunntt  ooff  pprroodduucceedd  
cceemmeenntt..  TThhiiss  rreellaattiivveellyy  hhiigghh  ((CCKKDD))  pprroodduuccttiioonn  rraattee  mmoottiivvaatteedd  
tthhee  rreesseeaarrcchheerr  ttoo  eexxaammiinnee  tthhee  eeffffeeccttiivveenneessss  ooff  uussiinngg  ((CCKKDD))  iinn  
ssttaabbiilliizziinngg  ssllooppeess  wwiitthh  aa  ccoovveerriinngg  llaayyeerr  ooff  ((CCKKDD))  ssaanndd  
mmiixxttuurree..  
  

ABSTRACT 
 

Cement kiln dust, CKD is a by-product produced at relatively high rates at cement manufacturing plants. In many 
Egyptian cement plants CKD is completely land filled at nearby valleys causing economical and environmental 
problems. AA  nnuummeerriiccaall  pprroottoottyyppee  ddiimmeennssiioonnss  mmooddeell  hhaass  bbeeeenn  eexxppeerriimmeennttaallllyy  vveerriiffiieedd  aanndd  iinnvveessttiiggaatteedd  ttoo  eexxaammiinnee  tthhee  
eeffffeeccttiivveenneessss  ooff  ssttaabbiilliizziinngg  ssaanndd  ssllooppeess  bbyy  aa  ssuurrffaaccee  llaayyeerr  ooff  ssaanndd--((CCKKDD))  mmiixxttuurree..  IItt  wwaass  ccoonncclluuddeedd  tthhaatt  aaddddiittiioonn  ooff  
((CCKKDD))  ttoo  ssaanndd  iimmpprroovveess  ccoommppaaccttiioonn  pprrooppeerrttiieess,,  ccoommpprreessssiivvee  ssttrreennggtthh  aanndd  sshheeaarr  ssttrreennggtthh..  AA  nnuummeerriiccaall  pprroottoottyyppee  
ddiimmeennssiioonnss  mmooddeell  hhaass  bbeeeenn  eexxppeerriimmeennttaallllyy  vveerriiffiieedd  aanndd  iinnvveessttiiggaatteedd  ttoo  eexxaammiinnee  tthhee  eeffffeeccttiivveenneessss  ooff  ssttaabbiilliizziinngg  ssaanndd  
ssllooppeess  bbyy  aa  ssuurrffaaccee  llaayyeerr  ooff  ssaanndd--((CCKKDD))  mmiixxttuurree..  IItt  wwaass  ccoonncclluuddeedd  tthhaatt  ccoovveerriinngg  tthhee  ssaanndd  ssllooppee  wwiitthh  aa  llaayyeerr  ooff  
ssaanndd--((CCKKDD))  mmiixxttuurree  eeffffeeccttiivveellyy  iimmpprroovveess  tthhee  ccaarrrryyiinngg  ccaappaacciittyy  ooff  ssttrriipp  ffoooottiinngg  llooaaddiinngg  oonn  ssllooppee  ccrruusstt  lleevveell..  TThhee  
iimmpprroovveemmeenntt  iinnccrreeaasseess  wwiitthh  iinnccrreeaassee  ooff  ((CCKKDD))  aaddddiittiioonn  rraattiioo  aanndd  ssooiill  ddeennssiittyy..   
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2. MATERIALS AND EQUIPMENTS 

2.1 Sand  
WWaasshheedd,,  aaiirr  ddrriieedd  ssiilliicceeoouuss  yyeellllooww  ssaanndd  wwaass  uusseedd  iinn  tthhee  
mmooddeell  tteesstt..  TThhee  ssaanndd  wwaass  ssiieevveedd  tthhrroouugghh  ssiieevvee  NNoo..44  wwiitthh  
ooppeenniinngg  ssiizzee  ooff  44..7755  mmmm..  TThhee  ssppeecciiffiicc  ggrraavviittyy  ooff  ssooiill  ppaarrttiicclleess  
wwaass  ddeetteerrmmiinneedd  bbyy  tthhee  ggaass  jjaarr  mmeetthhoodd..  TThhee  mmaaiinn  vvaalluuee  
ddeetteerrmmiinneedd  ffrroomm  33  tteessttss  wwaass  22..6666..  TThhee  mmaaxxiimmuumm  aanndd  
mmiinniimmuumm  ddrryy  uunniitt  wweeiigghhtt  ooff  tthhee  ssaanndd  wwaass  1188..2222  aanndd  1155..4455  
kkNN//mm33,,  rreessppeeccttiivveellyy..  TThhee  ggrraaiinn  ssiizzee  ddiissttrriibbuuttiioonn  wwaass  
ddeetteerrmmiinneedd  uussiinngg  ddrryy  ssiieevvee  mmeetthhoodd  aanndd  tthhee  rreessuullttss  aarree  sshhoowwnn  
iinn  FFiigg  11..  FFrroomm  tthhee  ggrraaiinn  ssiizzee  ccuurrvvee  iitt  wwaass  ccoonncclluuddeedd  tthhaatt,,  DD1100 ,,  
DD3300   aanndd  DD6600  wweerree  00..33,,  00..66  aanndd  11..00  mmmm..  UUnniiffoorrmmiittyy  
ccooeeffffiicciieenntt,,  CCuu  aanndd  ccooeeffffiicciieenntt  ooff  ccuurrvvaattuurree,,  CCcc  wweerree  33..33  aanndd  
11..1144,,  rreessppeeccttiivveellyy..    
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FFiigg..11  PPaarrttiiccllee  ssiizzee  ddiissttrriibbuuttiioonn  ooff  ssaanndd..  

TThhee  ssaanndd  ccaann  bbee  ddeessccrriibbeedd  aass  ccoouurrssee  ttoo  mmeeddiiuumm  ssaanndd  aanndd  
aaccccoorrddiinngg  ttoo  uunniiffiieedd  ssooiill  ccllaassssiiffiiccaattiioonn  ssyysstteemm  ssaanndd  ccaann  bbee  
ccllaassssiiffiieedd  aass  ((SSWW))..  TThhee  sshheeaarr  ssttrreennggtthh  ppaarraammeetteerrss  ooff  ssaanndd  
wweerree  ddeetteerrmmiinneedd  bbyy  ddrraaiinneedd  ttrriiaaxxiiaall  ccoommpprreessssiioonn  tteesstt  wwiitthh  
tthhrreeee  ddiiffffeerreenntt  ccoonnffiinniinngg  pprreessssuurreess  uunnddeerr  vveerrttiiccaall  mmoovveemmeenntt  
rraattee  ooff  11  mm  mm//mmiinn..  TTaabbllee  11  iilllluussttrraatteess  uunniitt  wweeiigghhtt,,  ssttrraaiinn  aanndd  
sshheeaarr  ssttrreennggtthh  ppaarraammeetteerrss  ooff  ssaanndd  ccoommppaacctteedd  ttoo  ddiiffffeerreenntt  
rreellaattiivvee  ddeennssiittiieess  ooff  6600,,  7700  aanndd  8822%%. 

2.2 Cement kiln dust 
TTaabbllee  22  iilllluussttrraatteess  rraattiiooss  ooff  ooxxiiddeess  ccoommppoossiittiioonn  ooff  CCKKDD  
ccoolllleecctteedd  aalloonngg  aa  pprroodduuccttiioonn  ddaayy  aatt  ""CCEEMMAAXX""  CCeemmeenntt  
pprroodduuccttiioonn  ccoommppaannyy,,  AAssssuuiitt,,  EEggyypptt..  AAss  ccaann  bbee  iinnddiiccaatteedd  ffrroomm  
tthhee  ttaabbllee  ((CCKKDD))  hhaass  rreellaattiivveellyy  hhiigghh  ffrreeee  lliimmee  ooxxiiddee  ((CCaaOO))  ooff  
4411..5577%%  aanndd  ssuullpphhaattee  ooxxiiddee  ((SSOO33 ))  ooff  1188..0088%%..  TThhuuss  tthhee  
pprroodduuccttiioonn  ooff  cceemmeennttiioouuss  ccoommppoouunnddss  oonn  hhyyddrraattiioonn  ooff  ((CCKKDD))  
wwaass  eexxppeecctteedd..  AA  ffrreesshh  ssaammppllee  ooff  ((CCKKDD))  wwaass  ppuutt  iinn  aa  ppllaassttiicc  
bboogg  aanndd  bbrroouugghhtt  ttoo  tthhee  ggeeootteecchhnniiccaall  llaabboorraattoorryy..  CCrraaiinn  ssiizzee  

ddiissttrriibbuuttiioonn  aannaallyyssiiss  wwaass  ccaarrrriieedd  oouutt  oonn  tthhee  ssaammppllee..  FFrroomm  tthhiiss  
aannaallyyssiiss  iitt  ccaann  bbee  ccoonncclluuddeedd  tthhaatt,,  eeffffeeccttiivvee  ddiiaammeetteerr  DD1100==44..00  
MMmm..  DD3300==77..00MMmm,,  DD6600==88..00  MMmm,,  UUnniiffoorrmmiittyy  ccooeeffffiicciieenntt  
CCuu==22..00  aanndd  ccooeeffffiicciieenntt  ooff  ggrraadduuaattiioonn  CCcc==11..5533..  

TTaabbllee  ((11))  PPhhyyssiiccaall  pprrooppeerrttiieess  ooff  ssaanndd  
  RReellaattiivvee  ddeennssiittyy  
PPaarraammeetteerr  6600%%  7700%%  8800%%  
UUnniitt  wweeiigghhtt  
γγ  ((kkNN//mm33))  

1177  1177..44  1177..99  

YYoouunnggss''  mmoodduulluuss  
EE  ((kkNN//mm22))  

88000000  1100000000  1122000000  

PPooiissssoonnss''  rraattiioo  υυ  00..3355  00..33  00..2277  
FFrriiccttiioonn  aannggllee  φφ  ((οο))  3366  3377  4411  

TTaabbllee  ((22))  OOxxiiddeess  ccoommppoossiittiioonn  ooff  tteesstteedd  ((CCKKDD))  

OOxxiiddee  
MMeeaann  rraattiioo  %%  

SSiiOO22  1100..1122  
AAll22 OO33  22..00  
FFee22 OO33  44..0033  
CCaaOO  4411..5577  
MMggOO  00..5577  
SSOO33  1188..0088  
NNaaOO  22..5511  
KK22 OO  77..9944  
CCll  77..1199  
LLOOII  55..2266  
  
22..33  SSaanndd--((CCKKDD))  mmiixxttuurree  

22..33..11  CCoommppaaccttiioonn  pprrooppeerrttiieess  ooff  mmiixxttuurree  

SSttaannddaarrdd  ccoommppaaccttiioonn  tteessttss  wweerree  ccaarrrriieedd  oouutt  ttoo  ddeetteerrmmiinnee  
ccoommppaaccttiioonn  pprrooppeerrttiieess  ooff  ssaanndd--((CCKKDD))  mmiixxttuurree..  FFiigg..  22  
iilllluussttrraatteess  tthhee  rreellaattiioonn  bbeettwweeeenn  mmooiissttuurree  ccoonntteenntt  aanndd  ddrryy  
ddeennssiittyy  ooff  ppuurree  ssaanndd  aanndd  ssaanndd--((CCKKDD))  mmiixxttuurree  ffoorr  ddiiffffeerreenntt  
aaddddiittiioonn  rraattiiooss  ooff  1100,,  2200  aanndd  3300%%..  TThhee  ooppttiimmuumm  mmooiissttuurree  
ccoonntteenntt  ((OOMMCC))  ccaann  bbee  oobbsseerrvveedd  ttoo  iinnccrreeaassee  aallmmoosstt  lliinneeaarrllyy  
wwiitthh  tthhee  iinnccrreeaassee  ooff  ((CCKKDD))  rraattiioo..  TThhee  rreeccoorrddeedd  vvaalluueess  aarree  77..77,,  
99,,  1100..55  aanndd  1111..55%%  ffoorr  ppuurree  ssaanndd,,  ((CCKKDD))  rraattiiooss  ooff  1100,,  2200  aanndd  
3300%%,,  rreessppeeccttiivveellyy..  TThhee  mmaaxxiimmuumm  ddrryy  ddeennssiittiieess  ((MMDDUUWW))  
ccoorrrreessppoonnddiinngg  ttoo  ((CCKKDD))  aaddddiittiioonn  rraattiiooss  aarree  1199..3322,,  1199..5566  aanndd  
1188..88  kkNN//mm33,,  rreessppeeccttiivveellyy..  CCoommppaarriinngg  tthhee  mmaaxxiimmuumm  ddrryy  
ddeennssiittyy  ooff  mmiixxttuurreess  aanndd  tthhaatt  ooff    ppuurree  ssaanndd  aann  iinnccrreeaassee  iinn  
mmaaxxiimmuumm  ddrryy  ddeennssiittyy  ooff    1100,,  1111..66  aanndd  77..66%%  ccoommppaarreedd  ttoo  ppuurree  
ssaanndd  ccaassee  ffoorr  1100,,  2200  aanndd  3300  aaddddiittiioonn  rraattiiooss,,  rreessppeeccttiivveellyy..  TThhiiss  
ggeenneerraall  ttrreenndd  ooff  tthhee  vvaarriiaattiioonn  ooff  ((OOMMCC))  aanndd  ((MMDDUUWW))  wwiitthh  
iinnccrreeaassee  ooff  ((CCKKDD))  rraattiioo  aaggrreeeess  wwiitthh  pprreevviioouuss  rreesseeaarrcchh  wwoorrkk  
aass  iinn  [[2266]]  --  [[2288]]..  

22..33..22  CCoommpprreessssiivvee  SSttrreennggtthh::  

SSaanndd--((CCKKDD))  mmiixxttuurree  wwaass  ccoommppaacctteedd  aatt  mmaaxxiimmuumm  ddrryy  
ddeennssiittyy  iinn  ccuubbeess  110000xx110000xx110000  mmmm  ttoo  mmeeaassuurree  ccoommpprreessssiivvee  
ssttrreennggtthh  ooff  ccuubbeess  wwiitthh  vvaarryyiinngg  ((CCKKDD))  rraattiiooss  aanndd  ccaarriinngg  ttiimmee  
ooff  33,,  77,,  1144,,  2288  aanndd  5566  ddaayy..  DDiiffffeerreenntt  mmiixxeess  MMiixx  ((11)),,  MMiixx((22))  
aanndd  MMiixx  ((33))  wwiitthh  ((CCKKDD))  rraattiioo  ooff  1100,,  2200  aanndd  3300%%  wweerree  
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iinnvveessttiiggaatteedd..  FFiigg..33  iilllluussttrraatteess  tthhee  aavveerraaggee  vvaalluuee  ooff  
ccoommpprreessssiivvee  ssttrreennggtthh  ooff  tthhrreeee  ssppeecciimmeennss  pprreeppaarreedd  ooff  ddiiffffeerreenntt  
((CCKKDD))  rraattiiooss,,  aanndd  ccuurriinngg  ttiimmee..  IItt    ccaann  bbee  oobbsseerrvveedd  tthhaatt  
iinnccrreeaassiinngg  ((CCKKDD))  rraattiioo  uupp  ttoo  2200  aanndd  3300%%  rreessuullttss  iinn  iinnccrreeaassiinngg  
ccoommpprreessssiivvee  ssttrreennggtthh  ooff  mmiixxttuurree  bbyy  1166  aanndd  4422%%  aass  tthhee  
ccoorrrreessppoonnddiinngg  vvaalluuee  rreeccoorrddeedd  wwiitthh  ((CCKKDD))  rraattiioo  ooff  1100%%..  IItt    

  
FFiigg..  22  RReellaattiioonn  bbeettwweeeenn  mmooiissttuurree  ccoonntteenntt  aanndd  ddrryy  ddeennssiittyy  ffoorr  
ddiiffffeerreenntt  ((CCKKDD))  rraattiiooss  ooff  1100,,  2200  aanndd  3300%%..  

  
FFiigg..  33  RReellaattiioonn  bbeettwweeeenn  ccuurriinngg  ttiimmee  aanndd  ccoommpprreessssiivvee  ssttrreennggtthh  
ooff  ssaanndd--((CCKKDD))  mmiixxttuurree  ooff  ddiiffffeerreenntt  aaddddiittiioonn  rraattiiooss  ooff  1100,,  2200  
aanndd  3300%%..  

ccaann  bbee  oobbsseerrvveedd  tthhaatt  tthhee  ccoommpprreessssiivvee  ssttrreennggtthh  ooff  mmiixxttuurree  
iinnccrreeaasseess  aass  ccuurriinngg  ttiimmee  iinnccrreeaasseess  wwiitthh  aa  rreellaattiivveellyy  hhiigghh  rraattee  
uupp  ttoo  2288  ddaayyss..  TThhee  iinnccrreeaassiinngg  rraattiiooss  wweerree  3300,,  7722  aanndd  111144%%  ffoorr  
ccuurriinngg  ttiimmee  ooff  77,,  1144  aanndd  2288  ddaayyss,,  rreessppeeccttiivveellyy  ccoommppaarreedd  ttoo  tthhee  
ccoorrrreessppoonnddiinngg  vvaalluuee  aatt  33  ddaayyss  ffoorr  ddiiffffeerreenntt  ((CCKKDD))  rraattiiooss  ooff  

1100,,  2200  aanndd  3300%%..  FFoorr  aa  llaarrggeerr  ccuurriinngg  ppeerriioodd  uupp  ttoo  5566  ddaayyss  tthhee  
rreeccoorrddeedd  ccoommpprreessssiivvee  ssttrreennggtthh  wwaass  22..77%%  oonnllyy  ooff  tthhee  
ccoorrrreessppoonnddiinngg  vvaalluuee  aatt  2288  ddaayyss  ffoorr  ddiiffffeerreenntt  ((CCKKDD))  rraattiiooss..  

22..33..33  SShheeaarr  SSttrreennggtthh  aanndd  SSttrreessss  SSttrraaiinn  ppaarraammeetteerrss::  

DDrraaiinneedd  ttrriiaaxxiiaall  tteesstt  wwaass  ccaarrrriieedd  oouutt  oonn  ddiiffffeerreenntt  aaddoopptteedd  
mmiixxttuurreess  MMiixx  ((11)),,  MMiixx((22))  aanndd  MMiixx  ((33))  ttoo  ddeetteerrmmiinnee  ssttrreessss  
ssttrraaiinn  ppaarraammeetteerrss..  DDiirreecctt  sshheeaarr  tteesstt  wwaass  aallssoo  ccaarrrriieedd  oouutt  oonn  
mmiixxttuurreess  ttoo  ddeetteerrmmiinnee  sshheeaarr  ssttrreennggtthh  ppaarraammeetteerrss..  TTaabbllee  ((33))  
iilllluussttrraatteess  mmeeaassuurreedd  ppaarraammeetteerrss  ooff  ddiiffffeerreenntt  mmiixxttuurreess..  

TTaabbllee  ((33))  ssttrreessss  ––  ssttrraaiinn  aanndd  sshheeaarr  ppaarraammeetteerrss  ooff  ddiiffffeerreenntt  
mmiixxttuurreess::  

PPaarraammeetteerr  MMiixx  ((11))  
((CCKKDD))1100%%  

MMiixx  ((22))  
((CCKKDD))2200%%  

MMiixx  ((33))  
((CCKKDD))3300%%  

UUnniitt  wweeiigghhtt  
&&  ((KKNN//mm33))  

1199..33  1199..66  1188..88  

YYoouunngg''ss  
mmoodduulluuss  EE  
((KKNN//mm22))  

3311000000  4400000000  5522000000  

PPaassssiioonnss  
rraattiioo  

00..2266  00..2244  00..2222  

FFrriiccttiioonn  
aannggllee    ((°°))  

2266  2200  1199  

CCoohheessiioonn  CC  
((KKNN//mm22))  

88  2255  4400  

22..44  SSaanndd  CCoonnttaaiinneerr    

TThhee  ssaanndd  ccoonnttaaiinneerr  mmoouunntteedd  uunnddeerr  tthhee  llooaaddiinngg  ffrraammee  iiss  
iilllluussttrraatteedd  iinn  FFiigg..  44..TThhee  ttaannkk  ddiimmeennssiioonnss  aarree  550000  **  11220000mmmm  
wwiitthh  aa  ddeepptthh  ooff  11000000mmmm..  OOnnee  ssiiddee  ooff  tthhee  ttaannkk  iiss  mmaaddee  ooff  
PPeerrssppeexx  1100mmmm  iinn  tthhiicckknneessss,,  wwhhiillee  tthhee  ootthheerr  tthhrreeee  ssiiddeess  
ttooggeetthheerr  wwiitthh  tthhee  bbaassee  mmaaddee  ffrroomm  sstteeeell  sshheeeettss  33mmmm  iinn  
tthhiicckknneessss..  TThhee  sstteeeell  sshheeeettss  wweerree  ssttiiffffeenneedd  bbyy  sstteeeell  aanngglleess..  AA  
mmaannuuaall  llooaaddiinngg  ssccrreeww  jjaacckk  wwaass  uusseedd  ttoo  aappppllyy  vveerrttiiccaall  llooaadd  ttoo  
tthhee  ssttrriipp  mmooddeell  ffoooottiinngg  110000mmmm  iinn  wwiiddtthh,,  5500mmmm  ddeepptthh  aanndd  
550000mmmm  iinn  lleennggtthh  hhoollllooww  sstteeeell  sseeccttiioonn  wwaass  uusseedd..  TThhee  llooaadd  wwaass  
aapppplliieedd  aatt  ttwwoo  ppooiinnttss  sseeppaarraatteedd  bbyy  225500mmmm..  TThhee  bboottttoomm  aanndd  
ssiiddeess  ooff  tthhee  ffoooottiinngg  wwaass  ccoovveerreedd  bbyy  aa  ssaanndd  ppaappeerr  ttoo  mmoobbiilliizzee  
ssuuffffiicciieennttllyy  tthhee  iinntteerrffaaccee  bbeettwweeeenn  ffoooottiinngg  aanndd  ssaanndd..  TThhee  
mmaannuuaall  ssccrreeww  jjaacckk  wwaass  mmoouunntteedd  ttoo  tthhee  bboottttoomm  ffllaannggee  ooff  tthhee  
llooaaddiinngg  ffrraammee  wwhhiicchh  wwaass  ffaabbrriiccaatteedd  ffrroomm  aa  sstteeeell  bbeeaamm  ((BBFFIIBB  
NNoo..2200))..  

33..00  EEXXPPEERRIIMMEENNTTAALL  PPRROOCCEEDDUURREESS  AANNDD  TTEESSTTIINNGG  
PPRROOGGRRAAMM    

TToo  eexxaammiinnee  tthhee  eeffffeeccttiivveenneessss  eennhhaanncciinngg  ssttaabbiilliittyy  ooff  ssaanndd  
ssllooppeess  bbyy  aa  ccoovveerriinngg  llaayyeerr  ooff  ssaanndd--((CCKKDD))  mmiixxttuurree  tthhee  
ffoolllloowwiinngg  eexxppeerriimmeennttaall  tteessttiinngg  pprrooggrraamm  wwaass  aaddoopptteedd..  FFiigg  55  
iilllluussttrraatteess  ssttrriipp  ffoooottiinngg  ssllooppee  ssyysstteemm  iinn  tthhee  ppllaaiinn  ssttrraaiinn  
eexxppeerriimmeennttaall  mmooddeell  bbeeffoorree  aanndd  aafftteerr  iimmpprroovveemmeenntt  wwiitthh  aa  
ccoovveerriinngg  ssaanndd--((CCKKDD))  mmiixxttuurree  llaayyeerr..  TThhee  ppaarraammeetteerrss  aaddoopptteedd  
ffoorr  tthhee  tteessttiinngg  pprrooggrraamm  aarree::  
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FFiigg..  44  SSaanndd  ccoonnttaaiinneerr  mmoouunntteedd  uunnddeerr  llooaaddiinngg  ffrraammee  

ii..  rreellaattiivvee  ddeennssiittyy  ooff  ssaanndd  ((DDrr))==6600,,  7700  aanndd  8822%%..  
iiii..  aaddddiittiioonn  rraattiiooss  ooff  ((CCKKDD))  iinn  ssaanndd--((CCKKDD))  mmiixxttuurree  

ooff  1100,,  2200  aanndd  3300%%..  
iiiiii..  ddiissttaannccee  ooff  ssttrriipp  ffoooottiinngg  ffrroomm  ssllooppee  bb//BB  ==  00,,  11  aanndd  

22..  

  

aa--  BBeeffoorree  iimmpprroovveemmeenntt  

  
bb--  AAfftteerr    iimmpprroovveemmeenntt  

FFiigg..  55  SSttrriipp  ffoooottiinngg  ssllooppee  ssyysstteemm  bbeeffoorree  aanndd  aafftteerr  
iimmpprroovveemmeenntt  wwiitthh  ssaanndd--((CCKKDD))  mmiixxttuurree  llaayyeerr..  

44..00  FFIINNIITTEE  EELLEEMMEENNTT  AANNAALLYYSSIISS::  

44..11  CCoonnddiittiioonnss  aannaallyyzzeedd::  

AA  sseerriieess  ooff  ttwwoo  ddiimmeennssiioonnaall  ffiinniittee  eelleemmeenntt  aannaallyyssiiss  ((FFEEAA))  ooff  
ffoooottiinngg  ssllooppee  ssyysstteemm  mmooddeell  wweerree  ppeerrffoorrmmeedd  oonn  tthhee  ssaanndd  ssllooppee  
mmooddeell  bbeeffoorree  aanndd  aafftteerr  aaddddiinngg  tthhee  ccoovveerriinngg  ssttaabbiilliizziinngg  ((CCKKDD))  
ssaanndd  mmiixxttuurree..  TThhee  ((FFEEAA))  wwiillll  sseerrvvee  ttoo  aasssseessss  tthhee  llaabboorraattoorryy  
mmooddeell  tteessttss  aanndd  ffiinndd  oouutt  ddeeffoorrmmaattiioonn  ttrreennddss  oonn  ssooiill  bbooddyy..  
FFiinniittee  eelleemmeenntt  ccooddee  ffoorr  ssooiill  aanndd  rroocckk  aannaallyyssiiss  ppllaaxxiiss  [[2299]]  
ccoommppuutteerr  ssoofftt  wwaarree  wwaass  uusseedd  iinn  tthhee  aannaallyyssiiss..  TThhee  iinniittiiaall  
ccoonnddiittiioonnss  iinncclluuddee  iinniittiiaall  ggrroouunndd  wwaatteerr  ccoonnddiittiioonnss,,  iinniittiiaall  
ggeeoommeettrryy  ccoonnffiigguurraattiioonn  aanndd  iinniittiiaall  eeffffeeccttiivvee  ssttrreessss  ssttaattee..  AAss  
tthhee  ssaanndd  uusseedd  iinn  tthhee  llaabboorraattoorryy  mmooddeell  wwaass  ddrryy  tthhee  ggrroouunndd  
wwaatteerr  ttaabbllee  wwaass  cchhoosseenn  ttoo  bbee  aatt  tthhee  bboottttoomm  lleevveell  ooff  tthhee  mmooddeell  
aass  tthhee  ddeeffaauulltt  ooff  tthhee  pprrooggrraamm  ffoorr  ddrryy  ssooiill  ccoonnddiittiioonn..  TThhee  iinniittiiaall  
ssttrreessss  ccoonnddiittiioonn  ooff  tthhee  ssllooppee  wwaass  ffiirrsstt  ggeenneerraatteedd  bbyy  aappppllyyiinngg  
tthhee  ggrraavviittyy  ffoorrccee  dduuee  ttoo  ssooiill  wweeiigghhtt..  

44..22  FFiinniittee  eelleemmeenntt  mmooddeelliinngg::  

TThhee  ssooffttwwaarree  pprrooggrraamm  eennaabblleess  aauuttoommaattiicc  ggeenneerraattiioonn  ooff  1155  
mmooddee  ttrriiaannggllee  ppllaaiinn  ssttrraaiinn  eelleemmeennttss  ffoorr  tthhee  ssooiill  aanndd  tthhee  
ffoooottiinngg..  DDiissppllaacceemmeennttss  aarree  pprreesseenntteedd  iinn  tthhee  ffoorrmm  ooff  aa  ffoouurrtthh  
oorrddeerr  iinntteerrppoollaattiioonn  ffuunnccttiioonn..  TThhee  eelleemmeenntt  ssttiiffffnneessss  mmaattrriixx  iiss  
eevvaalluuaatteedd  bbyy  nnuummeerriiccaall  ttiittrraattiioonn  uussiinngg  ttwweellvvee  ssttrreessss  ppooiinnttss..  
TThhee  nnoonnlliinneeaarr  MMoohhrr  CCoolluummnn  ccrriitteerriiaa  wweerree  aaddoopptteedd  ttoo  mmooddeell  
tthhee  ssooiill..  TThhee  ggeeoommeettrryy  ooff  ttyyppiiccaall  ffiinniittee  eelleemmeenntt  mmooddeell  
vveerriiffiieedd  ffoorr  tthhee  aannaallyyssiiss  iiss  sshhoowwnn  iinn  FFiigg..66..  TThhee  ppaarraammeetteerrss  
uusseedd  iinn  tthhee  ((FFEEAA))  wweerree  ddeetteerrmmiinneedd  ffrroomm  eexxppeerriimmeennttaall  tteessttss  
ccaarrrriieedd  oonn  ssaanndd  aanndd))  ssaanndd--((CCKKDD))  mmiixxttuurree  aass  pprreevviioouussllyy  
pprreesseenntteedd..  DDiiffffeerreenntt  ffiinniittee  eelleemmeenntt  mmeesshh  ccooaarrsseenneessss  wweerree  
iinnvveessttiiggaatteedd  ttoo  ddeecciiddee  wwhhiicchh  ttoo  ggiivvee  tthhee  rreessuullttss  mmoosstt  cclloossee  ttoo  
tthhee  eexxppeerriimmeennttaall  mmooddeell..    

  

FFiigg..  66  GGeeoommeettrryy  ooff  ffiinniittee  eelleemmeenntt  mmooddeell  vveerriiffiieedd  ffoorr  tthhee  
aannaallyyssiiss..  

AA  rreeffiinneedd  mmeesshh  wwaass  aaddoopptteedd  ttoo  eelliimmiinnaattee  tthhee  mmeesshh  ccooaarrsseenneessss  
ddeeppeennddeennccyy  ooff  tthhee  ffiinniittee  eelleemmeenntt  mmooddeelliinngg  ffoorr  ccaasseess  ooff  
uunnssttaabbiilliizzeedd  aanndd  ssttaabbiilliizzeedd  ssllooppeess..  SSiinnccee  tthhee  ggrroouunndd  ssuurrffaaccee  ooff  
tthhee  ssllooppee  iiss  nnoott  hhoorriizzoonnttaall..  AA  pprreeddiisscceerriibbeedd  ffoooottiinngg  llooaadd  wwaass  
tthheenn  aapppplliieedd  iinn  iinnccrreemmeennttss  wwiitthh  iitteerraattiivvee  aannaallyyssiiss  uupp  ttoo  
ffaaiilluurree..  TToo  mmooddeell  tthhee  bboouunnddaarryy  ccoonnddiittiioonnss  ooff  tthhee  
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eexxppeerriimmeennttaall  tteessttiinngg  pprrooggrraamm,,  tthhee  vveerrttiiccaall  bboouunnddaarryy  iiss  ffrreeee  
vveerrttiiccaallllyy  aanndd  ccoonnssttrraaiinneedd  hhoorriizzoonnttaallllyy  wwhhiillee  tthhee  bboottttoomm  
bboouunnddaarryy  iiss  ffuullllyy  ffiixxeedd..  AAfftteerr  ccoommppaarriinngg  tthhee  rreessuullttss  ooff  tthhee  
eexxppeerriimmeennttaall  mmooddeell  aanndd  tthhee  ((FFEEAA))  ssttuuddyy  oonn  mmooddeell  ssccaallee,,  tthhee  
ccoommppuutteerr  pprrooggrraamm  ssoofftt  wwaarree  PPLLAAXXIISS  wwaass  uusseedd  ttoo  iinnvveessttiiggaattee  
tthhee  aaffffeeccttiioonn  ooff  sseelleecctteedd  ppaarraammeetteerrss  oonn  pprroottoottyyppee  ssccaallee  
nnuummeerriiccaall  mmooddeell..  

55..00  RREESSUULLTTSS  AANNDD  DDIISSCCUUSSSSIIOONN::  

55..11  VVeerriiffiiccaattiioonn  ooff  nnuummeerriiccaall  mmooddeell::  

BBeeaarriinngg  ccaappaacciittyy  sseettttlleemmeenntt  ccuurrvveess  wweerree  sskkeettcchheedd  ffoorr  
ddiiffffeerreenntt  ((bb//BB))  rraattiiooss  aanndd  ddiiffffeerreenntt  ssooiill  rreellaattiivvee  ddeennssiittiieess  ffoorr  
eexxppeerriimmeennttaall  aanndd  nnuummeerriiccaall  mmooddeellss..  FFiigg..  77  iilllluussttrraatteess  bbeeaarriinngg  
ccaappaacciittyy  sseettttlleemmeenntt  ccuurrvveess  ffoorr  ((bb//BB==11..00))  ffoorr  mmeeddiiuumm  ssooiill  
ddeennssiittyy  ssooiill  aass  aann  eexxaammppllee  ttoo  eexxaammiinnee  tthhee  aaddoopptteedd  nnuummeerriiccaall  
mmooddeelliinngg..    
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FFiigg..  77  BBeeaarriinngg  ccaappaacciittyy  sseettttlleemmeenntt  rreellaattiioonn  ffoorr  mmeeddiiuumm  ssaanndd  
((bb//BB==  11))..    

AAss  ccaann  bbee  oobbsseerrvveedd  ffrroomm  tthhiiss  ffiigguurree  tthhee  bbeeaarriinngg  ccaappaacciittyy  
sseettttlleemmeenntt  ccaarrvveerrss  ffoorr  eexxccrreemmeennttaall  aannaallyyssiiss  ccaann  bbee  ddiivviiddeedd  ttoo  
tthhrreeee  ssttaaggeess..  TThhee  ffiirrsstt  ssttaaggee  iiss  aapppprrooxxiimmaatteellyy  aa  ssttrraaiigghhtt  lliinnee,,  
wwhheerree  tthhee  ssooiill  bbeehhaavviioorr  iiss  mmaaiinnllyy  eellaassttiicc..  TThhiiss  ssttaaggee  eennddss  aatt  
bbeeaarriinngg  ccaappaacciittyy  eeqquuaalliinngg  00..44  ooff  uullttiimmaattee  vvaalluuee  ((qquu))  aanndd  
sseettttlleemmeenntt  eeqquuaalliinngg  00..22  ooff  uullttiimmaattee  sseettttlleemmeenntt  ((SSuu))..  TThhee  
sseeccoonndd  ssttaaggee  iiss  ooff  aa  ccaarrvveedd  ttrreenndd  wwhheerree  ssooiill  ssttaarrttss  ttoo  ppllaassttiiffyy..  
IInn  tthhiiss  ssttaaggee  bbeeaarriinngg  ccaappaacciittyy  iinnccrreeaasseess  wwiitthh  tthhee  iinnccrreeaassee  ooff  
sseettttlleemmeenntt  uupp  ttoo  tthhee  uullttiimmaattee  llooaadd  aatt  wwhhiicchh  tthhee  ttaannggeenntt  ttoo  tthhee  
ccuurrvvee  bbeeccoommeess  hhoorriizzoonnttaall,,  tthhiiss  ccoorrrreessppoonnddss  ttoo  sseettttlleemmeenntt  
eeqquuaalliinngg  55%%  ooff  ffoooottiinngg  bbrreeaaddtthh..  IInn  tthhee  tthhiirrdd  ssttaaggee  llooaadd  
ddeeccrreeaasseess  rraappiiddllyy  iinn  aa  nnoonn  lliinneeaarr  ttrreenndd  wwiitthh  tthhee  iinnccrreeaassee  ooff  
sseettttlleemmeenntt  wwiitthh  aa  ppllaassttiicc  ssooiill  ppeerrffoorrmmaannccee..  TThhee  mmaarrkkeedd  ppeeaakk  
vvaalluuee  iinnddiiccaatteedd  wwiitthh  eexxppeerriimmeennttaall  ccuurrvveess  iinnddiiccaatteess  
ooccccuurrrreennccee  ooff  ggeenneerraall  sshheeaarr  ffaaiilluurree  ffoorr  ddiiffffeerreenntt  ssooiill  ddeennssiittiieess  
dduuee  ttoo  eexxiisstteennccee  ooff  ssllooppee..  TThhee  pprreevviioouussllyy  ddeessccrriibbeedd  ttrreenndd  wwaass  
iinn  ggoooodd  aaggrreeeemmeenntt  wwiitthh  tthhee  pprreevviioouuss  ssttuuddiieess,,  [[3300]],,  [[3311]]  aanndd  
[[3322]]..  CCuurrvveess  ccoorrrreessppoonnddiinngg  ttoo  nnuummeerriiccaall  iinnvveessttiiggaattiioonn  
rreefflleecctteedd  aa  cclloossee  ttrreenndd  ttoo  eexxppeerriimmeennttaall  ccuurrvveess  aatt  tthhee  iinniittiiaall  
ssttaaggee  wwiitthh  sslliigghhtt  iinnccrreeaassee  ooff  mmoodduulluuss  ooff  eellaassttiicciittyy  ooff  ssooiill..  
IInnssppiittee  ooff  tthhee  rreellaattiivvee  cclloossee  uullttiimmaattee  bbeeaarriinngg  ccaappaacciittyy  ooff  
eexxppeerriimmeennttaall  aanndd  nnuummeerriiccaall  ccaarrvveess  nnoo  mmaarrkkeedd  ppeeaakk  vvaalluuee  wwaass  

iinnddiiccaatteedd..  SSiimmiillaarr  ttrreennddss  hhaavvee  bbeeeenn  iinnddiiccaatteedd  ffoorr  ootthheerr  ccaasseess  
ooff  ((bb//BB))  ==  00  aanndd  22,,  hhoowweevveerr  ccuurrvveess  ccoorrrreessppoonnddiinngg  ttoo  ssuucchh  
ccaasseess  wwiillll  nnoott  bbee  pprreesseenntteedd  ffoorr  aabbbbrreevviiaattiioonn..  FFiigg..  88  iinnddiiccaatteess  
bbeeaarriinngg  ccaappaacciittyy  sseettttlleemmeenntt  ccuurrvveess  ffoorr  tthhee  ssttaabbiilliizzeedd  ssllooppee  
ccaassee  wwiitthh  ssaanndd--((CCKKDD))  mmiixxttuurree  ooff  1100%%  aaddddiittiioonn  rraattiioo  ooff  
mmeeddiiuumm  ssaanndd..    
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FFiigg..  77  BBeeaarriinngg  ccaappaacciittyy  sseettttlleemmeenntt  rreellaattiioonn  ffoorr  mmeeddiiuumm  ssaanndd  
((bb//BB==  11))  ffoorr  ssttaabbiilliizzeedd  ssllooppee  ccaassee  ((CCKKDD))  ==  1100%%..    

mmeeddiiuumm  aanndd  lloooossee  ssaanndd  ccaasseess,,  rreessppeeccttiivveellyy..  AAss  ccaann  bbee  
iinnddiiccaatteedd  ffrroomm  tthheessee  ffiigguurreess  ccuurrvveess  ccoorrrreessppoonnddiinngg  ffoorr  tthhee  
ssttaabbiilliizzeedd  ssllooppee  ccaassee  pprreesseerrvveedd  tthhee  ssaammee  ttrreenndd  ffoorr  bbootthh  
eexxppeerriimmeennttaall  aanndd  nnuummeerriiccaall  ccaasseess  aass  tthhaatt  ooff  uunnssttaabbiilliizzeedd  
ssllooppee..  TThhee  ssaammee  ttrreenndd  hhaass  bbeeeenn  aallssoo  oobbsseerrvveedd  wwiitthh  ootthheerr  ccaasseess  
iinncclluuddiinngg  ((bb//BB==  00..22))  aanndd  ddiiffffeerreenntt  ((CCKKDD))  aaddddiittiioonn  rraattiiooss  ooff  
1100  aanndd  3300%%..  TThhee  uullttiimmaattee  bbeeaarriinngg  ccaappaacciittyy  ooff  eexxppeerriimmeennttaall  
aannaallyyssiiss  oovveerreessttiimmaatteedd  tthhaatt  ooff  nnuummeerriiccaall  aannaallyyssiiss  bbyy  aavveerraaggee  
ppeerrcceennttaaggee  rraattiiooss  ooff  00..0055  aanndd  00..1155%%  ffoorr  uunnssttaabbiilliizzeedd  aanndd  
ssttaabbiilliizzeedd  ssllooppeess,,  rreessppeeccttiivveellyy..  HHeennccee,,  iitt  ccaann  bbee  ccoonncclluuddeedd  
tthhaatt  nnuummeerriiccaall  aannaallyyssiiss,,  wwiitthh  tthhee  aaddoopptteedd  mmeesshh  ccooaarrsseenneessss  
aanndd  ccoonnddiittiioonnss  rreessuullttss  iinn  aa  ffaaiirrllyy  ggoooodd  aaggrreeeemmeenntt  ooff  ssttrreessss  
ssttrraaiinn  bbeehhaavviioorr  ooff  ffoooottiinngg  rreessttiinngg  ssttaabbiilliizzeedd  aanndd  uunnssttaabbiilliizzeedd  
ssllooppee..  TThhiiss  aapppplliieess  aallssoo  ffoorr  tthhee  rreellaattiivveellyy  cclloossee  uullttiimmaattee  
bbeeaarriinngg  ccaappaacciittyy  vvaalluueess..  TThhee  ddeeffoorrmmeedd  ssooiill  pprrooffiillee  uunnddeerrnneeaatthh  
tthhee  ssttrriipp  ffoooottiinngg  aatt  ffaaiilluurree  iiss  iilllluussttrraatteedd  iinn  FFiigg..  99..    

55..22  PPrroottoottyyppee  ssccaallee  nnuummeerriiccaall  mmooddeell::  

FFiiggss..  1100,,  1111  aanndd  1122  iilllluussttrraattee  tthhee  rreellaattiioonn  bbeettwweeeenn  tthhee  bbeeaarriinngg  
ccaappaacciittyy  ooff  tthhee  ssttrriipp  ffoooottiinngg  aanndd  tthhee  aaddddiittiioonn  rraattiioo  ooff  tthhee  
((CCKKDD))  ssttaabbiilliizzeerr  wwiitthh  ddiiffffeerreenntt  ddeennssiittiieess  ooff  lloooossee,,  mmeeddiiuumm  
aanndd  ddeennssee  ssaanndd  ffoorr  rreellaattiivvee  ffoooottiinngg  ddiissttaannccee  ((bb//BB))  ooff    00,,  11  aanndd  
22  ,,  rreessppeeccttiivveellyy..  FFoorr  tthhee  ccaassee  ooff  tthhee  ssttrriipp  ffoooottiinngg  llooccaatteedd  aatt  tthhee  
ccrruusstt  ooff  ssllooppee,,  ssttaabbiilliizziinngg  tthhee  ssllooppee  ssuurrffaaccee  llaayyeerr  wwiitthh  ((CCKKDD))  
ooff  1100,,  2200  aanndd  3300%%  aaddddiittiioonn  rraattiioo  rreessuullttss  iinn  eennhhaanncciinngg  bbeeaarriinngg  
ccaappaacciittyy  bbyy  2222,,  4466  aanndd  6677%%,,  rreessppeeccttiivveellyy  ffoorr  ddeennssee  ssaanndd  ccaassee..  
FFoorr  mmeeddiiuumm  ssaanndd  tthhee  rreeccoorrddeedd  rraattiiooss  wweerree  2244,,  3344  aanndd  4488,,  
rreessppeeccttiivveellyy..    
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FFiigg..  99  DDeeffoorrmmeedd  sshhaappee  pprrooffiillee  ooff  ssooiill  uunnddeerr  tthhee  ffoooottiinngg  aatt  
ffaaiilluurree..  

  

FFiigg..  99  EEffffeecctt  ooff  ((CCKKDD))  aaddddiittiioonn  rraattiioo  oonn  bbeeaarriinngg  ccaappaacciittyy  ooff  
ffoooottiinngg  ffoorr  ddiiffffeerreenntt  ssooiill  ddeennssiittyy  ffoorr  ((bb//BB  ==00))..  

  

FFiigg..  1100  EEffffeecctt  ooff  ((CCKKDD))  aaddddiittiioonn  rraattiioo  oonn  bbeeaarriinngg  ccaappaacciittyy  ooff  
ffoooottiinngg  ffoorr  ddiiffffeerreenntt  ssooiill  ddeennssiittyy  ffoorr  ((bb//BB  ==  11))..  

  

FFiigg..  1111  EEffffeecctt  ooff  ((CCKKDD))  aaddddiittiioonn  rraattiioo  oonn  bbeeaarriinngg  ccaappaacciittyy  ooff  
ffoooottiinngg  ffoorr  ddiiffffeerreenntt  ssooiill  ddeennssiittyy  ffoorr  ((bb//BB  ==  22))..  

SSttaabbiilliizziinngg  tthhee  ssuurrffaaccee  llaayyeerr  ffoorr  tthhee  ccaassee  ooff  lloooossee  ssaanndd  
aappppeeaarreedd  ttoo  hhaavvee  aa  ssmmaalllleerr  eeffffeecctt  aass  tthhee  eennhhaanncceemmeenntt  rraattiiooss  
wweerree  2200,,  3300  aanndd  4400%%,,  rreessppeeccttiivveellyy..  SSlliigghhttllyy  hhiigghheerr  
eennhhaanncceemmeenntt  rraattiiooss  hhaavvee  bbeeeenn  oobbsseerrvveedd  wwiitthh  tthhee  ssttrriipp  ffoooottiinngg  
sshhiifftteedd  aawwaayy  ffrroomm  tthhee  ssllooppee  ccrruusstt,,  ((bb//BB==11))..  EEnnhhaanncceemmeenntt  
rraattiiooss  ffoorr  ddeennssee  ssaanndd  wweerree  3377,,  4477  aanndd  6699%%  ffoorr  1100,,  2200  aanndd  3300%%  
((CCKKDD))  aaddddiittiioonn  rraattiiooss,,  rreessppeeccttiivveellyy..  FFuurrtthheerr  sshhiiffttiinngg  ooff  tthhee  
ssttrriipp  ffoooottiinngg  ffrroomm  ssllooppee  ccrruusstt  ((bb//BB==22))  ddooeess  nnoott  rreessuulltt  iinn      
iinnccrreeaassiinngg  bbeeaarriinngg  ccaappaacciittyy  ccoommppaarreedd  ttoo  tthhee  mmoorree  cclloossee  ccaassee  
ooff  ((bb//BB==11..00))..  HHeennccee  iitt  mmaayy  bbee  ssttaatteedd  tthhaatt  tthhee  ssuuggggeesstteedd  
tteecchhnniiqquuee  aappppeeaarrss  ttoo  bbee  mmoorree  eeffffeeccttiivvee  iinn  eennhhaanncciinngg  tthhee  
ccaarrrryyiinngg  ccaappaacciittyy  ooff  ssttrriipp  ffoooottiinngg  ffoorr  tthhee  ccaassee  ooff  ffoooottiinngg  
ddiissttaannccee  ffrroomm  ccrruusstt  ooff  mmoorree  tthhaann  ffoooottiinngg  bbrreeaaddtthh..  SSlliigghhttllyy  
lloowweerr  eennhhaanncceemmeenntt  iinn  ccaarrrryyiinngg  ccaappaacciittyy  hhaass  bbeeeenn  rreeccoorrddeedd  aass  
tthhee  ffoooottiinngg  iiss  mmoorree  cclloossee  ttoo  tthhee  ssllooppee  ccrruusstt..  FFiiggss..  1122  aanndd  1133  
iinnddiiccaattee  ttoottaall  ddiissppllaacceemmeenntt  aatt  ffaaiilluurree  ooff  aa  ssllooppee  llooaaddeedd  wwiitthh  
ssttrriipp  ffoooottiinngg  bbeeffoorree  aanndd  aafftteerr  ssttaabbiilliizzaattiioonn  wwiitthh  ssaanndd--((CCKKDD))  
mmiixxttuurree,,  rreessppeeccttiivveellyy..  AAss  ccaann  bbee  iinnddiiccaatteedd  ffrroomm  tthheessee  ffiigguurreess  
tthhee  eennhhaanncceemmeenntt  ooff  ccaarrrryyiinngg  ccaappaacciittyy  ooff  aa  ssttrriipp  ffoooottiinngg  mmaayy  
bbee  aattttrriibbuutteedd  ttoo  tthhaatt  tthhee  ssttaabbiilliizzeedd  llaayyeerr  wwiitthh  rreellaattiivveellyy  hhiigghheerr  
uunniitt  wweeiigghhtt  aanndd  eennhhaanncceedd  eennggiinneeeerriinngg  pprrooppeerrttiieess  rreessuullttss  iinn  
ddiirreeccttiinngg  tthhee  llaatteerraall  ccoommppoonneenntt  ooff  tthhee  ffoouunnddaattiioonn  ssooiill  
sseettttlleemmeenntt  uunnddeerr  tthhee  ssttrriipp  ffoooottiinngg  ttoo  tthhee  ddoowwnnwwaarrdd  ddiirreeccttiioonn,,  
tthhee  mmaatttteerr  tthhaatt  rreessuullttss  iinn  nnoott  aaffffeeccttiinngg  tthhee  ssttaabbiilliittyy  ooff  tthhee  ssllooppee  
aanndd  hheennccee  iinnccrreeaassiinngg  tthhee  ccaarriinngg  ccaappaacciittyy  ooff  tthhee  ffoooottiinngg  
ccoommppaarreedd  ttoo  tthhee  uunnssttaabbiilliizzeedd  ssllooppee..  FFoorr  tthhee  rreellaattiivveellyy  cclloossee  
ssttrriipp  ffoooottiinngg  ttoo  tthhee  ssllooppee  ffoorr  tthhee  ffoouunnddaattiioonn  ssooiill  ttoo  ddeeffoorrmm  aanndd  
hheennccee  tthhee  ffoooottiinngg  ttoo  sseettttllee  ddoowwnn,,  tthhee  ddeeffoorrmmiinngg  ssooiill  hhaass  ttoo  lliifftt   
uupp  aanndd  ppuusshh  bbeessiiddee  tthhee  ssttaabbiilliizzeedd  ssooiill  llaayyeerr..  TThhee  rreellaattiivveellyy  
hhiigghh  uunniitt  wweeiigghhtt  ooff  ssttaabbiilliizzeedd  llaayyeerr  wwiillll  hheennccee  rreessiisstt  tthhee  
ddeeffoorrmmaattiioonn  ooff  ssooiill  aanndd  sseettttlleemmeenntt  ooff  ffoouunnddaattiioonn..    
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FFiigg..  ((1122))  DDeeffoorrmmeedd  nnuummeerriiccaall  ssooiill  pprrooffiillee  ooff  uunnssttaabbiilliizzeedd  
ssllooppee  ffoorr  ((bb//BB  ==11))..  

  

FFiigg..  ((1133))  DDeeffoorrmmeedd  nnuummeerriiccaall  ssooiill  pprrooffiillee  ooff  ((CCKKDD))  ssuurrffaaccee  
llaayyeerr  ssttaabbiilliizzeedd  ssllooppee  ffoorr  ((bb//BB  ==11))..  

66..00  CCOONNCCLLUUSSIIOONNSS  

CCeemmeenntt  KKiillnn  DDuusstt  ((CCKKDD))  iiss  oonnee  ooff  tthhee  bbyypprroodduuccttss  ooff  cceemmeenntt  
iinndduussttrryy  tthhaatt  iiss  pprroodduucceedd  iinn  rreellaattiivveellyy  llaarrggee  qquuaannttiittiieess..  IInn  
EEggyyppttiiaann  cceemmeenntt  mmaannuuffaaccttuurriinngg  ppllaannttss  tthhee  mmaaiinn  pprroodduuccttiioonn  
rraattee  ooff  ((CCKKDD))  iiss  nneeaarrllyy  22%%  ooff  tthhee  aammoouunntt  ooff  pprroodduucceedd  
cceemmeenntt..  TThhee  pprroodduucceedd  ((CCKKDD))  hhaass  hhiigghh  lliimmee,,  aallkkaalliinnee  ccoonntteenntt  
aanndd  hhiigghh  ffiinneesssseess  wwhhiicchh  mmaakkee  iitt  aa  ppootteennttiiaall  ccaannddiiddaattee  ffoorr  
ssttaabbiilliizziinngg  ssooiillss..  IItt  wwaass  ccoonncclluuddeedd  tthhaatt  aaddddiittiioonn  ooff  ((CCKKDD))  ttoo  
ssaanndd  iimmpprroovveess  ccoommppaaccttiioonn  pprrooppeerrttiieess,,  ccoommpprreessssiivvee  ssttrreennggtthh  
aanndd  sshheeaarr  ssttrreennggtthh..  AA  nnuummeerriiccaall  pprroottoottyyppee  ddiimmeennssiioonnss  mmooddeell  
hhaass  bbeeeenn  eexxppeerriimmeennttaallllyy  vveerriiffiieedd  aanndd  iinnvveessttiiggaatteedd  ttoo  eexxaammiinnee  
tthhee  eeffffeeccttiivveenneessss  ooff  ssttaabbiilliizziinngg  ssaanndd  ssllooppeess  bbyy  aa  ssuurrffaaccee  llaayyeerr  
ooff  ssaanndd--((CCKKDD))  mmiixxttuurree..  IItt  wwaass  ccoonncclluuddeedd  tthhaatt  ccoovveerriinngg  tthhee  
ssaanndd  ssllooppee  wwiitthh  aa  llaayyeerr  ooff  ssaanndd--((CCKKDD))  mmiixxttuurree  eeffffeeccttiivveellyy  
iimmpprroovveess  tthhee  ccaarrrryyiinngg  ccaappaacciittyy  ooff  ssttrriipp  ffoooottiinngg  llooaaddiinngg  oonn  
ssllooppee  ccrruusstt  lleevveell..  TThhee  iimmpprroovveemmeenntt  iinnccrreeaasseess  wwiitthh  iinnccrreeaassee  ooff  

((CCKKDD))  aaddddiittiioonn  rraattiioo  aanndd  ssooiill  ddeennssiittyy..  TThhee  ssuuggggeesstteedd  
tteecchhnniiqquuee  aappppeeaarrss  ttoo  bbee  mmoorree  eeffffeeccttiivvee  iinn  eennhhaanncciinngg  tthhee  
ccaarrrryyiinngg  ccaappaacciittyy  ssttrriipp  ffoooottiinngg  ffoorr  tthhee  ccaassee  ooff  ffoooottiinngg  ddiissttaannccee  
ffrroomm  ccrruusstt  wwaass  mmoorree  tthhaann  ffoooottiinngg  bbrreeaaddtthh..  SSlliigghhttllyy  lloowweerr  
eennhhaanncceemmeenntt  iinn  ccaarrrryyiinngg  ccaappaacciittyy  hhaass  bbeeeenn  rreeccoorrddeedd  aass  tthhee  
ffoooottiinngg  iiss  mmoorree  cclloossee  ttoo  tthhee  ssllooppee  ccrruusstt..  

7.  REFRENCES 

[1] Peethamparan S, Olek J, and Lovell J. Influence of 
chemical and physical characteristics of cement kiln 
dusts (CKDs) on their hydration behavior and potential 
suitability for soil stabilization ELSEVIER. Cement and 
Concrete Research, 2008; 38: 803-815. Author H, A 
Book.  New York: Publisher, Yr, ch. 3. 

[2] Sreekrishnavilasam A, Rahardja S, Kmetz R, and 
Santagata M. Soil treatment using fresh and land filed 
cement kiln dust. ELSEVIER, Constructional Building 
Materials, 2007; 21: 318-327. 

[3] Aheln D L, Hastings R J, Sexhreiber R J, Yonleg C. 
Detailed illustration of contingent management for 
cement kiln dust. In: Research and development bulletin, 
SPIIST. Skokie (IL): Portland cement Association; 1993. 

[4] Dyer T D, Halliday J E, Dhir R K. An investigation of 
the hydration chemistry of ternary blends containing 
cement kiln dust. J Mater Sci 1999; 34 (20): 4975-4985. 

[5] Hawkins, G. J., Bhatty, J. I., and O'Hare, A. T., 
"Cement kiln dust production, management and 
disposal", R & D Serial No.2327, Portland Cement 
Association, Skokie, Illinois, (2003). 

[6] Schreiber, R. J, "An Overview of CKD Generation", In 
PCA’s Cement Technical Support Library 
DVD020.01©2005 , Portland Cement Association, 
Skokie, Illinois, (1995). 

[7] El-Tuhami, A. M., "Utilization of cement kilin dust for 
stabilizing clayey soil", Journal of Al-Azhar University 
Engineering sector", Vol. 4, No. 11, Ciaro, Egypt, April 
2009. 

[8] Bhatty, M. S. Y., "Properties of blended cement made 
with portland cement, cement kiln dust , fly ash and 
slag," Proceedings of the 8 th International Congress on 
the Chemistry of Cement, Rio de Janeiro, Brazil, 1986 
pp. 118-127. 

[9] Connor, J. R., Cotton, S., and Lear, P. P., "Chemical 
Stabilization of Contaminated Soils and Sludges Using 
Cement and Cement by Products," Proceedings of the 
Cement Industry Solutions to Waste Management, 
Calgary, Alberta, Canada, Oct. 7-9, 1992, pp.73-97. 

[10] McKay, M., and Emery, J., "Stabilization/Solidification 
of Contaminated Soils and Sludges Using Cementitious 
Systems," Proceedings of the Cement Industry 
Solutions to Waste Management, Calgary, Alberta, 
Canada, Oct. 7-9, 1992, pp. 135-151. 

[11] Bhatty, J. I., Bhattacharja, S., and Todres, H. A., "Use 
of cement kiln dust in stabilizing clay soils", PCA serial 



 

161 
 

 

No.2035, Portland Cement Association, Skokie, 
Illinois, 1996. 

[12] Wang, M. L., and Ramakrishnan, V., "Evaluation of 
blended cement, mortar and concrete made from type 
III cement and kiln dust," Construction and Building 
Materials, 4(2), 1990, pp. 78-97. 

[13] Detwiler, R. J., Bhatty, J. I., and Bhattacharja, S., 
"Supplementary Cementitious Materials for Use in 
Blended Cements", R&D Bulletin, RD112, Skokie, 
Portland Cement Association, Illinois, 1996. 

[14] Udoeyo, F. F., and Hyee, A., "Strength of Cement Kiln 
Dust Concrete," ASCE Journal of materials in civil 
engineering, Nov./Dec., 2002,  pp. 524-526. 

[15]  Al-Harthy, A.S., Taha, R., and Al-Maamary, F., ,"Effect   
of cement kiln dust (CKD) on mortar and concrete 
mixtures", Construction and Building Materials,17, 
2003, pp. 353-360. 

[16] Hawkins, G. J., Bhatty, J. I., and O'Hare, A. T., "Cement 
 kiln dust production, management and disposal", R & D 
serial No.2327, Portland Cement Association, Skokie, 
Illinois, 2003. 

[17] Detwiler, R. J., Bhatty, J. I., and Bhattacharja, S., 
"Supplementary Cementitious Materials for Use in 
Blended Cements", R&D Bulletin, RD112, 
Skokie,Portland Cement Association, Illinois, 1996. 

[18] Preston , M. L.," Use of cement kiln dust as an 
 agricultural lime and fertilizer," Emerging 
Technologies Symposium On Cement and Concrete in 
the Global Environment", Chicago, March 10-11, 1993, 
In PCA’s Cement Technical Support Library 
DVD020.01©2005, Portland Cement Association , 
Skokie, Illinois, 1993. 

[19] Pierce, C. E., Tripathi, H., and Brown, T. W., "Cement 
Kiln Dust in Controlled Low-strength Materials," ACI 
Materials Journal, 100(6), pp. 455-462, (2003). 

[20] Katz, A., and Kovler, K., "Utilization of Industrial by 
 Product for the Production of Controlled Low Strength 
Materials (CLSM)," Waste Management, 24, 2004,  pp. 
501-512. 

[21] Santagata, M. C., and Bobet, A. "The use of Cement Kiln 
 Dust (CKD) for Subgrade Stabilization/Modification" 
(No. SPR 2575), Purdue University,West Lafayette, 
Indiana, USA, 2002. 

[22] Baghdadi, Z. A., Fatani, M. N., and Sabban, N. A., "Soil 
 Modification by Cement Kiln Dust", Journal of 
Materials in Civil Engineering, Nov. 1995,  pp. 218-222. 

[23] Baghdadi, Z. A., and Rahman, M. A, "Potential of 
 Cement kiln dust for the stabilization of dune sand in 
highway construction", Building and Environment, 
25(4), 1990,  pp. 285-289. 

[24] Taha, R., "Evaluation of Cement Kiln Dust-Stabilized 
 Reclaimed Asphalt Pavement Aggregate Systems in 
Road Bases", Transportation Research Record, Journal 
of the Transportation Research Board, TRB Record 
1819, Washington D.C., USA, 2003,  pp. 11-17. 

[25] Bhatty, J. I., "Alternative Uses of Cement Kiln Dust, 

 PCA R&D 327, Portland Cement" Association, 
Skokie, Illinois, 2003. 

[26] Zaman,M., Laguros,J.G., Sayah.A. "Soil Stabilization  
Using Cement Kiln Dust", Proceedings 7th 
International Conference on Expansive Soils. Dallas, 
Texas, 1992,  pp. 347-351. 

[27] Miller, G.A. and  Azad.S, "Influence of Soil Type on 
 Stabilization With Cement Kiln Dust", Construction 
and Building Materials, 14(2), pp. 2000,  89-97. 

[28] Sreekrishnavilasam, A.; Rahardja, R.; Kmetz, R., and 
Santagata, M., "Soil Treatment Using Fresh and 
Landfilled Cement Kiln Dust", Construction and 
Building Materials, Vol. 21, 2007, pp. 318-327. 

[29] Bringkgreve, R.B.J, Vemeer, P.A., PLAXIS – finite 
 element code for soil and rock analysis, version 7.0, 
PLAXIS B.V., 1998, The Netherland. 

[30] Zadroga, B 'Bearing capacity of shallow foundation 
 on noncohasive soils", Journal of Geotechnical Eng., 
ASCE, vol.120, No.11, 1994, pp. 1991-2007. 

[31] Ahmed, M. M., "Effect of geosynthetic reinforced 
sand cohesion on the soil-structure interaction", M.Sc. 
Thesis, Assuit Univ. Assuit, Egypt, 2002. 
[32] Yoo, R.B., " Laboratory investigation of bearing 

 capacity of strip footing on geogrid-reinforced sand 
slope" Geotextile and Geomembrane, 19, 2001, pp. 
279-298.  
 
  

 
 

 

  



 

162 
 

 

  

1. INTRODUCTION 
In urban areas, the design of new buildings often 

necessitates the construction of braced excavations. During 
excavation, the state of stress in soil changes . These changes 
in stress are typically expressed in the form of lateral 
movement and settlement of the ground which can have 
damaging effects on adjacent buildings. 

Shoring and underpinning are methods used as supports in 
excavations. Shoring is a form of temporary support which 
can be tie to existing buildings adjacent to excavation to avoid 
damages. Underpinning is a temporary support that its main 
function is to transfer the load carried by a foundation from its 
existing bearing level to a new level at a lower depth. [1] 
Similarly, one type of shoring method, called “Inclined 
Strut”, is widely used in different areas of Iran and is 
considered a traditional method in Tehran (Fig1). Inclined 
Strut can be considered as shoring or underpinning.  

 In the design of braced excavation the target is to minimize 
the cost of the support system while ensuring that the support 
is not so flexible that it causes additional soil displacement 
that damage adjacent buildings. The design of braced 
excavations is a complicated soil-structure interaction 
problem. Usage of the numerical modeling to analyze these 
soil-structure interaction problems by engineers is increasing. 
Many investigators [2], [3], [4], [5] have verified the 
reliability of FEM method in analyses of excavations. 

In addition to reasonably modeling the actual construction 
sequences, selecting an appropriate soil model and the 
corresponding soil parameters is an essential step in the FEM 
analysis of excavation problems. Soil stiffness is an important 

 
 

parameter that is often assumed as a constant value but 
actually during excavation, soil stiffness changes. Previous 
studies [6] have demonstrated that the soil stiffness  in Tehran  
at small-strain can be higher than stiffness of most gravelly 
soils reported in technical literature. 
In this paper, a verified FEM analysis has been conducted to 
investigate Tehran soil behavior, considering the effects 
stiffness changes based on Janbu model.[7] 

 
Fig 1: schematic traditional shoring method  

 

2.  EFFECT OF CONFINING STRESS ON SOIL 
BEHAVIOR 

Elastic stress-strain relations are introduced with two 
constants which can be bulk modulus K and shear modulus G. 

In nonlinear elastic models, when stress state changes, 
elastic parameters K, G change too. Comprehensive 
description of a model requires presenting changes of K, G in 
relation to changes in stress states. [6] 

Constitutive models indicate stress-strain relationships. 
The key to a successful design is to use appropriate 
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parameters of soil models, which are able to present real 
behavior of soils. Description of nonlinear stress-strain 
behavior is necessary in excavation analysis. Many models 
have been presented, in which, soils have taken nonlinear 
elastic materials. Stiffness is one of the important soil 
parameters and is a variable that relates axial or shear stress 
increments to axial or shear strain increments. Stiffness varies 
with strain increase in which it has the most value when strain 
is small and decreases when strain increases. So assuming 
stiffness as a constant value is wrong. Nonlinear models of 
soils include two separate questions. One is determining 
stiffness in small strains and the other is ascertaining 
relationship between maximum stiffness and stiffness in 
larger strains [7]. Nonlinear stress strain curve can be 
determined by several methods. Some of these methods 
proposed by Duncan J.M. and Chang C.Y. [9], Fahey and 
Carter [8], Lehane B. and Fahey M. [10], Ramberg-Ozgood, 
Seed and Idriss [11] and Janbu N [7]. In this article janbu 
model used to simulate behavior soil of Tehran.   

Janbu model: 
In nonlinear models stiffness can considered dependent on 

confining pressure. The effect of confining pressure on 
stiffness can be shown using Janbu model (Janbu N, 1963): 

n

a

m
aG P

PKG )(
'σ

=                                                                 (1) 

In this equation (Eq. (1)), G is stiffness, σ΄m is average of 
effective stress, Pa is reference stress to normalize the 
equation (usually Pa=100 kPa) and n and KG are equation 
parameters. 

3.  GEOLOGY AND CHARACTERIZATION OF 
TEHRAN SOIL 

Alluvial deposits of Tehran have been studied by many 
researchers during recent years. Numerous classifications of 
these deposits have been proposed. Observations of Tehran 
alluvia have shown that grain size and shape, sedimentary age, 
cementation, grain contact type, faults, fractures and 
weathering affect the geotechnical properties of these 
coarse-grained materials [12]. The effects of these factors 
have been discussed by Fakher [13]. Rieben [14] divided the 
Tehran alluvia into four categories based on geological 
factors, and identified them as A, B, C and D alluvia. The A 
alluvium is the oldest and D alluvium is the youngest. The 
grain sizes of the alluvia are variable and some are naturally 
cemented. The cementation grades vary from strongly 
cemented to noncemented depending mainly on the nature of 
the cementitious material. Strongly cemented Tehran 
alluvium is usually seen in A alluvium and is a secondary 
development resulting from the recystallization of previously 
dissolved calcite carbonate of the source rock. Moderately 
cemented Tehran alluvium is usually seen in C alluvium and 
is clayey. The B alluvium presents weak and variable 
cementation, and D alluvium, being the youngest, has no 
cementation. A unique trend was observed in increase of soil 
stiffness with in relation to depth or confining pressure at 

several points of Tehran. By review of other coarse-grained 
soils stiffness, it was observed that the behavior of gravelly 
soils with high percentage of gravel, over consolidated 
coarse-grained soils, pre-strained coarse-grained soils and 
cemented soils are similar to Tehran soil. The specific 
behavior of Tehran soil and its dissimilarity to other 
coarse-grained soils is relevant to its cementation and over 
consolidation [6]. 

The investigations on Tehran soil has been done by 
Sangtarashha et al, then Janbu model has been applied 
supposing soil behavior [6]. Taking undisturbed samples for 
triaxial tests or using self-boring pressuremeter was not 
possible at coarse-grained soils of Tehran. Therefore, 
Pressuremeter test has been performed with stress control 
according to method A of ASTM D4719-1994 and parameter 
of Janbu model obtain for some points of Tehran and some of 
that results used here are shown in table I. 

 
Table I: Janbu models parameter obtained for Tehran sediments 

Deposit Type KG n γ (kg/m3) 

A 16500 0.6 2200 
B 7120 0.5 1850 
C 4870 0.6 2000 

 
Studies about Tehran soil indicate that stiffness increase 

with depth has similar trend in different points of Tehran and 
janbu model can estimate it well. Coefficient n in this Eq.(1) 
varies between 0.5 and 0.6 for Tehran soil and in most points 
is about 0.6. [6] 

4.  NUMERICAL MODELING 
In this research, we performed two-dimensional total stress 

elasto-plastic FEM analysis to examine ground movement 
and stress in the ground after installation of inclined struts in 
excavation. 

Two-dimensional numerical simulations were carried out 
using a FEM analysis code. Fig. 2 shows the FEM mesh. A 
large zone was selected to avoid any measurable effects from 
the boundary in the final results. In this research, we use 
rectangular elements for two-dimensional analysis. These 
elements have four nodes and four integration points, and the 
Gaussian integration method was applied to them. The 
inclined struts and neighboring building were modeled using 
beam elements. The analyzed soil has 861 nodes and 800 
elements in total. Mohr-Coulomb constitutive model was 
chosen for soil elements. Dimensions and soil parameters of 
hypothetical excavation case are shown in Table II. To 
minimize boundary effects, the vertical boundary at the far 
ends was set almost as 3 times of excavation’s width from the 
center of excavation. Therefore, it was assumed to be free in 
vertical direction and restricted in horizontal direction. The 
bottom horizontal boundary was restricted in both horizontal 
and vertical directions. The boundary condition of model is 
shown in Fig.2 too. 



 

164 
 

 

 
Fig.2. Finite element mesh used for the hypothetical excavation 

case. 
 In modeling stages, firstly, the in-situ horizontal and 

vertical stresses were generated. Initial in-situ horizontal and 
vertical stresses are as follows. 

 
zx

z

K
h

σσ
γσ

0=
=  

Which γ  is the soil density, 
0K  is the coefficient of earth 

pressure at-rest, and zσ , 
xσ are the vertical and horizontal 

initial stresses at depth of h respectively. Then, it was 
assumed that the building was located next to the excavation 
and applied to model and excavation stages are modeled 
according to common excavation procedures. Finally inclined 
strut added to model as a support system.  
 

Table II: The parameters of soil and struts used in numerical 
modeling 
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A series of numerical analysis was performed to 
investigate the effect of confining stress on selecting the 
stiffness of soil and consequently on the deformation caused 
by excavation. Fakher et al have been done the studies to 
determine geotechnical properties based on geological 
features. Their proposed stiffness parameter for A, B and C 
alluvia are shows in Table 3.[13] Linear analyses  have been 
done on the A, B and C alluvia with parameters presented in  

 
Table III: Geotechnical parameter obtained for Tehran sediments 

Deposit Type E (MPa) 
A 200 
B 100 
C 50 

 
Variation of stiffness with confining stress based on Janbu 

relation are shown in Fig.3 for A, B and C alluvia using the 
parameters presented in Table 1. To investigate the effect of 
confining stress on the stiffness, Janbu model applied to 
constitutive relations and soil stiffness considered as a 
solution dependent parameter. Calculating the confining 
stress in each step, related stiffness calculated and applied to 
analysis. 

 
Results of analyses are illustrated in Fig.4-Fig.6 
Fig 4, 5 and 6. show the comparison between the results of 

analysis with considering stiffness as a constant value and the 
results of analysis with considering variation of stiffness with 
confining stress. Results show that the wall deflection and 
surface settlement obtained from nonlinear analysis (stiffness 
is solution dependent) are significantly more than obtained 
from linear analysis (stiffness is a constant value). 

 

Fig 4. a) Deformation of excavation wall. b) Ground surface settlement. c) Ground surface lateral displacement for soil A 
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Fig 5. a) Deformation of excavation wall. b) Ground surface settlement. c) Ground surface lateral displacement for soil B 
 

 
Fig 6. a) Deformation of excavation wall. b) Ground surface settlement. c) Ground surface lateral displacement for soil C 

 
Excavation leads to reduction in lateral pressure in some 

elements and consequently confining stress decrease and 
relative stiffness decrease too and  if only a constant modulus 
of elasticity is considered i.e., the degradation of stiffness due 
to excavation is ignored, the displacements are obviously 
underestimated. 

Results show that loads in inclined strut obtained from 
linear analysis is less than obtained from nonlinear analysis. 
Considering stiffness as a constant parameter cause to 
underestimate the strut loads and then lead to underestimate 
the design loads and consequently cross section of support 
system. 

5.  CONCLUSIONS 
1. Stiffness of soil of Tehran increases with depth and 

confining stress and significantly decreases with 
excavation. 

2. In order to reasonably modeling the excavation and to 
understanding the actual soil behavior, selecting an 
appropriate soil parameters is an essential step in the 
analysis. Considering variation of stiffness with 
variation of confining stress can rationally model the 
excavations. 
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3. The results of the analysis with constant stiffness of 
soil show that the excavation-induced deformation 
can be underestimated and serious damage can occur 
in real behavior of soil.  

4. These result show that considering soil with greater 
stiffness than real stiffness cause to underestimate the 
loads in inclined strut. 
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1 INTRODUCTION 

The project location has been found to be influenced by 
contrasting geology that consists of the Padawan (mainly 
sedimentary), Tuang (mainly metamorphic) and Quaternary 
formations. Localised moderately-strong metamorphic 
metagreywacke and extrusive igneous andesite are found 
occurring together with the more dominant but erratic 
metamorphic phyllite due to regional metamorphism. The 
Tuang formation has been noted to be most prominent during 
construction, evidenced by the abundant encounters with the 
friable and erratic phyllite. The construction of the large 
manufacturing plant required thorough understanding of the 
underlying geology. A cast in-situ deep foundation system 
was recommended for the plant due to heavy imposed loads 
and limited tolerance to differential settlement. For the 
foundation system to be effective, sufficient socketing length 
is required into the erratic phyllite. This paper is an extension 
of Ong & Choo (2011) [1]. 

2 SITE GEOLOGY 
The proposed deep foundation system was socketed in 
geology comprising mostly of moderately weathered phyllite, 
and flanked at the site boundaries with intrusions of 
moderately to completely weathered shale and strong 
moderately weathered andesite. These geological conditions 
are synonymous with the Tuang Formation, and to a lesser 
extent the Padawan and Quaternary formations. The 
manifestation of the metamorphic phyllite rock in the Tuang 
Formation is characterised by semi-schistose features, further 
evidenced by the parallel arrangements of distinct cleavages 
and grains, occasionally interbedded with discrete bands of 
quartz and calcite.   

 
 

 

 
Recovered cores of phyllite mostly revealed RQD values of 
0%, up to a maximum of 75%. Fig. 1 shows phyllite cores 
with Total Core Recovery (TCR) of 100% but having Rock 
Quality Designation (RQD) of 0%. This observation is 
consistent with indications reported in Tan (1993) [2]. If 
RQD is used as a measure of rock strength for design purpose, 
then literally phyllite has zero strength! However, as a 
homogenous rock mass underground, it is impossible that 
phyllite has no strength! 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig. 1. Discontinuous and highly fractured cores of phyllite 

3 BEHAVIOUR OF ERRATIC PHYLLITE 
An overview of RQD and the Unconfined Compressive 
Strength (UCS) tests on the phyllite rock cores is presented in 
Fig. 2. Due to the relatively low RQD values, it was only 
possible to conduct UCS tests on 14 of the 194 core runs 
extracted (12.4%). A conservative approach for the design of 
deep foundations in rock considers that the pile capacity is 
attributed only to the rock strength. Hence, it is critical to 
determine the socketing length required for piled foundation 
systems. The requirements of the manufacturing plant also 
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warranted the use of a piled foundation system to mitigate 
serviceability issues, such as differential settlement and pile 
movements. Given such conditions, the erratic phyllite 
behaviour provides serious challenges to designers. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 

 
Fig. 2.  Overview of RQD and UCS tests on phyllite cores 
(per 1m run) 

3.1 Point load test on site 
The outcome of the soil investigation works signalled 
expected difficulties in verification of socketing material 
during the construction of the deep foundation system. The 
occurrence of phyllite as well as its RQD values has been 
observed to be very low, most likely due to its friableness. As 
such, point load testing was suggested to be used as a 
complementary index test to help correlate the UCS values 
tested on the limited and unpredictable solid cores of phyllite. 
 
 
 
 
 
 
 
 
 
Fig. 3. Shape proportion for point load testing on irregular 
lumps (AS 4133.4.1-2007). 
 
The point load testing apparatus was deemed suitable for field 
use due to its simple operation. The procedures outlined in AS 
4133.4.1-2007 [3] were preferred for carrying out point load 
testing due to the allowances for tests to be carried out on 

irregular lumps. Requirements for sample size restricted 
testing to be performed on lumps with aspect ratios illustrated 
in Fig. 3. Irregularly-shaped test samples for verification 
purposes were collected from spoils during boring. Fig. 4 
shows rock samples collected from various coring depths, 
which were subsequently collected for point load testings on 
site. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig. 4. Excavation spoils collected from various boring 
depths. 

3.2 Review of test results 
Table 1 shows the summary of results for 3 types of tests 
carried out as an attempt to characterise phyllite, namely (i) 
Point Load Index test on lump samples, (ii) Point Load Index 
test on rock core (axial direction) and (iii) Unconfined 
Compression Strength (UCS) test. It can be seen that the 
average Point Load Index, Is50 value for lump samples within 
depths of 10.0m-11.9m, 12.0m-13.9m, 14.0m-15.9m and 
16.0-17.9m are 3.094MPa, 3.749MPa, 3.866MPa and 
3.654MPa, respectively. No lump samples were available for 
depths exceeding 18m as the preliminary design did not 
warrant any bored pile socket length greater than 18m. 
Despite the consistency of the average values over the various 
depths as reported, the standard deviations are rather poor i.e. 
at 2.033MPa, 2.838MPa, 2.696MPa and 2.510MPa, 
respectively. In other words, if assumed on a normal 
distribution probability density function, the probability of 
getting the average Is50 value of 3.753MPa over the 374 
samples is only about 15.1%. 

 
Table 1 further shows the difficulty of obtaining intact core 
samples (minimum 14.1mm in length) for Point Load test 
(axial direction) between depths 10m and 14m due to the 
friableness of the phyllite at the upper depths. Between depths 
of 14.0m-15.9m, 16.0-17.9m and 20.0m-21.9m, the average 
Is50 values for intact cores tested on axial direction are 
0.745MPa, 1.235MPa and 1.256MPa, respectively. The 
standard deviations recorded are 0.120MPa, 0.12MPa and 
0.730MPa, respectively. If interpreted on a normal 
distribution probability density function, the probability of 
getting the average Is50 value of 1.138MPa over the limited 
number of 9 samples is about 43%. 
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Since UCS test requires intact rock core of at least 94mm in 
length, relatively competent phyllite is only available from 
16m depth as shown in Table 1. At depths of 16m-17.9m, 
18m-19.9m 20-21.9m, 22m-23.9m and 26m-27.9m the 
average UCS values obtained are 9.53MPa, 4.45MPa, 
5.2MPa, 9.33MPa and 12.06MPa, respectively. The standard 
deviations recorded are 2.051MPa, 3.286MPa, 4.030MPa, 
5.629MPa and 17.519MPa, respectively. If interpreted on a 
normal distribution probability density function, the 
probability of getting the average UCS value of 8.259MPa 
over the 14 samples is only about 4%. 

 
Therefore, surprisingly as a summary on testing in this study, 
it seems that the most reliable way of statistically measuring 
the phyllite rock strength is via the Point Load (axial core) as 
compared to Point Load lump and UCS testing methods. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

4 BORED PILE DESIGN 
It is common practice to determine the unit shaft and unit base 
resistances based on UCS or qu values of intact rock core 
samples, for example, Williams et al. (1980) [3] states that: 

 fs = 0.05qu (MN/m2)                                 (1) 
fb = 0.5qu(MN/m2)                                  (2) 
 

Typical limiting resistance values (ultimate), but may vary 
subject to load test results. The analyses carried out in the 
subsequent sections are based on the empirical equations 

suggested by Williams et al. (1980) [4] and recommended for 
use by Ting and Fuad (2003) [5] for metamorphosed 
sedimentary rocks comprising a sequence of slate and phyllite 
intercalated rhythmically with greywacke sandstone found at 
the Batang Rajang Bridge site in Sarawak. In the absence of a 
more systematic design procedure for phyllite, Ting & Fuad 
(2003) [5] suggestion is hence adopted for use in this study as 
it is perhaps the closest empirical representation to phyllite 
for this case study. 
 
During the design stage when only UCS and Is50 (axial core) 
values were available, based on judgment and literature 
review of Basu & Kamran (2010) [6] and Ting & Fuad (2003) 
[5], a preliminary design USC value of 7.4MPa is assumed 
and this value must be verified through pile load tests 
performed on sacrificial piles on site. A factor of safety of 2.0 
has been used in the design of the bored piles. 
 
 
 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

5 PILE LOAD TEST 
In order to improve the confidence level of the designer in 
view of the difficulty of determining a feasible rock strength 
value for phyllite during the preliminary design stage, pile 
load tests during the construction stage become very 
important. The field testing result would then provide data for 
back-analysis purpose and to subsequently firm up the design 
value for phyllite.  As a procedure to ensure that the bored pile 
can perform satisfactorily at its allowable load limit and to 
verify the preliminary design UCS value of 7.4MPa, 33 sets 

 Information available only during design stage Information available only during 
construction stage 

PLT (axial core)             UCS PLT (lump sample) 

Depths 
where 

phyllite are 
tested 

No. of 
samples 

Ave. 
Is50 

(axial 
core) 

(MPa) 

Std dev  
(axial core)  

 
 

(MPa) 

No. of 
samples 

Ave. 
UCS 

 
 

(MPa) 

Std dev 
on UCS 

 
 

(MPa) 

No. of 
samples 
Lump 
for Is50 

Ave. 
Is50 

(lump 
sample) 
(MPa) 

Std dev 
(lump 

sample)  
 

(MPa) 
Depth 
10m-11.9m 

0 N/A N/A 0 N/A N/A 23 3.094 2.033 

Depth  
12m-13.9m 

0 N/A N/A 0 N/A N/A 77 3.749 2.838 

Depth 
14m-15.9m 

2 0.745 0.120 0 N/A N/A 166 3.866 2.696 

Depth 
16m-17.9m 

2 1.235 0.120 2 9.53 2.051 81 3.654 2.510 

Depth 
18m-19.9m 

0 N/A N/A 2 4.45 3.286 0 N/A N/A 

Depth 
20m-21.9m 

5 1.256 0.730 3 5.20 4.030 0 N/A N/A 

Depth 
22m-23.9m 

0 N/A N/A 0 N/A N/A 0 N/A N/A 

Depth 
24m-25.9m  

0 N/A N/A 2 9.33 5.629 0 N/A N/A 

Depth 
26m-28.0m 

0 N/A N/A 5 12.06 17.519 0 N/A N/A 

Over entire 
depths 

10m-28m 

9 1.138 0.476 14 8.259 9.975 347 3.753 2.637 

Table 1. Summary of test results based on UCS and Point Load test on phyllite 
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of Pile Dynamic Analyzer (PDA) tests as well as 4 sets of 
Constant Rate Penetration (CRP) and Maintained Load Test 
(MLT) tests were performed on site.  

 
Table 2. shows the results of the 33 Nos. of PDA tests 
performed on site. Based on the field test results, the average 
factors of safety provided for the 600mm diameter bored pile 
Types 1 and 2, as well as 750mm, 1000mm and 1200mm 
diameter bored piles are 2.23, 2.17, 2.06, 2.37 and 2.26, 
respectively. These values are in general comparable to the 
factor of safety of 2 used in the preliminary design stage.  
 

Table 2. Summary of pile PDA test results 
Bored pile 
diameter 

Rock 
socket 
length 

in 
phyllite 

Test 
pile ID  

Measured 
PDA ult. 

static 
resistance 

Design 
working 

load 
(WL) 

FOS 

(mm) (m) (-) (kN) (kN) (-) 

 
 
 
 
 

600 (Type 1) 
WL=1540kN 

 
 
 
 
 

2.0 

23  3,258 1,540 2.12 
39 3,541 1,540 2.30 
91 3,310 1,540 2.15 
106 4,197 1,540 2.73 
496 3,411 1,540 2.21 
505 3,277 1,540 2.13 
511 3,359 1,540 2.18 
515 3,502 1,540 2.27 
621 3,257 1,540 2.11 
779 3,380 1,540 2.19 

 
 
 
 
 
 

600 (Type 2) 
WL=2500kN 

 
 
 
 
 
 

2.1 

620 5,398 2,500 2.16 
622 5,607 2,500 2.24 
624 5,183 2,500 2.07 
626 5,738 2,500 2.30 
629 5,349 2,500 2.14 
633 5,475 2,500 2.19 
704 5,390 2,500 2.16 
705 5,283 2,500 2.11 
735 5,135 2,500 2.05 
798 5,223 2,500 2.09 
TP1 5,875 2,500 2.35 

 
750 

WL=3250kN 

 
2.2 

5 6,676 3,250 2.05 
11 6,891 3,250 2.12 
13 6,588 3,250 2.03 
780 6,657 3,250 2.05 

 
 

1000 
WL=4500kN 

 
 

2.3 

56 9,257 4,500 2.06 
508 10,553 4,500 2.35 
508 10,553 4,500 2.35 
520 11,976 4,500 2.66 
778 10,988 4,500 2.44 
56 9,257 4,500 2.06 

1200 
WL=5800kN 

2.5 436 13,605 5,800 2.35 
470 12,554 5,800 2.16 

 
 

From the Maintained Load Test results as shown in Table 3, 
the magnitudes of the settlements that govern the 
serviceability limit state design are all less than the limit of 
12.5mm, 38.0mm and 6.5mm at Working Load, twice 
Working Load and residual conditions, respectively. This 
means the design UCS ultimate value of 7.4MPa for phyllite 
is thus broadly verified in terms of strength and serviceability. 
Once sufficient confidence had been achieved on site after 
performing the CRP and MLT tests, mass installation of 
bored piles commenced. 
 

Table 3. Summary of measured pile head settlement 
Pile 
head 
sett 

Criteria - 
Not 

exceeding 
(mm) 

Bored pile diameter (mm) 

600  
Type 2 

750 1000 1200 

1xWL 12.5 5.32 4.06 5.59 4.45 
2xWL 38.0 12.85 9.39 10.67 7.37 

Residual 6.5 1.35 1.33 0.14 1.00 
   WL=working load 

6 IMPORTANT OBSERVATION OF STRENGTH OF 
PHYLLITE 

An important observation made is that despite the very low 
RQD obtained for the phyllite rock cores between 10m-18m 
depths (actual range of pile socketing depths as installed on 
site) and hence very limited UCS test was possible, however, 
from the back-analysis of the load test results the interpreted 
UCS ultimate value of 7.4MPa for phyllite seems to be very 
encouraging. It is therefore believed that phyllite, despite 
being friable, actually does have a reasonable good in-situ 
strength  as a mass, which is often neglected because most, if 
not all the time, rock coring was carried out and hence RQD is 
usually used to interpret the rock strength.  
 
It is believed that the main reason for obtaining a relatively 
high UCS of 7.4MPa for phyllite is due to the relatively large 
overburden pressure of 10m-18m overlying the rock layer. 
This provides a reliable confining stress to the phyllite layer. 
The metamorphic phyllite may be well-known to have 
small-scale slip-faults, intense shearing and faulting, but if it 
is kept largely under a confining pressure (compression in 
nature) with minimal disturbances, the in-situ strength will 
mostly be preserved. For this very reason, if external 
mechanical stresses are introduced to a mass of phyllite 
during rock coring, phyllite will tend to be disintegrated and 
when the core is retrieved the logging of phyllite as ‘friable’ 
in borehole logsheets is inevitable, hence the injustice of a 
misconception that by default phyllite should have a low 
strength value.  

 
From this study, the following relationships on phyllite can be 
developed based on the successful pile socketing depths of 
between 10m and 18m on site (considering average values 
with respect to their respective standard deviations):  
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Unconfined Compressive Strength Test in cored samples 
UCS = 7.48 – 11.58 MPa                  (3)  

 
Point Load Test in axial direction on cored samples 
UCS = kA*Is50                     
(4) 
where kA = 5.5 – 12.0 and Is50 is the point load index in MPa 

 
Point Load Test using lump samples 
UCS = kL*Is50                        
(5)  
where kL = 0.9 – 6.6 and Is50 is the point load index in MPa 

 
Coincidentally, the preliminary design UCS value of 7.4MPa 
seems to coincide with the lower bound value of the UCS test 
within the depths of 10m-18m, noting that the Is50 lump 
results during design stage was still unknown. The 
coefficients kA and kL are applicable to Point Load test on 
samples in axial direction and Point Load test on lump 
samples, respectively. 

 
Nonetheless, to increase the confidence level of utilising a 
relatively higher UCS design value for phyllite, more data is 
to be collected and interpreted in the future. In-situ testing, for 
example, pressuremeter test is definitely a recommended 
method to obtain a more reliable UCS value for use in design. 
The main advantage in using the pressuremeter test is that no 
extraction of phyllite sample is required and as such the 
in-situ strength of the rock mass is preserved and hence can be 
reliably tested. 

7 CONCLUSIONS 
This paper has documented the difficulties in quantifying 
rock strengths and designing for geological conditions with 
high degrees of fracturing, i.e. RQD of 0%, typical of the 
metamorphic phyllite of the Tuang Formation. Recovery of 
cores for testing is only sporadic at best, requiring the sinking 
of more boreholes for the extraction of intact rock cores. 

    
Efforts to correlate UCS with the point load index require 
further studies, in particular the lower bound results which 
would govern the conservative design of piles socketed in 
rock. 
 
Further research could realise the great potential in applying 
the in-situ pressuremeter test to obtain values of phyllite rock 
strength for the design of bored piles. The main advantage in 
proposing the pressuremeter test is that no extraction of 
sample is required and as such the in-situ strength of the 
strong mass is preserved and hence reliably tested. 
 
It is important for engineers to be able to interpret the 
magnitude of phyllite rock strength as this would ultimately 
impact the design and costs of bored piles to be installed. 
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1. INTRODUCTION 
In radioactive waste disposal facilities, sodium bentonite 

having high swelling capacity will be used as an artificial 
barrier material. It is expected to delay the infiltration of 
groundwater and to fill cracks of the surrounding host rock. 
However, during tens of thousands of years, the bentonite can 
be deteriorated by the alkaline water with the leached ions 
from the surrounding cement-based materials. It decreases 
swelling capacity of the bentonite [1]. To reduce the decrease 
in the swelling capacity by the alkaline water, the authors 
have proposed two kinds of admixtures. One is the mixing of 
pozzolanic materials such as silica fume and fly ash to the 
sodium bentonite [2]. These pozzolanic materials are 
expected to consume the leached calcium ions from the 
cement-based materials and to reduce the deterioration of the 
bentonite. Experimental results in the previous research [2] 
showed that the mixing of the pozzolanic materials can 
reduce the decrease in the swelling capacity. In the 
experiment, the one-dimensional vertical swelling 
deformation was measured by using the swelling-deformation 
tests proposed by Komine and Ogata [4], [5]. Especially, the 
mixing of 1 mass% of silica fume was the most effective to 
reduce the deterioration by calcium hydroxide solution. But, 
the detailed investigation should be added because the range 
of experimental conditions was limited. 
The other proposal is the mixing of sodium carbonate to the 

bentonite. Here, calcite precipitation between the 
bentonite-based materials and cement-based materials was 
expected. The previous experimental results conducted by 
Nakarai et al [3] showed the calcite precipitation can reduce 
the deterioration of the bentonite due to calcium leaching 
from the cement paste. Here, the immersion tests of the 
composite specimens consisting of the cement paste and the 
 
 

bentonite were performed. Then, the effect of the mixing of 
the sodium carbonate was investigated from the distribution 
of calcium measured by Electron Probe Micro Analysis 
(EPMA). But, the swelling characteristics of the sodium 
carbonate mixed bentonite haven’t been studied. 

In this study, we investigated the effect of the mixing of 
silica fume or sodium carbonate to bentonite on the swelling 
characteristics of the bentonite. To investigate the swelling 
characteristics, we also used swelling-deformation tests 
proposed by Komine and Ogata [4], [5]. Then, we measured 
swelling deformation of the compacted bentonites which 
were immersed in the distilled water or the saturated aqueous 
solution of calcium hydroxide. As preliminary experiments, 
we also studied the influence of the experimental condition 
such as means of water supply and concentration of calcium 
hydroxide solution. Then, we decided the condition to 
appropriately measure the swelling deformation of the 
bentonite specimens in this study. 

2. OUTLINE OF EXPERIMENTS 

2.1 Materials for specimens 
Table.1 shows the outline of specimens. In this study, we 

used silica fume or sodium carbonate as an admixture. Then, 
we prepared three kinds of specimens; pure bentonite without 
admixtures, bentonite mixed with silica fume, and bentonite 
mixed with sodium carbonate. This study used commercial 
bentonite, called Kunigel-V1, extracted from the Tsukinuno 
Mine in Japan. This study also used silica fume. The 94.9% of 
silica fume was SiO2 and its specific surface area was 17.5 
m2/g. This study also used commercial sodium carbonate. Its 
content of sodium carbonate was 99.8%. The mixing ratios of 
silica fume to dry bentonite were 0.5, 1.0, 2.0, 5.0, 8.0 mass% 
while the mixing ratios of sodium carbonate were 1.0, 4.0 
mass%. The water content of bentonite was set to 21 % by 
considering the planned value in the design of a subsurface 

ABSTRACT 
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Keywords: artificial barrier, bentonite , silica fume , sodium carbonate , swelling deformation 

Swelling deformation of the bentonite mixed with silica fume or sodium 
carbonate in calcium hydroxide solution 

Yuki YOKOYAMA1 and Kenichiro NAKARAI2 

1 Graduate School of Engineering, Gunma University, Japan 
2 Graduate School of Engineering, Hiroshima University, Japan 

        
         

 

Second International Conference on Geotechnique, Construction Materials and Environment, 
Kuala Lumpur, Malaysia, Nov. 14-16, 2012, ISBN: 978-4-9905958-1-4 C3051 



 

173 
 

 

Porous metal

Fig．2.1 Schematic drawing of test apparaｔus

Specimen
Diameter:60mm
Height:5mm

Linear 
Variable
displacement 
transducer

Iron plate

Piston

Pedestal

Solution

Acrylic cell

Be SF Na2CO3

Be-W 100.0 0.0 0.0
BeSF-0.5-W 99.5 0.5 0.0
BeSF-2-W 98.0 2.0 0.0
BeSF-3-W 97.0 3.0 0.0
BeSF-5-W 95.0 5.0 0.0
BeSF-8-W 92.0 8.0 0.0

Be-CHp 100.0 0.0 0.0

BeSF-0.5-CHp 99.5 0.5 0.0

BeSF-1-CHp 99.0 1.0 0.0

BeSF-2-CHp 98.0 2.0 0.0

BeSF-5-CHp 95.0 5.0 0.0

BeSF-8-CHp 92.0 8.0 0.0

BeNa2CO3-1-CHp 99.0 0.0 1.0

BeNa2CO3-4-CHp 96.0 0.0 4.0

saturated
calcium

hydroxide
solution

with
calcium

hydroxide
powder

one side

[mass%]
Material composition

100.0 0.0

saturated
calcium

hydroxide
solution

one side
or

two
sides

Names of
specimens

Type of
solution

Supply of
solution

one side

0.0

distilled
water

Be-CHs

Table1．1 Outline of specimen 
radioactive waste repository for low level wastes in Japan. In 
this paper, the names of specimens indicated the composition 
of the materials, the mixing ratio of admixture, the type of 
solution (W: distilled water, CHs: saturated calcium 
hydroxide solution, CHp: saturated calcium hydroxide 
solution with calcium hydroxide powder) and supply of 
solution (1: one side, 2: two sides). The supplying method 
will be discussed only in chapter 3.  

2.2 Mixing of materials 
The mixing process is as follows. First, air-dried bentonite 

and admixture were mixed at low speed for 30 seconds using 
an Omni mixer. During the mixing, water contents of these 
mixtures were also adjusted. Here, we sprayed distilled water. 
After that, they were mixed at high-speed for 60 seconds. And 
they were kept in a polyethylene bag for 24 hours. Next day, 
these mixtures were mixed at high-speed for 60 seconds 
again, and we measured water contents of these mixtures. 

2.3 Specimens 
In this study, cylindrical specimens having diameters of 

60mm and heights of 5mm were prepared. The height of the 
specimens became small to save time for water absorption 
because the compacted bentonite specimens have low 
conductivities. The dry density was set to 1.3g/cm3 to easily 
assess deterioration. The sample was statically compacted by 
vertical pressure for several hours until the height of 
specimens became 5mm. 

2.4 Swelling-deformation test 
Fig. 2.1 shows the test apparatus. Swelling characteristics of 

the bentonite specimens were evaluated by using the 
one-dimensional swelling-deformation test under a constant 
vertical pressure proposed by Komine and Ogata [4], [5]. Iron 
plate was fixed to the top of the piston applying the constant 
vertical pressure. We used a filter paper, of which the 
diameter is 60mm and the thickness is 0.19mm, and a porous 
metal, with 60mm diameter and 5mm thickness, as filter. The 
filters were placed below the top cap and on the pedestal. 
They were used for mitigating the outflow of bentonite 
particles from specimens. 
After applying the prescribed vertical pressure (10kPa) to 

the specimen, aqueous solutions were supplied to the 
specimen. Then, the relationship between the axial swelling 
deformation and the time required from the start of water 
supply was measured. 
The solutions supplied to the specimens were three kinds of 

aqueous solutions. The first solution was the distilled water to 
measure basic performance. The second and third solutions 
were the saturated aqueous solutions of calcium hydroxide to 
discuss the effects of calcium ions leached from 
cement-based materials. The third solution included 
additional calcium hydroxide powders to keep saturated 
concentration, while the second solution without additional 
calcium hydroxide allowed decrease in the concentration 
during experiments. 

In the cases of specimens of the pure bentonite without 
admixtures and the bentonite mixed with silica fume, the 
temperature during the experiments was set to 40 °C in order 
 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
to promote pozzolanic reaction of silica fume. In the case of 
specimens of the bentonite mixed with sodium carbonate, the 
temperature was set to 20 °C. They were determined by 
considering the experimental condition in the previous 
studies [2], [3]. 
The solution was supplied from one side of specimens in this 

study. Although the water supply from two sides could save 
time for measurements, the condition in this study was 
decided to be same as the previous study [2] to easily compare 
the results. The validity of this water supplying condition was 
investigated by the preliminary experiments. 
Measurement period was also investigated by the 

preliminary experiments. Then, it was decided to be 7 days. It 
was longer than the previous study conducted by Nakarai and 
Shimakura [2] to improve the accuracy of data. 
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Fig.3.1 Curves of swelling strain versus time 
and the maximum swelling strain
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2.5 Evaluation method 
The swelling strain (%) is defined by 
 

εS＝
∆S
H0

× 100　　　　　　　　(1) 

 
where εS is swelling strain (%), ∆S is swelling deformation, 
and H0 is initial specimen height. 
It is known that the curves of swelling strain versus time can 

be approximated by the hyperbola in Eq.(2) [4], [5]. The 
maximum swelling strain εsmax (%) is obtained from the 
asymptotic line of the hyperbola, and can be calculated by 
Eq.(3) 
 

εs(time)＝
time

a + btime [%]　　　　　　(2) 

 

εsmax = lim
time→∞

εs(time) =
1
b [%]　　    (3) 

 
where “time” is the duration (in day) from the start of water 
supply, εs(time) is  swelling strain at “time” , and a and b are 
constants determined by fitting procedures. 

3 RESULTS OF PRELIMINARY EXPERIMENT 
This chapter describes the results of the preliminary 

experiment to decide the experimental conditions of the 
swelling-deformation test.  

3.1 Influence of additional calcium hydroxide powder 
Fig.3.1 shows the results of the swelling-deformation tests 

investigating the influence of additional calcium hydroxide 
powder. They show the relation between the curve of 
swelling strain versus time and the calculated maximum 
swelling strain. The swelling strain of Be-CHs-1 was greater 
than that of Be-CHp-1. We supposed that the reduction of the 
deterioration of the bentonite in the case of Be-CHs-1 without 
additional calcium hydroxide powders was caused by the 
decrease in the concentration of calcium ions in the solution. 
Deterioration of the bentonite in the case of Be-CHp-1 
including additional calcium hydroxide powders is 
progressed because the solution kept saturated concentration. 
To keep saturated concentration is necessary to correctly 
evaluate swelling performance of the bentonite. 
Therefore, we used the solution included additional calcium 

hydroxide powders in the experiment described in the next 
chapter. 

3.2 Influence of supplying method of solution 
We studied influence of the supply of the solution to 

swelling strain of specimen. Fig.3.1 shows the results of the 
swelling-deformation tests on the influence of the supply of 
solution. The swelling deformation rate of Be-CHs-2 was 
relatively fast and the swelling was almost converged in three 
days. On the other hand, the swelling deformation rate of 
Be-CHs-1 was relatively slow and the swelling deformation 
was gradually increased until 7 days (the end of 
measurement). In the specimen of Be-CHs-2, the rate of the 
supply was faster than that in Be-CHs-1 because the saturated  

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
calcium hydroxide solution was supplied from the bottom and 
top of the specimen. This increase in the solution supply rate 
caused the increase in the swelling deformation. The results 
of the maximum swelling strain of Be-CHs-1 and Be-CHs-2 
are approximately same. It means that the supplying method 
of the solution doesn’t affect the maximum swelling strain. 

4 RESULTS AND DISCUSSIONS 
Fig.3.2 shows the results of the swelling-deformation tests 

investigating the swelling deformation when the distilled 
water (W) was supplied to the specimens which were mixed 
with silica fume. Fig.3.3 shows the results of the 
swelling-deformation tests when the saturated calcium 
hydroxide soluteon with additional powders (CHp) was 
supplied to specimens which were mixed with silica fume. 
Fig.3.4 shows the relationship between the calculated 
maximum swelling strain and the mixing ratio of silica fume. 
Here, the solid and broken lines in the figure show the 
predicted maximum swelling strain in W and CHp, 
respectively. They were predicted from the maximum 
swelling strain of the pure bentonite specimens and the 
mixing ratio. Fig.3.5 shows the change in the measured 
swelling strain with time and the calculated maximum 
swelling strain. 

4.1 Effect of silica fume as an admixture 
According to Fig.3.4, in the case of W, the maximum 

swelling strain of specimen was smaller than the predicted 
maximum swelling strain indicated by the solid line. 
Therefore, it was found that the maximum swelling strain was 
decreased by the mixing of silica fume when W was supplied. 
We suppose that it was caused by solidification with the 
pozzolanic reaction of silica fume in the water. In the case of 
CHp, it was found that the maximum swelling strain of 
specimens mixed with silica fume (0.5 ~ 5 mass %) became 
larger than the predicted maximum swelling strain indicated 
by the solid line. It means that the mixing of silica fume can 
reduce the deterioration of bentonite by alkali. Especially, the 
mixing of 1mass% of silica fume was most effective to 
suppress the deterioration. When we mixed silica fume more 
than 1mass%, the maximum swelling strain gently decreased 
as mixing ratio of silica fume increase. It was caused by the 
decrease in the bentonite proportion in the specimen and 
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solidification associated with the pozzolanic reaction of silica 
fume in the water. 

4.2 Effect of sodium carbonate as an admixture 
According to Fig.3.5, in the case of the mixing of 4 mass% 

of sodium carbonate, the specimens both in W and CHp 
showed similar swelling behaviors. It means that the mixing 
of 4 mass% of sodium carbonate did not reduce the 
degradation of bentonite. In the case that mixing ratio of 
sodium carbonate was 1mass%, there were no differences in 
the swelling behaviors until 2 days. But, after 2days, it was 
found that the swelling strain of BeNa2CO3-1-CHp was 
greater than that of BeNa2CO3-1-W. It was supposed to be 
caused by the decrease in the ionic strength of the pore water 
in the particles associated with the precipitation of calcite. 

5 CONCLUSIONS 
In this study, we investigated the effect of admixtures such 

as silica fume and sodium carbonate in order to develop new 
materials suppressing the deterioration by alkali from the 
viewpoint of swelling performance. The performance was 
evaluated based on the swelling deformation of specimens 
measured in the distilled water and the saturated calcium 
hydroxide solution. Then, the following conclusions were 
drawn from the results of the experiments. 
 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
(1) The mixing of small amount of silica fume can reduce the 
deterioration of the bentonite in alkaline water. 
(2) The mixing of 1 mass% of sodium carbonate can reduce 
the deterioration of the bentonite in alkaline water. 
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1. INTRODUCTON 
Bentonite is known to be a material that has remarkable 

expansion characteristics and very low permeability.  
Therefore, the bentonite material is expected to use as a buffer 
in the geological disposal of nuclear waste facility and its 
mechanical and mineralogical properties have been 
investigated.  In the nuclear disposal site, the role to prevent 
leaking of radioactive polluted water by self-seal ability and 
performance to mitigate stresses generated due to creep of 
base rock are expected for the bentonite as a buffer.   Also, the 
stability and safety for an extremely long period of time are 
required for the geological disposal of nuclear facility.  In 
order to address such problems, it is necessary to predict the 
long term behavior of the geological disposal of nuclear waste 
facility and reliable numerical simulation technique that 
enables it is required   The constitutive modeling of a material 
which describes the mechanical properties is an essential key 
technique in the numerical simulation.  As for the constitutive 
modeling of bentonite materials, it has been formulated 
phenomenologically based on the elasto-plastic response 
under the loading and unloading processes and dilatancy 
characteristics during shearing like other clayey materials.  
However, in case of bentonite materials, the authors think that 
explicit experimental supports to such constitutive modeling 
are not sufficient.  Remarkable expansion characteristics on 
water absorption and very low permeability of the bentonite 
make it difficult to interpret their fundamental mechanical 
behavior.  The aim of this paper is to reconsider the 
fundamental mechanical behavior of the bentonite materials 

 
 

based on recent experimental data and to discuss the 
theoretical formulation of constitutive modeling for the 
bentonite materials. 
 
2. Isotropic compression and swelling characteristics of 

saturated bentonite materials 
Usually, isotropic compression and swelling characteristics 

are discussed based on the experimental data obtained from 
triaxial tests under the drained condition.  However, in the 
case of bentonite materials, there is not sufficient reliable data 
on the compression and swelling characteristics obtained 
from triaxial tests under the drained condition.   Many 
oedometer test data have been reported instead.   
Compression and swelling behavior of the bentonite materials 
obtained from the oedometer tests is not directly available in 
discussing compression and swelling characteristics under 
isotropic confining pressure, because the lateral stress cannot 
be measured in the oedometer tests.  If the lateral stress can be 
reliably estimated, more intensive discussion and more strict 
interpretation on the compression and swelling characteristics 
of the bentonite materials is thought to be made possible.  In 
this paper, the authors cite the experimental data of measuring 
the lateral stress with a special oedometer test apparatus for 
the bentonite materials by Sasakura et al. (2003) and discuss 
the compression and swelling characteristics of the bentonite 
materials under isotropic confining pressure, which are 
fundamental mechanical properties for constitutive modeling. 
 
 
 
 

An Interpretation of Mechanical Properties of Bentonite as a Non-linear 
Elastic Material 

Y.TAKAYAMA, S.TSURUMI, A.IIZUKA, K.KAWAI 
KOBE UNIVERSITY, JAPAN 

S.OHNO 
KAJIMA CORPORATION, JAPAN 

ABSTRACT 
Due to its low permeability and remarkable expansion characteristics, bentonite is an excellent candidate with potential 
use as a buffer in the disposal of nuclear waste.  In order to examine long term safety of bentonite buffer in the disposal 
of nuclear waste, constitutive modeling of bentonite materials and numerical simulations into which its constitutive 
modeling is incorporated have been actively developed in recent years.  The bentonite materials are usually modeled as 
a geo-material composed by elasto-plastic isotropic compression/expansion and plastic dilatancy characteristics.  
However, based on recent experimental data, the authors have begun to think that such usual treatment of constitutive 
modeling for geo-materials may not be applicable to the bentonite materials.  In this paper, fundamental considerations 
in elasto-plastic constitutive modeling for fully saturated bentonite materials are made.  According to uniaxial 
compression test data by Sasakura et al (2003) in which lateral earth pressure was measured, it is found that the 
hysteresis response between loading and unloading processes does not appear.  It suggests that the bentonite is elastic 
materials in which the swelling line corresponds with the normally consolidation line in the e-logp’ relationship.  Also, 
according to triaxial CU test results of bentonite materials, it can be seen that the effective mean stress is almost 
unchanged during shearing.  This implies that the bentonite does not have dilatancy characteristics based on the critical 
state theory.  Similar interpretation can be derived from the experimental results obtained from a series of triaxial CD 
tests by Cui et al (2006). 
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（1）K0 compression and swelling test 
Sasakura et al. (2003) carried out one dimensional 

compression and swelling tests for Kunigel V-1, which is a 
typical material of sodium bentonite and is planned to be 
used in the nuclear waste disposal site, Japan.  And they tried 
to measure the lateral stress under one dimensional loading 
and unloading processes with a special oedometer test 
apparatus.   Their experimental results are shown in Fig.1.   
It is found that the coefficient of earth pressure at rest, Ko, is 
almost kept 1.0 under the normally compression process and 
then increases with OCR under the unloaded swelling 
process.   The relationship between Ko value and OCR is 
indicated in Fig.2.  In this figure, experimental data by 
Sasakura et al. (2003) are indicated by white circles and the 
following empirical relation, Eq.(1), between Ko-value and 
OCR with the evaluation parameter, m, is compared,  

0 0
m

NC OCK K OCR− −=  （1） 
in which 0 NCK − : the coefficient of earth pressure at rest under 
the normally compression process, 0 OCK − : the coefficient of 
earth pressure at rest under the unloaded swelling process, 
OCR : over-consolidation ratio defined by 0v vσ σ′ ′ , 0vσ ′ : 
pre-consolidation vertical stress, vσ ′：current vertical stress, 
m ：evaluation constant.   According to Fig.2, Eq.(1) with 

m  of 0.6 seems to well explain experimental results of the 
bentonite, Kunigel V-1.  If it is allowed to employ Eq.(1) with 

m  of 0.6 in converting the vertical stress into the isotropic 
confining pressure, fundamental mechanical properties on 
compression and swelling characteristics under the isotropic 
confining pressure can be discussed using experimental data 
obtained from the oedometer test. 

 

 
 
（2）Isotropic deformation characteristics 
Fig.3 shows one dimensional compression (consolidation) 

characteristics of Kunigel V1 obtained from the oedometer 
tests by Sasakura et al. (2002) and Ishikawa et al. (1997).   
Normally consolidation lines by Sasakura et al.(2002) and 
Ishikawa et al.(1997) does not correspond each other.   This 
would be because the nature of the bentonite slightly differs 
depending on the year when the bentonite is produced and the 
content of the montmorillonite is slightly different even 
though the same bentonite. 
   According to Kobayashi et al. (2007), one dimensional 
normally consolidation characteristics of the bentonite under 

fully saturated state is uniquely expressed as, 
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Fig.2  The relationship between Ko value and OCR 
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Fig.1  K0 compression and swelling test result 
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Fig.3  One dimensional compression (consolidation) 

characteristics of Kunigel V1 
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max maxln lnv v
s

v v

e Gρ ρ
σ σλ λ

σ σ
 ′ ′

= − ′ ′ 
 （2） 

in which ρλ : material constant, sG : specific gravity of soil 
particle, maxvσ ′ : reference and maximum vertical stress 
corresponding to the void ratio vanishing.  This curve is 
called as fully saturation curve. In the case of data by 
Sasakura et al. (2002), 156.0=ρλ , 733.2=sG , 

GPa73.3max =′vσ . 
 
Then, the effective vertical stress can be converted into the 
effective mean stress using Eq.(1) as, 

02
3

v vKp σ σ′ ′+′ =  （3） 

in which p′ : effective mean stress, vσ ′ : effective vertical 
stress, 0K : coefficient of earth pressure at rest.  All data in 
Fig.3 are converted in terms of effective mean stress using 
Eq.(3) and are depicted in Fig.4 as a relation between the void 
ratio and the effective mean stress, in which 0 NCK − ＝１ and 
ｍ＝0.6 are employed.   It is found that the hysteresis loop 
between loading and unloading processes disappears and the 
swelling line corresponds with the compression line in Fig.4.   
If the compression and swelling responses in Fig.4 can be 
interpreted as isotropic compression and swelling 
characteristics of the bentonite, the bentonite can be regarded 
as a material having no plastic deformation.  Namely it can be 
said that the bentonite is a non-linear elastic material. 
 
 
3. Dilatancy characteristics of saturated bentonite 
materials 
In this section, we examine the dilatancy 

characteristics of bentonite. Usually, dilatancy 
characteristics are examined conducting triaxial CD 
test in which the principal mean effective stress is 
maintained constant. However, in the case of 
bentonite materials, there is not sufficient reliable 
data obtained from this test. Therefore, we examine 
dilatancy characteristic using the results of triaxial 
CU test on bentonite. 
 
（1）Triaxial CU test 
Results of triaxial CU test on some kind of bentonite 
are shown in Fig.5-8. These figures show the 
relationship between effective mean stress and 
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Fig.4  Isotropic compression and swelling characteristics of 
saturated bentonite materials 
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Fig.5  Triaxial CU test result on Sodium type of 

Bentonite conducted by Sasakura et al. (2002) 
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deviator stress. According to these test results, it can 
be seen that the effective mean stress is almost 
unchanged during shearing. Usually, the effective 
mean stress decreases with increasing shear stress 
because of negative dilatancy when triaxial CU test 
on normally consolidated clay is conducted. 
Therefore, it is implied that the bentonite does not 
have dilatancy characteristics based on the critical 
state theory. 
  

4. Swelling characteristic of saturated Bentonite 
As one of important mechanical properties of bentonite, 

there are swelling characteristic that is found in process from 
unsaturated to saturated.  We have two tests,  swelling 
deformation test and swelling pressure test, as a way of 
measuring of swelling characteristic. Swelling deformation 
test teaches us deformation when the bentonite suck the water 
under controlling the stress, and the swelling pressure test 
teach us swelling pressure when the bentonite suck the water 

under uniforming the volume. Typically, these result is 
arranged as connection between pressure at saturation to dry 
density. However, the relationship between these test’s 
results and full saturation line is not elucidated perfectly. 
Saturated bentonite is the elastic body, so its condition is 
always on full saturation line. Because of this, we estimate 
that the final value of these swelling test get to full saturation 
line. Now, we examine relationship between swelling 
characteristic and full saturation line, based on the result of 
these swelling test. 
 
(1)bentonite’s swelling deformation test 
Cui(2006) conducted swelling deformation test and 

isotropic unloading test with controlling principal stress. This 
test was performed on the sample of compacted Kunigel 
V-1/Toyourasa mixture with Kunigel V-1 content of 50% in 
dry mass. In this test, they set the initial dry density three 
patterns,1.69,1.54,1.2g/m3,and then did water absorption test 
with hydrostatic stress, based on the condition that the test 
keep mean principal stress settled. We show the sample’s 
initial value, initial dry density and initial water content ratio, 
and the value of  mean effective principal stress which the 
sample suck the water on the table-1. 
In addition, they did isotropic unloading test which reduce the 
load under 49kPa after the sample suck the water with mean 
principal stress set 392kPa. Fig-9 show these result, 
relationship between mean effective principal stress and void 
ratio at the finish of retting and swelling, of these three case of 
initial dry density and relationship between mean principal 
stress and void ratio when the test goes on isotropic 
unloading. In the case that it gave the sample some water in 
same mean stress, Fig-9 shows that the void ratio takes same 
value regardless of initial dry density. Furthermore, the value 
of unloading pass at isotropic unloading shows the almost 
same result with the swelling deformation test. Now, we take 
the three words, full saturated line/normal consolidation 
line/isotropic unloading line, as the same meaning. Based on 
these result, we can find that the value in case of swelling test 
is on full saturated line at saturated condition. Next, they 
conducted swelling test with the different stress ratio 
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Fig.6  Triaxial CU test result on Calcium type of 
Bentonite conducted by Sasakura et al. (2002,2003) 
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Fig.7 Triaxial CU test result on OT-9607 

conducted by Takaji et al. (1999) 
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Fig.8 Triaxial CU test result on MX-80 conducted 

by Ann et al. (2010) 
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R( /a rσ σ= ) in which the principal mean stress and principal 
stress ratio are maintained constant. The initial value of the 
sample takes 1.69g/m3 as dry density and 18.7% as initial 
water content ratio. We show the relationship between void 
ratio and mean principal stress at the end of soaking in Fig-10. 
Fig-10 teaches us that void ratio and mean stress are 
relationship of one to one regardless of principal stress ratio. 
So, our examination that saturated bentonite is nonlinearly 
elastic material without characteristic of dilatancy coincides 
with the result of Cui’s test. 

 

 

 

 
(2)Swelling pressure test of bentonite  
Swelling pressure test, using the equipment similar to 

one-dimensional consolidation equipment, is the test which 
can measure counter force of vertical direction caused by 
vertical soaking under settled volume. Fig-11 shows the result 
of swelling pressure test of Kunigel V-1, and shows 
relationship between void ratio and vertical swelling pressure 
at saturated. This figure teaches us that void ratio is smaller, 
then swelling pressure is larger and swelling pressure takes 
apart value in the same void ratio, but the value doesn’t 
exceed the full saturated line. But, considering the result so 
far obtained, these apart value results from measuring only 
vertical swelling pressure. So, if we take account of lateral 
stress and reconsider by the use of mean stress, and we 
consider that the value is all on the full saturated line. 
 
5. Conclusion 
This study examines the mechanical characteristics of 

bentonite based on recent experimental data. The conclusions 
are summarized as follows.  
 
(1) The swelling line at 0.1=rS  corresponds with the 

Normal Consolidation line. And saturated 
bentonite does not have dilatancy characteristics. 
Therefore, saturated bentonite is a non-linear 
elastic material. 

(2) When water is supplied from unsaturated state 
to saturated state, the final or saturation points 
reach on the fully saturation curve. 

 
In Fig. 12, the schematics of relationship between void ratio 
and the principal mean stress during loading, unloading and 
swelling are summarized.   
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Fig.9 the result of amount of swelling test 
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Fig.10 the result of swelling test 
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Fig.11 the result of swelling pressure test 

ρd0 
（g/cm3） 

w0 
(%) 

p 
（kPa） 

1.69 18.7 49,98,147,196 
1.54 18.7 19.6,49,88,196,294,392 
1.2 19 49,98,196,392 

Table-1 initial value 
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1. Introduction 
There are different applications for underground structures in 

metropolitan area including transportation, lifeline utilities 

and etc. These various applications show the importance and 

necessity of using underground spaces. Underground metro 

lines and underground facilities are a suitable solution for 

traffic problems; therefore, probability of locating a new 

tunnel nearby other existing underground structures 

incredibly increases. In these cases, the influence of new 

tunnel construction on increasing the ground surface 

settlement and bending moment of existing structure should 

be investigated. Generally, there are four  approaches for 

predicting the surface settlement and bending moment in 

different steps of tunneling, including laboratory, 

experimental, analytical and numerical methods. In this 

article, 3D numerical simulation has been applied by Abaqus 

finite element software. The constitutive models which  

 

 
 

represent soil and tunnel lining behavior are mohr-coloumb 

and linear elastic, respectively. 

The effect of Important parameters such as construction 

procedure,intersection angle and soil improvement are 

Studied. In conclusion, it has been shown that the proper 

selection of these parameters minimizes the effect of new 

tunnel construction on surface settlement or bending moment 

of existing tunnel.   

As before mentioned there are three main methods to study 

the interaction of nearby tunnels containing: field observation 

[1], physical model tests [2] and numerical simulation 

methods [3, 4, 5]. Liu (2009) presented a good summary 

about studies conducted until know. 

 In general Most of the numerical modeling is 2D and in 3D 

model a brief study about the influence of parameter like 

angle of intersection. 

 

 

 

   

Parametric Study of Crossing Tunnels at Different Level 
A.  Tohidi, MH.Sadagiani    

School of Civil Engineering, Sharif University of Technology, Iran,  

ABSTRACT 
 
  Tunnel construction in congested urban areas is an essential part of transportation system development. In this study a 

parametric Analysis was conduct to study the effect of tunneling on the existing support system (i.e. shotcrete lining) of 

a shallow tunnel and Surface Settlement. The parameters which can be studied are Soil characteristics, construction 

procedure and angle of intersection. Finite element method with Mohr-coloumb constitutive model was applied for 

numerical simulation of excavation process. 

Parametric analysis shows notable importance for each parameter and we are able to minimize the Surface Settlement 

with some suitable considerations. 

 boring of shallow tunnel firstly, soil improvement in concerned area and selection of a perpendicular angle in 

intersection region are some instances that will decrease Surface Settlement.  
 
Keywords: Crossing tunnels at different level, Numerical modeling, parametric analysis 
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2. Geometry and mesh of the model 

The dimensions of whole model according to figure 2-1 is 

111 x 111 x 70m, also tunnels with polycentric section have 

been considered according to figure 2-2. The depth of shallow 

tunnel is 10 m and the depth of deep tunnel is 22 m the 

distance between the floor of shallow tunnel and crest of deep 

tunnel is 3.5 m. the properties of soil and initial lining have 

been shown in table I. try and error in modeling, showed that 

for tunnel area and around it, the use of Wedge elements is 

more convenient than Structure(cube)elements, so the Wedge 

elements have been used around the shallow and deep tunnels, 

and the eight-node isoparametric hexahedral elements with 

reduced integration (C3D8R) used in rest cases. 

 

Fig 2-1.The Geometry, Mesh and Monitored Paths 
 
 

 
            Fig 2-2. section of excavated   tunnel 
 
 
27480 elements used in soil area and 7104 element used for 

initial lining. In simulation of lining, the four-node shell 

elements with reduced integration (S4R) have been used. The 

way of mesh modeling is such that whatever we go away from 

tunnels, the mesh density proceeds to attenuate. The numbers 

of excavation stages in base model are 53 stages, in stage 1 

the gravity load applied and stage 2 to 27 is related to 

excavation of shallow tunnel and from stage 28 to 53 deep 

tunnel excavated. For the stability of analysis the 6m at the 

begin and end of the tunnel weren’t excavated. 

This technique caused more reasonable result than when the 

excavation starts at the boundary condition. 

Unsupported span length is 1.5 m at 12 m before and after the 

intersection point and 3m at the rest.  

In one stage the soil element is inactive and in next stage the 

lining element will be active. 

All parameters that study are presented in table II. 

3. Results  

For gaining the influence of interaction, we must study at first 

what happen in boring the shallow tunnel and deep tunnel 

alone and then compare the result when both of them 

excavated. Thus in figure 3.1, the surface settlement of 

shallow tunnel alone and both tunnels have been shown and 

in figure 3.2, the surface settlement of deep tunnel alone and 

both tunnels have been shown. In figure 3.3, the diagram of 

bending moment in shallow tunnel crest during the shallow 

tunnel and deep tunnel excavation have been shown. 

 

Table I- specifications of base model 

Parameters 

Soil: 
Mohr-Colomb 

 
- K0=0.5 

 

Initial lining: 
30 cm 

- linear elastic 

Internal friction 
Angle 30o - 

Cohesion 
(kPa) 50 - 

Poisson 
coefficient 0.3 0.15 

Elastic module 
(MPa) 50 30000 

Density    
(kg/m^3) 2000 2400 
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Table II – parameters that study       

                                      
Parameters Descriptions 

 

Construction Procedure 

 

 

 

1. first the shallow tunnel then deep tunnel excavated 

2. first the deep tunnel then shallow Tunnel excavated 

3.The shallow and deep tunnels excavated simultaneously 

 

Soil Characteristics 

 

Young’s 
Modulus 

(Mpa) 

Friction 
Angle 

 

Cohesion 
(Kpa) 

 

Type of 
soil 

100 40P

o 65 One 

75 35P

o 55 Two 

50 30P

o 50 
Three 
(base) 

200 30P

o 100 
Four 

(Improved) 

Intersection Angle 

 

Three models with intersection angle 

0P

o
P , 60P

o
P, 90P

o 
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Fig3.1. surface settlement of shallow tunnel alone and 
crossing tunnels in path A-A 
  

  
Fig3.2. surface settlement of deep tunnel alone and 

crossing tunnels in Path B-B  

The first matter we get from longitudinal settlement of 

shallow and deep tunnels(alone) is that the variation of 

longitudinal settlement in distance 45 to 55 m (4.5D – 5.5 

D)very close to each other which describe the plane strain 

conditions in model and this result could be used for 

determining the minimum length of base model. However 

this above condition is not valid in crossing tunnels and the 

necessity of three dimensional simulations is clear. With 

consideration to figures 3.1 and 3.2, we understand that use of 

linear superposition for estimating the total settlement of two 

tunnels construction is not true. In other word to gain the 

maximum settlement, algebric sum of maximum settlement 

of shallow and deep tunnel construction, cause incorrect 

outcomes. 

A notable point from figure 3.2 that settlement of both tunnel 

smaller than the settlement of deep tunnel only! Because of 

same module of elasticity in loading and unloading for 

mohr-colomb model, when a shallow tunnel excavated heave 

occurred. But in this article we study the effect of parameters 

in settlement ratio and there is no significant error in our 

analysis. 

 
Fig 3.3. Bending moment in shallow tunnel crest during 

the excavation process 

As we observe from Fig 3.3. before excavation and lining 

installation, the bending moment is zero in intersection points 

but after activation of lining, suddenly this moment reaches to 

-30KN.m/m ( L point ) and in following process, this quantity 

reduces because of lining installation in following process to 

reach a constant value, after starting the deep tunnel 

excavation, increasing of  moment continues until the deep 

tunnel approaches to intersection point then the bending 

moment gradually increases and reaches to maximum value 

-42.6KN.m/m when deep tunnel crosses  beneath the shallow 

tunnel (M point). In other words when deep tunnel excavate 

the increase of 36% in crest of bending moment in shallow 

tunnel is observed. After crossing the deep tunnel beneath the 

shallow ones, the negative bending moment gradually 

reduces until to reach the –11KN.m/m at the end of 

excavation. The interesting object that bending moment 

reaches a maximum value during the construction and the 

necessity of stage construction analysis in soil structure 

interaction observed. 

With consideration to fig 3.1 and 3.2,we observed that the 

settlement in initial and final 6 m of shallow or deep tunnel 
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alone is equal to settlement of two tunnels. Also in diagram 

3.3 it is observed that immediately after excavation of deep 

tunnel (stage 28) the moment doesn’t change in shallow 

tunnel crest but approximately after crossing the 6 m of deep 

tunnel excavation, it increases gradually in shallow tunnel 

crest . From these result we can conclude that if we far from 

intersection point about 4.5D the influence of deep tunnel on 

shallow one can be ignore. 

This conclusion is important when you want to determine the 

area of influence. 

In the future we study the influence of parameter on 

interaction between tunnels. 

3.1. Construction procedure 

The first model is the base model which at first the shallow 

tunnel and then the deep tunnel had been excavated. In second 

model, two tunnels were excavated simultaneously thus, 

when 3 m of shallow tunnel was excavated, in the following 

process instead of next 3 m excavation, 3 m of deep tunnel 

excavated and in the third model the deep tunnel excavated 

initially and then shallow tunnel excavated. For comparing 

these three models, surface settlement in shallow tunnel width 

(path B-B in figure 2-1) have been shown in figure 3.4. 

 
Fig3.4. influence of tunnels construction procedure on 

surface settlement of shallow tunnel  

 

We get from figure 3.4 when at first the shallow tunnel and 

then deep ones is excavated, the maximum of surface 

settlement is 22.1 mm and during the tunnels simultaneous 

excavation the quantity of settlement is equal to 26.6 mm that 

shows the 20% increase in maximum settlement. But when at 

first the deep tunnel and then the shallow ones is excavated, 

the produced maximum settlement is 30 mm in relation to 

previous condition we have 12% increasing in settlement. 

This approves that when settlement is at first importance, the 

shallow tunnel should be excavated first and then the deep 

ones to produce the less Total settlement. In figure 3.5 

bending moment in shallow tunnel crest has been shown by 

three construction procedures. 

 
Figure 3.5. Bending moment of shallow tunnel crest in 

three construction procedures 

With consideration to figure 3.5 the minimum moment occurs 

in simultaneous excavation of two tunnels, but the direction 

of this moment changes alternatively (because of alternative 

excavation of shallow and deep tunnel) afterwards the deep 

tunnel excavation and then shallow ones give less bending 

moment than shallow tunnel excavation then deep ones. Thus 

the parameter of construction procedure acts differently in 

settlement and moment. For example initial excavation of 

shallow tunnel results in producing the less surface settlement 

but creates more bending moment in shallow tunnel crest. 

The incremental ratio of bending moment ( 𝑀𝑀−𝑀𝐿
𝑀𝐿

 ) in 

condition of shallow tunnel excavation and then deep ones 

63% increase, and in deep tunnel excavation and then shallow 

ones 400% increase which shows the immense influence of 

construction procedure on bending moment alterations. 

0

5

10

15

20

25

30

35

0 50 100

Su
rfa

ce
 S

et
tle

m
en

t(m
m

) 

Mid Transverse Path of Shallow Tunnel  B-B(m) 

Shallow Then
Deep Excavated

Deep Then
Shallow
Excavated

Both Tunnels
Excavate
Simultaneously



 

187 
 

 

3.2. Soil characteristic  

In this part according to table II, the influence of soil type on 

surface settlement and bending moment of shallow tunnel 

crest was investigated. So four models were produced with 

various soil type. In case four, soil is improved with grouting 

that increase cohesion.With consideration to figure 3.6 and 

3.7, the maximum settlement in first type soil during the 

shallow tunnel excavation is equal to 3.8 mm and when the 

deep tunnel is excavated reaches to 10.5 mm, that indicate 

maximum relative surface settlement 175%  increase. Also 

the maximum settlement in second type soil during the 

shallow tunnel excavation is 5 mm which this settlement after 

deep tunnel excavation reaches to 14.1 mm that shows 180% 

ralative surface settlement increase. In third type during the 

shallow tunnel excavation, the maximum settlement reaches 

to 8 mm that after deep tunnel excavation underneath the 

shallow tunnel this quantity raise to 22.1 we understand the 

175% relative surface settlement increase in intersection 

point.  In fourth type soil which is improved, settlement in 

shallow tunnel excavation is 1.6 mm which during the deep 

tunnel excavation reaches to 4.9 mm and shows a 212% 

increase of maximum settlement during the shallow tunnel 

excavation. So we cannot anticipate a distinct rule to compare 

the interaction effect between soil type. 

 
Fig 3.6. Surface linear settlement during the shallow 

tunnel excavation in different types of soils 

 
Fig 3.7.Surface linear settlement during the deep tunnel 

excavation in different types of soils 

According to figures 3.6and3.7 in shallow tunnel excavation 

from first type soil to second type and from first type soil to 

third type results in 32 and 111  percent increase of settlement 

respectively. In intersection tunnels from first type to second 

type and from first type to third type soil results in 34 and 110 

percent increasing of settlement. In other words the Soil 

improvement in intersections area can result in settlement 

reducing. When the soil is improved (fourth type soil) in 

relation to first type in shallow tunnel excavation, the  

maximum settlement decreases  to 58% and during the deep 

tunnel excavation the maximum settlement decreases to 52%.  

In figure 3-6, the alterations of bending moment in shallow 

tunnel crest during the excavation of this tunnel and deep 

ones have been shown. 

With consideration to figure 3-6, in first type soil the moment 

changes from -17KN.m/m(L point) to -28.KN.m/m(M point) 

which shows 68% increasing in maximum bending moment. 

For second type soil, the bending moment changes from 

-20KN.m/m to -35KN.m/m which shows 75% increasing in 

bending moment during the excavation. Also for third type 

soil, the moment changes from-26KN.m/m to 42.4KN.m/m 

which shows 63% increasing in scale of bending moment.  In 

improved soil (fourth type) the moment reaches 

from-5KN.m/m to -10KN.m/m which shows 50% increasing. 

A noticeable point is that in the case of the soil improvement 

the relative bending moment decrease to a minimum value 

compare to other soil type. The other important point we 
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realize here is that the soil improvement in intersection area 

not only causes the settlement decrease but also is a reason for 

decreasing the bending moment in lining tunnel, in contrast 

with other parameters that each of them if decrease the 

surface settlement increase the bending moment and vice 

versa. But soil improvement decrease both of the surface 

settlement and bending moment because in this case the 

improved soil carry more load than other soil type. 

 
Fig 3.8. Produced bending moment in shallow tunnel 

crest in different types of soils 

 
3.3. Intersection angle  

In order to clarify the influence of intersection angle between 

two tunnels in surface settlement and bending moment, three 

models with angles of 60°, 90° , 0° have been made. The 

surface settlement in length of shallow tunnel for three 60°, 

90°, 0° has been shown in figure 3-7. With consideration to 

figure 3-7, the minimum settlement has been presented for 

intersection angle of 90°, the produced maximum settlement 

for intersection angle of  0°  hasn’t much difference with 

other settlement curves but this maximum settlement occurs 

in all lengths of tunnel. As it described before the reason of 

difference in settlement in 24 m initial and final of tunnel for 

0° is, this length was excavated with 3m Unsupported length 

and others with 1.5 m Also in angle of 0° we could observe 

the plane strain conditions for parallel tunnels and the two 

dimensional simulation can be used instead of three 

dimensional. In figure 3-8, the bending moment has been 

shown in shallow tunnel crest. The noticeable point is that 

produced bending moment in shallow tunnel crest in 90° 

intersection angle has the most quantity and in intersection 

angle of 60°, this is approximately identical. So, a parameter 

not only causes decrease in settlement but also increase in 

bending moment. 

 
Fig 3.9. Surface settlement for three different intersection 

angles 

 
 

Fig 3.10. Bending moment in shallow tunnel crest for 
three intersection angles 
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4-Conclusion  

Totally we can say if we go 4.5D farther from two tunnels 

intersection point, the influences of interaction between two 

tunnels can be negligible. 

Also with consideration to bending moment in presented 

tunnel crest, the most bending moment occurs during the 

construction and when deep tunnel crossing beneath the 

shallow ones. 

If a parameters cause to decrease the settlement, results in 

bending moment growth or vice versa but in soil 

improvement, the improvement of  soil transfers load to soil 

and cause decrease in both settlement and moment. In general 

the parameters change is more efficient in decreasing and 

increasing of bending moment in proportion to decreasing or 

increasing of surface settlement. Some parameters such as 

unsupported length despite of increasing the relative 

settlement decrease the total settlement. 
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1. INTRODUCTION 
Competent waste management in accordance with legal 
regulations at the site of their deposition is a priority for 
properly managed and exploited dumps. This problem 
becomes particularly significant when deposited waste 
products may be economically re-used. Such a situation 
occurs e.g. in case of wastes classified as neutral to the 
environment. The category of such wastes frequently includes 
also mining wastes, distinguished by two indicators: varied 
composition, dependent on the site and technology of 
produced tailings, and their considerable volume.  
In open pit mines it is most typically overburden removed 
from the layers over the deposit, while in deep mines it is 
landings coming from the construction of the mine and 
exploitation of the subsurface deposit. Thus formally the 
suitability of the run of mine as engineering construction 
material should be similar to that of natural soils. However, in 
practice the input material comprises the run of mine after 
processing, differing in terms of its strength from the material 
deposited on the dump. A key element of the change results 
from the fact that the rock material of continuous structure 
changes after crumbling and is transformed into ground 
material with a three-phase structure. A very good example of 
such material is provided by post-flotation tailings from 
copper ore treatment. The utilization of post-flotation tailings 
as a construction material suitable for earthen structures 
requires first of all the determination of physico-mechanical 
properties required in case of a construction material, while 
secondly we need to identify the use, type and parameters of 
the structure, where the material is to be used.   
 
 

2. THE OBJECT  
Poland is a world leading producer of copper and silver, 
exploiting non-ferrous metal ores located on the 
south-western part of the country. In that region the entire 
copper ore mining and processing industry is found. The 
winnings from all (solely deep) mines are subjected in the 
process line to mechanical treatment and flotation processes 
and - after the isolation of copper headings - it constitutes 
post-flotation tailings, which need to be properly managed. In 
the global scale post-flotation tailings constitute approx. 95% 
excavated deposit, which due to the volume of production, 
results in the need to manage approx. 25 million Mg waste 
annually. Starting from the year 1997 all post-flotation 
tailings are transported to one dump, which recently has been 
officially named the Żelazny Most mining refuse 
neutralisation facility (OWOU). The amount of waste 
deposited over the years of dump operation has resulted in the 
construction of a hydroengineering mega-structure, second 
(after the Chinese Great Wall) engineering structure seen 
from space.  
The size of the object is indicated by its parameters: the 
amount of deposited tailings – over 500 million m3, dump 
area – 14 km2, the capacity of the tailings pond - 7 million m3, 
the length of dams surrounding the dump – 14.3 km, the 
height of the highest dams – over 60 m (Fig. 1). Post-flotation 
tailings are transported to the dump by hydraulic method, first 
under the pressure and then by gravity, in the form of a 
mixture with process water from the mines, at mixture density 
of 1.11÷1.15 Mg/m3. Refuse is discharged to the dump from 
pipelines located in the crown of external dams surrounding 
the dump (Fig. 2). After discharge tailings particles are 
sedimented on the dump beach, while water flows to the pond 

Use of post-flotation copper tailings in the construction of dump dams  
Tschuschke W., Wierzbicki J. 

Department of Geotechnics, Poznań University of Life Sciences, Poland 

ABSTRACT 
 
Considerable amounts of mine tailings are produced by the mining industry every day. Post-flotation tailings in the 
mining of copper ores in Poland constitute 95% excavated mine run and are deposited in dumps. Constructional 
elements of a dump include outer dams surrounding the object. Durability and stability of these building structures 
determines safe operation of the entire object. Selection of adequate quality soils for the construction of dams is a 
crucial factor limiting the risk of a potential disaster. Very large dumps require adequately large amounts of soil for the 
construction of dams. An alternative for this classical approach may be provided by the use of deposited tailings as the 
structural material. In this solution the amount of mine waste deposited in the dump is reduced, there is no need to 
exploit deposits of natural soils and the potential capacity of the dump is increased.  
The paper presents principles of the construction technology of hydraulic fill dams, criteria for grain size distribution 
and physical properties of sediments to be used in the construction of dams, principles of quality control for earth work 
and methodology of control tests. The paper comments on the effect of the applied technology on the condition of the 
natural environment. 
 
Keywords: mine tailings, dump construction 
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located in the central part of the dump, where after clearing in 
flow towers it is directed to the secondary technological 
cycle. Guidelines for the safe operation of the dump require 
the maintenance of the water line at a minimum distance of 
200 m from the dam crown, which determines beach slope, 
naturally oscillating around 1%. 
 

 
Fig. 1. The general view of  the OUOW Żelazny Most 
[KGHM Polska Miedź S.A.]. 
 
The dump is expanded by the upstream construction of the 
dam superstructure on hydraulically filled beaches. The 
superstructure above the crown of star dams is constructed 
from tailings deposited on the beach [1]. In all cases the 
height of the superstructure is 2.5 m and it is adapted to the 
rotation system of feeder pipelines. Annual increment in 
dump height is on average 1.3 m. 
 

 
Fig. 2. Observed plunge pool at discharge point at the Żelazny 
Most dump [3]. 
 

3. CHARACTERISTICS OF DEPOSITED TAILINGS  
Post-flotation tailings produced from ores genetically 
connected with dolomites and copper shales are characterized 
by considerable grain angularity, while that from sandstones 
have a milder morphology or even a preserved original grain 

shape in deposits with a weaker binder. The basic component 
of the fraction of less than 0.06 mm comprises chips of 
carbonate rocks, while in the coarser fraction quartz is the 
dominant material, found in considerable amounts in the 
fraction of 0.25÷0.1 mm. Shale content decreases with a 
reduction of grain diameter. Characteristics of tailings 
connected with their original geomorphology determine 
mechanical properties of the material to be used in the 
construction of earth dams.  
Tailings gravitationally silted up on the beach are subjected to 
the natural process of sedimentation segregation, as a result of 
which coarser fractions are deposited in the vicinity of 
tailings discharge sites, while finer fractions flow with water 
over the surface of the beach towards the pond. The finest 
tailings (carbonate-clay tailings) are excluded from the ring 
silting process, as they may not be used in dam 
superstructures. These wastes are discharged directly inside 
the dump to seal the pond bottom. Hydraulic filling by 
tailings is a cyclical process, in which a fragment of the beach 
is elevated by several dozen centimeters at a time. Then the 
beach drying stage occurs, lasting up to 2 months, followed 
by another hydraulic fill process. The technology of tailings 
hydraulic transport and beach hydraulic filling, the process of 
drainage, drying and beach formation cause significant 
effects, i.e. spatial heterogeneity of sediment consolidation 
and a specific macrostructure, characterized by horizontal 
laminations. The number and thickness of laminations with 
the smallest grain size increases with the distance from the 
tailings discharge site, limiting the range of the sedimentation 
zone for deposits suitable for dam superstructure. Sediments 
deposited in that zone as a construction material have to meet 
specific compactibility criteria, and as a consequence - also 
bearing capacity, since additionally they constitute the subsoil 
for dam superstructures constructed by the upstream method. 
A diagram for the dump section with an arbitrary division into 
zones is presented in Fig. 3.  
 

 
Fig. 3. Diagrammatic cross-section of dump:   1 – coarse 
tailings (fine sand), 2 – intermediate zone (sandy silt), 3 – 
slimes (predominate silt and clay fraction) [3]. 
 

4. CRITERIA FOR THE SELECTION OF MATERIAL 
FOR DAM CONSTRUCTION  

Due to the necessity to regularly increase the dump capacity, 
the processes of engineering design, tailings deposition and 
dam superstructures constructed are realized in parallel. The 
adopted method of upstream superstructure development 
results in a situation when only the start dams made from 
natural soils are founded on the subsoil. Successive stages of 
superstructure development, proceeding as the dump is being 
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filled, are realized from drained sediments deposited on 
beaches. Design of the dump development requires 
geotechnical identification of deposited sediments. 
Geotechnical parameters of sediments change with the 
distance from the discharge site, while they also depend on 
the type of rock from which they originate, applied 
processing, disposal technology, filtration and consolidation 
processes. Only some of the deposited sediments may be used 
as a construction material in the creation of dam 
superstructure. Extremely fine silty deposits exhibit 
properties of a plastic material with limited shear strength. 
Sandy deposits have the characteristics of a non-cohesive 
material with a much greater rigidity and shear strength, 
while indexes referring to compactibility are best suited to 
describe sediment behavior. Assuming the strength criterion 
as the starting point for the determination of suitability of 
deposits for construction purposes, a series of tests was 
performed in a direct shear apparatus at deposit compaction 
corresponding to maximum dry density from the Proctor test 
(Fig. 4). Samples of deposits were differentiated in terms of 
their grain size distribution, as identified by SFR (ratio of 
sand to fines <0,074mm) [2]. The correlation identified on the 
basis of model tests between internal friction angle and a 
grain size parameter SFR was used in the determination of the 
physical criterion of sediment suitability (Fig. 5). 
 

 
Fig. 4. Standard Proctor test results for the Żelazny Most 
mine tailings (ρds – maximum dry density, wopt – optimum 
moisture content). 
 
Relatively high values of the internal friction angles result 
from angularity of sediment grains. On the basis of an 
analysis of stability it may be assumed that sediments 
embedded in dams, in order to meet the strength criterion       
(φ > 35o) at the required compaction, should have SFR > 2, 
which corresponds to a limitation of the silt content in the 
sediments to 30%. The area of grain size variability in 
sediments classified as suitable for dam construction is 
presented in Fig. 6. 
 

 
Fig. 5. Correlation between internal friction angle (φ) and 
SFR coefficient for compacted tailings within the range of 
natural moisture content equal  ± 5% of optimum moisture 
content. 
 

 
 

Fig. 6. Grading envelopes for the Żelazny Most mine tailings. 

 
The identification of the distribution and potential prediction 
of changes in sediment grain size in the beach profile and 
cross-section constitutes the basic information in the 
technology of sediment collection from the beach for the 
construction of dams and for the determination of 
geotechnical parameters of sediments for the needs of the 
analysis of object stability. The process of sediment 
deposition results in a situation when the hydraulically filled 
beach is a heterogeneous medium of random character. 
Identification of deposit grain size, being a function of the 
location in space, may be considered as a deterministic 
problem for a heterogeneous medium [3]. Probability of 
occurrence of sediments with varying grain size at a specific 
distance from the dam may be investigated by clustering 
sediments into groups with similar grain size or by the 
so-called continuous distribution method for one of the 
adopted measures of the grain size curve (Fig. 7) [3], [4], [5]. 
It results from the analysis of Fig. 7 that the previously 
determined criterion of granularity (fp > 70%) is met by 
sediments deposited in the belt of the beach adjacent to the 
dam at a distance up to 70 m from the discharge site [3]. This 
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fragment of the beach was assumed as the potential zone of 
earth work, from which collected sediments may be used for 
dam superstructures. An advantage of the earth work in the 
identified zone of the beach is connected with the mixing of 
sediments with different grain sizes, together with the 
elimination of laminations of cohesive deposits formed in the 
course of hydraulic filling and compaction of the subsoil for 
the future dam superstructures.  
 

 
 

Fig. 7. The probability of tailings grain size distribution with 
the distance from the dam [3]. 
 
The conditions specified above for the construction of dam 
superstructures from the material deposited in the dump, i.e 
mine tailings, constituted the basis for the development of a 
procedure defining the manner and sequence of operations: 

• Hydraulic filling of a specified fragment of the beach 
with post-flotation tailings, 

• Drainage and drying of deposited sediments in the 
beach to a moisture content corresponding to 
optimal moisture content, 

• Using bulldozers, collection of hydraulically 
deposited sediments from a beach section of 70 m in 
width (at this stage the beach was further compacted 
for the successive stages of dam superstructure 
construction) (Fig. 8), 

 

 
Fig. 8. The view of the zone of tailings used for dam 
construction [3]. 
 

• Formation of a dam superstructure with a layer of up 
to 0.5 m in thickness,  

• Compaction of the formed layer using a vibrating roll 
until the required compaction criterion is met,  

• Quality control testing of performed earth work. 
A repetition of the entire cycle until the complete module of 
dam superstructure, 2.5 m in thickness, is obtained, together 
with the final geotechnical acceptance test. 

5. QUALITY CONTROL OF PERFORMED EARTH 
WORKS  

The structures of high, hydraulically filled dams from 
post-flotation tailings surrounding the object, which role is to 
accumulate these wastes, requires strict adherence to the 
technological regime and particularly thorough quality 
control tests of the performed earth work.  
Meeting the criteria of grain size distribution and compaction 
of the material incorporated in the dam is a necessary 
pre-condition for the safe operation of the object, 
guaranteeing its stability and durability. Within the 
framework of control tests, testing is performed on an 
on-going basis by the surface method after the formation and 
compaction of a successive layer of 0.5 m in thickness and the 
final verification tests by the depth penetration test after the 
completion of the construction stage of the dam 
superstructure with a thickness of 2.5 m. Surface tests are 
based on standard methods, i.e. isotope and volumetric tests 
(Fig. 9) [6].  
 

 
 

Fig. 9. Troxler gauge and hand CPT equipment during  testing 
tailings [6]. 
 
The former determines moisture content and density of 
deposits in the controlled layer and as a consequence - its 
relative compaction – R (dry density – ρd to maximum dry 
density – ρds) (Fig. 4). In the latter laboratory analyses of 
physical parameters are performed on the collected sediment 
samples, which results - in relation to the Proctor test - make 
it possible to determine the relative compaction and 
additionally verify the grain size criterion. An original 
solution in this respect is provided by the depth testing 
method based on the standard cone penetration test CPT [3], 
[7]. In this method penetration characteristics are recorded, 
i.e. cone resistance - qc and friction ratio - Rf, which are 



 

194 
 

 

indicators for the assessment of relative density – Dr and 
grain size in sediments over the entire analyzed profile. 
Sediments embedded in the dams meet the compaction 
criterion when the condition described by equation 1 is met. 
 
for Dr > 70%:   
qc > exp((36.81∙ln(σv0) + 733)/( 17∙σv0

0.0876))                     (1) 
 
where: σv0 – overburden stress. 
To verify measures of sediment compaction it is possible to 
evaluate the relative compaction - R by relative density – Dr 
on the basis of a correlation dependence expressed by 
equation 2. 
 
R = 0,855 + 0.165·Dr                          (2) 
 
The required criterion for sediment grain size (fπ < 30%) 
expressed by CPT parameters is determined by condition Rf < 
1.3% [3].  
An example of an interpretation of CPT testing in order to 
identify  grain size and compaction of sediments in the dam 
superstructure profile is presented in Fig. 10.  
 

 
Fig. 10. CPT results at the background of quality criterion. 

6. THE EFFECT OF DAM SUPERSTRUCTURE 
TECHNOLOGY ON THE CONDITION OF THE 
NATURAL ENVIRONMENT  

In order to assure environmentally safe operation of the 
Żelazny Most mining refuse neutralization facility we need to 
mention the following crucial problems [1]: 

• Assurance of object stability, 
• Limitation of migration of contaminated process 

waters from the dump to groundwaters, 
• Limitation of dusting. 

The applied technology of gradual stage dam superstructure 
construction from post-flotation tailings previously deposited 
in the dump, in case of the first two problems does not 
generally differ from the conventional method of dam 
construction. In case of a risk of stability loss in the 
threatened sections of the dam the vent embankment of the 

dam is loaded. Limitation of process water migration from the 
dump to the subsoil is provided by the construction of ring 
drainage at successive layers of the dump, girdling ditches 
around the dump as well as the barrier of deep wells at the 
dump forefield. In contrast to the previous aspects, the hazard 
connected with dusting is a specific characteristic of the 
Żelazny Most facility. Post-flotation tailings deposited on the 
dump beach and used in dam construction are characterized 
by the capacity to dry rapidly. Dry sediments, free of the 
binding force, are exposed to the action of wind and are easily 
transported outside the dump area, forming fine dust 
suspended in the air. The impact of dust on the environment is 
so intense that as a counter-measure the surface of the beach 
and dams is covered with air-sprayed bituminous emulsion. 

7. CONCLUDING REMARKS  
The presented technology of gradual stage construction of 
dam superstructure, performed in the course of the operation 
of the wet waste disposal site from selected material, i.e. 
post-flotation tailings deposited in that dump, has at least one 
spectacular economic advantage. The use of wastes for the 
formation of dams on the one hand reduces the amount of 
wastes deposited in the dump, while on the other hand it 
eliminates the need to exploit deposits of natural soils and 
transport them to the crown of the constructed dam 
superstructure. In case of a huge object such as the Żelazny 
Most facility, in which the annual dam superstructure requires 
approx. 300 thousand m3 soil, savings connected with the 
applied technology covering two basic cost components, i.e. 
elimination of fees for the disposal of sediments embedded in 
the dams and no need to extract and transport natural soils for 
dam construction, reach over 2 million US dollars annually. 
We also need to mention another advantage, i.e. the fact that 
as a result of crushing of run of mine the resulting 
post-flotation tailings have the characteristics of fine-grained 
broken aggregate, easily compacted and with advantageous 
shear strength parameters, provided that the strict 
technological regime of the dam superstructure construction 
is maintained. A problem which may be perceived as a 
drawback of this technology is the adverse environmental 
impact connected with increased dusting of dried sediments 
embedded in the dams. This may be solved by the application 
of appropriate counter-measures reducing dust emissions to 
areas adjacent to the dump. 
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1. INTRODUCTION 
Embankments are very useful geo-engineering structures that 
are widely used to support roads and rails. They are 
constructed by shaping the natural slope or by compacting the 
imported soils. Failure of these embankment slopes can cause 
for human casualties as well as negative impacts on a 
country’s economy. Most embankment slopes are initially 
unsaturated prior to any rainfall. In addition to triggering by 
earthquakes, rainfall has caused the failure of many 
embankment slopes, worldwide [1]-[4]. 
Reference [5] performed a series of parametric studies to 
understand the significance of hydrological and geotechnical 
parameters of a slope on its rain-induced instability. The 
study revealed that rainfall, rainfall intensity, soil properties, 
location of the ground water table, and the slope geometry 
(angle, height) play a significant role in the rain-induced 
instability of a slope. Angle and height of an embankment are 
two key geometrical parameters that control the extent of the 
area covered by the embankment slope and its stability. In 
developed/developing area areas, there is a great demand to 
reduce the area covered by the embankment slopes and hence 
the embankments are constructed with steeper slopes and in 
some occasions geo-reinforced embankments are constructed 
with vertical slopes [6].  
Unsaturated embankment slopes can be stable with very steep 
slope angle until it is exposed to rainfall. The mechanism of 
slope failure induced by rainfall can vary depending on the 
slope angle. It is important to understand the mechanism and 
initiation of failure of an embankment slope to provide better 
countermeasures against the failure. This paper presents the 
results of the embankment model tests conducted to 
investigate the effects of slope angle on the mechanism and 
the initiation of the failure the of embankment slope subjected 

 
 

to rainfall. Two instrumented model embankment slopes with 
two different slope angles (e.g. 300 and 600) were subjected to 
artificial rainfall until the failure. 

2. TESTING MATERIALS 
Edosaki soil procured from a natural slope in Ibaraki 
prefecture in Japan was employed in the experimental work 
of this study.   Wet sieving and hydrometer analyses were 
performed on this material as it contains fines (particles finer 
than 0.075 mm) content of 17.1 %. The grain-size distribution 
curve of the test material is shown in Figure 1. The specific 
gravity, maximum void ratio, and minimum void ratio of the 
soil were measured as 2.75, 1.59, and 1.01, respectively. The 
soil was found to be non-plastic. The optimum gravimetric 
water content and the maximum dry density of the sand 
obtained from the standard proctor compaction test were 
16.5% and 1.725 g/cm3 respectively. According to the 
Unified Soil Classification System, the soil can be classified 
as silty sand 

2.1 Soil Water Characteristic Curves (SWCCs) 
Figure 2 depicts the soil-water characteristic curve (SWCC) 
for Edosaki sand obtained in the laboratory using a Tempe 
pressure cell. Both the drying and the wetting  SWCCs were 
obtained for the test material using a sample with dry density 
of 1.22 g/cm3. Model slopes were constructed using Edosaki 
sand to achieve dry density of 1.22 g/cm3.Since the air-entry 
value of the ceramic disk used in Tempe pressure cell is 300 
kPa, the measured SWCCs were restricted to the maximum 
suction of 200 kPa. More details about SWCC measurement 
using Tempe pressure cell is given in [7]. As shown Figure 2, 
the laboratory measured SWCC data were fitted using the 
equation proposed by Fredlund and Xing [8].  
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Figure 1. Grain size distribution curve of Edosaki soil         
 
 

 
 
 
 
 
 
 
 

 
 
Figure 2. SWCCs of test material 
 

2.2  Unsaturated Permeability 
Permeability function of unsaturated soils was measured 
using a laboratory developed permeameter based on steady 
–state method [9]. Figure 3 shows the variation of measured 
coefficient of permeability with suction following the drying 
path of the SWCC. The test was conducted on the dry density 
of 1.22 g/cm3 of Edosaki sand. Figure 3 also compares the 
laboratory measured permeability function with the 
predictions using the methods proposed by Fredlund [10], 
Green & Corey [11], and Van Genuchten [12] (all three 
methods are included in SEEP/W -2004).  

2.3 Unsaturated Shear Strength 
A conventional direct shear apparatus was modified to 
measure unsaturated shear strength under controlled suction. 
Figure 4 (a) depicts the variation of the φ’ with the suction. 
The φ’  was obtained from both saturated and unsaturated 
consolidated drained tests employing the modified direct 
shear device. The results suggested that the effects of suction 
on the φ’ is not significant. However, as shown in Figure 4 
(b), the apparent cohesion (c) increases with the suction in a 
decreasing rate.   
 
 

 

 
 
Figure 3. Measured and predicted permeability function 
 of test material 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Figure 4. Measured unsaturated shear strength properties of 
test material 

3. MODEL TESTS 
In order to examine the effects of slope inclination on the 
mechanism of rain-induced slope (embankment) failures, two 
instrumented model tests with two different slope inclinations 
(i.e. 300 and 600) were subjected to an artificial rainfall until 
the failure of the slope. Pore-water pressures, volumetric 
water contents, soil displacements were monitored 
continuously at different locations on and in the slope during 
the construction of the slope and the application of the 
rainfall.  

3.1 Instruments Used 
The tank (Figure 5) used in model test has a length of 2.0 m, 
width of 0.8 m, and a height of 1.0 m. The walls of the tank 
are made up of steel plates, except for the front side which is 
made of acrylic glass for easy observation of deformation 
processes. 
ADR (Amplitude Domain Reflectometry) and ECHO types 
soil moisture sensors were used in the model tests to measure 
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soil moisture content during water infiltration. In order to 
measure both positive and negative water pressures, 
KYOWA 05 PMG pressure sensors were modified with a 
ceramic cup of 100 kPa air-entry value. Figure 6 shows the 
types of sensors used in the model tests. LVDTs were used to 
measure the local displacements on the slope surface. 
Inclinometers installed in the soil measured the sub-soil 
displacements. Evaflow side spray irrigation tube (hole size, 
0.1 mm) was used to simulate rainfall as shown in Figure 5. 

Figure 5. Tank used for model tests                                            

Figure 6. Sensors used in model tests 

3.2 Model Preparation 
Two model embankments with different slope inclinations 
(e.g. 300, 600) were constructed   by compacting Edosaki sand 
with the initial gravimetric water content of 13.5 %. The 
compaction was performed in order to achieve the dry density 
of 1.22 g/cm3. 15 pore-water pressure sensors, 15 water 
content sensors, three inclinometers, and two LVDTs were 
installed in each model embankment. All the sensors were 
connected to a data acquisition system for continuous logging 
of data during the construction of the slope and as well as 

during rainfall application. 

3.3 Rainfall Simulation 
Approximately 24 hours after the completion of the 
construction of the slope, the slope was subjected to a rainfall 
with an approximate intensity of 40 mm/hr. During the 
rainfall application, it was set to log data for every 2 seconds 
from all the sensors connected with the logging 
system. Evaflow side spray irrigation tube system used in this 
experiment was able to provide a relatively uniform constant 
rainfall between 20 mm/hr and 50 mm/hr. It was able to 
control the rainfall intensity by regulating the pressure of the 
water supplied to the system. This rainfall system was 
calibrated to give different rainfall intensities with supplied 
water pressure. Four measuring cylinders (rain gauges) were 
used to measure intensity of rainfall; two of them were 
positioned near the toe and the other two were placed on the 
top of the embankment. The rainfall intensity mentioned in 
this study was calculated by averaging the measured rainfall 
over the entire duration of rainfall and the numbers of 
measuring points. To minimize the possible fluctuation of 
rainfall intensity with time and space (due to wind), the 
rainfall was applied in the morning (e.g., 5.30 a.m) in most 
tests. 

4. RESULTS AND DISCUSSIONS 
 
Figure 07 shows the locations of the different transducers 
(pore-water pressure, water content, and horizontal 
displacement) installed in the model slope which has an 
inclination of 30o. At the beginning of the artificial rainfall of 
40 mm/hr, the slope was in unsaturated conditions with the 
suction of 6 ~ 12 kPa (Figure 8(a)) and corresponding 
volumetric water content 0.2 ~ 0.15 (Figure 8(c)). As the 
rainfall progressed, the water contents and the pore-water 
pressures at the different locations in the slope increased as 
shown in Figure 8(b) and (a), respectively. The lower part of 
the slope became saturated first forming a water table below 
the toe area of the slope. As shown in Figure 8(c), the 
horizontal deformation of the slope started when the toe of the 
slope was saturated (P8 registered positive value by the time 
the deformation started) at about 5000 sec after the beginning 
of rainfall. The deformation seemed to be progressive (Figure 
9) with the rise of water table. The rate of horizontal slope 
displacement was measured to be 3.4 ~ 7.9 mm/hr.  
A slope with an inclination of 60o was constructed and 
instrumented as shown in Figure 10. Once the slope was 
subjected to an artificial rainfall of 45 mm/hr, as shown in 
Figure 11(c), the horizontal deformation of the slope (D1, D2, 
and surface at inclination 3 (Incli.3)) began with a rate of 
about 14.4 mm/hr even before the water table rose up to the 
level of P10 and P8 (Figures 11(a) & (b)). Cracks appeared at 
the top (crest) of the slope with the start of deformation (at 
about 2000 sec after the beginning of rainfall). Within 1000 
sec after the cracks appearance at the top, the entire slope 
collapsed as shown in Figure 12. It was interesting to observe 
that the most part of the slope was unsaturated (the water front 
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did not reach some areas) by the time the entire slope 
collapse. It seemed that this failure was initiated by the 
decrease in the shear strength of the slope due to the loss of 
soil suction. An unsaturated slope with the inclination greater 
than the friction angle of the soil can be stable until the 
suction is decreased by the rain water infiltration into the 
slope. 
 

 
 

 

 

 
 
 
Figure 7. Sensor locations in model test with 300 inclination 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
 
 
 
 
 
 
 
 
 
 
 
Figure 9. The progress of the failure of the slope with 300 
inclination 
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Figure 10. Sensor locations in model slope with 600  
Inclination 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Figure 12. The progress of the failure of the slope with 600 
inclination 
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5. CONCLUSIONS 
 
The following conclusions can be drawn from this 
experimental investigation: 

• Slopes become more vulnerable to sudden collapse 
with the increase in their inclinations. 

• Failures of gently slopes are initiated by the 
development of positive pore-water pressure near 
the toe and the failure is relatively slow and 
progressive.  

• In the case of steep slopes (especially when slope 
inclination is greater than the soil’s friction angle), 
the decrease in suction is a predominant factor for 
the failure initiation. 
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1 INTRODUCTION 
Water resources management because of the water crisis 

and depending on various factors is one of the most 
important and complex problems in different countries. The 
dam site selection is one of problems associated with water 
resources management. In addition, dam construction inflicts 
high costs and it should be constructed in a site with higher 
potential to compensate the costs. In this situation in order to 
locate the optimal dam site, various studies must be 
conducted. As this issue is related to different qualitative and 
quantitative criteria, decision making in this area is complex 
act. Therefore, in order to solve this problem, multi-criteria 
decision making (MCDM) methods could be used. MCDM 
is one of the branches of operation research which 
investigates the decision making problems under some 
decision making criteria. This kind of decision making 
utilizes a number of criteria instead of solely one optimal 
assessment criterion. MCDM is categorized into two main 
groups of multi-objective decision making (MODM) and 
multi-attribute decision making (MADM) (Pohekar and 
Ramachandran 2004). The aim of the MODM problems is 
the simultaneous optimization of a number of target 
functions under a series of limitations. Generally, MODM 
techniques are applied to design and optimization problems. 
The MADM methods are used for selecting the best 
alternative amongst various alternatives and obtaining a 
ranking for the alternatives. different methods have been 
presented for MADM, including: compromise programming 
[2]; elimination et choice translating reality I (ELECTRE I) 
 
 
 

[3,4], ELECTRE II [5], and ELECTRE III [6]; analytic 
hierarchy process (AHP) [7]; simple additive weighting 
(SAW) [8]; technique for order preference by simulation of 
ideal solution (TOPSIS) [8]; preference ranking organization 
method for enrichment evaluations (PROMETHEE) [9]; 
gray relational analysis [10]; the weighted sum method 
(WSM) [11]; visekriterijumska optimizacija i kompromisno 
resenje (VIKOR) [12,13]; and data development analysis 
[14]. 

MADM methods have been used in the various fields of 
water engineering [15-30]. But, the application of these 
methods to locating the earth dam site has not been reported 
yet. In this study, an integrated AHP and TOPSIS technique 
were used to locate the earth dam site.   

2. METHODOLOGY 
In this study, the AHP introduced by saaty (1980) was 

used to determine the weight of criteria and TOPSIS first 
developed by Hwang and Yoon (1981) was used to rank the 
alternatives. Decision making using this model involves two 
essential stages: applying the AHP to determine the weight 
of criteria, applying the TOPSIS method to rank alternatives. 

2.1. Applying the AHP to determine the weight of criteria 
The AHP is one of the most powerful and simplest 

techniques for solving MADM problems. The working 
principle of this technique is based on the judgment of the 
user and pair-wise comparisons. Weight of criteria using this 
method is calculated in two steps as follows: 
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2.1.1 Construction of pair-wise comparison matrix 
In the first step, pair-wise comparison matrix of criteria 

is constructed as: 
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Where A is the comparison pair-wise matrix of criteria; w1 
the weight of criterion 1; w2 the weight of criterion 2 and wn 
is the weight of criterion n.  

To determine the relative preference for two criteria of 
the hierarchy in matrix A an underlying semantic scale is 
employed having values from 1 to 9 according to Table 1. 
 

Table 1 Saaty’s scale of preferences in the pair-wise 
comparison process [7] 

Definition Intensity of Importance 

Equal importance 1 
Weak importance of one over 

Another 
3 

Essential or strong importance 5 

Demonstrated importance 7 

Absolute importance 9 

Intermediate values between 
adjacent scale values 2, 4, 6, 8 

 

2.1.2 Calculation of relative weights 
In AHP, the eigenvector method uses for calculating the 

relative weights. In this method, firstly, by using Eq. 2 the 
eigenvalues of matrix A are calculated. Then, the relative 
weights of matrix A (the relative weights of criteria) are 
obtained with simultaneous solution of Eqs. 3 and 5: 

WAW λ=                                                                       (2) 
0)( max =− WIA λ                                                            (3) 

)...,,...,,,,( 321 nj wwwwwW =                                      (4)
 

1
1

=∑ =

n

j jw                                                                       (5) 

Where λRmaxR is the biggest eigenvalue of matrix A, W the 
weight vector, wRjR weight of criterion j and I is the unit 
matrix. 

2T2.2 Applying 2Tthe TOPSIS method to rank alternatives 
Among the MCDM methods, TOPSIS is a practical and 

useful technique for ranking and selecting a number of 
possible alternatives via measuring Euclidean distances. The 
working principle of TOPSIS is based on the fact that the 

chosen alternative should have the shortest distance from the 
Positive Ideal Solution (PIS) and the farthest from the 
Negative Ideal Solution (NIS) for solving MCDM problems. 
In short, the PIS is composed of all the best indices, whereas 
the NIS is made up of all the worst attainable indices. 
Assume a MCDM problem has m alternatives (AR1R, AR2R, . . . , 
ARmR), and n decision criteria (CR1 R, CR2R, . . . , CRnR). Each 
alternative is assessed with respect to the n criteria. All the 
values allocated to the alternatives with respect to each 
criterion form a decision matrix shown by X = (xRijR)Rm×nR. Let 
W= (wR1R, wR2R, . . . , wRnR) be the relative weight vector of the 

criteria, satisfying 1
1

=∑ =

n

j jw . The procedure of TOPSIS 

can be expressed in a series of steps [31-34]: 

2.2.1 Calculate the normalized decision matrix 
The normalized value nRijR is calculated as: 
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2.2.2. Calculate the weighted normalized decision matrix 
The weighted normalized value vRijR is calculated as: 

njminwv ijjij ,,3,2,1;,,3,2,1,  ===              (7) 

Where, wRjR is the weight of the jth criterion. 

2.2.3 Determine PIS and NIS 
The PIS indicates the most preferable alternative, and the 

NIS indicates the least preferable alternative. So determine 
PIS and NIS as follows: 

{ }
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Where, A P

+
P and A P

- 
Pare PIS and NIS, respectively. E is 

associated with benefit criteria (+), and F is associated with 
cost criteria (–). 

2.2.4 Calculate the distance from PIS and NIS. 
The Euclidean distance of each alternative from the PIS 

is obtained as:  
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Similarly, the Euclidean distance of each alternative from 
the NIS is given as: 
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2.2.5 Calculate the relative closeness of each alternative 
to the PIS 

The relative closeness of the alternative Ai with respect 
to A+ is defined as CCi: 

mi
dd

dCC
ii

i
i ,,3,2,1, =

+
= −+

−

                              (12) 

2.2.6. Determine the overall ranking 
The overall ranking of alternatives is obtained using the 

relative closeness to the PIS. Each alternative with higher 
the CCi has the higher priority. 

3 CRITERIA 
In order to determine effective criteria in selecting an 

appropriate earth dam site, comprehensive literature review 
were conducted and the most important criteria was selected. 
A brief explanation about the criteria is presented: 

3.1 Health dam site (C1) 
The dam site must be located in a place where seams and 

tracks and the possibility of tectonic activities such as an 
earthquake, landslide, subsidence, etc., are minimal and 
abutments are more stable. Also, with lesser permeability and 
liquefaction properties of soil and natural materials in the dam 
site, better results will be achieved. In addition, soil 
mechanical properties of the region (compaction, 
consolidation, etc.) and kind of region geological layers in 
terms of influence on reservoir water quality (for instance, it 
must not be limestone), construction of dam reservoir and 
foundation, stability in the condition of rapid discharge of the 
reservoir, etc., should be considered. 

3.2 Overall cost (C2) 
The overall cost for the construction of the dam is another 

important criterion in selecting the earth dam site. This 
overall cost is includes: construction of the dam body and 
reservoir, water diversion during construction, water transfer 
to the consumption location, energy supply, site preparation, 
land use, and other costs associated with the dam projects.   

3.3 Annual yield (C3) 
The annual volume of the water that passes through the 

cross section of the river in the dam site is called the annual 
yield, which plays important roles in locating the dam site. 

3.4 Topographic conditions (C4) 
The existence of the secondary valley or stone abutments 

with suitable topography around the main river for 
constructing dam spillway is important. Also, when the main 
river is U or S shaped, it makes the length of tunnel, channel, 
and other water transfer systems short to divert or transfer 
water from upstream to downstream at the time of the dam 
construction and after that. In general, with regard to dam 
reservoir and its body, the best site for the dam is a place 
where a wide valley with high walls leads to a narrow canyon 
with tenacious walls. 

3.5 Access to materials and facilities (C5) 
Access to materials (borrow sources, cement, etc.) and 

facilities (the power transmission lines, oil and gas 
distribution pipelines, road, etc.) is important. 

3.6 Economic Development (C6) 
The effect of dam construction on agriculture and 

industrial development, power generation, fishery, job 
creation, etc., which are related to economic development, are 
regarded as important attributes for selecting the dam site. 

3.7 Water quality (C7) 
The quality of water stored in reservoirs used for drinking 

and agriculture is important. Therefore, the dam site must be 
selected in a place where the quality of the water entering the 
reservoir is better. Also, factors that may reduce water quality 
(such as salt mine, gypsum, lime, etc.) should be considered. 

3.8 Damage of dam body and reservoir (C8) 
The damages caused by the construction of the dam body 

and reservoir, including: environmental damages, destroying 
mines, historical monuments, agricultural lands and 
residential areas; displacement of roads, Railway and power 
lines, change the route of oil and gas pipelines, 
telecommunication facilities, etc. should be considered. 

3.9 Volume of reservoir (C9) 
When the reservoir created after dam construction has 

more volume, the surface area of the reservoir water is 
increased, and it has more impact on the climate, but 
evaporation and water pollution potential increase. On the 
other hand, if the dam is to be constructed in a site where by 
increasing the volume of reservoir water the surface area of 
the reservoir water will not significantly be altered (the slope 
of the valley is high), the height and water hydrostatic 
pressure will be increased, and it is beneficial in terms of 
energy generation and water transfer downstream. But, more 
power would be imposed on the dam’s body, and the structure 
should be built higher and stronger. Therefore, the dam 
should be constructed where the reservoir capacity based on 
the above-mentioned items, leakage, and other losses are 
optimal. 

3.10 River flow regime (C10) 
Permanent or seasonal flow regime of the river at the dam 

site is important. The seasonal rivers have more sediment 
transport and less water quality, and also, the management of 
water resources is harder due to the lack of accurate discharge 
of water entering the reservoir. Therefore, a permanent flow 
regime is recommended.  

3.11 Water diversion and transfer (C11) 
Dam site must be selected in a place where the costs of 

water diversion during construction an water transfer to 
consumption location are lesser. Also the costs of 
maintenance of water diversion and transfer systems (such as: 
channel, tunnel, pipe, etc) and other costs and damages (such 
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as: environmental, displacement of roads, railway and power 
lines, change at the route of oil pipelines, gas, 
telecommunication facilities, etc) are lesser.  

3.12 Annual volume of sediment (C12) 
When the annual volume of sediment entering the 

reservoir is lesser, the volume of the reservoir during its 
useful life, water quality, and the efficiency of the dam are 
higher. 

3.13 Probable dam break (C13) 
Material and moral damages caused by a probable dam 

break are among the important attributes for locating the dam 
site, and the dam should be constructed in a place where the 
amount of damages due to its probable break is low. 

3.14 Probable maximum flood (C14) 
The maximum volume of water caused by thawing snow 

and ice or other atmospheric precipitation occurring probably 
in rivers is called probable maximum flood. 

3.15 Average annual evaporation (C15) 
Regarding the annual average temperature difference in 

Iran’s different regions, evaporation from the dam reservoir 
in different areas is different. And this affects the retention 
time of water in the reservoir (in terms of volume) and 
consequently the efficiency of the dam. 

3.16 Environmental impacts (C16) 
Changing weather conditions, vegetation, and wildlife are 

other factors that play significant roles in locating the dam 
site. 

3.17 Social impacts (C17) 
The The social impacts of population center displacement 

and the integration of different ethnic cultures due to the 
destruction of residential places for dam construction, 
reservoir dewatering, and also the utilization of the dam water 
downstream should be considered. 

3.18 Political impacts (C18) 
The dam construction goals for reducing political tensions 

including water supply of a city, preventing grievances and 
immigration of residents of a border city, etc., are among the 
attributes that should also be considered. 

4 CASE STUDY 
This study aims to develop an integrated AHP and 

TOPSIS approach to locate the dam site, in this section, 
presented methodology was applied in the optimal selection 
of the Harsin earth dam site. The purpose of this dam is 
development of agriculture and Industrial, drinking water 
supply, power generation, fishery, etc. in Harsin city at the 
western part of Iran. This city is located 16 km east of 
Kermanshah city (the capital of Kermanshah province, Iran). 
Its location is 34°16′ longitude and 45°35′ latitude. 
Fig. 1 shows the location of Harsin city in Kermanshah 
province, Iran. 

 
Fig. 1 Location of Harsin city in Kermanshah province, Iran 

 
Then, according to the effective criteria in the dam site 

selection (mentioned in the previous part) and using the 
experiences and opinions of experts and existing information 
and data, four feasible alternatives in the surrounding areas 
of Harsin city were proposed, which are known as letters 
‘A’, ‘B’, ‘C’ and ‘D’. Fig. 2 shows the location of these 
proposed alternatives in studied field.  

 

 
Fig. 2 Location of the proposed alternatives in studied field 

 
After selecting criteria for locating the earth dam site and 

proposed alternatives (see Fig. 2), integrated AHP and 
TOPSIS approach was applied to select the optimal 
alternative for the Harsin earth dam site. To do this, firstly, 
pair wise comparison matrix of criteria was constructed by 
using the experts’ opinions based on saaty’s scale (see Eq. 1). 
Then the relative weights of criteria were obtained via Eqs. 
2-5, the results are given in Table 2.  
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Table 2 Relative weights of criteria 
Relative 
weight 2TDefinition Criterion 

0.161 Health dam site CR1R (+) 
0.155 2TOverall cost CR2R (-) 
0.075 Annual yield CR3R (+) 
0.074 7TTopographical conditions CR4R (+) 
0.045 2TAccess 2T6T 2T6Tto2T6T 2T6Tmaterials and facilities CR5R (+) 
0.120 2TEconomic 2Tdevelopment CR6R (+) 
0.077 2TWater 2T4T 2T4Tquality CR7R (+) 
0.053 Damage of dam body and 2TReservoir CR8R (-) 
0.038 2TVolume of reservoir CR9R (+) 
0.015 2TRiver 2T4T 2T4Tflow2T4T 2T4Tregime CR10R (+) 
0.046 Water diversion and transfer CR11R (-) 
0.033 7TAnnual volume of sediment CR12R (-) 
0.020 Probable dam break CR13R (-) 
0.020 7TProbable maximum flood CR14R (-) 
0.016 7TAverage annual evaporation CR15R (-) 
0.028 2TEnvironmental impacts CR16R (+) 
0.017 2TSocial impacts CR17R (+) 
0.008 2TPolitical impacts CR18R (+) 

 
In the second stage, the TOPSIS method was applied to 

rank alternatives as follows: 
The normalized decision matrix is obtained via Eq. 6. 

Obtaining matrix is shown in Table 3. Then, by using Eq. 7, 
the normalized weighted fuzzy decision matrix is calculated 
and the result is presented in Table 4. 

 
Table 3 Normalized fuzzy decision matrix 

Criterion 
Alternative 

A B C D 
CR1R (+) 0.000210 0.000210 0.000030 0.000270 
CR2R (-) 0.008606 0.008216 0.008006 0.007196 
CR3R (+) 0.017091 0.016612 0.005397 0.003598 
CR4R (+) 0.000150 0.000210 0.000270 0.000270 
CR5R (+) 0.000090 0.000150 0.000210 0.000270 
CR6R (+) 0.000150 0.000150 0.000210 0.000210 
CR7R (+) 0.000270 0.000210 0.000150 0.000150 
CR8R (-) 0.000150 0.000150 0.000210 0.000210 
CR9R (+) 0.000150 0.000150 0.000090 0.000090 
CR10R (+) 0.005397 0.004888 0.006957 0.006597 
CR11R (-) 0.000150 0.000090 0.000150 0.000270 
CR12R (-) 0.000660 0.000690 0.000750 0.000810 
CR13R (-) 0.000150 0.000030 0.000270 0.000090 
CR14R (-) 0.709743 0.639278 0.226686 0.151124 
CR15R (-) 0.047976 0.053973 0.062339 0.056971 
CR16R (+) 0.000150 0.000270 0.000150 0.000270 
CR17R (+) 0.000090 0.000150 0.000150 0.000090 
CR18R (+) 0.000150 0.000210 0.000150 0.000150 

 
 
 
 
 
 
 
 
 
 

Table 4 Normalized weighted fuzzy decision matrix 

Criterion 
Alternative 

A B C D 
CR1R (+) 0.000034 0.000034 0.000005 0.000043 
CR2R (-) 0.001334 0.001273 0.001241 0.001115 
CR3R (+) 0.001282 0.001246 0.000405 0.000270 
CR4R (+) 0.000011 0.000016 0.000020 0.000020 
CR5R (+) 0.000004 0.000007 0.000009 0.000012 
CR6R (+) 0.000018 0.000018 0.000025 0.000025 
CR7R (+) 0.000021 0.000016 0.000012 0.000012 
CR8R (-) 0.000008 0.000008 0.000011 0.000011 
CR9R (+) 0.000006 0.000006 0.000003 0.000003 
CR10R (+) 0.000081 0.000073 0.000104 0.000099 
CR11R (-) 0.000007 0.000004 0.000007 0.000012 
CR12R (-) 0.000022 0.000023 0.000025 0.000027 
CR13R (-) 0.000003 0.000001 0.000005 0.000002 
CR14R (-) 0.014195 0.012786 0.004534 0.003022 
CR15R (-) 0.000768 0.000864 0.000997 0.000912 
CR16R (+) 0.000004 0.000008 0.000004 0.000008 
CR17R (+) 0.000002 0.000003 0.000003 0.000002 
CR18R (+) 0.000001 0.000002 0.000001 0.000001 

 
The PIS (AP

+
P) and the NIS (AP

-
P) were determined as follows 

(see Eqs. 8 and 9): 
A P

+
P= (0.0000434, 0.0011154, 0.0012819, 0.0000200, 

0.0000121, 0.0000252, 0.0000208, 0.0000079, 0.0000057, 
0.0001043, 0.0000041, 0.0000218, 0.0000006, 0.0030225, 
0.0007676, 0.0000076, 0.0000025, 0.0000017) 

 
A P

-
P= (0.0000048, 0.0013339, 0.0002699, 0.0000111, 

0.0000040, 0.0000180, 0.0000115, 0.0000111, 0.0000034, 
0.0000733, 0.0000124, 0.0000267, 0.0000054, 0.0141949, 
0.0009974, 0.0000042, 0.0000015, 0.0000012) 

 
The distance of each alternative from PIS and NIS 

solutions was obtained by using Eqs. 10 and 11 as: 
+
Ad  =0.011,         −

Ad =0.001 
+
Bd  =0.010,         −

Bd =0.002 
+
Cd =0.002,         −

Cd =0.010 
+
Dd =0.001,         −

Dd =0.011 
Consequently, the relative closeness of the alternative ARiR 

with respect to the PIS can be calculated as shown below (see 
Eq. 12): 

 085.0
001.0011.0

001.0
=

+
=ACC  

150.0
002.0010.0

002.0
=

+
=BCC  

845.0
010.0002.0

010.0
=

+
=CCC  

916.0
011.0001.0

011.0
=

+
=DCC  

The relative closeness to the PIS clearly shows the rating 
of alternatives. Based on these values (CCRiR), four proposed 
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alternatives were ranked “D”, “C”, “B” and “A”, respectively. 
This means that, the alternative ‘D’ is the optimal alternative 
for the Harsin earth dam site. Fig. 3 shows the Front view of 
this alternative. 

 

 
Fig. 3 Front view of the optimal site (alternative D) 

5 CONCLUSION 
The dam site selection is related to many factors. 

Therefore, multi-criteria decision making could be used to 
solve this problem. In this study, AHP and TOPSIS, which 
are two of the most powerful and flexible methods for use in 
solving multiple criteria problems were used in an integrated 
approach for locating the optimal earth dam site, this 
approach was applied to locate the Harsin earth dam site at the 
west of Iran. For this purpose, four alternatives A, B, C and D, 
were evaluated with regard to the most effective criteria. 
After applying this integrated approach, alternative D was 
identified as the optimal site for the Harsin earth dam. The 
Merit of this site (Alternative D) was also approved by 
experts involved in this project. Therfore, this approach could 
be used in selecting the optimal site in other dams. 
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ABSTRACT 

Use of geosynthetic reinforcement in structures such as soil slopes, paved or unpaved roads and runways, has been the 
subject of wealth of research works. However, there is no published work that encompasses the scope of stabilization 
of rock slopes using geogrid boxes. The main objective of this research is to introduce the geogrid box reinforcement 
method as a new approach to reinforce rock slopes and investigate whether the new approach can be a satisfactory 
alternative for the other conventional slope stabilization methods. The limit equilibrium (LE) and finite element (FE) 
analysis were conducted to predict the response of the slope to a broad range of possible conditions, namely dry, half-
saturated and saturated states; as well as, static, quasi-static and dynamic conditions. Results confirmed that installing 
geogrid box can be used as a satisfactory alternative for the rock bolt system method.  

Keywords: Rock slope stability, geogrid box, rock bolt, limit equilibrium analysis, finite element analysis. 

 

 

1. INTRODUCTION 

Geosynthetics have become well established construction 
materials for geotechnical and environmental applications. 
In the last two decades the use of geosynthetic materials for 
reinforcing slopes and retaining walls in fill has increased 
extensively throughout the world. In slope and wall 
applications the function of the geosynthetic layers is to 
offer resistance to driving forces or moments caused by the 
self-weight of the soil and applied surcharges [1], [2]. 
Wealth of research have been carried out on reinforcement 
of soil slopes by geosynthetics, most of which highlight the 
advantages of using this method over other reinforcement 
methods [1]-[3]. San and his associates [1] indicated that FE 
and LE methods could consistently determine the locations 
of critical slip surfaces and required tensile strength of 
reinforcement in geosynthetic-reinforced slopes. Despite 
extensive research on geogrid-reinforced soil slopes, we 
know of hardly any published work that covers the scope of 
stabilization of rock slopes using geogrid boxes. Therefore 
our objectives at the present work are to introduce this 
method as a new approach to reinforce rock slopes and 

compare this method with other conventional slope 
stabilization methods. 

2. EXPERIMENTAL PROCEDURE AND CASE 
STUDY 

The study area is located approximately along km 11+060 of 
Mianeh-Ardabil railway track. This section is problematic 
due to the existence of lithological units with variable 
character. The Engineering geological properties of the 
rocks exposed in the case study slopes and technical 
specifications of geogrid are presented in Table I. Fig. 1 
depicts the profile of site. 

Three design methodologies were presented to investigate 
the effect of height and width of geogrid boxes on the factor 
of safety. The factor of safety for slope stability analysis is 
defined as the ratio of the ultimate shear strength divided by 
the mobilized shear stress at incipient failure. 
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Table I. Required parameters for stability analysis and geogrid parameters 

Parameter Symbol Unit Rock type Value 

Cohesion C kPa 

R-I 570 
R-II 50 
R-III 390 

R-used in geogrid 
box 140 

Internal friction angle ϕ  degree 

R-I 60 
R-II 25 
R-III 55 

R-used in geogrid 
box 40 

Unit weight γ  KN/m P

3 

R-I 26.5 
R-II 24.5 
R-III 25 

R-used in geogrid 
box 26.5 

Elasticity modulus E KN/m P

2 

R-I 6.067 e + 09 
R-II 3.77 e + 07 
R-III 2.42 e + 09 

R-used in geogrid 
box 6.06 e + 08 

Poisson’s ratio ν  -- 

R-I 0.25 
R-II 0.32 
R-III 0.27 

R-used in geogrid 
box 0.25 

Horizontal earthquake 
acceleration in quasi-static 

analysis 
KRh m/sP

2 -- 0.1g 

 
Geogrid 

parameters 

Tensile Strength NRP KN/m -- 200 

Cohesion C KN/m P

2  5 
Friction angle ϕ  degree -- 40 

Equivalent axial stiffness EA KN/m -- 1.71 e + 04 
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 Fig. 1 Profile of the slope 

3. RESULTS AND DISCUSSIONS 

3.1. Stability analysis of the excavated slope 

The safety factors obtained for the excavated slope in 
different conditions are shown in Table II. The results 
indicate that excavation of the slope has considerably 

decreased the factor of safety. For the LE analysis we 
adopted the Spencer method which assumes a constant 
relationship between the magnitude of the interslice shear 
and normal forces [4]. This method satisfies both the 
moment equilibrium and force equilibrium. The only 
limitation of this method is the need to a software program 
to conduct the complicated calculations. 

Table II. Factor of safety for excavated slope in Plaxis and Slide 

Factor of safety 
(FE based software) 

Factor of safety 
(LE based software) 

Static Quasi-static Dynamic Static Quasi-static 
Dry 1.13 1.00 1.05 1.28 1.13 
Half-saturated 1.19 0.94 0.98 1.24 1.07 
Saturated 1.08 0.91 0.94 1.07 0.94 

 

The different safety factors obtained can be attributed to the 
analysis mode performed by PLAXIS and SLIDE. PLAXIS 
performs numerical analysis in which no pre-defined slip 
surface or inter-slice forces are required. Furthermore, the 
possible slip in FE method takes place in a zone. On the 
other hand, in LE based software SLIDE, the shape and 
position of slip surface have to be priori defined and the 
slide surface is considered to be a narrow curve. Considering 
above, the outputs of numerical methods seem to be more 
valid than that of limit equilibrium methods [5]-[10]. 

3.2. Plan 1 

The calculations were carried out for the different conditions 
with a maximum height of 8 m for each bench by selecting a 
thickness of 1 m for every reinforcement layer. At the 
beginning of each bench the width of geogrid box is 10 m. 
The width of the upper box is 9.5 m and the 0.5 m reduction 
in box width will be continued so that the box width at the 
end of each bench reaches 6.5 m. Fig. 2 depicts the 
schematic of Plan 1. The results of stability analysis are 
presented in Table III. As is observed, the factor of safety 
has increased to a considerable extent.  
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 Fig. 2. Schematic of geogrid boxes installation in plan 1 

 

Table III. Factor of safety for plan 1 in Plaxis and Slide 

Factor of safety 
(FE based software) 

Factor of safety 
(LE based software) 

Static Quasi-static Dynamic Static Quasi-static 
Dry 1.70 1.44 1.52 1.75 1.53 
Half-saturated 1.64 1.39 1.48 1.72 1.50 
Saturated 1.40 1.30 1.39 1.66 1.37 

 

3.3. Plan 2 

In this plan, at the beginning of each bench the width of 
geogrid box is 15 m. The width of the upper box is 14.5 m 
and the 0.5 m reduction in box width will be continued so 
that the box width at the end of each bench reaches 11.5 m. 
All the boxes are 1 m in height. 

The results of stability analysis are presented in Table IV. As 
is observed, in comparison with plan 1 the factor of safety 
decreases. Further increase in box width requires larger 
amount of excavation, as a result of which, the incline of 
upper eroded slope increases, and hence the factor of safety 
decreases. 

 

Table IV. Factor of safety for plan 2 in Plaxis and Slide 

Factor of safety 
(FE based software) 

Factor of safety 
(LE based software) 

Static Quasi-static Dynamic Static Quasi-static 
Dry 1.42 1.22 1.31 1.66 1.44 
Half-saturated 1.41 1.20 1.28 1.63 1.41 
Saturated 1.40 1.18 1.27 1.54 1.32 

 

3.3. Plan 3 

In this plan at the beginning of each bench the width of 
geogrid box is 5 m. The width of the upper box is 4.5 m and 
the 0.5 m reduction in box width will be continued so that 

the box width at the end of each bench reaches 1.5 m. All the 
boxes are 1 m in height. 

The results of stability analysis are presented in Table V. As 
is observed, the factors of safety obtained are lower than 
those obtained in plans 2 and 3. Referring to Tables III-V 
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and regarding the amount of consumed geogrid, plan 1 is 
selected for reinforcement of the rock slope and comparison 

with rock bolt system method. 

 

Table V. Factor of safety for plan 3 in Plaxis and Slide 

Factor of safety 
(FE based software) 

Factor of safety 
(LE based software) 

Static Quasi-static Dynamic Static Quasi-static 
Dry 1.40 1.15 1.24 1.49 1.12 
Half-saturated 1.36 1.13 1.22 1.48 1.11 
Saturated 1.29 0.85 0.94 1.42 1.09 

 

3.4. Rock bolt system 

Based upon available information, the ribbed bolts were 
installed using 3 × 3 staggered pattern [11]. A hex nut and 
bearing plate are used to distribute the tensile load from the 
bolt to the rock mass. Both surface and subsurface drains 
were installed to decrease the pore pressure acts on the rock 
mass and hence increasing the factor of safety. Subsequent 
stabilization measures were also implemented including 
adding shotcrete. To increase tensile strength and structural 
support, the shotcrete was used with welded wire mesh.  

The results of stability analysis using rock bolt system are 
shown in Table VI. Considering above plan 1 enjoys the 
maximum factor of safety. In comparison with rock bolt 
system, implementing plan 1 causes cost reduction due to 
decrease in amount of excavation, allowing the slope to 
stand at steeper angles, reduction in labor, increasing the 
factor of safety, omitting some of the machinery and 
utilizing the existence material in the place, as well as 
reduction in construction time. This method also can be 
satisfactorily used to meet a variety of geological conditions 
and various support requirements. 

 

 

Table VI. Factor of safety for rock bolt system in PLAXIS and SLIDE 

Factor of safety 
(FE based software) 

Factor of safety 
(LE based software) 

Static Quasi-static Dynamic Static Quasi-static 
Dry 1.38 1.27 1.31 1.40 1.33 
Half-saturated 1.32 1.20 1.23 1.31 1.25 
Saturated 1.23 1.12 1.12 1.12 1.05 

 

4. CONCLUSION 

Stability analyses are routinely performed in order to assess 
the safe and functional design of an excavated slope. The 
analysis technique chosen depends on both site conditions 
and the potential mode of failure, with careful consideration 
being given to the varying strengths, weaknesses and 
limitations inherent in each methodology. The limit 
equilibrium (LE) and finite element (FE) analysis were 
conducted to predict the response of rock slopes to a broad 
range of possible scenarios, namely dry, half-saturated and 
saturated states; as well as, static, quasi-static and dynamic 

conditions. The results indicate that the factors of safety 
obtained through the geogrid box method are higher than 
those obtained through rock bolt system method. 
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1. INTRODUCTION 
Extremely fine grained fat clay commercially known as 
‘Bentonite’ is composed of montmorillonite as its 
predominant mineral constituent. The properties such as very 
high volume change (swelling and shrinking), swelling 
pressure, high cohesion, extremely low permeability, 
thixotrophy, etc. possessed by bentonite clays make it 
extremely useful material in construction industry especially 
for specific civil engineering construction, exploration and 
ground improvement practices. Just to list a few of utilities, it 
is extensively used during the construction of diaphragm wall, 
also used in slurry forms as bore hole stabilizer , fine clay 
grout, drilling mud, etc. Processed bentonite clay is invariably 
adopted as a sealing / lining material for industrial waste 
repositories and landfills to prevent percolation of liquid 
pollutants in to the surroundings. It is used as a single material 
only or in combination with other clays mostly on economy 
considerations. Processed kaoline clay having kaolinite as its 
predominant mineral constituent, is chosen for this 
investigation as it possesses negligible swelling and related 
properties. 
In view of numerous utilities and related specification 
requirements, the present experimental study has been 
conducted to understand the volume change, swelling 
pressure behavior of clay mixes of bentonite and kaoline clay 
in different proportions. Here in an attempt has been made to 
develop mathematical equations to correlate bentonite 
percentages with volume change (swelling), swelling 
pressure. The findings have been discussed in the light of 
industrial applications of this study. The recommendations 
pertaining to suitability of clay mixes for particular job have 
been given. 
 

2.  LITERATURE REVIEW 

2.1 Overview 
The swelling phenomenon in clays is attributed mainly to the 
presence of montmorillonite clay mineral in them. Bentonite 
clay contains sodium montmorillonite as its predominant 
mineral constituent. The governing property of bentonite to 
satisfy specification requirements is different in different 
utility jobs. However, all such properties are directly related 
with degree of expansivity & swelling potential, e.g. in its use 
as a sealing material in underground subsurface waste 
repositories, the governing property/ criterion is its extremely 
low permeability. The clays with higher degree of expansivity 
exhibit lower permeability [1]. Similarly all other governing 
properties/ criteria can be assessed/ predicted from swelling/ 
volume change behaviour of expansive clays.  

2.2 Engineering behaviour of expansive clays 
Experimental investigation was carried out by Kate [1] on 
two extreme (low and high) grades of Indian bentonites to 
assess their suitabilities for utilities in civil engineering 
construction works. The relevant properties determined were 
mineralogy, chemical compositions, swelling, swelling 
pressure and coefficient of permeability. The bentonite slurry 
behaviour was assessed through viscosity, get strength, pH, 
sedimentation and electrical conductivity. He reported that    
even without any additive both these extreme grade 
bentonites satisfy minimum specification requirements for 
their uses in almost all Civil engineering construction works. 
Based on synthesis of data available in literature Sridharan 
and Prakash [2] summarized broad guidelines to predict 
degree of expansivity of clays from routine tests. Accordingly, 
from the magnitudes of liquid limit, plasticity index, colloidal 
clay contents, shrinkage limit, free swell index, etc. the 
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degree of expansivity (low, medium, high or very high) can 
be predicted. The synthesis and analysis of available data 
from literature on swelling, swelling pressure and other 
relevant engineering characteristics of expansive clays were 
carried out by Sunil Kumar [3]. He reported good correlations 
between free swell index, maximum percentage swell and 
corresponding swelling pressure of such clays. 

3. EXPERIMENTAL PROGRAMME 

3.1 Clays & clay mixes 
Commercially available processed bentonite clay and kaoline 
clay (Kaolinite) passing through 425-micron sieve have been 
used for the present study. Representative clay mixes were 
prepared by thoroughly mixing absolutely dry (zero moisture 
content) bentonite and kaolinite in desired proportions by 
weight. The proportions of bentonite and kaolinite adopted 
were 100:0, 80:20, 70:30, 50:50 and 30:70, which for brevity 
are referred in the text as clay mix A, B, C, D and E 
respectively. 

3.2 Tests Conducted 
Both the clays (bentonite, kaolinite) and clay mixes have been 
tested for their basic physical and engineering properties 
following the procedure as per Indian standard codes of 
practice for various laboratory tests. These tests include 
specific gravity, specific surface, hydrometer analysis and 
Standard Proctor test (for maximum dry unit weight and 
OMC). Chemical analysis of bentonite and kaolinite has also 
been carried out. Atterberg’s limits such as liquid limit, 
plastic limit, plasticity index and shrinkage limit of all these 
clays & mixes were determined. Free Swell Index tests on 
clay mixes were conducted adopting the procedure suggested 
in IS: 2720, part 40 [4]. 
The maximum percentage swell and swelling pressure were 
determined as per the procedure given in International 
standard TC-6 [5]. Accordingly, the maximum percentage 
swell is the ratio of heave (under applied stress of 5kPa) to the 
initial thickness of clay sample in Oedometer. The percent 
swell has been obtained under each applied stress followed by 
determination of swelling pressure (which corresponds to 
magnitude of applied stress at zero percent swell) from the 
plot of percent swell versus applied stress (on log 10 scale). 
Swell and swelling pressure tests have been conducted on all  
these clay samples remoulded at initial compaction unit 
weight of 12.6 kN/m3, which corresponds to Standard Proctor 
maximum dry unit weight of bentonite. The initial moisture 
content for all clay mixes was maintained at zero percent as it 
provides maximum value of swelling pressure corresponding 
to chosen compaction dry unit weight. 
The procedure adopted to compact the samples was that, 
calculated quantity (weight) of clay mix corresponding to 
initial unit weight of 12.6 kN/m3 and zero moisture content 
was placed in Oedometer ring attached with collar. This mix  
 
 

was then compressed upto desired thickness in the ring using 
plunger plate (of same diameter as ring) and hydraulic jack. 
These clay samples in the ring where subjected to full water 
saturation under desired applied stresses during which 
changes in their thicknesses were recorded. 

4. RESULTS AND DISCUSSION 

4.1 Engineering properties and chemical composition 
The physical and engineering properties of clays and their 
mixes are illustrated in Table I.  

Table I       Physical and Engineering properties of clays 
 

Property Clay Samples 
A B C D E Kaolinite 

Specific 
gravity 

2.71 2.71 2.70 2.68 2.65 2.63 

Specific 
surface (m2/g) 

135 - - - - 14 

Maximum  dry 
unit weight 
(kN/m3) 

12.6 13.2 14.0 14.9 15.1 16.9 

OMC (%) 41 26 24 23 21 20 
Silt (%) 
(0.075mm- 
0.002mm)  

22 26 28 35 39 46 

Clay (%) 
(<0.002mm)  

78 74 72 65 61 54 

Colloidal clay 
(%) 
(<0.001mm) 

47 41 37 35 31 24 

Classification CH CH CH CH CH  CH 
 
A-100*:0+    B-80*:20+    C-70*:30+    D-50*:50+    E-30*:70+  
*Bentonite Clay (%), + Kaolinite Clay (%) 

 
The Table clearly shows distinct trend of changes in all the 
properties brought due to decreasing percentage of bentonite. 
For example, the maximum dry unit weight continuously 
increases from 12.6 kN/m3 for 100% bentonite (Sample A) to 
16.9 for  0% bentonite (100% Kaolinite). Such trends of 
either continuous decrease or increase in magnitudes of 
property with decrease in bentonite percentage are distinctly 
noticeable. 
The percentages of colloidal clay (<0.001 mm) in these mixes 
>27% indicate that, they possess very high degree of 
expansivity [2]. All the clays and clay mixes are classified 
(‘A’ line classification) as CH i.e. clays with high plasticity. 
The chemical composition of bentonite and kaolinite is 
presented in Table II, which shows SiO2 is their predominant 
constituent followed by Al2O3. 
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Table II      Chemical composition of clays 

Chemical 
Composition (%) 

Clay 
Bentonite Kaolinite 

SiO2 60.23 53.06 
Al2O3 15.16 28.98 
Fe2O3 8.39 2.03 
CaO 4.78 0.84 
MgO 2.18 0.12 
Na2O 2.57 0.17 
K2O 0.83 2.66 
SO3 0.25 0.11 
Others 1.23 2.97 
Loss on Ignition 4.38 9.06 

4.2 Atterberg’s limits and Index properties 
The variation of liquid limit (LL), plastic limit (PL) and 
plasticity index (PI) with bentonite percentages present in 
clay mixes is illustrated in Fig. 1. It shows all increases 
exponentially with increase in bentonite percentages. 
 

 
Fig. 1. Variation of Atterberg limits with bentonite     

percentages 

The magnitudes of LL (>60%) and PI (>32%) exhibited by 
clay mixes demonstrate very high degree of their expansivity 
[2]. The regression analysis of the data provides the 
correlations expressed by Equations (1), (2) and (3) 
 
LL = 52.74e0.022(B)           (R2 = 0.988)   (1) 
 
PL = 0.0033(B)2 + 0.16 (B) +12.14   (R2 = 0.915)   (2) 
 
PI = 0.783(B)1.331          (R2 = 0.878)   (3) 

Wherein, B denotes bentonite percentage and R2 is coefficient 
of correlation 

Free Swell Index (FSI) and shrinkage limit (SL) as a function 
of bentonite percentage in these clay mixes is shown in Fig. 2. 

 

 
Fig. 2. FSI and SL as a function of bentonite percentage 

 

It is seen from this figure that with increase in bentonite  
percentage the FSI increases exponentially, whereas SL 
decreases. The values of FSI (>200%) exhibited by clay 
mixes with bentonite percentage of 70 and above fall in very 
high expansivity, whereas the remaining clay mixes belongs 
only to high expansivity category as per [2]. 

4.3 Maximum swell and swelling pressure 
The plots of swell versus applied stress for these clay mixes 
are shown in Fig. 3. The swell decrease with increasing 
applied stress as represented by variational curves in Fig. 3. 
The magnitudes of swelling pressure have been obtained 
from these curves. 

 
Fig. 3. Effect of applied stress on swell for clay mixes 

The swelling pressure exhibited by clay mix A, B, C, D and E 
are 425, 340, 255, 175 and 106 kPa respectively and the 
corresponding maximum swells are 21.86, 17.02, 14.45, 9.00 
and 4.83 percents. These values of swelling pressures as well 
as maximum swell (%) fall under very high for A, B & C and 
high/ moderate categories for D & E. 
The swelling pressure as well as maximum swell as a function 
of bentonite percentage demonstrates that both increases with 
increase in bentonite as illustrated by curves in Fig. 4. 
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Fig. 4. Swelling pressure and maximum swell as a function of 

bentonite percentage 

The relationship between swelling pressure (Psw) and 
bentonite percentage is expressed by Eq. (4). 
 
Psw = 0.018(B)2 + 2.37(B) + 16.06  (R2 = 0.855)    (4) 

4.4 FSI and Swelling Pressure 
A synthesis of available data on FSI and corresponding 
swelling pressure for various expansive clays extracted from 
most recent literature has been carried out in the present study. 
Various points on the plot of FSI versus swelling pressure 
shown in Fig. 5 correspond to such data from several 
investigators [3]. 

 
Fig. 5. Synthesized and experimental data of swelling 

pressure versus FSI 

The curve in this figure has been derived as a best fit 
representing the entire data, and its regression analysis 
provides the correlation expressed by Eq. (5). 
 
Psw = 4.46 (FSI)0.725          (R2 = 0.921)  
 (5) 

The experimental results of the above expansive properties 
obtained in this study are also illustrated in Fig. 5. The 
experimental values of swelling pressure of these clay mixes 
correlates with FSI as given in Eq. (6). 
 
Psw = 4.1(FSI)0.76           (R2 = 0.953)  
 (6) 

It is seen in Fig. 5 that both the curves exhibit nearly the same 
trend of power law relationships. It is interesting to note that 
these curves show significant deviations at lower values of 
swelling pressures, which tends to reduce with increasing 
values and beyond swelling pressure of 250 kPa both these 
curves overlap. This reflects on the distinct behaviour of 
bentonite and its mixes as compared to other expansive clays. 
The synthesized data from the literature corresponds mostly 
to clays having combination of montmorillonite and illite as 
their mineral constituents. 

5. CONCLUSIONS  
The findings of the present experimental study lead to the 
following conclusions . 
(i) The degree of expansivity as predicted from semi-direct 
criteria such as colloidal clay contents and Atterberg’s limits, 
most of the clay mixes fall in the category of very high 
expansivity. 
(ii) The prediction through direct criteria i.e. FSI, percent 
swell and swelling pressure, the clay mixes with 70% and 
above bentonite fall in very high expansivity category & the 
remaining mixes (50% and 30% bentonite) between high to 
moderate category. 
(iii) The synthesized data from literature and present 
experimental data demonstrate a power law relationship 
between FSI and swelling pressure covering a very wide 
range of their magnitudes. 

6. RECOMMENDATIONS 
The clay mix (with comparable quality of bentonite and 
kaolinite) having 70% and above bentonite is reccomended 
for its use in construction of diaphragm wall, sealing/ lining 
for industrial waste respositories, etc. Further, it is 
reccomended to use clay mixes having 50% or only 30% 
bentonite for the work where used in slurry form e.g. fine clay 
grouts, borehole stabilizer, drilling mud, etc. 
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1. INTRODUCTION 
Peaty ground distributed widely in Hokkaido, Japan, is an 
extremely soft ground, which is highly organic and has 
special engineering properties.  Roads on peaty ground are 
usually designed to allow for a certain degree of settlement 
and are repaired and maintained during their service, since 
considerable settlement occurs over a long period of time in 
such roads.  The Manual for Peaty Soft Ground 
Countermeasures [1] stipulates the allowable residual 
settlement as between 10 to 30 cm in three years after an 
expressway is placed in service.  These values were, however, 
determined empirically and should be reconsidered for the 
minimization of the life cycle cost (LCC). 

FE analysis with consideration to the overlay pavement 
load as a measure against residual settlement was thus 
conducted concerning the long-term settlement of a road on 
peaty soft ground, and the relationship between the residual 
settlement and repair cost was studied.  

2. SETTLEMENT BEHAVIOR OF PEATY GROUND 
AND THE CONCEPT OF THE LIFE CYCLE COST 

Figure 1 is a conceptual diagram of the settlement of peaty 
ground.  A characteristic of the settlement of peaty ground is 
the long-term settlement called secondary consolidation, 
which occurs linearly to the logarithm of time and causes 
continuous settlement after the placement of roads in service.  
The type of ground, where soft clay layers often accumulate 
at the bottom of peat, is called peaty soft ground.  In addition 
to the peculiarity of peat, the existence of thick clay layers 
makes the problem of long-term settlement even more 
complex. 

The standard method in the Peaty Soft Ground 
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Figure 1.  A typical settlement curve of peaty ground 

Figure 2.  The concept of the life cycle cost 
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Countermeasures Manual for the construction of a road 
embankment on peaty soft ground is the method of allowing 
for a certain degree of residual settlement after the placement 
of the road in service and conducting maintenance and repair 
works during its service life.  This method is used for 
reducing road construction costs, as well as for ensuring the 
flatness of the road surface and con-trolling road repair costs 
depending on the importance level of the road.  It means that 
the concept of LCC shown in Figure 2 has been introduced.  
There are, however, some problems that must be solved for 
rationalization, such as the empirical setting of allowable 
residual settlement. 

3. OVERVIEW OF FE ANALYSIS 

3.1 Overview of the section of analyzed 
The subject of the analysis, Mihara Bypass (1.4 km long), is 
an expressway on the outskirts of Sapporo, which is the 
largest city in Hokkaido.  It is a two-lane road constructed on 
peaty soft ground.  To ensure stability and reduce residual 
settlement, the preload method was adopted in combination 
with the counterweight fill method, which is the use of 
loading berms at the sides of the main embankment (Figure 3).  
Measurements of settlement have been continued since this 
expressway was placed in service in March 2005. 

3.2 Analysis conditions 
FE analysis was conducted using the Sekiguchi-Ohta model 
[2], which can express long-term settlement.  Table 1 presents 
the analysis cases.  A comparison between measured 
settlement and analysis results was first made as a preliminary 
study, and the applicability of the constitutive model and 
validity of parameters were verified.  

Next, in the main study, virtual simulation was 
conducted for three cases with different amounts of residual 
settlement three years after their placement in service.  At that 
time, the ground and other conditions were assumed to be 
uniform and the specific amounts of settlement were set by 
varying the period of waiting time for decreasing settlement.  
Concerning the bumps caused by settlement, it was assumed 
that repairs (overlay pavement) were repeated whenever 

settlement reached 10 cm, based on the results of the 
fact-finding survey of repairs conducted by Nishimoto and 
Hayashi [3].  As the loading condition at that time, the load of 
the pavement thickness of 10 cm was uniformly distributed 
over the embankment crest, thus causing a slight increase in 
load from the embankment at this point.  The traffic load 
generated by vehicles passing over the bumps was not taken 
into account because the embankment was high. 

 

3.3 Determination of soil parameters 
When analyzing the long-term settlement of peat, it is 
important to determine the coefficient of permeability and 
coefficient of secondary consolidation.  Hayashi et al. [4] 
have revealed that the coefficient of permeability of peat 
decreases considerably with consolidation and that the actual 
coefficient of permeability is 10 to 30 times as large as the 
values found by the oedometer test.  These are engineering 
properties peculiar to peat.  In this analysis, therefore, the 
initial coefficient of permeability was determined by Eqs. (1) 
and (2).  The changes in the coefficient of permeability 
associated with consolidation were given by Eq. (3).  Where, 
koed is the coefficient of permeability found by the oedometer 
test (cm/s), Cv is the coefficient of consolidation (cm2/day), 
mv is the coefficient of volume compressibility (m2/kN), w is 
the unit weight of water (=9.81kN/m3), k0 is the initial 
coefficient of permeability (cm/s), koed-p0 is the coefficient of 
permeability at the time of effective overburden pressure 

Figure 3.  The cross section of the embankment 

Table 1.  Analysis cases and conditions 

overlay pavement
load

residual
settlement (cm)

no loading －

1 loading 30

2 loading 20

3 loading 10

preliminary
 case

main
case

case
analysis conditions
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found by the oedometer test (cm/s), e is the void ratio at the 
end of consolidation and e0 is the initial void ratio.  The 
constant Ck in Eq. (3) was determined from the relationship 
between the void ratio and the coefficient of permeability 

found by the oedometer test. 
 
koed = Cv mv w / (8.64×106)                                          (1) 
 

  soil parameters

ignition loss L i  ' consolidated-undrained
triaxial compression

m
triaxial

K0-consolidation test

 V0' OCR P c

k f/k l k l

 t wet density test

natural water content
W n

oedometer test

soil particle density
 s

①  ' = 0.19Li (%) +32 ⑥  V0' =  th -P w ⑪   = C c/2.3
② M = 6sin ' /(3-sin ') ⑦ OCR  = P c / V0' ⑫   = C s/2.3
③ K 0NC = 1-sin '        Jaky (1948) ⑧ K 0OC = K 0NC OCR m ⑬ C c = 0.01W n(%)
④ m  = 0.005Li (%) +0.45 ⑨ v  = k 0 /(1+k 0 ) ⑭ C s = 0.1C c

⑤  t = (( s- w)/(1+e ))g n ⑩ k f/k l = 0.33L i (%) ⑮ e 0 =  s/ w W n(%)





e 0

convenient method detailed method

k const.

M

K 0NC

K 0OC

v

⑤

①

②

③

④

⑥ ⑦
⑧

⑨

⑩

⑪

⑭

⑫

⑬

⑮

Figure 4.  Determination procedures of soil parameters for FE analysis of peat and organic clay (Hayashi et al, 2007b) 

Table 2.  The list of soil parameters used 

horizontal
k H (m/day)

Vertical
k V (m/day)

change with
void ratio k

peat 0.10 0.92 1.94 2.69 12.36 0.03 2.2×10-5 0.21 0.30 0.26 8.6×10-2 1.7×10-2 1.16

organic clay 0.15 0.90 1.48 1.62 5.44 0.02 3.3×10-5 0.30 0.43 0.43 2.6×10-2 5.2×10-3 0.84

clay 0.11 0.80 1.08 0.39 1.63 0.01 2.9×10-6 0.37 0.78 0.58 8.6×10-4 8.6×10-4 0.43

silt 0.07 0.82 1.16 0.20 0.91 0.01 2.3×10-5 0.35 0.71 0.54 1.6×10-3 1.6×10-3 0.24

clay 0.09 0.86 1.10 0.24 1.06 0.01 1.4×10-6 0.36 0.59 0.57 9.9×10-4 9.9×10-4 0.31

coefficient of permeabilitycoefficient of
earth

pressure
 at rest K 0

coefficient of
in-situ earth

pressure
at rest K 0OC

Pisson's
ratio v

initial
volumetric
strain rate
V 0 (day/1)

coefficient of
secondary

consolidation


initial void
 ratio e 0

compression
 index 

critical state
parameter M

irreversibility
ratio 

coefficient of
dilatancy Dsoil layer
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k0 = 10 koed-P0                                                                    (2) 
 
k = k0 exp((e-e0) /Ck)                                                       (3) 
 

Noto [5] related the coefficient of the secondary 
consolidation Cs (%) of peat with the natural water content 
Wn and expressed the relation by Eq. (4).  The coefficient of 
secondary consolitaion in this analysis was determined 
using Eq. (4). 

 
Cs (%) = 3.3+0.0043Wn (%)                                          (4) 
 

Other soil parameters of peat were determined from 
the results of laboratory soil tests using the flow chart 
(Figure 4) proposed by Hayashi et al. [6].  The parameters 
of clay were deter-mined using the method of Iizuka and 
Ohta [7].  Table 2 lists the soil parameters used for analysis. 

 

4. RESULTS OF PRELIMINARY STUDY 
Figure 5 displays the changes in measured and analyzed 
ground surface settlement at the center of the embankment 
with the passage of time.  The embankment constructed at 
the section was 10.8 m in thickness, and the measured 
settlement at the start of service was approximately 4 m, 
indicating the high compressibility of the ground.  Measured 
values have been obtained for 2,075 days (684 days in 
service) so far, and almost correspond with the analysis 
results.  This means that FE analysis using the 
Sekiguchi-Ohta model is effective in the examination of the 
long-term settlement of peaty ground.  It also shows that the 
procedure to determine soil parameter presented in this 
paper was valid. 

5. RESULTS OF THE MAIN STUDY 
Figure 6 presents the analysis results of Case 1 (30cm 
residual settlement in three years after placement in service).  
According to the analysis results, settlement will continue 
after placement in service and the residual settlement in 50 
years is expected to be approximately 92 cm only in the 
case with the embankment load and 114 cm in the case 
where the overlay load is also taken into account.  While the 
overlay load is rarely considered in normal settlement 
analysis, it is worth noting that, in the analysis results of this 
study, the amount of residual settlement was 22 cm greater 
with the overlay load than in the case with only the 
embankment load.  Considering that residual settlement is 
often discussed on the order of around 10 cm, the overlay 
factor can be regarded as an important factor in the 
examination of residual settlement.  

Analysis was conducted for other two cases using the 
above method, and the schedule and number of overlay 
repairs for respective cases were found (Figure 7).  In the 
case where residual settlement was 30 cm three years after 
placement in service, six repairs were necessary in 10 years.  
In the first four years, in particular, repairs had to be 
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Figure 5.  The changes in measured and analyzed ground 
surface settlement at the center of the embankment 
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Figure 6.  The effect of additional overlay pavement from 
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conducted every year.  In the cases where residual 
settlement was 10 and 20 cm, however, the number of 
repairs was half or less.  In the case of a two-lane road, 
closure is necessary even for a simple repair like overlaying.  
It is considered difficult to gain the understanding of users 
and related organizations if repairs requiring road closure 
must be made frequently soon after the opening of the road.  

On the Mihara Bypass (1.4 km long), box culverts are 
placed at average intervals of 170 m.  On the assumption 
that residual settlement would cause bumps before and after 
these culverts, the relationship between residual settlement 
and the overlay repair cost for the length of 1.4 km in 50 
years was estimated (Figure 8).  The conditions for the 
estimation were set using the actual repair cost found by 
Nishimoto and Hayashi [3] as a reference.  Compared with 
the case of 30 cm residual settlement, the repair cost was 
approximately 72 and 59% in the cases of 20 and 10 cm 
settlement, respectively.  It can be seen that the setting of the 
amount of residual settlement greatly affects the repair cost. 

6. CONCLUSION 
It was found that FE analysis using the Sekiguchi-Ohta model 
can express the long-term settlement of peaty soft ground.  It 
was also revealed that the amount of residual settlement 
greatly affects the repair cost. 

The authors intend to conduct further studies using the 
method applied in this study as an analysis tool and present 
the rational amount of residual settlement, repair schedule 
and other guidelines. 
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ABSTRACT 
 
A number of 16 physical model tests were conducted using a 1g shake table in order to investigate the seismic behavior 
of pile group in a soil slope. The instrumented physical models were exposed to sinusoidal motions of constant 
amplitudes. The parameters of the amplitude of the incoming motion, the number and spacing of piles in the group were 
altered. Single pile and group piles of 2×1 and 2×2 configuration with pile spacing to diameter ratios of 3, 5.4 and 7.8 
were considered. Some observation and conceptual results about piles and pile cap displacements are presented as well 
as lateral soil pressure on rear and front piles in group. The most essential result of these set of tests was to support the 
concept of utilizing the Newmark sliding block theory in the analysis of group pile within a slope.  As the results of 
these tests, the preliminary diagrams for estimation of yield acceleration of pile group in the slope and its reliance upon 
group parameters are presented. 
 
Keywords: pile group, seismic, slope, shake table, Newmark method

1. Introduction 
For many years seismic behavior of pile group is attended 
from researchers around the world. Against of wide 
investigations, complexity of their behavior in soil 
makesmany ambiguities in this field of foundation 
engineering. In earthquake loading andpresence of 
nonlinear soil-pile-structure interaction, make this issue 
more sensible. Furthermore when the piles located in slope 
the complex behavior of these geotechnical structures is 
increased. Often pile group seat on soil slope such as 
foundation of structures in slopes, foundation and/or 
abutment of bridges pile supported wharves and some 
roads or pipelines on slopes. According to 
abovementioned complexities, there is not any simple and 
reliableanalytical method in these conditions.Due 
tounknown behavior, numerical methods are not reliable 
too and their resultsmay not be explained suitable. 
Therefore attempting on exploring seismic behavior of pile 
group in soilslope can be an important and applicable issue 
for investigation. Present work is done as an initiative 
research in this field beneath performing some shake table 
model tests. 

2. Shake table model tests 

2.1. Shake table specifications 

Used equipment has several parts such as a table with 
dimension 180*120 cm2, hydraulic actuator, power unit, 

measuring and control system. The model box is 
constructedwith Plexiglas which has dimension of 180*80 
cm2in plan and 120 cm height (Fig. 1). 
Many sensors such as accelerometers, electrical strain 
gauges,displacement gauges (LVDT) are used for 
instrumentation which all of them have dynamic sampling 
ability. Two dynamic data logger instruments with 20 
channels are applied to gathering required data related 
with piles, pile cap and soil parameters (Fig. 1). 

2.2. Dimensional analysis and scaling laws 
Reference [2] presented the non-dimensional parameters 
for modeling of lateral pile behavior in shake table as 
following equation: 
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In which, y: Lateraldynamicdeflection of pile, d: pile 
diameter, Lp: pile length, u0: displacement amplitude of 
input motion, ρp: pile density, ρs: soil density, EpIp: pile 
flexural stiffness, Gs: shear modulus of soil, ω: frequency 
of input motion, m0: mass of pile cap. Piles spacingto 
diameter ratio (s/d) is an additional non-dimension 
parameter which considered pile group effects. Therefore 
the scale factors for pile group shake table models can be 
presented as table 1. 
 

 

Fig. 1.Schematics of physical models and testing instrument 

Second International Conference on Geotechnique, Construction Materials and Environment, 
Kuala Lumpur, Malaysia, Nov. 14-16, 2012, ISBN: 978-4-9905958-1-4 C3051 

Strain guage 

LVDTs 



226 
 

Table 1.Scale factors for mechanical parameter in 1g 
model of pile group 

Parameter Lp EpIp mc aR0 F s/d 
Scale Factor n nP

6.5 nP

4.6 1 1/nP

0.75 1 
 
2.3.Geometry of model 
Geometry of models is shown in Fig. 2(a). All models are 
constructed with 9 layers and total height of 90 cm. Piles 
length are 90 cm and the height of slope foundation is 40 
cm.

 
Fig. 2.a) Geometry of physical models(dimensions are in 

cm), b) a sample of time history of input motion with 
Fourier spectrum 

2.4. Materials 
a. sandy soil: Firouzkouh (No. 161) siliceous sand is used 
for model tests. This kind of sand has uniform aggregation 
and in the current study it has relative density of about 
60%. Some specification of used soil is presented in table 
2.b- Pile andpile cap: model piles made from Aluminum 
pipe with 15 mm external diameterand 1 mm thickness. 
Piles tip are conic with 30 degree angle. In each 2*2 group 
2 piles are instrumented with 6 strain gauges. Pile cap is 
made from steel plate which contains 3 sets of 4 number of 
16 mm diameters holes that covered pile spacing to 
diameter ratios included 3, 5.4 and 7.8. 
2.5. Input motions 
Base input motions are harmonic with fixed amplitude and 
frequency of 10 Hz. Each of physical models was tested 
with 2 differentmotions until reach to largedeformations. 
At first a weaker motion with maximum acceleration of 
about 0.15g exerted to model and then a stronger input 
motion with maximum acceleration of about 0.3g were 
applied(Fig. 2(b)). There is a usefuldynamic parameter 
that used in previous researches for considering both 

amplitude and frequency content of the motion [2]. RMS 
acceleration is defined as following: 

∫= dT

d
RMS dtta

T
a

0

2 ).(1

                                           (2)  
In which, TRdR: input motion duration, a(t): acceleration. 
Because of less dependency of aRRMSR to large accelerations 
and frequencies and existence of motion duration in it, it is 
a good parameters for research and engineering 
applications [3]. aRRMSR is used in the current study as 
representative acceleration parameter. 
2.6. Tests plan 
Some of model parameters such as number and arrange of 
piles in group, piles spacing to diameter ratio, slope angle 
and input motion specifications such as maximum 
acceleration are changed to study seismic behavior of pile 
group in slope. Plan of tests is illustrated in table 3. 
2.7. Construction procedure of the models 
Construction of the physical model has four important 
parts; making a pile group, making a slope with sand rain, 
installing the piles in the slope and completing the 
instrumentation. Fig. 3 shows above mentioned sequences. 
3. Tests results 
Piles bending moment, displacement and acceleration of 
pile capare recorded and analyzed. A sample of recorded 
data is presented in fig. 4. 
3.1. Pile cap behavior 
Seismic response of pile cap and acceleration of pile cap 
are imparted as basic parameters of pile cap response. 
A. Pile cap acceleration: Based on try and errorwith 
several examinations on various parameters, 

2
cap.RMS f.s.n/a was selected in which capa  is pile cap 

acceleration, n is number of piles in group, s is piles 
spacing in group and f isinput motion frequency. Fig. 5(a) 
shows relation between these parameters and base input 
acceleration. 
B. Lateral displacement of pile cap: Residual and cyclic 
displacement are two component of cap displacement at 
each time (Fig. 5(b)). To understanding some basic 
components of behavior two hybrid parameter including 
n.Disp(Res)/s and )/()

)(
)(Re.(

d
s

CycDisp
sDispn versus 

2
. / sfa baseRMS  is shown in Fig. 6.  

Shape of cap residual displacement in Fig. 5 (b) shows it 
may be possible to estimate cap residual displacement 
using Newmark sliding rigid block analysis [4]. Try and 
error analyses were conducted to estimate yield 
acceleration (aRyR) for each test via comparison between 
measured and calculated displacement of pile cap (i.e. Fig. 
7 for tests 2-3-2 and 1-1-2). Relationship between 
calculated aRyRand some parameters such as base 
acceleration (aRbaseR), cap acceleration (aRcapR), cap inertial 
force (maRcapR), number of piles in group (n) and s/d was 
evaluated through try and error progress with varios non-
dimensional hybrid parameters. Results show that aRyR is 
dependent to s/d, aRbaseR and aRcapR (Fig. 8). As seen, aRyR and 

)d/s.n/()ma( cap.RMS parameter have the best correlation 

(Fig. 9). 
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Table 2. Specification of FIRUZKUH 161 sand 

 
 

Table 3.Parameters and specifications of physical models

 
 

 
Fig. 3. Construction of Models 

 
Fig. 4.Sample of recordedacceleration, pile bending moment and horizontal displacement of pile cap (test 2-3-2) 

 
Fig. 5. a) Cap versus base acceleration, b) components of cap displacement in test no. 3-1-2 

D10 D30 D50 D60
Passing

#200 Sand φ

(mm) (mm) (mm) (mm) % % degree

SP 0.16 0.21 0.27 0.3 1 99 1.87 0.88 400 0.874 0.548

eminCu CcUSCS 
Name

emax

No. Test Name amax (g) aRMS (g) Slope s/d Group 
Configuration

1 1-1-1 0.22 0.08 1:2 0 single
2 1-1-2 0.48 0.22 1:2 0 single
3 2-1-1 0.15 0.04 1:2 5.4 2*1
4 2-1-2 0.46 0.20 1:2 5.4 2*1
5 2-2-1 0.22 0.08 1:2 7.8 2*1
6 2-2-2 0.46 0.23 1:2 7.8 2*1
7 2-3-1 0.11 0.09 1:2 3 2*1
8 2-3-2 0.39 0.20 1:2 3 2*1
9 3-1-1 0.16 0.07 1:2 3 2*2
10 3-1-2 0.44 0.21 1:2 3 2*2
11 3-2-1 0.20 0.08 1:2 5.4 2*2
12 3-2-2 0.43 0.21 1:2 5.4 2*2
13 3-3-1 0.18 0.06 1:2 7.8 2*2
14 3-3-2 0.43 0.16 1:2 7.8 2*2
15 3-4-1 0.17 0.06 horizontal 7.8 2*2
16 3-4-2 0.50 0.23 horizontal 7.8 2*2
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Fig. 6. a) Variation of n.Disp(Res)/s versus base acceleration, b) variation of cap displacement components versus base 

acceleration 

 
Fig. 7. Back calculating of yield acceleration (aRyR) for a) test 1-1-2, b) test 2-3-2 

 
3.2. Pile Behavior 
Pile deflection, moment and shear as well as lateral soil 
pressure on piles are known as pile seismic response. 
According to importance of lateral soil pressure on front 
and rear piles (Fig. 10a) and its unknown aspects, test 
results on this parameter are presented in the current paper. 
Discussion on other mentioned parameters is presented in 

[5]. In the current study maximum lateral soil pressure is 
normalized by dividing to z and get    
pressure coefficient (K). Comparison of lateral soil 
pressure coefficient of rear and front piles is shown in fig. 
10b in which variation of KRrearR/KRfrontR is presented versus a 
hybrid parameter related with base acceleration and group 
geometry (aRRMS(base)R.(s/d)). 

 
4. Conclusion 
16 1g shake table model tests on 2*1 and 2*2 pile group in 
soil slopewereperformed and the following results about 
seismic behavior of pile group in soil slopeare seen and 
presented: 

- Pile cap motion in slope has 2 components: residual and 
cyclic. 

- With increasing the base acceleration, )f.s.n/(a 2
cap.RMS

which is composed of pile cap acceleration ( cap.RMSa ), 

numbers (n) and piles spacing (s) and input motion 
frequency (f), increased.  

- With raising the base acceleration hybridparameter(
2

base.RMS sf/a ),another hybrid parameters of horizontal 

motion of pile cap [
d
s/

)Cyc(Disp
)s(ReDisp.n and  n.Disp(Res)/s 

andDisp(Cyc)/s] are increased. 

- Soil pressure on rear pile, is 1 to 2 timesof pressure on 
front pile. The ratio of coefficients of lateral pressure on 
rear and front pile (Krear/Kfront) is decreased whena 
hybrid parameter based oninput motion acceleration and 
group geometry [aRRMS(base)R.(s/d)]is increased. 

- Results of present tests, confirm the applicability of 
Newmarksliding block method in simulation of grouped 
piles located in slopes. 

- Yield acceleration for application of Newmark method for 
pile group in slopes is different with common yield 
acceleration in slopes. Meanwhile, yield acceleration of 
pile group in slope (aRyR), is increased with raising the 
hybrid variable )d/s.n/()ma( cap.RMS included pile cap 

inertial force, number of pile in group and piles spacing to 
diameter ratio. 
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Fig. 8. Relationship between aRyR and base and cap acceleration, n.s/d in model tests 

 
Fig. 9. Dependency of aRyR to group parameters 

 
Fig. 10. a) Rear and front pile definition, b) relationship between the ratio of lateral soil pressure coefficient of rear and 

front piles and a hybrid parameter includes base acceleration and s/d 
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ABSTRACT 
 
Acidic deposit that fall to Earth from the atmosphere is named acid rain. Acidic rainfall as an environmental factor 
has a potential to effect of consistency parameter of soil. This paper describes the degree of difference in the 
properties of consistency soils in Malaysia of acid rain equivalent to 0.005N of H2SO4 or HNO3. The sampling of 
soil from two locations that are Batu Cave (BC) as clay soil and Taman Ukay Perdana (TUP) as weathering granite 
soil having different plasticity were composed and distinctly preserved with acid sulfuric (H2SO4) and acid nitric 
(HNO3) to examine the outcome of acid rain on their texture. The amounts of deviation in the engineering properties 
are experiential to be more distinct in soils with low plasticity than those with high plasticity. 
 
Keywords: Acid rain, Soil, Consistency, H2SO4, HNO3. 
 
 
1. INTRODUCTION 
 
Environmental Geotechnology is developing as an 
interdisciplinary discipline, directing at predicting, 
analyzing and solving the geotechnical problems 
linking the influence of environmental factors [1]. 
 
With rapid and developed industrialization of world, 
so have become an increase acid rain and an 
environmental concern. Mutilation to the natural 
environment, mainly the bio-sphere, such as 
alterations in the chemistry of surface water, 
reduction in the population of aquatic fauna and flora, 
and a growth in the outflow of heavy metals in 
industrial country have been blamed on acid rain [2], 
[3], [4] and [5]. Malaysia is also not safe acid rain 
phenomenon. Anthropogenic emissions have 
increased over the year as the level of pollutant 
suspended in the atmosphere is increasing.  
 
Acidification of rain is produced by air pollutants 
comparable sulfur dioxide and oxides of nitrogen, 
which decreases its pH as low as 5.2. The process of 
effect of acid rain on soil properties is the H+ content 
of acid rain falling for a short duration is very low 
compared to cation argument capacity of soil. This 
will definitely increase the rate of leaching of cations 
from the soil. Fascination of H+, SO42-, NO3- and 
CO32- by the soil particle is effect on change 
physical, chemical and engineering properties [6].  
 
One of the greatest important environmental factors, 
directly affect of acid rain on soil properties. 
Objective of this study was to find degree variation of 

acid rain on soil consistency with different pH 3.6, 
4.2, 5.2 and 6.7 in tow kind of soil. Two kind of soil 
Clay and granite having different plasticity were 
collected and separately acidified with acid rain 
equivalent to 0.005N of H2SO4 and HNO3. In this 
paper some of the results obtained are discussed. 
 
2. METHODOLOGY 
 
The soil samples used in this study were obtained 
from Batu Cave (BC) as clay soil and Taman Ukay 
Perdana (TUP). All soil samples were oven dried and 
sieved BS. The sample of sieve material was used for 
additional experimental work. The consistencies of 
the samples were determined for the soil fraction 
passing 425 μm sieve. The results are summarized in 
Table 1. 
 
Table 1. Characteristics of original soil samples of 
clay (BC) and granite (TUP) 
 

characteristic Soil sample 
BC TUP 

Liquid limit (WL) % 52.56 46.50 

Plastic limit (Wp) % 55.57 28.58 

Shrinkage limit % 10.71 2.14 
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2.1 EXPERIMENTAL METHODS 
 
1 kg of each soil sample BC and UTP was separately 
shaken for 8 hours with 1 liter of 0.005N H2SO4 and 
HNO3. The H2SO4 treated samples (BCS, UTPS) 
and the HNO3 treated samples (BCN and UTPN) 
were then filtered and air dried. These samples were 
then used to find their consistency as per British 
Standard [7]. 
 
3. RESULT AND DISCUSSIONS 
 
3.1 CONSISTENCY CHARACTERISTIC  
 
Values of Liquid limit (WL), Plastic limit (WP) and 
Shrinkage limit for the soil samples with different pH 
before and after acid treatment are presented in 
Figure 1, 2 and 3. The results show that on treatment 
with the acids the value of WL, WP and SL got 
reduced while that of pH decreased. 
 
The degree of variation with liquid limit of BCS, 
BCN, TUPS and TUPN was found to be maximum 
WL in pH 6.7 (H2SO4) with value of 64.61% while 
the least in pH 3.6 with value of 46.79%. The degree 
of variation in pH 3.6 (H2SO4) was shown with value 
of 31.24% (Figure 1).  
 
 

 
Figure 1. Characterization of liquid limit in clay and 
granite in different pH with H2SO4 and HNO3 
 
The degree of variation with plastic limit of BCS, 
BCN, TUPS and TUPN was found to be maximum 
WP in pH 6.7 (H2SO4) with value of 39.44% while 
the least in pH 3.6 with value of 21.29%. The degree 
of variation in pH 3.6 (H2SO4) was shown with value 
of 31.24% (Figure 2).  
 

 
 Figure 2. Characterization of plastic limit in clay and 
granite in different pH with H2SO4 and HNO3 
 
In figure 3 shows the degree of variation of shrinkage 
limit (SL) in BCS, BCN, TUPS and TUPN with 
maximum LS in pH 3.6 (H2SO4) with value of 
10.28% and the least value in pH 6.7 is 1.07%. 
 
 

 
Figure 3. Characterization of shrinkage limit in clay 
and granite in different pH with H2SO4 and HNO3 
 
The degree of variation in the consistency 
characteristics of the soil depends on factors like type 
of soil, electrical charge of exchangeable cation 
absorbed by soil particles and concentration of cation 
in soil water [6]. 
 
4. CONCLUSIONS 
 
Acid rain results in deviations in physico-chemical 
characteristics of soil. pH of the soil reductions while 
the concentration of captivated H+ and SO42- rises. 
The grain size of soil distribution will move near 
finer sections when subjected to acid rain. Acid rain 
affects on consistency properties of different soils 
with different pH. The data found through the 
experiments is useful in evaluating the 
compensations to the soil that could occur due to the 
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acid rain in future. However the greatness of the 
decline will depend on determination and strength of 
acid rain. In further research need to study in effect 
and strength of acid rain on different types of soils is 
for an improved evaluation of difference in its 
physicochemical, consistency and engineering 
properties. 
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1 2 3 4 5

0 1 2

0 No Improvement

B/H=0.17

B/H=0.33

B/H=0.5

4 B/H=0.75

※Sizes corresponded to actual scale（50G）
※Improvement down to base ground 2(case2,3,4) and down to base ground
   1 only (Case5)

Case

Improvement
Condition

6

Improvement width  B（m）

Inprovemen
t depth
H（m）

3
Case2，3 and 4

 Improvement width

Case3，5
Same Improvement Area

Table 1  Experimental cases and study items 

 

Fig. 1 Model ground and measurement positions (case 3) 
* Figures in parentheses indicate full-scale values. 

 ▽: Displacement meter 
    L1 – L3: vertical 
    L4: horizontal 

Embankment 

Base ground 1 
(kaolin) 

Base ground 2 
(kaolin) 

Sandy layers 

 

  

1. INTRODUCTION 
Most stabilization measures for embankments to be 

constructed on soft terrain involve the improvement of 
ground down to the bottom of the solid bearing layer. 
Regarding the form of improved soil, the recommended ratio 
of the improvement width (B) to the improvement depth (H) 
(hereinafter, “the B/H ratio”) is set to at least 0.5 to 1.0 to 
prevent the action of excessive bending stress on the 
improved soil. As the B/H ratio increases, a greater 
improvement effect can be expected, but there also tends to be 
a corresponding increase in construction costs. 

In view of this, the creation of improved ground that does 
not involve treating soil down to the bearing layer 
(hereinafter, “floating-type improved ground”) is considered 
to be more effective. However, the extent to which the 
method stabilizes embankments and prevents displacement of 
the surrounding ground is unclear. Against this background, 
centrifugal loading model tests were conducted in this study 
to review whether greater B/H ratios in floating-type 
improved ground or differences in the improvement type used 
help to prevent displacement of the toe of embankment slopes 
and the surrounding ground. 
 

2. PURPOSE AND DETAILS OF THE CENTRIFUGAL 
LOADING MODEL TESTS  
The purpose of the centrifugal loading model tests was to 

verify whether floating-type improved ground is effective in 
stabilizing embankments and preventing displacement of the 
surrounding ground. 
Table 1 lists the experimental cases and study items. The 
experiments included a case in which no improved soil was 
present at the toe of the embankment slope (case 1) and four 
 
 

in which floating-type improved ground was present at the toe 
(cases 2 to 5). In these cases, observation was performed to 
verify whether differences in the B/H ratio (i.e., variations in 
the improvement width and/or improvement depth with the 
same improved area) would affect the failure conditions of 
the improved soil and the deformation conditions of the 
surrounding ground. The models had a scale of 1/50 of the 
actual size, and the tests were conducted in centrifugal 
acceleration fields of 10 to 50 G (G: gravitational 
acceleration).Paper size 210mm×  297mm  of A4 paper. 

ABSTRACT 
 

In this study, centrifugal model tests were conducted to clarify the rational improvement width (B) and 
improvement depth (H) at which embankment stability as well as a deformation prevention effect for the surrounding 
ground can be achieved when rectangular floating-type improved ground is created at the toe of an embankment slope. 

The results produced the following findings: the creation of floating-type improved ground (FTIG) helps to 
stabilize embankments; FTIG can be expected to help prevent deformation of the surrounding ground; and the failure of 
improved soil does not have a substantial impact on embankment stability. Even if the B/H ratio of improved soil is the 
same, unless it is placed (hereinafter, “embedded”) deeper than the sliding line, it does not contribute to displacement 
prevention in the surrounding ground. 
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Table 2 Properties of base ground, improved soil and 
embankment 

礫　分（％）

砂　分（％）

シルト分（％）

粘土分（％）

最大粒径（mm）

基礎地盤1（kN/m2）

基礎地盤2（kN/m2）

カオリンクレイ

値

62.2（WL×1.5）

盛土

最適含水比（％） 10.2

粘着力（kN/m2） 3.2

せん断抵抗角（°） 31.9

材料

自然含水比Wn（％）

土粒子の密度（g/cm3）

項目

最大乾燥密度（g/cm3） 1.88

2.738

豊浦標準砂 ： カオリン = 8 : 2

85

2.665

材料

締固め度（％）

土粒子の密度（g/cm3）

0.075

粒　　度

一軸圧縮強さ

基礎地盤

12.5

28.5

0

0

45.1

54.9

改良体

材料 カオリンクレイ ＋ 普通ポルトランドセメント

セメント配合量（kg/m3） 220

水セメント比（W/C） 1

一軸圧縮強さ（kN/m2） 360（3日養生）

Item Value 

Base 
ground 

Material Kaolin clay 

Natural water content (%) 

Density of soil particles (g/cm3) 

Grain size 

Fragment (%) 

Sand (%) 

Silt (%) 

Clay (%) 

Maximum grain diameter (mm) 

Single-axis 
compression 

Base ground 1 (kN/m2) 

Base ground 2 (kN/m2) 

Material 

Improved 
soil 

Kaolin clay + ordinary Portland cement 

Cement content (kg/m3) 

Water cement ratio (W/C) 

Single-axis compression (kN/m2) 360 (3-day curing) 

Embankment 

Material Toyoura standard sand:kaolin = 8:2 

Compaction (%) 

Density of soil particles (g/cm3) 

Maximum dry density (g/cm3) 

Optimal water content (%) 

Adhesion (kN/m2) 

Angle of shear resistance (° ) 

Please save to MS Word templates directory. Times New 
Roman, Font size 10, normal. Try to avoid Underline or Bold 
within texts.   

 

2.1  Model ground 
Figure 1 shows a cross section of the completed model 

ground, while Table 2 lists the properties of the base ground, 
the improved soil and the embankment materials. The method 
of construction for each type of ground and the experimental 
earth tank installation technique are described below. 
 
(1) Base ground 1 and base ground 2 (clay layer) 

The base ground was made by adding water to kaolin clay 
(in a dry powder condition) to adjust the water content to 1.5 
times the liquid limit, i.e., 62%.  

One-dimensional consolidation was then carried out 
using an auto-load controller. The final consolidation 
pressure on base ground 1 was p = 30 kN/m2, and for base 
ground 2 the corresponding values were p = 60 kN/m2. 

The reason for introducing a difference in the pressure 
loads on base ground 1 and base ground 2 was to provide a 
sliding surface at the boundary between the two layers. 

 
(2) Improved ground 

Ground was improved by adding ordinary Portland 
cement (amount: W = 220 kg/m3) to kaolin clay with a water 
content of 1.5 times the liquid limit and agitating it with a 
mixer. 

 
 

(3) Embankment 
Embankment materials were made by mixing Toyoura 

sand and kaolin at a dry-weight ratio of 8:2 and a water 
content w of 10%. The constituents were stirred using a 
vacuum mixer for 40 minutes, and were then cured for a day 
or longer. 

The embankment materials were used after being passed 
through a 2-mm sieve to give them a uniform consistency. 
Each layer was compacted to a finishing thickness of 1 cm 
using a small rammer. 
 

2.2 Measurement device 
Ground level upheaval, horizontal displacement of the 

embankment slope toe, and settlement of the embankment 
crown were measured with a laser displacement meters (L1 – 
L4 in Fig. 1). 
Silver line noodles were also installed on the visual surface to 
support determination of the soft ground and embankment 
deformation mode. 
 

2.3 Centrifugal acceleration  
The completed model was mounted on centrifugal 

loading equipment, and measuring devices were installed. 
Centrifugal acceleration was increased gradually to 10, 20, 
30, 40 and then 50 G. The centrifugal acceleration retention 
time was two minutes at 10 G, four minutes at 20, 30 and 40 
G, and five minutes at the final stage (50 G). 
Each period of retention lasted until the deformation of base 
ground 1 and base ground 2 returned to normal after 
centrifugal acceleration was increased to the next step. 
 

3 TEST RESULTS AND REVIEW 

3.1 Improved ground and ground deformation 
Table 3 shows transverse and longitudinal sectional views 

of improved soil at the time when embankment loading was 
completed (i.e., after loading of 50 G). The transverse and 
longitudinal cross sections were photographed after 
completion of the test (1-G field). 

In the deformation of the base ground and embankment 
when a 50-G load was applied in case 1, no sliding failure 
occurred. However, base ground 1 horizontally deformed, 
and the whole of the surrounding ground rose as a result 
(Table 3 a). 

Conversely, the deformation modes of the base ground 
and embankment for loads of under 50 G in cases 2 to 5 were 
small (Table 3 b). In the transverse and longitudinal cross 
sections, it can be seen that the improved soil curved at the 
boundary surface between base ground 1 and base ground 2 in 
case 2 (Table 3 f). Likewise, the longitudinal cross section 
shows the occurrence of cracking in the improved soil (Table 
3 j). As this cracking was located at the boundary surface 
between base ground 1 and base ground 2, it can be inferred 
that the sliding soil mass acted on the boundary surface with a 
strength differential between the base ground layers as the 
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破壊面 破壊面 

水平変形 

周辺地盤の隆起 

周辺地盤の隆起 

a) 

b) f) j) 

c) g) k) 

d) h) l) 

e) i) m) 

Table 3 Base ground deformation and improved soil in each case 

Case Embankment 
height After 50-G loading Transverse cross section of 

improved soil 
Longitudinal cross section of 

improved soil 

Rise of the surrounding ground 

Rise of the surrounding ground 

Horizontal deformation 

Fractured surface Fractured surface 

embankment load increased. This may have caused fracturing 
of the improved soil. 

In the longitudinal cross section of the improved soil in 
cases 3 and 4, none of the cracking seen with the improved 
soil in case 2 was found (Tables 3 g, h, k, l). This is because 
horizontal soil pressure acted on the improved soil. However, 
the improvement was wide, with B/H values of 0.33 and 0.5, 
respectively. It is presumed that strong resistance of the 
improved soil prevented its failure. There was no cracking in 
the improved soil of case 5, and its condition was as sound as 
those in cases 2 to 4 (Table 3 m), but the surrounding ground 
rose (Table 3 e). This was because the improved soil did not 
reach (i.e., it was not embedded in) base ground 2. The 
improved soil may have entered a sliding mode in which the 
sliding of the soil mass could be prevented. 
 

3.2 Impact on the surrounding ground 
(1) Surface displacement gauge values  

Figure 2 shows the relationship between the embankment 
height and surface displacement gauge values, with positive 
numbers indicating a rise. The gauge values on the 5-m-high 

embankment in cases 2 to 4 were about 30 to 50% smaller 
than that in case 1. This indicates that floating-type improved 
ground is effective in preventing deformation of the 
surrounding ground. However, there was no evident 
difference in the displacement prevention effect regardless of 
the improvement width (i.e., the B/H ratio). Conversely, the 
surface displacement gauge values in case 5 were about the 
same as those in case 1. This was because little sliding soil 
mass prevention effect was achieved without improved soil 
embedded in base ground 2. 

Next, cases 3 and 5 with the same improved cross section 
were compared. The results suggested that the surface 
displacement gauge value was reduced in case 3, which 
involved improvement deeper than the sliding line (on the 
boundary surface between base ground 1 and base ground 2). 
 
(2) Slope toe horizontal displacement gauge values 

Figure 3 shows the relationship between embankment 
height and the horizontal position of the embankment slope 
toe. Comparison of the horizontal displacement gauge values 
in cases 2 to 5 and that in case 1 showed a reduction by about 
half in the former. It was thus confirmed that floating-type 
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Fig. 4  Embankment height and sliding safety factor 
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ground improvement is effective in reducing slope toe 
horizontal displacement gauge values. 

The displacement gauge values in cases 2 and 5 were 
slightly larger than those in cases 3 and 4. This was because: 
1) the improved width in case 2 was smaller (B/H = 0.17), 
which reduced the resistance by which soil mass sliding could 
be prevented; this in turn caused cracking in the improved 
soil, and displacement could not be prevented; 2) in case 5, 
soil mass sliding acted on the improved soil, but this 
improved soil was embedded in base ground 2. As a result, 
soil mass sliding was not prevented in the improved soil. 

 
Accordingly, it was confirmed that floating-type improved 

ground would not be able to fully prevent horizontal 
displacement of embankment slope toes and/or rising of the 
surrounding ground, although it is effective for such 
prevention to some extent. Particularly, in case 2 (B/H = 
0.17), the sliding safety factor (Fs) for circular slippage was 
calculated as less than 1 (Fs<1) for an embankment height of 
5 m (Figure 4). Although the improved soil fractured in a 
centrifugal loading model test, the impact on the surrounding 
ground was almost the same as in cases 3 and 4, in which the 
improved soil was sound. This suggests that failure of 
improved soil will not affect embankment stability or 
displacement of the surrounding ground. It is also clear that 

even with the same B/H ratio, non-embedded soil will not 
contribute to the prevention of such displacement. 

 

4 CONCLUSION 
The conclusions drawn from the centrifugal loading 

model tests can be summarized as follows: 
1) Floating-type improved ground can be used for 

embankment stabilization. 
2) The method also helps to prevent displacement in the 

surrounding ground. 
3) It was found that improvement soil failure does not 

greatly impact embankment stability. 
4) Even if the B/H ratio of improved soil is the same, unless 

the improved soil is embedded deeper than the sliding 
line, it does not contribute to displacement prevention in 
the surrounding ground. 

 
In practical terms, floating-type improved ground is not 

suitable for sites where displacement of the surrounding 
ground must be avoided. However, if some displacement is 
permissible outside the roadway, its application may be 
appropriate. 
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1. INTRODUCTION 
Soil nailing is one of the suitable methods for the 
stabilization of earth walls which its execution way is 
from up to down contrary to other soil stabilization 
methods. 

 Reinforcement angle is one of the effective parameters in 
the stability of nailed walls. Reinforcement angle (nailing) 
plays an important role in improving nail resistance, for 
this reason also in practical cases nails should be placed 
with deviation toward horizontal axis. In this paper the 
effect of changing the various parameters of soil shear 
resistance on nail angle will be considered by using 
Limited Parts Software to specify how the optimum nail 
angle varies in granular soils and cohesive ones. In vitro 
studies done by (Satyendra Mittal, 2006) showed that 
Factor of Safety will decrease with theincrease of 
reinforcement angle (nailing) to more than 15 degrees.  

(Chai- Cheng Fan, Jiun-Hung Luo, 2008) in a numerical 
study regarding the optimum arrangement of soil nailing 
for the stability of excavation concluded that the optimum 
angle of nail decreases with the increase of slope angle so 
that zero-degree angle has been introduced as optimum 
nail angle for vertical slope.  

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

(w.B.wei, y.m.cheng, 2010) by studying on different 
slopes represented that with the increase of nail angle, 
first Factor of Safety goes up gradually and then down.  

(TohidAhklaghi, Hassan Panahpoor, 2011) in considering 
the effective factors in the optimum plan of nailed walls 
by using Plaxis Software propounded that in case of using 
horizontal nails, changing horizontal shapes in excavation 
have less amounts and also the increase of nails angles to 
15 degrees causes the safety factor of excavation to 
increase.  

2- Analytical Model  

In this paper numerical modeling is done by use of Plaxis 
Software. This software is able to do non-linear analysis 
and also calculate movement and the safety factor of 
excavation wall. For assurance of done modeling primary 
model has been calibrated with the existing model in 
Plaxis Manual and then the planned model is done. 
Studied vertical slope is 10 meters deep and 15 meters 
wide and the effect of load in the movement of excavation 
wall has been waived. In the contemplated plan, 2 first 
nails are 7 and 3 middle nails are 6 and 2 last nails are 
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Numerical Study Effect of Nail Angle Change on Stability and Displacement of 
Excavation Wall in Cohesive and Cemented Non-Cohesive Soils 
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ABSTRACT 
 

Increasing population growth and the need for buildings of greater height, and condensation of urban texture, 
construction of underpasses in highways intersections with height difference, demolition of old buildings and 
construction of new and high buildings next to each other involve vertical deep excavation. In the meantime, soil 
consistency of the excavated walls is considered as one of the crucial issues in geo-technique engineering. 

   Installation angle of reinforcement member (element) in excavation wall and soil shearing strength effects on nail 
angle is among the parameters which affects design, installation and execution methods as well as execution costs. Since 
parameters of soil shearing strength are amongst the effective elements in obtaining the nail’s optimum angle, and with 
change of these parameters, the nail’s optimum angle will change, in this research, it has been tried by numerical 
modeling and problem analysis using Plaxis software to design 10-meter excavation with specific parameters of 
cohesive and cemented non-cohesive soils, and in the next step, in has been tried to investigate effect of changes in 
soil’s shearing strength parameter in the 2 states on nail angle as well as on displacement and confidence coefficient of 
excavation wall in this type of soils.        . 

 

Keywords: stabilization, vertical slope wall, nail angle, soil shearing resistance parameters 
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5meters long. Also 6 first excavations are 1.5 meter and 
last excavation is 1 meter deep.  

 

Figure 1- The Analytical Model of the Studied Areaand Meshing the 
Nailed Wall 

1-2- Boundary and Meshing Conditions  

In this study the dimensions of the analytical model have 
been considered in a way that any location change in 
borders is zero and just 2 sides of the model will be able 
to move in vertical direction. 15-node triangular meshes 
are also used for meshing. The general mesh of 
atmosphere is Coarse and just nails are refined line twice.  

2-2- The Specifications of Materials and Related 
Parameters  

Average specifications related to the soil of the 
considered location are presented in Table 1 that soil is 
sandy with average cementation. Also Mohr-Coulomb 
Standard is used for modeling soils.  

γsat 18.6 KN/m
3 

γdry 18.6 KN/m
3 

c 4 Kpa 
φ 30 
E 3×10P

4 
PRKN/mRP

2 
υ 0.28 

 

Table 1- The Specifications of the Used Soil inAnalysis 

The specifications relative to nail are also presented in 
Table 2. The effects of subterranean water are waived as 
nailed walls are generally drained before shotcrete. 
Meanwhile nails are modeled in an elastic way.                  

Nailing Method Injection 
Nail Length Variable 

EA 1.58×10P

5
PKN/m 

 

Table 2- The Specifications of the Used Nails inAnalysis 

 

3-2- How to Model Nailing  

The modeling of the excavation wall is done in Plain 
Strain way and 15-node triangular element has been used. 
Nails are made of ribbed bar Φ32 and with yield stress 
400 Mpa. The excavation diameter of bore is 10 cm and 
nails are modeled by use of Geogrid element that the 
shear and flexural capacities of the nails are waived in 
design. This performance will be toward assurance. The 
below relations are also used for obtaining the equivalent 
elasticity modulus and axial stiffness of nail.  

(Equivalent Elasticity Modulus) 

𝑬𝒆𝒒 =  𝑬𝒏 �
𝑨𝒏
𝑨 � +  𝑬𝒈 �

𝑨𝒈
𝑨 � 

(Axial Stiffness) 

𝑬𝑨 =  
𝑬𝒆𝒒
𝑺𝒉

�
𝝅𝑫𝑫𝑯

𝟐

𝟒 � 

 

Plate element is used for the modeling of the shotcrete 
cover. The cover juncture to soil is rigid and modeled in 
elastic way. The cover specifications are presented in 
Table 3. 

EA 4.38× 10P

6 
PKN/m 

EI 1.46× 10P

4 
PKNmP

2
P/m 

d 0.2 m 
 

Table 3- The Specifications Relative to the ShotcreteCover 

Reduction analysis is also used for obtaining Factor of 
Safety. In this method the resistance parameters of the soil 
heap decrease gradually and finally break happens, in fact 
Factor of Resistance Decrease in break time is the same 
safety factor of slope.  

For considering production stages and its effect on the 
model, phasing has been accomplished in 7 steps and in 
each stage, according to the execution of the nailed wall, 
one-level excavation is done and the nail and shotcrete 
cover of that stage becomes active.  

3-The Results of Parametric Study on the Analytical 
Model  

First the effect of the nail angle changes in stability and 
horizontal movement of the excavation has been 
considered in granular soil.  
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Then we make the internal friction angle of soil fixed  
(φ =30) and change soil cohesion and proceed to consider 
Factor of Safety and the horizontal movement of the 
excavation in different nail angles in order to get the 
optimum reinforcement angle.  

1-3- Considering the effect of cohesion on the optimum 
reinforcement angle (nail) in soils with low cohesion  

 

Figure 2-The Effect of Cohesion Change on NailAngleWith Respect to 
Factor of Safety 

As regarded in Figure 2, with the slight increase in 
cohesion amount, the safety factor of the excavation wall 
will have the greatest amount in return for 20- degree 
nailing angle and this process is increasing.  

 

Figure 3-The Effect of Cohesion Change on NailAnglewith regard to the 
Horizontal Movementof the Excavation Wall- the Internal FrictionAngle 

of Soil =φ( 30) degree 

 As observed in Figure 3, the horizontal movement of the 
excavation wall will decrease with the slight increase in 
the cohesion amount of soil. Meanwhile it is considered 
that the greatest reduction of the horizontal movement of 
the excavation wall occurs in the little nailing angles and 
with the increase of the nailing angle, the horizontal 

movement changes of the excavation wall will decrease 
toward the increase of soil cohesion. 

2-3- Considering the effect of friction angle on the 
optimum reinforcement angle (nail) in soils with low 
cohesion  

At this stage we consider soil cohesion fixed (C=4 KPA) 
and change the internal friction angle of soil and proceed 
to consider Factor of Safety and the horizontal movement 
of the excavation under different nailing angles.  

 

Figure 4-The Effect of Changing the Internal Friction Angle of Soil on 
Nail Angle with regard toFactor of Safety –Soil Cohesion (C=4 KPA) 

 

 

Figure 5-The Effect of Changing the Internal Friction Angle of Soil on 
Nail Angle with regard tothe Horizontal Movementof the Excavation 

Wall–Soil Cohesion (C=4 KPA) 

As observed, the optimum nail angle decreases with the 
increase of friction angle in soils with a little cohesion so 
that the optimum nailing angle is ever zero degree at 
friction angle about 35 degrees and more. Furthermore the 
optimum nail angle will increase with the reduction of the 
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internal friction angle of soil so that the optimum angle is 
about 20 degrees.  

3-3- Considering the effect of cohesion on the optimum 
reinforcement angle (nail) in cohesive soils  

In this section, the internal friction angle of soil is fixed 
and equal to ( =φ  30) and soil cohesion will change from  
C = 15 KPA to C = 25 KPA. 

Figure 6 -The Effect of Cohesion Change on Nail Angle with 
regardtoFactor of Safety the Internal Friction Angle of Soil ( =φ  30) 
degree 

Figure 7-The Effect of Cohesion Change onNail Angle with regardsto 
the Horizontal Movement of the Excavation Wall – TheInternalFriction 

Angle of Soil ( =φ  30) degree 

As considered in figure 6, 7, the optimum nail angle 
decreases in cohesive soils with considering the horizontal 
movement of the excavation wall so that zero degree is 
the best amount and the optimum nail angle has the best 
amount at 20 degrees with respect to Factor of Safety.  

At the end it is necessary to remind that the horizontal and 
vertical distances and lengths of the nails have been 
considered fixed in all the above stages. In the meantime 
all the soil specifications are constant such as Elasticity 

Modulus, Factor of Poisson, Special Weight of Soil and 
Shotcrete Features and just the shear resistance 
parameters (the friction angle of soil and cohesion) have 
changed.  

4- Conclusion and Totaling  

1- The least movement occurs at zero degree in 
cohesive soils but in granular soils with paltry 
cohesion the least movement is not at zero-
degree angle.  

2- Contrary to what is indicated in the papers  
(Chia-Cheng Fan, Jiun-Hung Luo, 2008)and 
(TohidAhklaghi, Hassan panahpoor,2011), zero-
degree angle has the least horizontal movement, 
this matter has no meaning for granular soils 
with paltry cohesion.  

3- In granular soils and cohesive ones, zero- degree 
angle has the least factor of safety and 20-degree 
angle has the greatest factor of safety.  

4- According to the control standard regarding 
restricting the movement of the excavation wall 
(the maximum horizontal break in amount of 
0.005 H) is observed in granular soils that the 
above standard is gratified for the studied friction 
angle and cohesion interval just at 20-degree 
nailing angle.  

5- In granular soil, the effect of the friction angle 
increase in the increase of the excavation safety 
factor is more than the cohesion increase so that 
nailing in condensed granular soils can be done 
in desirably.  

6- Based on the obtained results from this research, 
15-degree nail angle which is often used by 
contractors and consultants in designs, in any of 
granular and cohesive soils does not have 
preference to other angles.   
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ABSTRACT 
 

Due to increasing usage of polymeric reinforced retaining walls in civil projects, researches on the behavior of these 
types of walls are further essential. So in this paper the behavior of geogrid reinforced retaining walls is surveying by 
numerical method (F.D.M). For this purpose FLAC2D (Fast Lagrangian Analysis of Continua) software is applied to 
represent numerical model that experimental results are available. Then the software capability is assessed in wall 
deformation, reinforcement tension forces and vertical displacement of reinforced soil layers. As a result of this 
research, way of polymeric materials arrangements is specified according to their strength parameters. 
 
Keywords: Geosynthetic, geogrid, finite difference method “FDM ", Plasticity model, Polymeric reinforced soil 
retaining walls, FLAC2D software, Numerical modeling. 

 

1. Introduction  

According to worldwide application of retaining walls in many projects, specially urban construction 
projects, further study is felt in this case. In this reason, the geosythetic reinforced soil as a polymeric 
composite material and an updated reinforcing method has caused a revolution in geotechnical engineering 
for its simple usage, cost-saving and ability to improve the visual appearance. Many field and laboratory 
studies are performed on different reinforced retaining walls, such as full scale and small-scale model and 
also centrifuged decreased models. 

Researches in this field- specially bearing capacity of reinforced retaining wall-were proposed in 1960 by 
“Vidal” for the first time and were being continued till present.  

     In 1998 “Reda M. Bakeera, Sayed M. Sayeda, Peter Catesa, Rajesh Subramania” studied about         
Pullout and shear tests on geogrid reinforced lightweight aggregate. Their researches  

Contains the results of laboratory tests conducted on a lightweight aggregate reinforced with a geogrid. The 
large-size shear tests included direct simple shear tests on the aggregate, shear tests on the aggregate 
reinforced with a uniaxial geogrid, and geogrid pullout tests. All tests were performed on air-dried material 
samples. Each type of test was repeated using three different confining pressures representing different 

mailto:j.khazaie@razi.ac.ir
mailto:bergado@ait.ac.th
http://www.sciencedirect.com/science/article/pii/S0266114497100255#AFF1
http://www.sciencedirect.com/science/article/pii/S0266114497100255#AFF2
http://www.sciencedirect.com/science/article/pii/S0266114497100255#AFF1
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heights of fill. The angle of internal friction (φ) of the lightweight aggregate material and its interface 
friction angle (δ) with the geogrid were found to be 52° and 48°, respectively. These values represent an 
efficiency of friction angle mobilization (Eφ) of about 87%. Some crushing occurred in the material under a 
higher confining pressure specifically near the front edge and center of the shear box. 

In 2006, Nicola Moraci, Domenico Gioffrè had a research on,”A simple method to evaluate the pullout 
resistance of extruded geogrids embedded in a compacted granular soil” 

In 1994 Mr. porbaha performed laboratory study on  a “centrifuge modeling of geotextile reinforced 
cohesive soil retaining walls” .He had made a .51m height .61m width and 1.12m length model of soil 
reinforced soil with 8 geogrid layer  embedded on sandy foundation . 

And in 2011, by Kerry Rowe & Graeme D, A numerical examination of the behavior of an 8 m high 
geosynthetic reinforced soil wall constructed on a layered foundation stratum is described. The foundation 
consists of a 0.8 m hard crust, underlain by 2.95 m of soft loam (sandy/silty) and then 1.3 m of stiff clay. 
Below the clay is 1.75 m of fine sand underlain by a layer of clayey/fine sand extending to a depth below 10 
m. The wall was constructed with 16 segmented concrete facing blocks, a sandy backfill material with 30% 
fines and 11 layers of geogrid reinforcement 6 m long. Five additional, one meter long layers of 
reinforcement were used between the 6 m long layers within the upper 5 m of the wall to improve the local 
stability of the facing blocks. The analysis examines the effect of uncertainty regarding the drained and     
undrained strength of the loam foundation material, its stiffness, the thickness of this soft layer and its 
position with respect to the bottom of the wall on the calculated behavior and compares the calculated and 
observed behavior. 

2. Model specifications 

In a modular block or shotcrete wall, the geosynthetic layers are placed between the concrete blocks 
at regular vertical spacing. The blocks or shotcrete are used to retain the backfill. The dead weight 
of modular blocks contributes to the global stability of the GPSRW. The contribution of the facing 
was neglected in early designs; then, Bathurst and Simac (1994) and leshchinsky(1993) proposed 
limit equilibrium design  to account for the modular blocks. 

Here, we consider a geogrid reinforced retaining wall. This model is made in Federal Highway 
administration (U.S. Department of transportation-FHWA) in 1996. The wall has a length of 420cm & 
600cm height. The reinforcements with full length have been laid in horizontal direction in 10 layers of soil. 
A linear surcharge pressure qy (=75 KN/m2) acts on the top of the wall by the length of 1.5m. The facing of 
this wall is placed in a depth of 6cm into the dense sand soil foundation. The rigid rock dimension is about 
33.4×19.5m, as the wall is placed in length of 13.7m inside it. (Figure 1) 
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                            Figure 1) Schematic model of Geogrid reinforced soil retaining wall. 

 

3. Numerical modeling of Full scale Model 

The model form is shown in Figure 2. Dimension of 67×34 meshes are variable. Dense sand foundation 
modeled   as a homogeneous shape in order to minimize eventual errors. 
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Figure 2) model of reinforced soil retaining wall in the software 

In this episode, the full scale reinforced FHWA model collaborates by applying FLAC2D and experimental 
results. The soil is a “Mohr-coulomb” plasticity model. 

Modeling follows a construction stages. At first, in this method embankment is done in one layer .and then 
polymer mesh embeds on the soil layer and this period repeats at 8 stages. 

It should be noted that the facing panel modeled in two methods, one is applying an elasticity model and the 
other one is applying a beam structure. Modeling methods are shown in table1 as a summary. 

Material Model type  

soil Mohr-coloumb ------  

Facing 
panel Elastic ------  

 Elastic Beam structure  

Polymer(geogrid) Elastic Cable structure  

Table1) Modeling of different properties in FLAC2D 
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4. Material properties 

4.1. Reinforced backfill soil properties 

(1)Young modulus (E):    15000 k.pa 

(2)Dry density (γ):            17.6 KN/m2 

(3) Poisson (ν):                   0.3 

(4)Cohesion(C):                18.5 KN/m2 

(5)Internal friction angle(φ):36 

4.2. Facing panel properties: 

(1)Young modulus (E):              300GPa 

(2) equivalent thickness:           17cm 

(3)Yielding stress (for structural elements): 2400 KN/m2 

4.3. “Geogrid” properties: 

 (1)Young modulus (E):    160 M.pa     

(2)Ultimate strength tensile: 54 k.pa 

  4.4. Foundation bed: 

(1)Young modulus (E):    25000 k.pa 

(2)Dry density (γ):            17.6 KN/m2 

(3) Poisson (ν):                   0.3 

(4)Cohesion(C):                19.5 KN/m2 

4. Verifying numerical results: 

To validate the developed numerical model, as noted in above, a physical model was constructed. The 
developed numerical model was used to predict the behavior of the reinforced soil structure in the model 
test under applied load. The results of the model performed by this numerical method were compared with 
those measured in the experimental test (FHWA-A0). 

Diagrams printed in figures 3a, 3b show respectively the horizontal displacement of the facing and vertical 
settlement on the top of this wall predicted by the numerical analysis, finite difference analysis, together 
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with those measured in the experimental model test. Comparison of the results shows that numerical results 
predicted by F.D.M are in a good agreement with the experimental results. 

As the diagram shows in these figures, when the panel is predicted as a structural element, beam, results are 
closer to reality special in deformation of the panel prediction in F.D.M. 

 

 

 

 

5. A Numerical study in GPSRW 

5.1. Displacement: 

The maximum settlements occur in the central region (core) of the wall in an specified Hyperbolic 
limitation. 

Moving away from this area to the regions lead to staddle and upper surfaces, settlement contours decrease. 
But in opposite direction to upper regions end up to the external surface of the wall adjacent to loading area, 
displacements in Y-direction increases again. (Figure 4-b) 

 

In general, settlements in upper reinforcement layers is bigger than lower ones because failure wedges occur 
in a surface with slope angle (45+Φ/2).  The maximum amount for displacement contours in X direction 

Figure 3) Panel deformation in different levels of the wall.        
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into the wall occurs in the zones near facing panels and upper layers. Excessive distribution of displacement 
contours in the zones near the facing panel and interfaces with foundation is beheld. (Figure 4-b) 

 

5.2. Stresses contours:    

Design of a geosynthetic reinforced embankment should basically verify the strain compatibility between 
the soil and the reinforcements and ensure that the anticipated displacements are consistent with 
performance criteria of the structure. Total horizontal stresses, shows their values in backfills. As shown in 
figure 5-a, "Sxx" in concentrated adjacent to linear loading with minimum amounts. In other zones, contours 
distributes as pressure with a moderate incremental trend. 

Compressive stresses under linear load indicate that moderate stresses placed within failure wedge, Hence 
application of low compressive strength geogrids is recommended in this region.  Also, total vertical 
stresses occur in a parabolic limitation, consist of the soil wall and the foundation precisely placed under it. 

As shown in figure 5-b, maximum compressive stresses start from a central region and contours spread with 
reduction proceedings. It's noted that there're maximum tensile stresses adjacent to linear loading region, 
again. 

Additionally, the basic formulation for Finite Difference Method" (FLAC) is for a two dimensional     
plane-strain model. This condition is associated with long structures or excavations with constant cross 
section and acted on by loads in the plane of the cross section. 

 Figure 4-b) Settlement contours distribution   Figure4-b) X-displacement contours distribution  
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 Figure 5-a) stress distribution within geosynthetic reinforced soil retaining wall (σx , F.D.M)  

 Figure 5-b) stress distribution within geosynthetic reinforced soil retaining wall (σy, F.D.M)  
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5.3. Displacement of reinforcements: 

Diagrams printed in Figure 7 show vertical displacement of reinforcements in "mm". These displacement 
curves are decreasing from the upper layers to lower ones. 

 

5.4. Forces in reinforcements: 

Numerical results Finite Difference Analysis for tension forces in polymeric reinforcements was being 
printed in a diagram. As shown in this diagram, tension in these types of geogrids increases from base of the 
soil wall to the surface. As regards, tension is further adjacent to elastic panel (figure 8). 

  

Figure 7) Tension in reinforcements 
diagrams  by distance from panel as 
result of FLAC2D. 

 

 

 

 

 

 Figure 6) vertical displacement of 
reinforcements as result of Finite 
Difference Method  
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5.5. Reinforced soil elasticity modals: 

Normalized maximum axial forces in Geogrids for different values of Elasticity modulus by the different 
height of the reinforced wall are shown in figure 8. 

As shown in this figure  the values of normalized maximum axial forces reduce with increasing Elasticity 
modulus. Also, with increasing Elasticity values modulus from 10 M.Pa. to 70 M.Pa normalized axial 
tensions reduced to 30%.However,with increasing values of “E” from 70 M.Pa. to upper values normalized 
axial tensions decrease with a reduction rate. 

 

 

 

 

 

 

 

 

 

Figure 8) Normalized maximum axial tensions by different height of the wall with variable              
Elasticity modulus. 

 

6. Conclusion 

1-Finite Difference analysis were conducted to simulate the construction response of a geosynthetic 
reinforced soil retaining wall with a concrete block or shotcrete facing. 

2-Comparison between measured and predicted behavior are presented for the wall deformation, vertical 
and lateral stresses in geogrid layers. 

3- This study presented a Finite Difference analytical model, based on the theory of plasticity which can be 
used in analysis of geogrid reinforced soil structures. 

4- Axial Tension forces in these type of geogrids increase from base of soil wall to the surface, so the upper 
layer reinforced layers sustain greater tensions. 
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5- Polymeric materials manufactured by "Tenser" company are convenient to reinforced soil walls. 

6- Linear loading along the wall surface affects larger settlements in the layers near the surface. 

7-"FLAC2D" software (based on F.D.M) is verified by collaborating with experimental results. 

8- The values of normalized maximum axial forces reduce with increasing Elasticity modulus of the 
reinforced system. 
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1. INTRODUCTION 
 
Lime as a chemical stabiliser has been proved successful with 
regards to its ability to alter the properties of weak soils, 
especially those of a cohesive nature [1], [2], [3] and [4]. In 
contrast, lime stabilisation of organic clay has always faced a 
complex outcome in the long term due to the presence of high 
concentrations of organic matter in clay soil [5], [6], [7] and 
[8]. Specifically, among the constituents of organic matters, 
humic acid is believed to be the most disruptive to the lime 
stabilisation process. In fact, it has been reported that more 
than 1% humic acid content in clay may render the lime 
stabilisation process ineffective [9], [10], and [11]. Therefore 
for organic soils, lime alone may not be effective or even 
sufficient as a stabiliser. 

One way of mitigating the adverse effects of humic acid is 
by introducing a small amount of chloride salts (i.e. CaCl2 
and NaCl) to lime-treated organic clay. The idea of adding 
admixture to lime-treated clay is to provide additional cations 
(i.e. Ca2+ and Na+) to promote ion exchange activity and 
dissolution of clay minerals such as silica and alumina for 
pozzolanic reactions. These reactions are thought to enable 
the greater development in shear strength of organic clay, 
especially in the long term [9], [12], [13]. 

This paper presents an experimental study on the behaviour 
of lime-treated organic clay with various humic acid contents. 
In addition, the influence of 0.5% CaCl2 and 0.5% NaCl on 
the behavior of lime-treated organic clay is investigated. 
Changes in the soil structure due to the addition of chloride 
salts were also examined using the Scanning Electron 
Microscope (SEM). 
 
 

2. MATERIALS 
 
Artificial organic clay used in this study was prepared by 
mixing commercial kaolin with commercial humic acid 
contents of 0%, 0.5%, 1.5% and 3.0% according to the dry 
mass of kaolin. The chemical elements present in each soil 
mixture are given in Table 1. In general, the effect of humic 
acid on the chemical elements can be detected from the 
increase in carbon and oxide ions. As a result, the increase in 
amounts of carbon and oxide ions and the decrease in silica 
and alumina contents can be observed with increasing humic 
acid content, as shown in Table 1.  
 
Table 1. Chemical elements in the tested soils. 

Element 
Weight % 

0.5% humic acid 1.5% humic acid 3% humic acid 

  C 2.8 2.74 20.16 
  O 50.45 54.54 48.97 
 Na 0.36 0.41 0.81 
 Mg 0.65 0.64 0.56 
 Al 16.94 18.47 12.8 
 Si 24.74 21.52 14.07 
  P 0.18 0.28 0.16 
  S 0.05 0.12 0.42 
 Cl 0 0.01 0.19 
  K 3.42 0.79 0.59 
 Ca 0.02 0.04 0.33 
 Ti 0 0.02 0.18 
  V 0 0.01 0.01 
 Fe 0.39 0.4 0.74 
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The presence of organic matter, in particular humic acid, is one of the most important factors affecting the effectiveness 
of lime stabilisation of clays. In this paper, an investigation on the effects of humic acid content on the strength of 
lime-stabilised organic clay is presented. Artificial organic clay with different humic acid contents of 0.5%, 1.5% and 
3.0% was used. The organic clay was stabilised with 5%, 10% and 15% of hydrated lime. The strength of the 
lime-treated organic clay was analysed using the Unconfined Compression Strength (UCS) tests at different curing 
periods of 7, 28 and 90 days. A microstructure analysis of selected specimens was also carried out using a Scanning 
Electron Microscope (SEM). The results showed that a significant strength loss was obtained beyond 1.5% humic acid 
content and the strength was diminished at longer curing periods. However, it was found that the behaviour of 
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The results of index testing carried out on inorganic and 
organic clays are summarized in Table 2. All of the tested 
soils were suitable to be stabilized by lime as the plasticity 
index (PI) is more than 10. 
 
Table 2. Physical properties of clay with different humic acid 
contents. 

Property Humic acid content (%) 
0 0.5 1.5 3 

Liquid limit (%) 65.4 64.4 63.6 61.0 
Plastic limit (%) 30.4 33.0 33.8 34.5 

Plasticity index (%) 35 31.4 29.5 26.5 
Specific gravity 2.61 2.53 2.51 2.47 

pH 5.52 5.34 5.16 5.07 
OMC (%) 30.6 30.9 30.6 33.4 

MDD (kg/m3) 1440 1429 1425 1404 

 
3. SPECIMEN PREPARATION 
 
Specimens tested in this study were prepared using 
procedures described in the ASTM standard D5102. Initially, 
the specimens were oven-dried at 60°C until the constant 
weight was obtained. Clay with different amounts of humic 
acid was prepared by mixing relevant amounts of dry kaolin 
with 0.5%, 1.5%, and 3% of humic acid by dry mass of 
kaolin. Mixing of dry materials was continued until a uniform 
appearance of the kaolin-humic acid mixture was obtained. 
Distilled water was then added and further mixing was 
performed until a homogeneous appearance of the soil paste 
was achieved. This paste was then used for plasticity and 
compaction tests. The specimens (76 mm in height and 38 
mm in diameter) were compacted into the mould, extruded 
from it and wrapped in cling film to preserve the water 
content and to keep them free from carbon dioxide (CO2). 
The specimens were then cured in a desiccator at 20°C and 
with humidity of more than 90% for 7, 28, and 90 days, 
respectively.  
 
4. RESULTS AND DISCUSSIONS 
 
The results of a short term strength assessment of lime-treated 
clay with different humic acid contents (0%, 0.5%, 1.5%, 3%) 
and lime contents (5%, 8%, 10%, 15%) are shown in Fig. 1.  

 
Figure 1. Effect of lime content on the undrained shear 
strength of clay with different humic acid contents after 7 
days curing. 

All the specimens were cured for 7 days. It can be seen from 
Fig. 1 that the undrained shear strength (Su) of the specimens 
with 5% lime content increases significantly compared to the 
strength of untreated clay (i.e. 0% lime). However, the shear 
strength of specimens with higher than 5% lime content 
reduces gradually with increasing lime content regardless of 
the humic acid content in the clay. Therefore, 5% was taken 
as the optimum lime content (OLC) for each type of organic 
clay. Fig. 1 also shows that the shear strength of organic clay 
decreases with increasing humic acid content, which proves 
that the presence of humic acid in organic clay diminishes its 
shear strength. 

In a further assessment of the effect of humic acid on lime 
stabilisation, samples were tested at 0, 7, 28, and 90 days to 
ascertain the duration of the stabilisation process. Since the 
OLC of each specimen was identical, investigation of the 
development of the lime-clay reaction with time was 
conducted only at 5% lime content. Fig. 2 illustrates the 
development of the shear strength of the lime-treated 
specimens at 0, 7, 28 and 90 days. It appears that with the 
exception of the inorganic clay (0% humic acid) the 
undrained strength of the lime-treated clays comprising 0.5%, 
1.5% and 3.0% humic acid decreased over the 90 day curing 
period. A slight loss in the strength is observed for organic 
clay with 0.5% humic acid, while substantial loss in strength 
is evident where the humic acid content is equal to or greater 
than 1.5%. The results demonstrate that lime stabilization of 
organic clay with high humic acid content is not very efficient 
in the long term. Similar observations were reported by other 
researchers [8], [9], [10] and [11]. It should be noted that 
despite exhibiting a loss in strength in the long term, the 
undrained strengths of lime-treated samples at 90 days were 
still higher than those of untreated specimens (see Fig. 1 for 
0% lime). However, for practical purposes, it is not 
reasonable to consider lime stabilisation as successful when 
long term strength is uncertain. 

 
Figure 2. Effect of curing period on the undrained shear 
strength of lime-treated clay. 
 
The impedance in the formation and development of 
cementitious products with increasing humic acid content 
over longer curing periods may be due to various reasons. 

Firstly, the reduction in pH value at longer curing periods 
may be one or the reason that decreased the shear strength 
value. Fig. 3 shows the pH value of various humic acid 
contents treated at OLC = 5% for different curing periods. It 
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can be seen that, except for inorganic clay, the pH values of 
organic clays decreased with increasing curing period. After 
28 days, specimens which consist of 1.5% and 3.0% humic 
acid contents had a pH lower than 12.40, which is the 
minimum value required for the successful production of 
cementing materials [14]. 

Secondly, bearing in mind that the dissolution of clay 
minerals is highly dependent on pH value, it is thought that 
the presence of a certain amount of humic acid made it 
difficult for the solution to recover from its acidified 
condition. The humic acid may have coated the clay particles, 
thereby preventing the lime from coming into contact with 
clay minerals during the pozzolanic reaction. Consequently, 
the dissolution of clay minerals becomes insufficient, thus 
limiting the production of cementitious materials. 
 

 
Figure 3. Effect of curing period on pH value of lime-treated 
organic clay with different humic acid contents. 
 
The findings obtained from the experiments on lime-treated 
organic clay revealed that lime may not be suitable for 
stabilising organic clay with more than 1.5% humic acid 
content [15]. Therefore, two chloride salts (calcium chloride 
(CaCl2) and sodium chloride (NaCl)) were considered as 
potential additives that could improve the effectiveness of 
lime stabilisation in organic clay. The analysis was carried 
out for the clay with 1.5% humic acid content stabilised with 
5% of lime.  

Fig. 4 shows development of the undrained strength with 
increasing salt (CaCl2 and NaCl) content for different curing 
periods. The salts-treated specimens are also compared to 
those treated by lime alone (i.e. 0% salt content) at 
corresponding curing periods. A clear increase in the strength 
can be noted for both types of salt as the curing period 
increases from 7 to 90 days. Overall, the strengths recorded 
for the lime-CaCl2 mixtures were higher than those of the 
lime-NaCl mixtures [13]. A similar finding was reported by 
[12]. It is may be because of the dual function of Ca2+ ions 
promoting better ion exchange and contributing towards the 
formation of cementing products (i.e. calcium silicate 
hydrate, CSH and calcium aluminate hydrate, CAH). The Na+ 
ions, on the other hand are only believed to accelerate silica 
dissolution [9], [12] and [13].  
Changes in soil structure and chemical compositions were 
analysed using a Scanning Electron Microscope (SEM). Fig. 
5 shows the image of a lime-treated specimen with 1.5% 

humic acid content without the addition of salt. The changes 
in soil structure due to lime stabilisation were hardly visible. 
The microstructure of the specimen was very similar to that of 
a specimen without lime [21]. 

 
Figure 4. Effect of the chloride salts on the shear strength of 
lime-treated clay at different curing periods. 
 

 
Figure 5. SEM image of lime-treated clay with 1.5% humic 
acid and without the addition of salt. 
 

 
Figure 6. SEM image of lime-treated clay with the addition of 
0.5% CaCl2 at 28 days of curing. 
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Figure 7. SEM image of lime-treated clay with the addition of 
0.5% NaCl at 28 days of curing. 
 
Fig. 6 and Fig. 7 show the SEM images of lime-treated 
organic clay with the addition of 0.5% chloride salts. The 
micrographs were taken from UCS test samples after 28 
curing days. The flaky and plate-like structure present in the 
lime-treated organic specimen (Fig. 5) has almost completely 
disappeared. A clear cemented structure, mainly calcium 
silicate hydrate (CSH) was identified by a fine tubular shape 
and well knit structure (needle-like form) that bridge the 
aggregates [13], [15]. The presence of cementing structures in 
specimens with the addition of salts explains the 
improvement in the strength obtained from UCS tests. 
 
5. CONCLUSIONS 
 
In this paper, the effectiveness of lime stabilisation of organic 
clay was investigated. In addition, a preliminary investigation 
on the effect of salts on the strength of lime-treated organic 
clay was analysed. Based on the experimental results 
obtained in the study, the following conclusions can be made. 
1. The shear strength of lime-treated organic clay reduces 

when the lime content exceeds 5%. Thus, 5% of lime is 
identified as the optimum lime content (OLC) for the 
organic clay tested in this study. 

2. The shear strength of the lime-treated organic clay 
reduces at longer curing periods. A slight loss in strength 
is observed for organic clay with 0.5% humic acid, while 
a substantial loss in strength is evident where the humic 
acid content is equal to or greater than 1.5%. These 
results show that the presence of more than 1.5% humic 
acid in the organic clay tested in this study reduces 
significantly the efficiency of the lime stabilisation 
process. 

3. The results obtained from the UCS tests carried out on 
specimens with 1.5% of humic acid treated with 5% lime 
show that the strength of lime-treated organic clay can be 
successfully improved with addition of 0.5% chloride 
salts. Therefore, there is a potential for the use of chloride 
salts in lime stabilisation of organic clay in geotechnical 
practice. 

4. The SEM images of lime-treated organic clay show the 
flocculated and aggregated structure, without appearance 
of cementation. In contrast, a clear evidence of cemented 
structure is observed when lime-treated organic samples 
are stabilised by addition of 0.5% CaCl2 and 0.5% NaCl. 
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1. INTRODUCTION 
Today in developing countries, unfortunately, due to lack of 
advanced technologies, disposal of contaminated soils with 
heavy metals and radioactive in the environment, causes 
spread of contaminants in groundwater. In addition, methods 
for decontamination of the soil are very expensive and require 
advanced technology. Therefore, disposal of mining waste 
and industrial soil waste using an inexpensive method that 
prevents from spreading pollution of soil is very important. 

 Solidification/stabilization technique is relatively a simple 
and inexpensive method for removing contaminants from the 
soil. In this method one stabilizer is used to immobilize 
pollutants in soil and prevent them from spreading over. This 
technique is especially useful for urgent disposal of 
contaminated soils in the environment. 

 Lee et al., (2009) stated different amendments that used in 
situ stabilization of heavy metals in soils, including 
agricultural products, such as lime, phosphate, and organic 
matter, as well as various industrial products, such as zeolites 
and red-mud. [1] 

Falamaki et al., (2009) declared the phosphate based 
binders have many applications in geotechnical and 
geoenvironmental engineering such as: improvement and 
stabilization of tailing dams, rehabilitation of old landfills, 
construction of new clay liners, containment and permeable 
barriers, etc. [2] 

Mignardi et al.,(2011) showed, The reaction mechanisms 
for metal immobilization by phosphate minerals which  
includes: (a) ion exchange process, (b) surface complexation, 
(c) dissolution of the original phosphate minerals and 
precipitation of new metal phosphates, and (d) substitution of 
Ca in phosphate by other metals during recrystallization 
(coprecipitation). [3] 

Orthophosphate (POR4RP

3-
P) is one of metals stabilization 

 
 

agents that have many applications to stabilize a variety of 
hazardous and industrial wastes. This agent combines with 
metals to form phosphate minerals, and   reducing solubility 
metals through absorption or precipitation and immobilize 
them. [4] 

Laperche et al.,(1996) declared The use of phosphate to 
immobilize metals  has been advocated for lead-contaminated 
soils.[5] 
The purpose of this research, is  stabilization of lead (Pb) in  
contaminated soil ,  using STPP in three stabilizer / soil ratio 
(0.5/100, 0.2/100, 0.1/100 w/w) as a chemical immobilization 
agent, using leachate column test described in ASTM D 
4874- 95. The optimum amount of STPP is also investigated 
in this paper. 

2. MATERIALS AND METHODS 

2.1 Soil description 
A fine silty sand from Shiraz sand mines (Fars Province, Iran) 
was used in this study. The amount of soil moisture content is 
equal to 0/94%. Soil pH is 7. The aggregation analysis using 
sieve showed that 57.4% was sand.  

2.2 STPP characterization 
One of the phosphate compounds that used in this study is 
sodium tripolyphosphate, STPP, A white powder, which is 
inexpensive. This detergent mater forms complexes with 
water ions, such as calcium and magnesium. The other uses of 
STPP are emulsifier of oil and grease, peptizing agent, 
deflocculating agent in oil well and sequester in cotton 
boiling (Tavallali et al., 2010) 

2.3 Leachate column test 
Apparatus that used in this study were Sens AA flame atomic 
absorption spectrometer. Standard solution of (lead (II) 
nitrate) and stabilizer (sodium tripolyphosphate) obtained 
from Merck as analytical materials and were used without 
further purification. All dilute solutions were prepared from 
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double distilled water. 
Experimental program is based on soil column experiment. 

Soil samples are prepared according to leachate column test. 
This is a standard method described in ASTM D 4874-95 is 
fully. In order to achieve the research objectives, soil samples 
were dried by oven at temperature= 150° C for 24 hours. The 
spiked dry soil sample was prepared by mixing the soil with 
Pb(NO3)2 solution at a concentration of 500 mg Pb/kg dry 
soil, and were cured for one month to prevent loss of moisture. 
More investigations should be accomplished to determine the 

optimum and/or most economical content for the different 
purposes such as contaminant stabilization. The ratios of the 
STPP/dry soil are chosen as 0.1, 0.2, and 0.5 % in this study. 
STPP -dry soil mixtures were kept for 2 week. After 2 weeks, 
then the leachate column tests were conducted. Also 
measurements were done at pH≈5, (using HCl 0.1M), and 
room temperature  

 
 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig. 1. Schematic diagram of the apparatus 
 

 
The leachate column test is a standard method described in 
ASTM D 4874-95 is fully. The Leachate column test was 
carried out by passing the leachate through a bed of dry soil or 
soil-contaminant (Pb) mixtures or soil- contaminant 
(Pb)-stabilizer mixtures contained in a column. Passing the 
leachate is conducted in an up-flow mode. Column (56.4mm 
in diameter and 74.6 mm in height), was uniformly packed 
with soil samples. Maximum amount of soil poured and 
compacted in each cell was 280 gr. 

Figure 1 illustrates a schematic diagram of the apparatus 
which is designed for this study. Comparison of data obtained 
from the latex output using atomic absorption spectroscopy 
apparatus was used to evaluate the efficiency of the method.  

2.4 EXPERIMENTAL PROGRAM 
To achieve the objectives of this research an experimental 
program is scheduled as given in Table 2. 
 

Table 2.EXPERIMENTAL PROGRAM 
curing time for polluted 

sample and stabilizer 
Storage time for 
polluted sample pollution and stabilizer STPP/soil 

ratio Experiment Row 

- R- R- - T0 - No additive- No pollute 1 

- 1 month Only pollution 0/100 T1- No additive- Add pollute 2 
2 week 1 month pollution then stabilizer 0.1/100 T2-Additive-contaminated soil 3 
2 week 1 month pollution then stabilizer 0.2/100 T3-Additive-contaminated soil 4 
2 week  1 month pollution then stabilizer 0.5/100 T4-Additive-contaminated soil 5 

 
Void ratio (e) for columns with varied stabilizer / soil ratios calculated and results are shown in Table.  3. In this method 

Tank 1 
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 Soil column  
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for evolution of efficiency of columns with varied stabilizer / 
soil,all columns are similar in void ratio to provide 

comparability of the samples. 

 
 

Table 3. Properties of samples  
Samples STPP/soil 

ratio 
Dry soil 
weight 

(g) 

γd e n pore 
volume 

T0 until T7 0/100,0.1/100,0/2 
/100and 0/5/100 

280 1.50 0.76 0.431 80.25 
 

 
 

3. Results and Discussion 
To interpret the leachate column test results break through 
curves for each test in Table.  2 were plotted. As depicted in 
Table.  2 a control test (T0) was conducted to show that the 

amount of the Pb is negligible in the soil. Results obtained 
from T0 in Fig. 2 shows that soil sample is clean and without 
any contaminant.  

 
 

 
Fig.2. Control test (T0), soil sample with no pollutant and additive 

 
 

 
Fig.3..Pb contaminated soil sample  (T1) with no additive 

 
 



 

260 
 

 

After polluting the soil with Pb, the concentration of 
contaminant in the effluent vs pore volume was 
plotted in Fig. 3 and it is seen that as the clean water 
passes through the soil, Pb leachates continually by 
water. Fig. 4 shows the effect of STPP stabilizer on 
the polluted soil. According to this figure, adding 

STPP to the polluted soils decreases the extracted 
Pb in the effluent water. Increasing the amount of 
STPP, decreases the extracted Pb, this means more 
immobilization of Pb. However, the optimum 
amount of STPP seems to be 0.2% by weight for this 
soil condition.  

 
 

 
 

Fig.4.effect of STPP stabilizer on the polluted soil 

 

4. Conclusion 
This study investigated the effectiveness of STPP in 
immobilization Pb in fine silty sand. 
All results showed that complexation reaction and 
stabilization process occur in any ratio of STPP. 
Increasing the concentration of STPP, decreases the 
concentration of metals in the effluent, means more 
stabilized metals in the soils. The results also show 
that 0.2 mg/kg dry soil of STPP is enough to 
stabilize the metals from the first stages of the tests. 
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1. INTRODUCTION 
Hydraulic barriers are integral components of various 

engineering systems such as waste containment facilities, 
earth dam, and water conservation practices.  The purpose of 
these barriers is to preclude the migration of water or 
leachate.  Compacted sand-bentonite barriers have proven to 
be a suitable material for hydraulic barriers.  Several 
researchers [1]-[6] reported that the amendment of sand with 
bentonite (ranging between 4 and 20 percent) yielded 
hydraulic conductivity values acceptable to engineering 
standards.  In addition, sand mixed with bentonite yielded a 
composite material with satisfactory characteristics in regards 
to shear strength, susceptibility to desiccation cracking, and 
ease of construction.   

The Kingdom of Saudi Arabia (KSA) is one of the 
countries which have considerable areas of expansive soil 
formations. These formations cover vast area of KSA 
estimated to be about 800,000 km2 [7] (Fig. 1).  This study 
evaluates the hydraulic characteristics of compacted 
sand/Al-Qatif expansive clay hydraulic barriers.  Al-Qatif 
clay represents a natural expansive clay that is abundant in the 
Arabian Gulf coastal region (Fig.1). This over-consolidated 
clay is extremely fissured in the natural unsaturated state and 
exhibits significant volume changes when water content is 
altered.  The volume change potential is due to the high 
amount of expansive clay minerals such as smectite and illite 
[8].  

The hydraulic characteristics and proper simulation of 
water flow through compacted sand-clay barriers require 
consideration of unsaturated liquid flow principles.  One of 
the main unsaturated soil parameters required for modeling is 
the soil water characteristic curve (SWCC). SWCC is defined 
as the relationship between soil suction and water content 
(whether gravimetric, volumetric).  
 
 

 
Fig. 1 Distribution of expansive soil formations in Saudi 
Arabia [7]. 

 
Previous studies [9]-[11] focused on the evaluation of 

SWCC of compacted sand-bentonite mixtures. Results of 
these studies revealed that the retention capacity increased 
with increase in bentonite content.  Reference [9] indicated 
that the SWCC possessed a hysteresis effect depending on the 
wetting and drying paths.  In addition, the initial density had a 
markable effect on the air entry value of SWCC.  

Review of technical literature showed a possible trend 
regarding the shape of SWCCs of sand-bentonite mixtures. 
SWCCs with unimodel shape were reported for 
sand-bentonite mixtures with high bentonite content (greater 
than 30%) [10]-[12]. However, SWCC with bimodal form 
were observed in case of low bentonite content-sand 
mixtures. References [13], [14] reported that the SWCC of 
sand-bentonite mixture with 8% bentonite content revealed a 
bimodal shape (i.e., curve with four bending curves). This 

ABSTRACT 
 
This paper presents an experimental investigation performed to evaluate the soil water characteristic curves of 
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Arabia.  Detailed mineralogical and physical tests were performed on Al-Qatif clay for the characterization.  Mixtures 
of sand and Al-Qatif clay were prepared with sand being the base material and with different clay contents (0%, 5%, 
10% and 15%).  Test results indicate that the shape of SWCC curves changes from the unimodel to the bimodal form of 
soil water characteristic curve with the increase in clay content indicative of changes in sand/clay mixture micro-and 
macro-pores. 
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was attributed to pore water trapped between both the larger, 
interaggregate pores between the sand particles and bentonite 
platelets and the smaller, intra-aggregate pores.   

This paper presents aims at performed evaluating the 
effect of Al-Qatif clay percentage on the SWCCs of 
sand/Al-Qatif clay mixtures. Clay content considered were 
0%, 5%, 10%, and 15% per dry mass mix.  This was achieved 
by measuring the soil water characteristic curves over a range 
that captures the main features of the curves. 

2. MATERIAL AND METHODS  
This section describes the material used for the compacted 
sand-Al-Qatif expansive clay mixtures.  Initially, the 
geotechnical properties of each of the sand and clay material 
are presented. Finally, the effect of clay content on the 
geotechnical characteristics of sand clay mixture is 
highlighted. 

2.1 Soil Used 
The expansive clay used in this study was obtained from the 
city of Al-Qatif located on the Arabian Gulf shoreline at a 
distance of 400 km from Riyadh the capital of Saudi Arabia.  
Several researchers investigated the swelling characteristics 
of Al-Qatif expansive clay [8], [15], [16]. Based on these 
investigations, Al-Qatif clay was characterized as highly 
expansive soil due to the presence of high montomorillonite 
mineral content.    

Soil samples were obtained from open pits excavated to a 
depth of 1.5 - 3.0 m below ground surface.  Samples were 
transferred to laboratory and complete mineralogical and 
geotechnical characterization was performed. A summary of 
geotechnical characterization results is presented in Table 1.  
 
Table 1. Soil Characterization Data for Al-Qatif Soil 
________________________________________________ 
Test                 Value 
________________________________________________
Specific Gravity, Gs            2.70 
Liquid Limit, wL (%)          137 % 
Plastic Limit, wP (%)          60 % 
Shrinkage Limit, wsh (%)         12 % 
% passing Sieve No. 200         99 % 
Unified soil classification        CH 
Standard Proctor Compaction Test 
Maximum dry unit weight (kN/m3)     12 kN/m3 
Optimum water content (%)        40 % 
 
Swelling potential (ASTM D4546)    16-18% 
Swelling pressure (ASTM D4546)    550-600 kN/m2 
________________________________________________ 
 
Mineralogical characterization of Al-Qatif soil was 
performed using Bruker D8 Advance system. Samples were 
scanned from 2° to 60° (2θ) using 2.2kW Cu anode long fine 
focus ceramic X-ray tube at a scanning rate of 1 degree per 
minute. The X-Ray diffraction analysis shown in Figure. 1 

depicts that Al-Qatif clay consist of montmorillonite and 
palygorsite which are typical swelling minerals. 

Uniform sand was used in this study with grain size 
ranging from 0.6 to 0.1 mm. The grain size distribution of 
sand used is shown in Figure 2.  According to unified soil 
classification system, the sand was classified as poorly graded 
sand (SP). 
 
 

  
 

 
Fig. 1. X-Ray diffraction analysis. 
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Fig. 2 Grain size distribution of sand. 
 
 

2.2 Compaction Curves of  Sand-Clay Mixtures: 
Standard compaction tests were performed in accordance 
with ASTM D 698 [17] to evaluate the compaction 
characteristics of sand-clay mixtures. The results of the tests 
are presented in Fig. 3   where it is observed that maximum 
unit weight increased with increase of clay content, while the 
optimum water content increased with increase in clay 
content. 
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Fig. 3 Compaction curves for sand-clay mixtures with 
different clay contents 
 

2.3 Sample Preparation  
Samples of Al-Qatif expansive clay obtained from the field 
were air dried, pulverized and sieved using sieve No. 40.  The 
sand and clay content were mixed thoroughly and then 
optimum water content corresponding to each mix was added 
and stored in plastic bags for 24 hours to mellow. Compacted 
samples of sand- AlQatif clay mixtures were prepared for the 
determination of the soil water characteristic curves.  Samples 
were statically compacted in a stainless steel ring to 
maximum unit weight corresponding to that presented in Fig. 
3. All samples were 50 mm in diameter and 20 mm thick. 

3 EXPERIMENTAL PROGRAM 

2.2 Soil water characteristic Curves  
The drying curve of the SWCCs of sand- AlQatif clay 
mixtures were evaluated using pressure plate test and hanging 
column technique. Pressure plate extraction apparatus is 
based on the principle of axis translation technique [18] and 
was used to apply suction ranging from 5 kPa to 1500 kPa. 
The hanging column technique was used to evaluate the 
SWCC for the suction levels less than 5 kPa. All tests were 
performed according to ASTM D6836 [19]. 

For the pressure plate extractor test, samples were placed 
in confined compartment with a ceramic disc base of air entry 
value of 5 or 15 bars.  Prior to the test, the ceramic disk was 
saturated by soaking it in water of 24 hours.  Suction on 
samples was applied in increments and water exiting from the 
compartment below the ceramic disc was monitored. 
Equilibrium under each suction level was assumed to be 
attained when no water egress was observed. After 
equilibrium under each suction level, the amount of water lost 
from tests samples was determined by weighing the samples 

using a balance with a 0.0001 resolution.   At the end of the 
test, the final water content of the sample was calculated 
using gravimetric methods. The water content at each suction 
level was back-calculated based on the final water content 
and the amount of water loss recorded at each suction level.  
The hanging column apparatus comprise of a glass Buchner 
funnel with a porous plate and two graduated burette system 
connected to the outflow end of the funnel as shown in Fig. 4.  
The purpose of these burettes is to apply suction and measure 
water outflow during the test. The "suction application" 
burette contains a valve to seal the top of burette from the 
atmosphere. Suction was applied by raising the Buchner 
funnel such that base of the sample is above the water level in 
the suction application burette when the valve is closed. 
Suction is calculated as the difference between water level 
multiplied by unit weight of water. The "water outflow" 
burette was used to monitor and record the amount of water 
expelled or entered during the test. Equilibrium was attained 
when no change in water level was observed.  Water content 
at each suction level was calculated based on final water 
content of sample and amount of  water expelled at each 
suction level.   
 

 
 
Fig. 4 Hanging column apparatus 

4 RESULTS AND DISCUSSIONS 
The SWCCs for sand-expansive clay mixtures under different 
clay contents are depicted in Fig. 5.  In Fig. 5, a gradual 
transition from a unimodel SWCC to a bimodal SWCC was 
observed as clay content increases. The unimodel SWCC is 
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characterized by having two bends in the curve defining the 
air entry value and residual water content (Fig. 5).  The air 
entry value is defined as the matric suction above which air 
commence to enter the soil pores. The residual water content 
is defined as the water content beyond which no significant 
decrease in water content occurs. The bimodal SWCC is 
characterized by having four distinct bendings: two air entry 
values and two residual water contents. For clay content equal 
to or less than 5 percent, the SWCC show a unimodal form of 
SWCC.  With the increase of clay content greater than 5%, 
the SWCC show a bimodal form.   
It is further observed from Fig. 5 that the residual water 
content increases with the increase of the clay content.  In 
addition, the air entry value increases with the increase in clay 
content. These observations are attributed to the presence of 
smaller pore size developed as a result of clay particles filling 
the voids between sand particles.   
Bimodal SWCC are generally observed for gap-grade grain 
size distribution soils [20] as well as soils that includes two 
levels of pore sizes defined as macropores and micropores 
[21].   Therefore, it can be inferred that the increase of clay 
content resulted in the formation of mesopores/micropores 
within the compacted sand-clay mixtures. The portion of the 
soil water characteristic curves that represent macropore size 
ranges from matric suction 0.1 to 100 kPa. Whereas, the 
portion of the SWCC representing mesopores/micropore 
sizes lies between matric suction 200 and 1500 kPa.  
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Fig. 5 Soil water characteristic curves of sand Clay Mixtures 
 

5 SUMMARY AND CONCLUSIONS 
In this study, the effect of clay content on the soil water 
characteristic curves of compacted sand-AlQatif clay 
mixtures were evaluated. Clay contents considered include 
0%, 5%, 10%, 15%.  Results from this study indicated that, as 
the clay content increased, the shape of the SWCC of 
sand-clay mixtures transforms from a unimodal form to a 
bimodal form.  

Furthermore, the residual water content was observed to 
increase with increase in clay content signifying increase in 

water retention capacity increases with increase in clay 
content. 

The bimodal form of the SWCC indicates the presence of 
two levels of pore sizes; namely macropores and 
mesopores/micropores.  For 10% and 15% clay content, the 
macropores are considered the dominant pore size covering a 
broad range of the SWCC from 0.1 kPa to 100 kPa.  Therefore, 
it is inferred that the SWCC of compacted sand-clay mixtures 
are strongly related to the texture and pore size distribution of 
the sand-clay mixture which in turn, has a significant impact 
on its hydraulic characteristics.   
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1. INTRODUCTION 
Soil structure (construction) can be considered as an ideal and 

suitable place by engineers to have 4 features. 1. Having 

enough shear strength and bearing capacity of the soil. 2. 

having low degree of immediate settlement and consolidation 

caused by the load. 3. Acceptable changes of volume 

expansion of the soil (for instance, swelling caused by 

unloading or humidity rise in clay soil) or volume contraction 

of the soil (caused by decreased humidity) so that the 

construction effacing won’t be conflict. 4. Not having any 

serious problem in construction place. 

Houseman (1990) has basically classified soil improvement 

goals as the following.   

Soil bearing capacity increase, soil settlement decrease, void 

decrease and soil density increase, regularizing of the features 

of changeable materials. Improvement requires not only 

 
 

consideration of pre-acting construction but also of reword 

and the meantime construction. There are some major 

methods like compression and micropile, but according to the 

modern technology, new ways of biotechnology has been 

founded that can prepare the life condition for underground 

animate to fill up the holes of the sand that prevents water 

pressure while earthquake and finally there won’t be soil 

liquefaction. Or for the soil dams the hales can be filled by 

bacteria injection and rising them instead of providing the 

required amount of water at the centre. 

 

2-Based on boring log there are two kinds of problematic 

soil 

One kind is soft clay soils and the other kind is susceptible 

liquefaction soils. In deeper areas there are smaller sands that 

are susceptible for liquefaction, but coast line sands are more 

average & bigger. The more stickiness the more resistance of 

the sand against liquefaction.  

ABSTRACT 
with an ever-increasing population growth, the development of industries and the deficit problem of land for 

establishing the required constructions have been caused that  people   use the lands with lower engineering 

qualification . But for establishing a suitable construction   the qualification of soil should be improved by a technique 

respect to engineering parameters. In this condition it has a suitable operation in effect of involving forces. Soil 

improvement techniques can be classified in different points of view. These methods are divided in to three general 

groups: Compaction, Solidification and Stabilization. With regard to this point that coastal soils have the capability of 

liquefaction and they are clayey soils, in this article, first of all we will inspect these soils and the problems that they are 

caused and then their characteristics improvement techniques based on geotechnical methods such as placing trenches 

for limited land, sand wills for liquefiable, saturated and clayey soil ;stone columns for clayey soil that have bearing 

capacity problem and dual purpose  micro pile and compaction will be surveyed. Outdoor investigations and their 

findings show that the soils with SPT lower than 12 in each depth are problematic surely and should improved. 
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2-1. Liquefaction is a phenomenon that is resulted of a 

decrease in hardness & resistance of the soil caused by 

earthquake and quick loading. This phenomenon and its 

consequences mode huge damages in recent years around the 

world. Which usually happens in saturated soils. Existing 

water in soil particles gets soil particles under pressure and 

this event causes strong compression of the soil. Before the 

earthquake water pressure in not considerable, but after 

starting it water pressure increases that the result is soil 

particle movement. However the mentioned factor can be 

reason for the liquefaction phenomenon. There are also ether 

reasons like constructing activating such as explosion and 

basically any changes in the ground by loading and 

unloading. 

 

 
 

Fig 1 : water ,saturated sediment – liquefaction 

 

Liquefaction consequences: boiling of sand ground 

settlement, decrease in soil resistance and strength for 

keeping the buildings and bridges up, side ground expansion . 

 

 

 
 

Fig 2 : Liquefaction damage 

2-2. According to the experiments on the coastal soil 

consequences (13, 14 and 15 SPT ) there is a doubt of the 

being liquefiable soil, but SPT lower than 12 in any depth will 

certainly be problematic. Capable liquefaction soil can be 

built by silt rather than fine grained sand but remember that 

the mixture of silt an fine grained sands is really qualified for 

liquefaction that the cleaner and through water path. 

 

3-geotechnical improvement method based on the coast 

line areas: 

3-1:  trenches: in small land where we have just 2 or 3 meter 

soil for improving, if we want to protect our own building, 

well do trenches around the land. For a 30 cm thick sealing in 

the case of using bentonite with 4% cement, there will be a 

time of 3years for water to pass just 1cm. so for passing about 

30 cm around 90 years will be needed. 

  

3-2. Compaction methods: 

In rural areas and around the built building we can’t roller on 

the other hand the action of compaction can’t be used in 

coastal area sands more than 30 - 40 cm. dynamic compaction 

method will be suitable for liquefiable soil and loose grain 

that have the problem of bearing capacity and fine grain soil. 

Disadvantages of this method are noise pollution not being 

able to use in residential areas and 30 - 40 m vibration 

produced by it.  

 

 
 

Fig 3 : compaction methods 

 

3-3. Stone Colum method: this method can be used to 

improve soil bearing capacity and decrease the basement 
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settlement which is based on the    45 – 35 percent changes of 

the compaction of unqualified soil by digging wills with 

specific thickness, depth and distance of compaction in 

vertical Colums.  Then the materials will be spread in several 

layers into the digger will and vibrate and compact by special 

machines. The most significant use of vertical Colums is in 

soft clay that bearing issue appears. While liquefiable soils 

don’t have this problem. 

 

 
 

Fig 4 : How Stress distribution 

 

3-4. Soil wills (pressure-breaking wills): the method will 

work for liquefiable and soft clay soils. In this procedure at 

first wedding, if underground existing water was problem 

well cover the soil after that the inside must be filled with 

sand, while filling up the cover need to break until the 

drainage be done well. After digging for the wills we put 

layers on it. The efficiency of this way against earthquake will 

be remarkable; its action is easy and can be done in any depth. 

Like filter designing method in liquefiable soils that has the 

role of pressure breaking of water. The between centers 

should be 1.5–2 meter. With triangle like models. The 

distance is more important rather than the thickness.  

 

 
 

Fig 5 : With triangle like models 

 

3-5. Grouting method by micropile: 

This method should be done before the foundation stage. 

Micropile is considered to do two factions, for liquefaction 

decrease and ground bearing strengthening in coastal areas. If 

we have used micro pile in loose layer, their ending must 

reach to the resistant layer.  

 

According to the received results which are analyses in an 

article by sarang sirafian. About sand soil the following 

conclusions can be achieved. 

 

1. In grouting foundation became of the hitting empty metal 

frame and also under pressure grout, soil parameters have 

been improved and the weal sand level will change to a 

suitable and reliable level for bearing of the loaded and 

accrued settlement. 

2. Considering of some factor such as material expenses, 

human force and security beside it, high speed of practical 

operation, sumultaniouy actions of different working groups 

of the project and reasonable required machines, using of 

micropile foundations in constructing of 15 or less floors 

would be logical and better economically. 

 

3. High buildings constructing, buildings more than 15 floors 

in sand soils due to construction heaviness, micropile 

distribution under level, the foundation will become more 

compacted and the distances in micropile will decrease and 

then individual micropile act like a group micropile finally 

this procedure will decrease micropile bearing capacity and 

won’t be reasonable. 

 

Conclusions: 

1. In some cases soil improvement is the most reasonable 

method for solving geotechnical matters. 

 

2. There’s usually or doubt for being liquefiable SPT of 13 – 

14 and 15, but lower than 12 in any depth soil improvement is 

required. 

 

3. For soil improvement of liquefiable soil, methods of 

compaction sands will and micropile are being used. 
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4. We use stone Colums and sand wills methods for soft clay 

soil. 

 

6. REFERENCES 

1. Design and construction of  Stone- Colum (2009), dr 

mahmood ghazavi,iran . 

 

2. FHWA,( 2000) " micropile design and construction 

guidelines", US Department of Transportation, Federal 

Highway Administration, NO. - SA - 97 - 070, June, 

 

3. Hausmann, M.R. (1990), “Engineering Principle of 

Ground Modifications, Mc-GrawHill Publishing Company, 

New York. 

 

4.barksdale, R.D ,and bachus, R.C, design and construction of 

stone colum vol FHWA /RD-DESCEMBER-1983 

 



 

270 
 

 

  

1. INTRODUCTION 
In the recent years several investigations were focused on 
the applications of intelligent systems in the field of soil 
mechanics and geotechnical engineering. Among them the 
applications of artificial neural networks on the modeling 
and prediction of soil behavior or characteristic indices are 
numerous. A comprehensive overview on the recent 
advances for artificial neural systems in geotechnical 
engineering applications can be found in [1]. Most of these 
applications are based on the available experimental or field 
observations and measurements. The complex, irregular 
and nonlinear behavior of soil is aimed to be dug out of 
available data. Although in the most of the applications the 
performance of the system was satisfactory, some 
important questions still stay and should be considered in 
future investigations.  
What is the appropriate set of the data to be trained?  
How reliable is the system? And how different is the 
reliability of the system for different inputs? 
One of the most usual processes in geotechnical 
applications is the compaction of loose fine grained soils to 
the desired density to pass criteria of shear strength, 
permeability and etc. The compaction characteristics of fine 
grained soils are known by the compaction curves from 
standard and modified Proctor tests as the optimum water 
content and the maximum dry unit weight. The results of 
compaction tests on about 220 plastic soils are collected 
from literature for this study. The aim of this study is to 
present a flexible hybrid intelligent system of fuzzy C-mean 
clustering and neural networks which works with this 
database to predict the optimum water content and 
maximum dry unit weight of soils under standard Proctor 
effort. The system does not use a fixed amount of data to 
train the neural network, but uses the fuzzy C-mean 
clustering method to determine the most familiar cases with 
the unknown data for training the neural network. In other 

 
 

words, not an identical neural network is trained and used to 
predict the optimum water content or maximum dry unit 
weight of questioned inputs. While, each input question is 
treated individually and the most related known patterns are 
used to answer it, a more reliable measure of the 
performance and generalization power of the system is 
obtained. 

2. BACKGROUND OF THE STUDY 
Due to the importance of the compaction characteristics of 
fine grained soils in many geotechnical engineering 
problems several investigators have attempted to model the 
optimum water content and the maximum dry unit weight 
of the soil at different compaction efforts. Among them 
[2]-[7] can be categorized in traditional mathematical 
methods used to predict optimum water content and/or 
maximum dry unit weight in terms of index properties and 
compaction effort. In addition to the traditional methods 
some investigators utilized artificial neural networks to 
predict the compaction characteristics [8]-[12]. Although 
the approaches differ in each study they resulted in 
acceptable performance of the system within the range of 
the data used for correlating the empirical equations or 
training the artificial neural networks. 
Furthermore, Shahin et al. [13] proposed using fuzzy 
C-mean clustering in selection of sets of data to train, 
validate and test artificial neural networks. Fuzzy C-mean 
(FCM) clustering uses fuzzy logic in clustering data so that 
each data pattern belongs to each cluster with a membership 
value. The method was first developed by Dunn [14] and 
improved by Bezdek [15]. The FCM clustering gives back 
the membership value of each data pattern to each cluster as 
well as the centers for the clusters. 

3. CHARACTERISTICS OF DATABASE 
The database required for this study was collected from 
high quality research articles previously published by 
several investigators across the globe. Table 1 presents the 

ABSTRACT 
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range of index properties of the soils available in this 
database. 
 
Table 1. Range of index properties of soils in database 

Index CSF (%) FC (%) Gs LL (%) PI (%) 
Min 2 18.6 2.46 15.5 2.1 
Max 98 100 2.90 170 110 

CSF: clay size fraction, FC: fine contents 
 
Fig. 1 plots the plasticity index of the soils versus their 
liquid limits in the Casagrande chart. Furthermore, the 
values of optimum water content (OWC), and maximum 
dry unit weight (MDUW), of the soils at standard Proctor 
(SP) compaction effort are plotted against liquid limit as in 
Figs. 2 and 3 respectively. It is clear from the Table 1 and 
Figs. 1 to 3 that the variety of data range plus the inherent 
complex influence of the indices on OWC and MDUW of 
soils will make it inaccurate to postulate a unique model for 
prediction of OWC and MDUW, which works in the whole 
data range in the database. One may ask the first question 
mentioned in the introduction of what the most similar data 
patterns are to specific unknown? Furthermore, the 
accuracy and reliability of a unique model trained for all 
data range in the database is variable with respect to the 
input record. Therefore, one concludes that if only the most 
similar patterns to the unknown record are trained to the 
model then the answer of the trained model would be more 
reliable, which addresses the second question mentioned in 
the introduction. These two main concepts are dealt with 
the selection of most similar patterns to the input question 
using FCM. The performance of this hybrid application of 
FCM and ANN is validated by two question records in the 
following sections. 
 

 
Fig. 1 LL and PI of soils in the database 

4. VALIDATION OF THE PERFORMANCE OF FCM 
AND ANN COMBINATION 

Two question records of low plastic (LPS), and high plastic 
(HPS), soils are selected to validate the application of the 
hybrid FCM and ANN model. Table 2 summarizes the 
index properties as well as OWC and MDUW of them. 
 
Table 2. Index and compaction characteristics of validation set 
Index Silt CSF Gs LL PI OWC MDUW 

(%) (%)  (%) (%) (%) (KN/m3) 
LPS 60 18 2.65 29 12 15.4 17.4 
HPS 45 25 2.49 52 31 19.3 16.6 

 
Fig. 2 OWC vs. LL of soils in database 
 

 
Fig. 2 MDUW vs. LL of soils in database 
 
To seek simplicity and avoid inclusion of the effects of the 
ANN architecture on their performance, the architecture of 
the ANNs are kept similar that is a single hidden layer 
feedforward error backpropagation network with 6 input 
neurons corresponding to the 6 index parameters of Silt 
content, CSF, FC, Gs, LL and PI, with two neurons in the 
only intermediate layer and finally one neuron for the 
output, which is OWC or MDUW. 
With respect to the contribution of A. Casagrande on the 
classification of plastic soils based of their LL and PI, these 
two variables are used to classify the patterns in the 
database by FCM. Each question record is classified with 
the whole database several times considering the number of 
clusters is variable from 3 to 6. A computer program was 
prepared in the MatLab environment to give the training set 
of ANN corresponding to each question record. The ANN 
is trained and the performance of the training phase is 
evaluated by the average of training absolute error (ATErr), 
as well as the standard deviation of the training absolute 
error (SDTErr). Afterward, the question record is recalled 
and the predicted value by the model is compared by the 
actual output quantity given as in Table 2 by calculating the 
absolute error. This process is repeated for each question 
record at the other number of clusters. For instance, Fig. 4 
presents the selected training set for the LPS when the 
number of clusters is 5 and Fig. 5 presents the selected 
training set for HPS when the number of clusters is 4 in the 
Casagrande chart with the position of the LPS and HPS as 
well as the centers of the clusters. Tables 3 and 4 
summarize the statistical quantities identified above for 
LPS and HPS at all combination of cases respectively.  
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Fig. 4 Selected training set for LPS with 5 clusters 
 

 
Fig. 5 Selected training set for HPS with 4 clusters 
 
Table 3. Summary of statistical quantities of models for LPS 
Model No.of 

clusters 
No.of 

training 
patterns 

ATErr 
(%) 

SDTErr 
(%) 

MMV 
of 

LPS 

Err 
LPS 
(%) 

O
W

C 

3 29 9.6 8.1 0.97 6.8 
4 25 9.5 8.3 0.97 7.2 
5 12 6.4 3.6 0.99 1.8 
6 24 9.3 7.3 0.79 4.2 

M
D

U
W

 3 30 3.8 2.4 0.97 2.7 
4 24 2.3 1.7 0.975 2.2 
5 12 1.7 0.9 0.98 0.2 
6 23 1.8 1.2 0.74 0.5 

 
Table 4. Summary of statistical quantities of models for HPS 
Model No.of 

clusters 
No.of 

training 
patterns 

ATErr 
(%) 

SDTErr 
(%) 

MMV 
of 

LPS 

Err 
LPS 
(%) 

O
W

C 3 17 10.0 7.0 0.84 26.3 
4 15 5.8 3.9 0.98 2.5 
5 19 6.5 4.9 0.63 17.2 

M
D

U
W

 3 45 3.9 2.4 0.65 4.1 
4 15 1.7 1.8 0.98 3.5 
5 19 2.7 2.2 0.59 6.0 
6 18 2.6 2.0 0.80 7.4 

 
In addition to statistical quantities for training and testing of 
the neural networks the maximum membership value 
(MMV), of the question records (LPS or HPS) are given in 
Tables 3 and 4 for each case. As the number of the clusters 
increases the higher MMV indicates that the question 
record is closer to the center of the cluster. The analysis on 
the results is presented in the following section. 

5. CONCLUDING REMARKS 
The performance of the ANN models at training phase is 
evaluated by the ATErr and SDTErr values so that the 
smaller values are more preferred. It can be found from the 
Tables 3 and 4 that the smaller values of ATErr and SDTErr 
correspond to the cases with the largest MMV. Looking to 
the number of training patterns reveals that in all cases this 
higher performance level for the ANN models was 
achieved by smaller size of the training set. In other words, 
the corresponding training set with smaller ATErr and 
SDTErr contains the most correlated patterns in the 
database required to train the ANN. 
One measure for the reliability of the performance of the 
ANN is the smaller error at testing set. However, this is not 
known when actually an unknown record is answered by 
the model. This shortcoming can be fulfilled by a quantity 
which expresses the correlation between the training set and 
the unknown record in terms of their known input 
parameters. In this study this correlation is expressed by the 
MMV. Comparing the MMV and Err of each ANN model 
for question records in Tables 3 and 4 reveal that the 
smaller error in predicted values of OWC and MDUW also 
corresponds to the largest MMV. It can be concluded that 
the combination of the statistical measures from training 
phase with the quantity obtained from FCM analysis can 
present a suitable criterion of the performance and 
reliability of the ANN. It should be noted that analysis 
performed in this study reveals that increasing the number 
of training patterns does not increase the performance and 
reliability of the system. However, the more appropriate 
and coherent training set with the question record results in 
more reliable answers and this study shows that such 
coherency and appropriateness can be expressed and 
determined by Fuzzy C-mean clustering technique. 
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1. INTRODUCTION 
The local soil conditions have a profound influence on the 
ground response during earthquakes, which is modelled 
through direct non-linear elasto-plastic [1] or 
equivalent-linear elastic ground response analysis [2] and [3]. 
In spite of its theoretical shortcomings, the latter has become 
the major tool in practical engineering applications due to its 
simplicity. The equivalent-linear analysis consists of 
modifying normalized shear modulus G/G0, and damping 
ratio D, of a visco-elastic soil model with shear strain level, γ. 
Regularly, the strain-dependent normalized shear modulus 
reduction (G/G0-γ), damping ratio (D-γ) curves are obtained 
by laboratory tests. However, mathematical functions were 
presented for (G/G0-γ) and (D-γ) in terms of stress state and 
index properties of saturated soils based on enormous 
experiments by various investigators [4]-[6]. 
Experimental investigations revealed that, the initial shear 
modulus G0, of unsaturated soils is influenced by stress state 
as well as suction [7]-[12]. Furthermore, recent investigation 
on the measurements of shear modulus of an unsaturated soil 
at wider shear strain range by suction-controlled cyclic 
tri-axial apparatus show that G-γ and D-γ curves are 
influenced by the suction levels too [13]. On the basis of this 
experimental evidence, Biglari and Ashayeri [14] modified 
the empirical equation proposed by [6] for G/G0-γ and D-γ to 
take into the account the influence of the suction level as well 
as stress state and index properties for unsaturated soils. 
d’Onza et al. [15] investigated the effects of unsaturated soil 
suction on the seismic ground response by means of linear 
analysis which takes into the account the influence of suction 
on the shear wave velocity or initial shear modulus of the 
unsaturated soil deposits. They have presented the results in 
 
 

terms of amplification ratio of surface motion in the 
frequency domain and concluded that the natural frequency 
of soil deposit significantly increases with suction increase 
and the maximum amplification ratio is substantially reduced. 
This study presents the results of linear and one dimensional 
equivalent linear seismic ground response analysis of 
unsaturated soil deposit not only considering the effects of 
suction variation on the shear wave velocity (or G0), but also 
taking into the account the dependency of G/G0-γ and D-γ on 
the suction level based on the developed empirical model for 
G-γ and D-γ [14]. Seismic ground response analysis was done 
with the computer program “Equiva-lent-linear Earthquake 
site Response Analyses” (EERA) [3], for five soil suction 
profiles and three time histories of acceleration. The results 
are discussed in terms of comparison between the 
acceleration time history at surface and bedrock, the 
amplification ratio and natural frequency of soil deposits as 
well as spectral acceleration of the ground motion at surface 
and bedrock. 

2. SOIL PROFILES 
Five soil profiles were considered in this study within two 
sets of analysis. The first set compares two soil profiles P1 
and P2 of lean clay deposit 24 meters deep overlaying the 
bedrock. Table 1 presents the variation of suction, shear wave 
velocity, and total unit weight of different layers of the soil 
profiles P1 and P2. Soil profile P1 is formed of a two meters 
of saturated soil layer over the bedrock that is overlaid by 22 
meters of unsaturated soil with variable suctions. The 
unsaturated soil deposit of P1 was divided into 6 layers of 
constant suction varying from zero to 250 kPa. On the other 
hand, soil profile P2 is formed of 24 meters of the saturated 
soil deposit overlaying the bedrock that is divided into 7 
layers of variable shear wave velocity and unit weight. 
The second set of analysis compares three soil profiles P3, P4, 
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and P5 of the same deposit 24 meters deep overlaying the 
bedrock. Table 2 presents the variation of suction, shear wave 
velocity, and total unit weight of the different layers of the 
soil profiles P3, P4, and P5. Soil profile P3 is formed of 24 
meters of the saturated soil deposit overlaying the bedrock 
that is divided into 6 layers with variable shear wave velocity 
and unit weight. Soil profile P4 is formed of 24 meters of the 
unsaturated soil deposit with constant suction of 150 kPa 
overlaying the bedrock and is divided into 6 layers with 
variable shear wave velocity and unit weight. Soil profile P5 
is formed of 24 meters of the unsaturated soil deposit with 
constant suction of 300 kPa overlaying the bedrock and again 
is divided into 6 layers with variable shear wave velocity and 
unit weight. 
 
Table 1. Description of soil profiles of the first set of analysis 

Layer 

Thickness 
(m

) 

Profile 
P1 P2 

s1 

(kPa) 
Vs

2 
(m/s) 

γ3 
(KN/m3) 

s 
(kPa) 

Vs 
(m/s) 

γ 
(KN/m3) 

1 4 250 159 13.43 0 125 19.30 
2 4 200 159 13.63 0 125 19.30 
3 4 150 170 14.18 0 130 19.38 
4 4 100 187 15.15 0 142 19.57 
5 4 50 201 16.19 0 154 19.61 
6 2 0 195 19.86 0 164 19.65 
7 2 0 200 19.95 0 172 19.77 
8 bedrock 1219 22.02  1219 22.02 
1Suction, 2Shear wave velosity, 3Unit weight 
 
Table 2. Description of soil profiles of the second set of analysis 

Layer 

Thickness (m
) 

Profile 
P3 (s=0) P4 (s=150) P5 (s=300) 

V
s 

(m
/s) 

γ 
(K

N
/m

3) 

V
s 

(m
/s) 

γ 
(K

N
/m

3) 

V
s 

(m
/s) 

γ 
(K

N
/m

3) 

1 4 125 19.30 159 13.70 176 13.50 
2 4 125 19.30 159 13.70 176 13.50 
3 4 130 19.38 170 14.20 185 13.80 
4 4 142 19.57 188 14.60 203 14.30 
5 4 154 19.61 203 15.10 219 14.50 
6 4 168 19.71 219 15.30 233 14.70 
7 bed 1219 22.02 1219 22.02 1219 22.02 

 
The shear wave velocities of the soil layers of all the five 
profiles were calculated from the model for initial shear 
modulus of unsaturated soils calibrated for the current 
material, which was presented by [11] and [12]. 

3. MODULUS REDUCTION AND DAMPING CURVES 
In order to generate the modulus reduction and damping 
curves, the empirical models presented by [14] were used 
with considering the soil plasticity index (PI = 12%), and 
appropriate suction and confining pressure of each layer of 
the soil profiles. Figs. 1 to 5 present the generated G/G0-γ and 
D-γ for layers of soil profiles P1 to P5, respectively. 

 
Fig. 1 G/G0-γ and D-γ curves of layers of P1 
 

 
Fig. 2 G/G0-γ and D-γ curves of layers of P2 
 

 
Fig. 3 G/G0-γ and D-γ curves of layers of P3 

4. GROUND RESPONSE ANALYSIS 
Seismic ground response analysis was done with the 
computer program EERA [3] for the five soil profiles P1 to P5. 
EERA is a modern implementation of the well-known 
concepts of equivalent linear earthquake site response 
analysis applied in SHAKE [16]. The soil profiles are 
subjected to the input ground motion from the bedrock that is 
specified as an out-crop motion. To avoid dependency of the 
ground response to the input motion, three earthquakes were 
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used in the analysis. These three input motions are the 
acceleration time history of Loma Prieta 1989, Kobe 1995, 
and Chichi 1999 earth-quakes (Records P0782, P1043 & 
P1116 at http://peer.berkeley.edu/smcat/). The ground 
motions are normalized to a target peak acceleration of 0.1g. 
The comparisons between Peak Ground Acceleration (PGA) 
at surface, amplification factor, and first natural frequency of 
each soil profile are presented in Table 3 for the three ground 
motions. The first natural frequency increases from 0.8 Hz for 
P2 to 1.4 Hz for P1 and it varies from 0.8 Hz for P3 to 1.6 Hz 
for P5 by increasing suction. The PGA of the motion at 
surface of the all profiles is larger than the bedrock motion 
and this is more significant at the unsaturated profiles. 
Figure 6 shows amplification between the surface motion and 
the base motion at varying frequencies for P1 and P2 for 
Loma Prieta earthquake. The increase in the natural 
frequency with suction increase reasonably can be assigned to 
the in-crease of shear modulus by suction. However, the 
variation of amplification factor is related to the admittance 
ratio between the soil and the bedrock, which resulted into 
increasing amplification factor by increasing suction. To 
provide comparison of the effects of non-linearity, series of 
linear analyses were performed for P3 to P5 which, the results 
are presented in figures 7 to 9. It is clear that non-linearity has 
influenced the results significantly in terms of both 
amplification factor and natural frequency. 

 
Fig. 4 G/G0-γ and D-γ curves of layers of P4 
 

 
Fig. 5 G/G0-γ and D-γ curves of layers of P5 

Table 3. Comparison between PGA values of bed rock and surface 
of the all profiles 

Profile PGA (g), Amplification factor, 1st natural frequency (Hz) 
Loma Prieta Kobe ChiChi 

P1 0.146, 2.25, 1.4   
P2 0.113, 2.29, 0.8   
P3 0.113, 2.29, 0.8 0.117, 2.30, 0.8 0.104, 2.19, 0.8 
P4 0.148, 2.61, 1.4 0.155, 2.56, 1.4 0.154, 2.59, 1.4 
P5 0.146, 2.71, 1.6 0.154, 2.69, 1.6 0.175, 2.69, 1.6 

 

 

0

1

2

3

0 5 10 15 20 25
Frequency (Hz)

A
m

pl
ifi

ca
tio

n 
R

at
io

P1

P2
1.4 Hz

0.8 Hz

 
Fig. 6 Amplification functions of P1 and P2. 
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Fig. 7 Amplification functions of P3 in different analysis. 
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Fig. 8 Amplification functions of P4 in different analysis. 
 
Another index to seismic hazard of buildings and structures is 
response spectral acceleration curve. Spectral acceleration Sa, 
is the maximum acceleration of a single degree of freedom 
oscillator with different natural frequencies but unique 
damping. Figures 10 to 13 compare the Sa with 5% damping 
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ratio at the ground surface of the profiles with the one at 
bedrock for the two sets of analysis. 
Shift of Sa to the lower frequencies (higher periods) at the 
surface of the saturated profiles (P2 and P3) is observed. 
However, Sa of the surface ground motion of unsaturated 
profiles (P1, P4, and P5) is considerably different with the 
ones of saturated profiles (P2 and P3) and the bed rock. The 
results show that the Sa increases by suction increase for high 
frequencies (periods less than 1 sec). This is very important 
and should be noticed in seismic design of structures on the 
un-saturated soil deposits particularly for short buildings with 
high natural frequency. 
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Fig. 9 Amplification functions of P5 in different analysis. 
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Fig. 10  Sa of P1 and P2 for Loma Prieta. 
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Fig. 11  Sa of P3, P4, and P5 for Loma Prieta. 
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Fig. 12  Sa of P3, P4, and P5 for Kobe. 
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Fig. 13 Sa of P3, P4, and P5 for Chichi. 

5. SUMMARY AND CONCLUSIONS 
The aim of this study was to perform 1D equivalent linear site 
response analysis by considering the influence of suction on 
the shear wave velocity, shear modulus reduction and 
damping ratio curves. Two sets of analysis compare the 
response of three unsaturated soil profiles with the saturated 
ones due to three earthquakes. It came out with the following 
conclusions for the selected soil profiles. 

• The natural frequency of the soil profile increases as the 
suction increases. This will attract the attentions to the 
suitable natural frequency of the buildings on the unsaturated 
soil deposits. 

• The ground motions were amplified at the surface for all 
of the saturated (P2 and P3) and unsaturated profiles (P1, P4 
& P5). However, the combined conditions considered in the 
soil profiles showed that the amplification ratio is slightly 
larger at unsaturated soils that may not to be a general 
behaviour. 

• Response spectral accelerations calculated for damping 
of 5%, show that the response of the structures on the 
unsaturated soil profiles are more severe than saturated ones, 
particularly at higher frequencies. 
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1. INTRODUCTION 
Nowadays the fact that the settlement of shallow foundations 
is an important factor in their design is widely accepted. This 
factor earned its situation in design of these foundations not 
earlier than 1960. Prior practical engineers thought that if a 
foundation is approved against the bearing capacity issue it 
will has enough safety factor against the settlement issue. It 
was 1959 when Hough indicated that the estimation of 
settlement in shallow foundations should be followed right 
after the consideration of bearing capacity of such 
foundations. Since then, several methods for this estimation 
are introduced. 
The first point of view for estimation of settlement in shallow 
foundations is related to Terzaghi (1925) who adopted the 
parameters of his model from one-dimensional oedometer 
test. Despite its widespread usage, the method worked with 
some limitations. In this theory, it was assumed that: The 
foundation pressure produces only vertical strains in subsoil, 
all the induced settlement is one- dimensional and that 
relating to the shear strain is neglected, the dissipation of 
excess pore water pressure takes place only in vertical 
direction and the lateral dissipation is ignored and finally the 
excess pore water pressure is equal for all types of subsoil and 
is not dependant to the soil type. 
Above-mentioned limitations of Terzaghi method is 
somewhat revised at the method introduced by Skempton and 
Bjerrum (1957). They presented the settlement of a shallow 
foundation as a resultant of two phenomena: Immidiate and 
consolidation settlement along with a correction coefficient 
which is known as Skempton and Bjerrum coefficient. 
Similar to the Terzaghi method, their work have several 
limitations, for instance: Skempton and Bjerrum limited their 

 
 

studies on strip and circular foundations and other shape of 
foundations like rectangular foundations were not put into 
consideration, they assumed no specific distinction between 
rigid and flexible foundations and finally the plastic 
deformations of soil mass was neglected and all the 
settlement assumed to be elastic where as in coarse-grained 
soils, the secondary plastic settlement may become several 
times greater than elastic one. Regarding these limitations, 
introducing a new method with revisions on these limitations 
seems to be unavoidable. 
Studies of Davis and Poulos (1968) indicated that for 
overconsolidated and soft clays, one-dimensional 
consolidation analysis represents a good approximation for 
total settlement and this approximation is valid for soils with 
drained poisson's ratio less than 0.35. Increasing the value of 
this parameter and sickness of the subsoil strata, make the 
method to under predict the actual settlement value.   
Most of the commonly-used methods of settlement analysis, 
assume the soil to behave elastically. Since the nonlinearity in 
soil behavior is considered in other ones and normally and 
overconsolidation states is distinguishable in them by 
employing different values of compressibility for these two 
states, the consideration of local yielding arising from the 
foundation pressure is not noticeable in these methods 
(Poulos, 2000). Burland et al. (1977) showed that for 
normally consolidated soils neglecting the local yielding and 
plastic deformation phenomena make the settlement analysis 
to be unreliable in most of the cases.   
Davis and Poulos (1968) indicated that applied pressure at 
which local yielding commences is a function of safety factor 
against the bearing capacity issue and initial stress state. 
D'Appolonia (1971) extended this idea and presented a 
correction factor for consideration the influence of local 
yielding. It is important to notice that the effect of local 
yielding on consolidation is not put into consider since the 
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studies of Carter et al. (1979) show that local yielding has no 
meaningful effect on consolidation settlement and elastic 
theory introduces appropriate approximation in this issue.  
The existence of creep and secondary consolidation, have 
strict influence on the rate and magnitude of settlement of 
foundations on clay soil. Most of the practical methods which 
regard the creep in the settlement analysis are related to 
studies done by Buisman (1936). In these studies, a linear 
relation between the magnitude of settlement and the 
logarithm of time is assumed. The gradient of this 
relationship is known as the coefficient of secondary 
consolidation, cα.  

                          ( )
Ec Logtα

∆= ∆       (1) 
 
Mesri and Godlewski (1977) found that cα is nearly 
dependant to the consolidation coefficient, cc and the ratio of 
cα/cc has a narrow range of variation. The rate of secondary 
consolidation for an overconsolidated soil is much less than 
the normally consolidation state of that soil.     
The difficulty of employing cc in settlement analysis arises 
from this fact that the time at which the creep commences is 
not well definable. Since some researchers believe that creep 
takes place after the consolidation (Mesri et al. 1994) others 
assume a simultaneous occurrence of creep and initial 
consolidation (Leroueil, 1996). 
Since different values of secondary consolidation coefficients 
are seen in the literature (Gibson and Lo 1961, Garlanger 
1972), employing appropriate parameters for including the 
creep in the settlement analysis at least in its simplest and 
one-dimensional model are difficult and unusual. It seems 
that, among the different aspects of settlement theory, creep 
and secondary consolidation have the least development and 
need for extra considerations.   
The above mentioned considerations approve that, in the new 
methods for settlement analysis, the influence of both elastic 
and plastic strains should be considered, where the hardening 
soil model which is employed in the PLAXIS software 
competently has this ability. 

2. Present Study  
Nowadays the finite element theory and softwares using it 
have an important part in the analysis of stress and strain 
inside a soil mass. The output parameters of such softwares 
have a good approximation with the monitored parameters. 
At present study, with the aid of PLAXIS software and 
employing Hardening Soil model, the settlement of shallow 
foundations which are assumed to be rigid are estimated and 
the results are compared with those obtained from elastic 
solutions and sets of  correction factors are introduced for 
elastic settlement analysis. In this study, the modeled 
foundations have three different widths and are embedded on 
four clays with different overconsolidation ratios.     
The Hardening Soil Model has no constant yield surface and 
can expand due to plastic strain. Two types of hardening are 
distinguishable in this model, namely shear hardening and 

compression hardening. Shear hardening and Compression 
hardening are used to model irreversible strains due to 
respectively primary deviatoric loading and primary 
compression in oedometer and isotropic loadings.  

This model is an advanced model for simulating the 
behaviour of different types of soil, both soft and stiff soils, 
(Schanz, 1998).  

When a soil is subjected to initial deviatoric stress, indicates a 
simultaneous decrease in its hardness and occurrence of 
irreversible plastic strain. For example, for drained triaxial 
test, the relation between axial strain and deviatoric stress can 
be described by:      

 

ai qq
q

E −
=−

1
1

1ε
   (2) 

Where ε1 is vertical strain, q is the deviatoric stress; qa is the 
asymptotic value of the shear strength and Ei the initial 
stiffness.   
Such relationship first formulated by Konder (1963) and is 
employed at hyperbolic model (Duncan and Chang, 1970). 
The Hardening Soil model, however, supersedes the 
hyperbolic one firstly by using the theory of plasticity rather 
than the elastic one. Secondly by including soil dilatancy and 
thirdly by introducing a yield cap.  

Some of the specifications of this model are: the dependence 
of hardness to the stress with a power law, the dependence of 
plastic strains to initial deviatoric loading and primary 
compression, elastic unloading / reloading and finally failure 
according to the Mohr-Coulomb model.  

The basic feature of this model is its dependency on the stress 
level. For instance, for oedometric stress and strain condition 
the model introduces an equation as:   

                                                     

( )mrefref
oedoed pEE /'1σ−=                                                     (3) 

Where Eoed is oedometer modulus, pref is a reference 

pressure,
ref
oedE

is oedometer modulus measured at reference 
pressure, σ'1 is the major principal stress and m the power in 
stress-dependent stiffness relation. 

3. The Employed Model 
The geometry of the model used in this study is 
presented in fig. 1. The aspect ratios are assumed to be 
constant as H/B=5 and L/B=9. For considering the 
influence of the foundation width in the analysis, three 
values of 1, 1.5 and 2 are assumed for this parameter and 
since the effect of foundation flexibility is neglected and 
is relegated to future studies, a high value of bending 
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modulus is assumed for the foundation to demonstrate a 
rigid behavior. 

 Fig. 1- Schematic shape of current model 
 

In current study, four types of clays with different 
overconsolidation ratios are considered with parameters 
described in table I. 
 

Table I. The parameters of the employed soils 

OCR=4 OCR=2.5 OCR=1.7 NC Soil 
Parameters 

7.5 E 4 3.75 E 4 1.6 E 4 3.2 
E 3 

refE50  

6 E 4 3 E 4 1.6 E 4 3.2 
E 3 

ref
oedE  

2.25 E 
5 9 E 4 4.8 E 4 9.6 

E 3 
ref
urE  

0.3 0.3 0.3 0.3 ν 
0.55 0.6 0.65 0.8 m 
20 11 7 1 C 
25 25 25 24 φ 
0 0 0 0 ψ 
16 16 16 16 γRunsat 

18 18 18 18 γRsat 

1.0 E - 
4 1.0 E - 4 1.0 E - 4 

1.0 
E - 
4 

k 

1.15 0.91 0.75 0.59 kR0 

 

In table I, the 
refE50 (kN/m2) is Secant stiffness in standard 

drained triaxial test, 
ref
oedE

(kN/mP

2
P) is tangent stiffness for 

primary oedometer loading, 
ref
urE

(kN/mP

2
P) is Unloading 

/reloading stiffness, ν is Poisson's ratio, m is Power for 
stress-level dependency of stiffness, c (kN/mP

2
P) is effective 

cohesion, φ is effective angel of internal friction, ψ is the 
angel of dilatancy, γunsat (kN/mP

3
P) is the unsaturated 

volumetric weight, γsat (kN/mP

3
P) is the saturated volumetric 

weight, k is the bulk modulus and k0 coefficient of lateral 
earth pressure. 
 

4. Results 
 The general equation for settlement analysis is 
introduced as: 

sci SSSS ++= ηµ                                                       (4) 
Where Si, Sc and Ss are the immediate, consolidation 
and secondary consolidation settlements respectively 
and μ and η are the correction coefficients for the 
immediate and consolidation settlements respectively. 
All the settlement components are calculated using the 
PLAXIS software.  
The correction factors for the immediate and 
consolidation settlements are composed of two 
components: the correction factor of using foundation 
width less than 2m, I and the correction factor of 
employing elastic theory in the analysis, β. 

ccii II βηβµ == ,                                                 (5) 
Where: 
Ii= the correction factor for using elastic theory in the 
immediate settlement analysis   
βi= the correction factor for using foundation width less 
than 2m in the immediate settlement analysis  
Ic= the correction factor for using elastic theory in the 
consolidation settlement analysis   
βc= the correction factor for using foundation width less 
than 2m in the consolidation settlement analysis 
In the current analysis, foundation loading is continued 
up to the subsoil failure. It is evident that the pressure at 
which the failure occurs, in other words the bearing 
capacity of the foundation is related to foundation 
aspects. For omitting the effect of this issue, the under 
pressure in the foundation is divided by its bearing 
capacity as: 

BC
PRP =                          (6) 

Where RP is the relative pressure and according to its 
definition is the negative power of safety factor against 
the bearing capacity of the foundation, P is the applied 
load and BC the bearing capacity of the foundation. For 
defining the correction factor of using elastic theory in 
the immediate settlement analysis, IRiR the result of 
modeling where the Hardening Soil model is used is 
divided by those whom the elastic theory is adopted. 
The results are smoothened and introduced as the IRiR in 
Fig 2. For other overconsolidation ratios, the 
extrapolation should be employed.  
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Fig. 2- a) Variation of the ratio of the settlement estimated 
from the Hardening Soil model over the one estimated from 

elastic theory, R with relative pressure for four different soils, 
b) Variation of Ii with relative pressure 

 
In order to define the correction factor of using 
foundation width less than 2m in the immediate 
settlement analysis, βi the ratio of the settlement 
estimated from the Hardening Soil model over the one 
estimated from elastic theory for foundation widths less 
than 2m is estimated and is divided by the results 
obtained for the foundation assumed to have the width 
equals to 2m. The results for normally and lightly 
overconsolidated soils are shown in figs. 3 and 4. 
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                                                                                     b) 
 
 
 

Fig. 3- a) Variation of the ratio of the settlement estimated 
from the Hardening Soil model over the one estimated from 

elastic theory, R with relative pressure for normally 
consolidated soil, b) Variation of βi with relative pressure  
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Fig. 4- a) Variation of the ratio of the settlement estimated 
from the Hardening Soil model over the one estimated from 

elastic theory, R with relative pressure for soil with OCR=1.7,  
b) Variation of βRiR with relative pressure  

 
The variation of βi doesn't differ for various soil types 
and the graph introduced in fig. 4 can be used for soils 
with other overconsolidation ratios. 
Definition of the correction factors for consolidation 
settlement is similar to those works done for immediate 
settlement; for obtaining the correction factor of using 
elastic theory in the consolidation settlement analysis, 
Ic and the correction factor of using foundation width 
less than 2m, βc the result of modeling with assuming 
the soil to behave as the Hardening Soil model is 
divided by those whom the elastic theory is used. The 
results are smoothened and introduced in figs. 5, 6 and 7 
for normally and lightly overconsolidated soils. Again 
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for other overconsolidation ratios, the extrapolation 
should be employed. 
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Fig. 5- a) Variation of the ratio of the settlement estimated 
from the Hardening Soil model over the one estimated from 

elastic theory, R with relative pressure for four different soils, 
b) Variation of Ic with relative pressure 
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Fig. 6- a) Variation of the ratio of the settlement estimated 
from the Hardening Soil model over the one estimated from 

elastic theory, R with relative pressure for normally 
consolidated soil, b) Variation of βc with relative pressure 
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Fig. 7- a) Variation of the ratio of the settlement estimated 
from the Hardening Soil model over the one estimated from 

elastic theory, R with relative pressure for soil with OCR=1.7, 
b) Variation of βi with relative pressure  

 
Similar to that mentioned about immediate settlement, 
for other soils with different overconsolidation ratios, 
the variation of βc is not much different from the graph 
introduced in fig. 7 and this graph also works for these 
soils as well. 

5. Conclusion 
In this study, the methods introduced for estimating the 
settlement in shallow foundations and their limitations 
are considered in detail. It is concluded from prior 
studies that the current introduced method should 
consider the effects of both elastic and plastic strains 
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and secondary consolidation in analysis; the Hardening 
Soil model which is used in PLAXIS software is 
considered and with the aid of this software and using 
Hardening Soil model, a new relation is introduced for 
estimation of settlement in shallow foundations which is 
composed of three components: Initial, consolidation 
and secondary consolidation settlements. The relation 
also introduced the correction factors for Initial and 
secondary consolidation settlements which are 
estimated for four different clays with various 
overconsolidation ratios.    
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ABSTRACT 
 
Arteries are vital components of the buried pipe for water distribution, gas, oil, etc. are used. Vulnerability of pipelines against 
earthquake-induced liquefaction has been observed since in many past earthquakes. There are extensive reports about. 
Liquefaction can be by the side, fluid fragmentation, loss of cargo, buoyancy, causing subsidence and deformation in the 
structure. Buried gas pipe network in some urban areas may be saturated loose sandy soil layers, are buried. The purpose of this 
numerical study on the liquefaction of the pipe is buried.  
 
Keywords: liquefaction,buried pipelines,numerical analysis 
 
 

1. INTRODUCTION 
Better interaction between human and nature, requires 
detailed understanding and knowledge of natural disasters. 
 Among  natural disasters, more  attention  is  needed  to 
earthquake.  Due to factors  such  as  being unpredictable, 
impossible to prevent the likelihood of being in crowded 
places, in countries like Iran every year, several large and 
small earthquakes occur. It requires a comprehensive 
protection plan is in various aspects. During an earthquake, 
phenomena such as wave propagation and large movements 
of the Earth, causing damage to the pipes. Great earth 
movements  such  as  fault  movement,  landslide and  soil 
liquefaction of the most important factors is to count [1]. 
Studies on earthquake damage to buried pipes has proven 
above ground stations on the structures, vibrations resulting 
from seismic loads do not cause destruction of the buried 
pipe. But the great movements of Earth's major pipe failure. 
In other words, buried pipelines usually have the ability to 
withstand earthquake waves but The pipes are often unable to 
withstand the large motions of ground [2]. Large ground 
motions can be caused by phenomena such as faults, 
landslides and soil liquefaction. The main  risk for  pipelines 
include earthquake  ground  motion  and transient  changes  
lasting  places of  the earth. Transient ground motion caused 
by waves emanating from the source, releasing energy and 
the resonance is due to topography and local soil conditions. 
Earth represents a lasting shift in the earth, defeat and failure 
is caused by various phenomena such as : Surface faulting, 
the gable and landslide, lateral mass movement of soil 
liquefaction, the heterogeneous settlement. Research has 
shown that most of the earthquake seismic damage to buried 
steel pipelines in oil and gas by continuous change takes place 
as a viable land  and only a few of these injuries are caused by 
the phenomenon of wave propagation. Psuedustatics steady 
shift to enter the pipeline is not necessarily a lot of intensity 

but  however it may cause serious damage to the pipeline. 
Example can be pointed to different earthquakes such as : 
Alaska and Nigita (1964), San Fernando (1971), Kobe 
(1995), Chi Chi (1999)  and etc. Soil liquefaction occurring in 
Iran and also numerous harmful effects on arterial lines have 
been  reported. Manjil earthquake that it can be mentioned 
[3]. 
 
 
Liquefaction effects on buried pipelines and proposed 
models (History Research) 
 
 Wang & Yeh [4]  to the analysis of buried pipelines under 
liquefaction  by Separating the two zones with liquefaction 
and no liquefaction, a beam- column  model is proposed  for 
buried pipelines. In this modeling the geometric properties, 
material specifications, soil stiffness, shear wave propgation 
velocity, and axial bending effects, the mass and diameter, the 
buoyancy effects of the soil mass was considered. The model 
assumes the soil liquefaction around the environment, all lost 
its shear strength and behaves like a viscous fluid. Nishio[5] 
dynamic strain in the buried pipeline due to liquefaction of 
soil analyzes. The results show that under conditions of soil 
liquefaction, large strains are produced in the pipe. Also with 
regard to slip between soil and pipe strain on the pipeline to 
significantly reduced. Hamada  and et al  did Similar studies 
with the large ground displacement caused by 
liquefaction-related chubu-Nihonkai  earthquake in 1983. 
The shear resistance between soil liquefaction severely 
reduced re verberation in the sand [6]. 
Wang Guoxin and et al were examined seismic response of 
pipelines buried in soil liquefaction caused by axial and 
lateral waves in different directions [7].  
In their model, the effective stress of soil and were floating in 
a spring system is used to simulate soil and pipe. 
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Fu-lu two methods to investigate the problem of static 
liquefaction and its effects on buried pipelines will 
provide[8]. 

 
 
 

2. Description of Numerical Model 
 

2.1 Geometry of  model  

The data used in this modeling is based on information 
related to gas pipelines in Kermanshah of Iran . 

 

“TableІ.  The characteristic parameters of the pipe”  

Length Diameter Tichness Poisson’s 
ratio 

Young’s 
modulus 

12m 0.9m 0.1m 0.3 200e9 Pa 

 

“Table П. The characteristic parameters of soil”  

Friction 
angle 

Dialation 
angle 

Density Poisson’s 
ratio 

Young’s 
modulus 

29º 2º 1700 
kg/m^3 

0.25 1e8 Pa 

 

In this study , Soil environment of the elastoplastic model is 
intended Drucker Pragr.  

 

 
“Fig. 1” Drucker  Prager yield surface in 3D space 

 

2.2 Specifications of  Structual  Pipe 
As can be seen in Fig. 3 the stress - strain curve Ramberg 
Osgood have used. the Ramberg Osgood relationship is :  
 
 

 

  
 
“Fig. 2”  Stress-strain curve of the pipe 
 
 

2.3 Boundary conditions 
 
In this modeling, boundary conditions of the soil medium is 
considered infinite.The soil environment is assumed to be 
symmetric and isotropic. However, given the existing 
conditions of the soil profile, it is fairly acceptable.   
 

  
“Fig. 3” Boundary conditions of model  
 

2.4 Pipe-soil ineraction 
Interaction between soil and pipe for the consideration of the 
contact elements are used .These elements, the contact forces 
are two models : 
 1- Vertical behavior is Hard contact. The first two levels, one 
of which is usually more difficult level, is defined as a 
reference and  Another level it is defined as the function. This 
behavior is assigned to the two surfaces in contact causes the 
penetration of the surface elements of nodes in the elements 
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of the reference level to prevent.  
 2- Tangential behavior that is related to the friction between 
surfaces. Tangential to the friction coefficient of both fixed 
and variable coefficient model is available. The coefficient of 
constant friction, static friction to be considered , Thus 
reducing the coefficient of friction between the sliding 
surfaces are not considered But in the case of variable 
coefficient of friction . reducing coefficient of friction due to 
slippage on the dynamic load can be made exponentially 
decreasing  model .The coefficient of static to the dynamic 
limit value is reduced. Represent the behavior of a weakened 
area around the pipe [2] . 
In this study, tangential behavior considered as constant.  
In this case, the only parameter required is the coefficient of 
friction  between  surfaces . 
 
 

3  Numerical Results 
 
As can be seen in Fig. 4 Ralationship between excess pore 
water pressure ratio and strain of pipe due to liquefaction is 
shaped like a parabolic. With increasing  excess pore water 
pressure ratio, the strain of pipe is increased , but the strain  
reaches the maximum value and then decreases the amount of 
strain. 
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“Fig. 4” Ralationship between excess pore water 
pressure ratio and strain 

 
 
As can be seen in Fig. 5 deformation due to liquefaction is 
shaped like a parabolic. 
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“Fig. 5” Ralationship between length of pipe and 
displacement   
 
 

As can be seen in Fig. 6 With decreasing reduction ratio of 
shear modulus, the excess pore water pressure reduced. 
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“Fig. 6” Ralationship between excess pore water 
pressure and reduction ratio of shear modulus  
 
 

As can be seen in Fig. 7 With increasing excess pore water 
pressure ratio, the buoyancy is also increasing 
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“Fig. 7” Ralationship between excess pore water 
pressure ratio and buoyancy 
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4 CONCLUSION 
 
Peak strains are caused when the excess pore water pressure 
rises and falls. 
The vibration strain peaks when the excess pore water 
pressure ratio is between 0.45 to 0.55 during liquefaction 
process. The longer the period of incomplete liquefaction 
remains, the longer that of great vibration strain is. 
The pipe strains shoud be classified according to the 
mechanism of generation: vibration strains which indicate 
pipe vibration, and accumulated residiual strains which 
indicate the pipe bending due to uplift. Modes of pipe failure 
indicated by the former is different from the later. 
Given the significant changes that occur in the pipe, buried 
pipe can be concluded that the gas network is vulnerable. And 
retrofit them for prevention of human and financial losses, it 
seems quite reasonable. 
To obtain an equation to describe the pore water pressure 
during the liquefaction phenomenon in this region requires 
studies fare much worse. 
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ABSTRACT 
 
Reinforced soil technologies have been widely applied during past few decades. A large variety of 

reinforcing materials emerged and they have been developed for construction purposes, such as geogrids. In this 
regards, due to increasing usage of polymeric materials such as geogrids shows the importance of investigating 
on behavior of these types of materials. Geogrid reinforced retaining walls, are designed by experimental and the 
classic methods which are often based on limit equilibrium methods. current analytical methods sometimes treat 
the soil and reinforcement separately, which should been evaluated with practical situations. So, in this research 
the experimental results compare with output results of finite difference method numerical analysis and limit 
equilibrium methods in these types of walls. It's shown that the "F.D.M" results performed by FLAC2D software 
are in good agreement with those of experimental model tests and nearly manual calculations (L.E.M). 

   
 
Keywords: geogrid, Geosynthetic, manual calculations, finite difference method “F.D.M", Limit equilibrium, 
Polymeric reinforced soil retaining walls, FLAC2D software, laboratory models. 
 
 

1.Introduction 
 
      Issued related to the design and factors affecting 

the performance of reinforced soil have been 
addressed by many researchers in recent times 
(e.g. Bathurst et al.,2005;Park and Tan,2005; 
skinner and Rowe,2005;Versuo et 
al.,2005;Hufenus et al., 2006;Nouri et al.,2006). 
Also, the behavior of reinforced earth structures 
has been comprehensively studied through filed 
observation of full scale physical model, 
laboratory model testing, and numerical 
solutions. However the cost of constructing and 
monitoring full scale reinforced test 
embankments is quiet high. An alternative 
method such as a numerical “experiment” or 
simulation by means of appropriate methods 
such as finite difference (F.D.M) or limit 
equilibrium (L.E) techniques(e.g.and 
Rowe,1994) is essentially required. 

     So, numerical modeling of reinforced systems 
behavior is important for the evaluation of  

    

 
 
     Knowledge concerning these systems, their 

design methodologies and also to forecast their 
behavior. with this goal, a real soil wall with 
lateral slopes reinforced with geogrids was 
numerically modeled. The main target of this 
research is to analyze the influence of 
reinforcement and the reinforcement geometry in 
the behavior of soil systems reinforced with 
geogrids.  

 
      
     2.Reinforced soil Description 
     
     A soil wall with slopes reinforced with geogrids 

was built between Regua and Reconcos in the 
main itinerary 3 (IP3) and is a part of the 
reestablishment 2. The reinforced slope has an 
extension of about 206m, is in curve and the 
reinforced area reaches a maximum height of 
about 20 m in the outside curve slope at 150 m 

     of extension(Mendonca 2004).      The maximum inclination of the reinforced slope 
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is about 60o in horizontal direction. On the 
reinforced sections higher than 10m, with 
variable width parallel to the road pavement was 
built. The maximum width of the bench was 3 m. 
the bench had the following objectives: to reduce 
minimum inclination of the slope in the zones of 
the larger height, to facilitate drainage and, 
consequently, to reduce the superficial erosion.      

     
The simulation of the soil construction was modeled 
as a successive placement of 30 soil                  
layers and equal number of geogrids levels. So, the 
total number of calculation phases was   30. The soil 
was doubted with elastic-plastic behavior with a 
failure criterion of Mohr-       coloumb. Geosynthetic 
layers were modeled using linear, elatic-plastic cable 
elements.  

 
The face characteristics were modeled considering 
in a strip of 0.5m adjacent to the face    soil with a 
cohesion equal to 25 KN/m2. The reinforcements 
are  placed  horizontally   and spaced 0.60 m 
vertically are high-density polyethylene (HDPE) 
uniaxial geogrids with tensile strengths selected 
according to the height of the soil wall.    
    
The face units, 0.60 m high, were constructed using 
welded wire net with quadrangular 0.15m size 
openings. The face unit angle (with the horizontal) is 
60º. 
The characteristics of the fill material used in the 
slope nearby the facing were similar than that used 

in the fill and are presented in Table (1). This soil is 
a residual granite and the layers were placed with a 
height of 0.30 m after compaction. 
 
3. Numerical modeling of the reinforced soil wall. 
 
for this work the program FLAC V4.0 was chosen. 
The main reason for this decision was the fact that it 
is commercial software and so it will be easier for 
geotechnical engineers’ to access the code. The 
construction the soil wall was modeled considering 
the real geometry, the adopted sequence construction, 
the materials used and the real solicitations applied. 
The total number of was 1700, with 1640 square two 
dimensional elements representative of the soil 
material, 30 elements of the type representative of the 
face and 30 linear cable elements representative of 
the geogrids(figure.1) 

 

 

 
Table (1). Specifications of the soil. 
 

 
                                            
 
 
 
 
 
 
 
 
 

Figure(1). Mesh elements of the embankment 
numerical model.  
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From the  results  of  the  numerical  
modeling  presented in Figures 2 & 3 it was 
verified that, only in a reduced extension to 
the interior of the embankment face,  
displacements  have  influence  on  
geogrids’s deformations and in consequence 
on its tensile load distribution. Therefore, 
we think that it is interesting to study the 
effect of position and reinforcement length 
in the limitation of the slope deformations. 

So, starting from a calculation with 
reinforcements with the same length (12.5 
m) designated by base model, several 
calculations were made. In these calculations 
the number of reinforcements was the same   
as   the base model.    

 

 

 

 

 

 

 

 

 

Even so with two different lengths: main 
reinforcements spaced 1.2 m, with the length 
considered in the base model; and secondary 
reinforcements, spaced 1.2 m in the middle 
of the main reinforcements, with variable 
lengths of 8,6, 4 and 2 m. Additionally, a 
calculation was performed with the 
reinforcements spaced vertically at 1.2 m. 
 

 
Figure(3). Contours of horizontal displacements. 

 
 

 The Conclusions from N.M. show that the 
maximum horizontal face displacements are 
strongly dependent on the length of the intermediate 
reinforcements. Figure 4 clearly shows that the face 
displacements decrease with the reduction of the 
length of the intermediate reinforcements until values 
of about 4m. For shorter reinforcements, the 
displacements in-crease significantly. Therefore, the 
optimum intermediate reinforcement’s length, for 
this particular structure, is between about 4 and 6 m. 
 
This situation results from the fact that the 
reinforced soil wall,  with  shorter  intermediate  
reinforcements for the optimum values, are flexible 
in a non-uniform way and consequently the 
resulting rotation due to differences of stiffness 
along the reinforced Soil drive to a reduction of 
the horizontal deformation near the face. In the 
base model, as in models   with   short   
intermediate   reinforcement length, the stiffness of 
the soil mass is more uniform and consequently the 

Figure (2). Geogrids displacements 
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horizontal face deformation, in the absence of an 
accentuated rotation, is controlled by the stability 
of the face. In limit, as it would be expected, its 
maximum deformation occurs when intermediate 

reinforcements do not exist. 
 

 

 
 
 

 
 
 
 
 
 
 
 
 

Applying  this  method  to  the  IP3  embankment 
with reinforced slopes with geogrids, an alternative  
solution to the real structure could be the 
 corresponding optimized calculation. That is, 
secondary reinforcements (with 4.0 m of length), at 

middle vertical distance from primary 
reinforcements, spaced in the vertical of 1.2m(Fig.5) 
  
 

 
 

 
 
 
 
 
 
 
 
 
 
 
 
 

 
Figures (6) shows some numerical results and can be  
compared with those presented in Figure (3). From  
its analysis it is verified that the influence of the face  
displacements  on the  interior  of  the  reinforced  zone  
 increases in the Normalized solution. 
 
 

 
 

 
 
 
 
 

Figure(4). Effect of secondary Georid’s length on 
maximum horizontal face displacements. 

 
 

Figure 5.  Normalized geogrids  distribution  for  
the  geogrid reinforced soil retaining wall. 
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Figure (6). Horizontal displacements of the Normalized model. 
 
 
 
4.Conclusions 
 
Although, Internal stability analysis geogrid 
reinforced soil retaining walls, based on limit 
equilibrium, are known to be very conservative  
current design methods do not provide useful 
performance information such as wall face 
deformations. 

 
Utilizing the constitutive models and properties of 
foundation soils published by previous researches, 
numerical simulations were conducted using 2D 
explicit Finite Difference programs, FLAC2D. after 

reviewing the main results of the N.M. in static 
conditions of the reinforced soil with geogrids built 
in IP3, between Regua and Reconcos, it’s shown 
that the control of face deformations is guaranteed 
considering geogrids with an minimum length plus a 
sufficient number of long geogrids to ensure the 
structure’s internal and external stability. 
It’s observed that in a normalized geogrids solution 
the amount of shorter geogrid’s length should have 
between 30-50% of the long geogrid’s length. 
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1. INTRODUCTION 
Soil improvement refers to any method or techniques that 
improve the engineering properties of soil, like 
compressibility, shear strength, stiffness, and permeability. 
Raju (2009) classified the soil improvement methods to 
following principles: (i) chemical modification (e.g. jet 
grouting, deep soil mixing, injection grouting), (ii) 
consolidation (e.g. vacuum consolidation, prefabricated 
vertical drains & surcharge, stone columns), (iii) 
reinforcement (e.g. geosynthetic reinforcement, stone 
columns), and (iv) densification (e.g. dynamic compaction, 
vibro-compaction, compaction grouting) [1, 2] (Table 1). 
 
Majority of the companies and geo-engineers, which are 
working in these fields agree that the soil improvement 
methods are typically done based on following 
classifications: (i) hydraulic modifications, (ii) mechanical 
modifications, (iii) modifications by inclusions and 
confinement, and (iv) physical and chemical modifications 
[3]. The goals of such improvement methods include 
reducing soil water content, reducing compressibility, and 
increasing shear strength.  

2. DEFINITION OF ELECTROKINETIC 
 
EK is well known as the physicochemical transport of charge, 
action of charged particles, and effects of applied electric 
potentials on formation and fluid transport in porous media 
[4, 5]. As stated, the presence of the diffuse double layer 
(DDL) causes several EK phenomena in soil, which may 
result from either the movement of different phases in respect 
of each other including transport of charge, or the movement 
 
 

of different phases relative to each other due to the applying 
of such electric potentials [4, 6]. Besides, application of direct 
current (DC) through electrodes give rises to electrolysis 
reactions at the electrodes [7, 8]. Oxidation of water at the 
anode generates an acid front and reduction at the cathode 
generates a base front. Electrolysis reactions are described by 
the Equations (1) and (2). 
 

2H2O – 4e- → O2 ↑ + 4H+ →   (anode)           ..(1) 
4H2O – 4e- → 2H2 ↑ + 4OH- → (cathode)         (2) 
 

Within the first few days of EK processing, electrolysis 
reactions increase the pH at the vicinity of the cathode and 
decrease the pH at the vicinity of the anode. These changes 
are normally dependent to the total current applied [5, 9].  
The EK phenomena include electroosmosis, electrophoresis, 
streaming potential, and sedimentation potential. 
Electroosmosis is defined as movement of fluid with respect 
to a solid wall as a result of an applied electric potential 
gradient [10, 11]. 
 
In other words, if the soil is placed between two electrodes in 
a fluid and an electromotive force is applied the fluid will 
move from one side to the other. Electrophoresis is the 
movement of suspended solid in a liquid due to application of 
an electric potential gradient. Streaming potential is the 
reverse of electroosmosis. It defines the generation of an 
electric potential difference due to fluid flow in soils. 
Sedimentation potential (or migration potential), known as 
Dorn effect [12], is an electric potential generated by the 
movement of particles suspended in a liquid [9, 13, 14]. 
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Table 1. Various soil improvement techniques (after Hausman, 1990) 

Mechanical 
modifications 

Shallow Surface 
Compaction 

Static Roller 

Smooth Steel Rollers and 
Pneumatic–tired Roller 
Sheepsfoot Rollers 
Grid Roller 

Impact and Vibratory 
Equipment 

Tamper, Rammers, and Plate 
Compactors 
Vibrating Rollers 
Impact Rollers 

Deep Compaction 
Technique 

Pre–compression 
Explosion 
Heavy Tamping (Dynamic compaction) 
Vibration (Vibro–compaction and Vibro–replacement) 

Hydro–mechanical 
Compaction 

Hydraulic Fill 
Dry Fill with Subsequent Spraying or Flooding 
Compaction of Rock Fill with Water Jets 

Hydraulic 
modify cations 

Open Sumps and Ditches  

Gravity Flow Wells  

Pre-loading and Use of Vertical Drains 
Vacuum Dewatering Wells and Preloading  
Electrokinetic Dewatering and Stabilization 

Physical and 
chemical 
modifications 

Mixing Method 
Shallow Mixing Method (SMM) 
Deep Mixing Method (DMM) 

Injection and grouting 

Permeation Grouting 
Compaction Grouting 
Hydro fracture Grouting 
Compensation Grouting 

Modifications by 
inclusions 
and confinement 

Flexible Geosynthetic Sheet Reinforcement 

In Situ Ground 
Reinforcement 

Ground Anchorage 
Rock Bolting 
Soil Nailing 

Soil Confinement by 
Formwork 

Crib Walls  
Gabions and Mattress  
Fabric Formwork  

 

3. ELECTROKINETIC HARDENING OF SOIL  
While conventional soil grouting can be used to stabilize soils 
with relatively high permeability (k typically greater than 10-5 
m/s), other methods need to be applied for strength 
improvement of fine-grained soils with lower hydraulic 
conductivity values. These include, hydrofracture grouting, 
artificial ground freezing, and induced consolidation either by 
applying electric fields or surcharging the soil [15]. Although 
all of these methods result in some considerable degree of 

ground movement, it still have other drawbacks [8, 15]. With 
the increase in urban construction and construction in 
mechanically substandard soils, new methods was required to 
stabilize soft soils with low permeability while minimizing 
ground movements [11]. EK stabilization is a ground 
improvement method which is treats soils without excavation 
(e.g. disturbing the soil). This is known as an important 
advantage over traditional methods. It has been used in 
several soil improvement categories including consolidation, 
contaminant removal, dewatering, and stabilization [7, 16-20] 
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3.1 Electroosmosis Consolidation 
Early application of electroosmosis was intended for 
dewatering of wet soils and soil consolidation [21-23]. 
Enhanced electroosmosis with injection of cationic stabilizer 
into the soil has been developed significantly in recent years 
to improve the shear strength of soft soils [14, 15, 24-27]. The 
enhanced electroosmosis techniques are different than 
electroosmotic consolidation in that transport processes are 
utilized for injecting chemical grouts into the soil.  
 
Gray and Schlocker (1969) and Gray (1970) studied 
electroosmosis as a transport mechanism for hardening soft 
soils by injecting the aluminum ions [28, 29]. In their studies, 
the liquid limit of montmorillonite dropped to about half of 
the initial value. Sutton and Alexander (1987) described using 
electroosmosis to draw chemicals from anode to cathode for 
soil stabilization, further indicating that it is possible to alter 
the clay properties and cause mineralization by 
electrochemical methods [8]. Shang et al. (2004) stated 
conditions that most favored for a chemical reagents used in 
the electrochemical cementation process are (i) the chemical 
compounds should increase the soil shear strength, (ii) they 
must be economically feasible, and (iii) they should be 
soluble in water so that they can be transported by the 
electrical current through soil pores. 
 
While electroosmosis mobilizes the pore fluid, carrying 
soluble grouts toward the cathode, ionic migration effectively 
transports negative anions to the positive anode and positive 
cations to the negative cathode. The important difference is 
that this mode of chemical transport can potentially occur 
without any fluid flow, compared to the use of electroosmosis 
to induce chemical transport [22]. Based on this fact, Ozkan 
et al. (1999) presented the results of experiments for injection 
of phosphate and aluminum ions at the cathode and anode to 
improve the mechanical properties of kaolinite [30]. The 
premise for this work is that electroosmosis can carry 
phosphate ions towards the cathode while ionic migration 
transports phosphate ions towards the anode, resulting in 
more rapid, uniform soil stabilization. The results showed a 
500–600% increase in kaolinite undrained shear strength after 
treatment. However, the strength increase was not 
homogeneous throughout the specimen. Previous laboratory 
work and case studies are summarized in Table 2. 
 

3.2 Application of Electrokinetics in Soil Improvement 
Alshawabkeh (2009) stated that application of electric 
gradients in soil mass will result in two important transport 
mechanisms; electroosmosis as well as electro ion migration 
(EM). Electroosmosis draws chemical stabilizers with the 
flowing water under electric fields. However, the EM 
transports ions to the electrode opposite in polarity under 
electric fields [9]. Electroosmosis and any other hydraulic 
flow will usually carry and move all types of solutes from one 
location to another, depending on flow direction. However, 

EMs separate positively and negatively charged ions and 
cause their migration to opposite electrodes. As a result, 
hydraulic flow might improve the migration of certain ions, 
but retard migration of other ions (with opposite charge) [5, 9, 
31]. The relative contribution of electroosmosis and 
migration to ion transport under electric fields varies for 
different soil types, type of ion, water content, boundary 
conditions, and pore fluid chemistry.  
 

4. IMPORTANCE OF SURFACE CHARGE 
Surface charge in turn is a function of pH and dissolved salts 
concentration which normally measure by the zeta (ζ) 
potential [38, 39]. The ζ potential is known as an intrinsic 
property of colloidal particles suspended in a liquid. 
Adsorption of ions or dipolar molecules is determined by, and 
also determines, this charge and potential distribution [40, 
41]. The potential distribution itself determines the 
interaction energy between the particles, and this is in many 
cases responsible for the stability of particles towards 
coagulation and for many aspects of the flow behavior of the 
colloidal suspension [27, 42, 43]. 

5. CONCLUSION 
Although EK injection technology has been seldom 
employed, as showed in Table 2, the majorities of 
applications have been successful and have proved an 
economic alternative to traditional ground improvement 
methods [14, 24, 30]. Over the last 40 years, a few hundred 
different compounds of chemical grout are introduced. The 
grouting and chemical grouting technologies have also grown 
over the last few decades. Besides, the EK injection is 
established as an effective in situ ground improvement 
technique in fine soils, particularly where ground movements 
need to be minimized. However, the origin of EK treatment 
performed on a few soil types as well as chemical stabilizers. 
For most of the soft soil, EK injection phenomena and 
consequences of injection of cationic (or chemical stabilizer) 
reagents have not been studied yet. 
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Table 2. Various reported case studies and researches relating to EK stabilization 
Reference  Application Soil Stabilizer Comments 
[32]  Foundation for 

bridge 
abutment 

Soft to stiff 
clay 

Sodium silicate Major implementation 
problems 
encountered 

[33] Laboratory 
investigation 

Liquifiable 
sand 

Silicate solutions, 
bentonite, 
aluminum hydroxide 

Successful application 
 

[34] Highway 
subgrade, 
Arizona 

Low-plasticity 
clay 

Potassium chloride Reductions in degree of swell 
and swell 
pressure 

[35] Foundation 
strengthening 

Loess Sodium silicate Successful application 
 

[5] Large scale 
laboratory 
investigation 

Fine grained 
sand bed and 
Kaolinite bed 

ammonium at 
cathode and sulphate 
at the anode 

Successful application 

[36] Laboratory 
investigation 

Kaolinite Aluminum and 
phosphate ions 

Larger increases in shear 
strength for phosphoric acid 
than aluminum 
sulphate/phosphoric acid 

[30] Laboratory 
investigation 

Kaolinite 
 

simultaneously 
inject aluminum ions 
at the anode and 
phosphoric ions at 
the cathode 

average shear strength increase 
of 500 – 600% was obtained in 
the region of the cathode 

[37]  Laboratory 
investigation 

Sand Sodium silicate and 
calcium 
chloride 
 

Possibility that temperature 
variation in ground under 
electric loading has an influence 
on strength of improved ground. 

[15] Laboratory 
investigation 

Marine illitic 
soil (Boston 
Blue Clay) 

inject phosphoric 
acid at the cathode 

shear strength increased by 
160% at the side of cathode 
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1. INTRODUCTION 
Clay soils make up great part of soils in the ground. Clayey 
soils are commonly stiff in dry states but lose their stiffness 
when they are saturated with water. Clayey soils commonly 
have low bearing capacity, low stability, high settlement, and 
excessive swelling or shrinkage properties. For these reasons 
it is necessary to make such soils suitable for construction. 
The use of traditional geotechnical engineering techniques for 
infrastructure, such as the replacement of unsuitable soils for 
stiff and resistant embankment, is often problematic, not only 
for their high costs, but even more for environmental reasons. 
In roads, for instance, the use of granular bases becomes 
unsuitable when the extraction site is at a significant distance 
from the construction site [1]. Application of stabilization 
agent on soils has a long history. Many materials such as lime 
[2], fly ash [3] and organic polymers [4] were used as 
stabilizing agents. When lime is added to a clayey soil it has 
an immediate effect on the properties of the soil. With adding 
lime cation exchange begins to take place between the 
metallic ions associated with the surfaces of the clay particles 
and the calcium ions of the lime. One of the ways to make 
clayey soils suitable for construction is altering the properties 
of soil. This increases the strength, reducing compressibility, 
swelling or shrinkage and increasing the durability of soils. 
Ion exchange is one of the methods for stabilization of clayey 
soils. It is well-known that the swelling properties of 
expansive soils significantly are affected by cation exchange 
capacity [5]. Ion exchange occurs when some of the addictive 
such as fly ash, lime, cement and ion exchange solution are 
added to these soils. Many of ranchers have investigated the 
improvement of the expansive soils with fly ash and they 

 
 

have determined that addition of fly ash to the soil decreases 
the value of cation exchange capacity [6], [7]. 
There are many ion-exchange solutions soil stabilizer and one 
of the best and most economical ion-exchange solution is 
using in this paper and its name is CBRP

+4
P. 

The objective of this paper is to investigate the bearing ratio 
capacity of two clayey soils that are stabilized with CBRP

+4
P ion 

exchange solution. The tests were carried out on two clayey 
soils with different doses of CBRP

+4
P (0.0, 0.12 and 0.28 

(gr/lit)) in two different curing times. The test results also 
were discussed in detail and compared with each other. 

2. MATERIALS 

2.1 Soil 
In this experimental study two fine-grained clays were used. 
Soils are from Iran- Qazvin- Abyek. The grain size 
distributions of two clayey soils are presented in Fig.1. 
The soils lie above the A-line in plasticity chart. Two soils are 
classified as low plasticity soil according to the unified soil 
classification system (ASTM D422-87) and their name 
according to USCS is CL (clayey soil with low plasticity). 
The optimum moisture contents and maximum dry densities 
of two clayey soils were obtained according to ASTM D4318 
(Fig. 2) .Engineering properties of two soils are presented in 
Table 1. 
Soil samples for CBR test were compacted with their 
optimum moisture contents value and the respective dry 
densities. 
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        Fig.1 Grain size distribution of two clayey soils 

 

 
Fig.2 Compaction curves of two clayey soils  

 

2.2 CBR+4 Solution 
CBR+4 solution is a stabilizer for anionic soils that can 
improve the bearing capacity of a variety of clayey soils. Soils 
that normally are not suitable for road construction can now 
be treated with CBR+4 for base and subbase in road 
construction. Clay minerals inherently have a predominantly 
negative electrical or anionic charge; this causes the clay 
minerals to have strong attraction for any caution that are 
presented. These negative clay minerals attract cautions like 
iron filings to a magnet and will react with water when 
present. Normal temperatures and compaction pressure will 
not remove them. This layer of water is known as the 
electrostatic diffused double layer of adsorbed water [8]. 
Generally it can be said that CBRP

+4
P forms an extremely thin 

oily layer on the surface of soil particles and especially on 
clay particles. This facilitates the compaction of soil and 
allows water, which is normally chemically bound with the 
soil particles, to be driven out of the soil matrix. In this 
process the soil can be compacted to a higher density. Since 
CBRP

+4
P neutralizes the natural electrical charges that occur on 

the soil particle surface, the soil particles can be compacted to 
a much closer degree (especially by traffic forces). This will 
lead to increasing in internal friction between the soils 
particles, which in turn result in a higher bearing capacity for 

the soil [9]. Table 2 shows physical and chemical properties 
of CBRP

+4
P. 

 
Table 1: Engineering properties of two clayey soils 

property soil A soil B 

 Liquid Limits, (%) 30 42 
Atterberg 

limits Plastic Limits, (%) 18 23 

 Plasticity Index, (%) 12 19 

 
Optimum Moisture 

Content, (%) 15 17 

Compaction 
parameters 

 

Maximum dry unit 
weight,(kN/mP

3
P) 19 17.8 

Soil classification(USCS) CL CL 
 

Table 2: Physical and chemical properties of CBRP

+4
P [10] 

Appearance Chocolate Brown viscous 
fluid 

Odour Sulphurous Odour 

Physical State Viscous Fluid 

Freezing Point(°C) <-10° C 

Boiling Pint (°C) 100°C 

pH 9 

Specific Gravity 0.94 

Coefficient Water/Oil 100% water soluble 

Percent Soluble (at 20°C) 100% 
 

3 EXPERIMENTAL PROGRAM  
3.1  Test Procedure 
To study the effect of various amount of ion exchange CBRP

+4
P 

and curing time on the bearing ratio of clayey soils with 
various plasticity index(PI) , a series of bearing ratio tests 
were conducted on soaked samples for three different amount 
of CBRP

+4
P solution (without CBRP

+4
P and two different doses of 

it) and two different curing times. For soaked condition, the 
samples were immersed in water for 96 hours. The purpose of 
different amount of ion exchange solution and curing time is 
to investigate the effect of each variable on bearing ratio of 
different soil samples.  

3.2   Preparation of Samples 
The bearing ratio mold is a rigid metallic cylinder with an 
inner diameter of 152mm and a height of 178mm that 61mm 
of its height is filled with a circular metal disk. 
To prepare the samples, oven–dried clayey soils were mixed 
with their optimum moisture content (soil A with 15% 
moisture and soil B with 17% moisture).The soil that was 
mixed with its optimum moisture was placed in five layers at 
the bottom of the mold. Each layer was compacted by 56 
blows of a 44.5-N rammer dropped from a height of 457mm. 
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The samples with various clayey soils and amount of CBR+4 
solution have been cured for two various times, one day and 
one week. After these curing times, samples were soaked in 
water for 96 hours. 
To prepare the soaked samples, the mold containing clayey 
soil was immersed in water, allowing free access of water to 
the top and bottom of the samples, and was allowed to soak 
for 96 hours (ASTM D1883-99). 

3.3  California Bearing Ratio (CBR) Test 
The bearing ratio is one of the fundamental parameters used 
to demonstrate the behaviour of soil. This test is used in many 
geotechnical projects including roads, railroads, pavements 
and airport runways. To demonstrate the influence of 
different variables on the bearing ratio of the clayey soil 
stabilized with CBR+4 solution, a series of bearing ratio tests 
were carried out on stabilized and unstabilized specimens. 
The bearing ratio tests were conducted under soaked 
condition in both one day and one week curing times 
according to ASTM D1883-99. CBR tests are conducted with 
a mechanical loading machine equipped with a movable base 
that moved at a uniform rate of 1.27 mm/min. The diameter of 
the piston is 49.6 mm. The loads were recorded as a function 
of penetration depth up to a penetration of 10 mm. 

4 RESULTS AND DISCUSSION 
Bearing ratio tests were carried out for both stabilized and 
unstabilized clayey soils with different amount of CBR+4 and 
different curing times at optimum moisture contents values of 
each soils. The stress-penetration curves were plotted and 
corrected according to ASTM D1883-99. Fig. 3a shows 
typical stress-penetration curves for soil A in one week curing 
time and Fig. 3b indicate the same curves for soil B. 

4.1  Effect of Amount of CBR+4 Solution 
In this study three different ion exchange solutions doses 
were considered for two clayey soils to investigate the 
influence of the amount of this stabilizer on the strength of 
soaked samples. CBR values for a penetration depth of 
2.5mm were calculated based on ASTM D1883-99 and the 
following equation: 
 
CBR= [stress at 2.5mm penetration /6.894MPa]100          (1)                                                 
 
In the above equation 6.894 MPa is standard stress at 2.5 mm 
penetration. 
Fig. 4 shows CBR values versus various doses of CBR+4 for 
one week curing time. Based on these finding, it can be 
inferred that dose of CBR+4 doesn’t play any significant role 
in the behaviour of soil with higher plasticity index and this 
can be due to less ion exchange. It shows that soil with higher 
PI can’t properly accept cation (positive charge) from CBR+4 
solution.  
Fig. 5 shows the percentage of the increase in CBR values for 
two clayey soils in one week curing time. It shows that with 
increasing the dose of CBR+4 up to the 0.12 gr/lit, it increases 
CBR values of soil A and this is because of ion exchange 
reaction .With increasing CBR+4 more than this value, more 
solution without any reaction remain in the soil and this can 

deteriorate its strength. But soil B shows reduction in CBR 
values with increasing the dose of CBR+4. 

 
(a) 

 

 
(b) 

Fig.3 Typical stress-penetration curves for samples with 
various dose of CBR+4 for one week curing time: 

 (a) Soil A and (b) soil B.  
 

 
Fig.4 CBR values versus doses of CBR+4 solution for one 

week curing time 
 

 
Fig.5 Percentage of increase in the CBR values for different 

clayey soils 
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4.2   Effect of the Curing Time 
To investigate the effect of the curing time on the behaviour 
of the stabilized and unstabilized soil, two curing times were 
considered; one day and one week. 
Fig. 6 illustrates the effect of the CBR+4 on the CBR values 
for the various curing times. It shows that the curing times 
don’t have any significant effect on the behaviour of soil B 
that have higher plasticity index but curing time plays a 
significant role in the strength of the soil A with lower PI. It 
show that increasing curing time has a significant effect on 
the behaviour of soil A and CBR values of soil B don’t show a 
significant change. Soil A has a complicated behaviour with 
adding stabilizer and curing time is an important factor. In 
one day curing time, increasing in dose of CBR+4 increase 
strength of soil and this is because of higher rate of reaction 
with further amount of this solution .With higher curing time 
increasing in dose up to the 0.12 gr/lit increases CBR values 
and this is because of ion exchange reaction, but with 
increasing CBR+4 more than 0.12 gr/lit, more solution without 
any reaction remain in the soil and deteriorate its strength. 
 

 
(a) 

 
(b) 

Fig.6 CBR values versus doses of CBR+4 solution for 
different clayey soils: (a) Soil A and (b) soil B. 

 
5 CONCLUSION 
To study the behavior of clayey soils that have been stabilized 
with CBR+4 ion exchange solution, several CBR tests were 
conducted on the stabilized and unstabilized soils. The 
following conclusion can be drawn from the test results: 
• CBR+4 solution is a stabilizer that has cation ions and can be 

used for soils that have anion ions. Two soils that have been 
used in this study were clayey soils that have anion ions. 

•  Plasticity index (PI) plays a fundamental role and this study 
shows that the stabilization efficiency decreases with 
increasing PI. 

• A greater strength for stabilized soil was achieved for 
samples with one week curing time and lower dose of 
CBR+4 for soil with lower PI (soil A). 

• Increasing in the curing times doesn’t have a constant effect 
on the strength of the various clayey soils and its effects are 
different for various soils. 

• Adding excessive dose of CBR+4 solution have a negative 
effect, because some of this stabilizer remains in the soil 
without any reaction and reduces the strength of soil. 

• Soil A that has lower PI shows the maximum strength with 
lower dose of CBR+4 and one week curing time. It shows 
168% increase in CBR value.  
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1. INTRODUCTION 
Constructed piles are usually tested in order to evaluate 

their integrity as part of foundation construction quality 
assurance. The low strain integrity test is routinely 
performed, because it is fast and cost effective. This test is 
based on wave propagation theory and the name "low strain 
test" is based on the fact that when a light impact is applied to 
a pile it produces a low strain compression wave that travels 
down the pile at a constant speed, and generates pile strains of 
around 10-5 micro strain (Hussein and Garlanger, 1992). 
Changes in cross sectional area such as a reduction in 
diameter or material such as a void in concrete produce wave 
reflections, which can be used for pile integrity assessment. 
This procedure is performed with a hand held hammer to 
generate an impact. The accelerometer or geophone is placed 
on top of the tested pile to measure the response to the 
hammer impact via data acquisition and interpretation 
through     electronic instrument. The hammer impact induces 
a one dimensional stress wave into the pile that travels at 
speed (c), where (c) is a function of the pile density (ρ) and 
material elastic modulus (E). The recorded data will be 
processed and interpreted assuming a typical wave speed 
value. Pile impedance (Z) is defined as the elastic modulus 
“E” times the cross sectional area (A) divided by material 
wave speed (c) (i.e. Z=EA/c). Impedance changes are 
attributed to changes in pile cross sectional area and material 
quality. A sample test setup is shown in Figure 1. 

The low strain pile top velocity records indicate changes in 
pile size or quality. However, the pile top motion is also 
affected by soil resistance forces. An increase in pile 
impedance and/or soil resistance force results in a decrease in 
the measured pile top velocity (Johnson and Rausche, 1996). 
However, the contribution of surrounding soil on the pile 

 
 

integrity results is still not precisely quantified. This has led to 
difficulties in assessment of integrity of piles embedded in 
soils that produce strong resistance or damping effects on the 
tested piles. 
 
 

 
Figure 1. Components of Pile Integrity Test (PIT) (Massoudi 

and Teferra, 2004) 
 

Reflections from defects are also reduced by soil damping 
effects. Hence, defects at deeper depths are more difficult to 
detect. Rausche et al. (1992) had noted that an impedance 
profile analysis, which yields a pile shape as function of depth 
must properly identify soil resistance effects before the 
impedance profile can be calculated. 

While well developed for high strain dynamic tests, 
currently there is no generally accepted method available for 
the analysis of soil resistance effects on low strain stress wave 
propagation. For this reason, engineers have to make certain 
assumptions in order to compensate for lack of proper 
identification of pile/soil interaction. This may jeopardize the 
quality of the test output. In addition, soil resistance and 
damping effects may lead to inconclusive assessment of pile 
integrity, while it is difficult to distinguish the soil response 
from the pile response (ASTM, D5882). As a consequence, 
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GRL Engineers, the leading firm in the field of pile integrity 
testing, has recommended “Inconclusive” test result for  piles 
subjected to high soil resistance and thus, lacking of clear 
stress wave toe reflection (Webster and Rausche, 2011). 
 
2.  METHOD OF ANALYSIS 
 

Assuming a concrete pile shown in Figure 2 having radius 
(r0), density (ρc), modulus of elasticity (Ec), and cross 
sectional area (A) is subjected to light dynamic force (F0) 
causing displacement (w) in the (z) direction. 
 
 

 
Figure 2. Schematic diagram for the proposed pile and a 

selected pile segment 
 

Hence, the basic mathematical equations, assuming elastic 
soil resistance will be: 
 
 

 

 

 

 
where, (v) is particle velocity, (f) is skin friction and (As) is 
surface area. 

The skin friction is assumed to be proportional to 
displacement as per the friction-displacement correlation of 
Kraft et al. (1981): 
 
 
 
 
 
where (G) is the soil shear modulus, which can be calculated 
using equation (5) and (rm) is the pile influence zone. 
 
 
 
where (Es) is soil Young’s modulus and (ν) is soil Poisson’s 
ratio. 

Since the pile is subjected to dynamic loading, pile 
influence zone can be estimated using ground vibration 
attenuation equation (Amick and Gendreau, 2000) as follows: 

 
 
 
where, (A0), (A1) are vibration amplitudes at (r0) and (r1) 
distances, respectively, (γ) is a coefficient, which depends on 
wave type and (α) is material damping coefficient. 

At the pile toe, the displacement caused by reflected wave 
(wr) in terms of the incident wave caused displacement (wi) 
is: 
 
 
 
 
 
 

 
At the pile-soil Interface, the force caused by the reflected 

wave (Fr) in terms of the incident wave caused force (Fi) is: 
 
 
 
 
 
 
where, (ρs) is soil density, (vs) is wave velocity in soil and 
(vc) is wave velocity in concrete. 

The compressive wave velocity in the concrete pile is 
calculated by: 
 
 
 

 
 
The primary wave velocity in the soil is calculated by: 

 
 
 
 
 

i. Sample analysis 

The following pile data is used in the analysis: 
 
Pile Length, L [m]          =    10 
Concrete Density, ρc [t/m3]     =   2.5 
Ec [kN/m2]           =      4.0E+07 
Pile Radius, r0 [m]         =    0.178412 
Pile Cross Sectional Area, A [m2] =    0.1 
Number of elements        =    80 
Pile Element Surface Area, As [m2] =  0.140124 
Wave Velocity in Concrete, vc [m/s] = 4000  
 
Very dense granular soil is assumed to surround the pile. Soil 
parameters are as follows: 
 
Soil Density, ρs [t/m3]      =    1.8 
Poisson's Ratio, ν        =   0.4 
Soil Shear Modulus, G [kN/m2]  =  36000                       
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Wave Velocity in Soil, vs [m/s]  =   346.4102                  
Time Interval in Soil, Δts [sec]  =   0.000361 
γ (equation 6)         =  1 
α (equation 6)         =  0.13 
 
Applied dynamic force details are as follows: 

 
Force Amplitude, F0 [kN]    =   1.8 
Pulse duration, [sec]      =  0.00025 
 
The pile influence radial distance (rm) is calculated using 
equation (6) and the abovementioned pile-soil parameters. 
Wave amplitude attenuation with radial distance is shown in 
Figure 3. 
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Figure 3. Wave attenuation with radial distance 

 
As shown in the figure, the attenuation reaches 95% at 2.6m 
radial distance. Hence, rm is considered to be 2.6m. The 
proposed model is compared with the output of PIT-S 
software manufactured by Pile Dynamic Inc. (PDI). PIT-S 
takes a user-input pile shape, soil layer properties and 
characteristics of the low strain hammer impact, and displays 
the velocity reflections versus time and versus pile length that 
a PIT test under such conditions would produce. PIT-S is 
simulation software in its most basic application, does not 
require any data collection. The display of force and velocity 
curves or of the velocity curves at two different locations 
along the pile (integrity testing of piles integral to a structure 
is accomplished by analyzing 2 velocity curves) simulate 
integrity tests performed with the PIT model FV. 

Velocity values at 0.625m, 5.5m ad 9.5m depths, 
calculated by PIT-S software and the proposed model are 
shown in the following figures: 
 

 
 

Figure 4. Velocity curve at 0.625m depth using PIT-S 
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Figure 5. Velocity value at 0.625m depth using the proposed 

model 
 

 
 

Figure 6. Velocity curve at 5.5m depth using PIT-S 
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Figure 7. Velocity value at 5.5m depth using the proposed 

model 
 

 
 

Figure 8. Velocity curve at 9.5m depth using PIT-S 
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Figure 9. Velocity value at 9.5m depth using the proposed 

model 
 

Summary of velocity values comparison is shown below: 
 
 
 
 
 

Table 1. Proposed model and PIT-S produced results 
 

Depth 
(m) 

Time 
(ms) 

Velocity (Proposed 
Model), cm/s 

Velocity 
(PIT-S), cm/s 

0.625 0.15625 0.4997 0.5000 

5.500 1.37500 0.3720 0.3800 

9.500 2.37500 0.3690 0.3200 

 
The proposed analysis method had been utilized in order 

to estimate soil effects on two-way propagated wave after 
been reflected at pile toe. Hence, equations (7) and (8) were 
used to predict reflected wave characteristics. The pile top 
segment force is shown in Figure 10: 
 

44..88 44..99 55
TTiimmee ((mmss))

--00..22

00..88

11..88

22..88

33..88

44..88

F Fo o
r rc c

e e 
((k k

N N
))

FFoorrccee aatt ttoopp sseeggmmeenntt == 44..330066kkNN

 
Figure 10. Force curve at pile top segment for the reflected 

wave 
 

Hence, the impact force amplitude found to be attenuated 
from 5.000kN to 4.306kN during its travel downward and 
upward the pile. This attenuation is caused by soil damping at 
toe and skin friction on pile surface. The estimated 
attenuation can be summarized as follows: 
 
Table 2: Applied force and encountered attenuations 
 

Impact Force amplitude (kN) 5.000 

Reflected force amplitude (kN) 4.356 

Force amplitude at top pile segment (kN) 4.306 

Attenuation at pile toe due to soil damping (%) 11.64 

Attenuation due to friction (%) 2.24 

Total attenuation (%) 13.88 
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Force amplitude values at 0.625m, 5.5m and 9.5m depths 
(at 0.15625ms, 1.375ms and 2.375ms time, respectively) 
produced from the proposed method of analysis as well as the 
PIT-S software is shown in Figure 11. 
 
 

 
Fig. 11: Force amplitude values using PIT-S and proposed 

model 

3. DISCUSSIONS AND CONCLUSIONS 

Numerical analysis had been utilized in order to evaluate in 
order to evaluate low strain wave attenuation in a concrete 
pile subject to soil resistance in a very dense material. The 
numerical analysis is based on introducing the skin friction in 
the basic numerical equations of motion and Hooke’s law. 
The skin friction is assumed to mobilize elastically 
proportional to pile displacement. In addition, wave 
reflection/attenuation at pile-soil interface is also considered 
in the analysis. 

Shear stress is assumed to decrease with distance, and 
considered to be negligible beyond a radial distance (pile 
zone of influence). This radial distance was estimated 
assuming that soil does not deform beyond the distance where 
vibration amplitude will be attenuated by 95% of its original 
value. 

Short pulse duration was assumed for the light impact 
comparable to the pulse chosen in the PIT-S. Despite the fact 
that PIT-S model includes plastic characteristics of soil, 
which is absent in the numerical analysis, the comparison 
between the two methods can still be considered as valid due 
to the short duration light loading type adopted, which is not 
expected to mobilize plastic behavior of soil. 

The proposed numerical analysis showed close agreement 
with the PIT-S analysis for the selected pile depths (near pile 
top, mid of pile and near pile toe). However, the produced 
results diverge near pile toe, which can be attributed to the 
differences in evaluation of soil effect at pile-soil interface 
between the two methods of analysis. 

Low strain F-wave amplitude was found to be attenuated 
by 13.88% while traveling 20.0m distance (2-way 
propagation) and after been reflected at pile toe, for a selected 
10.0 m concrete pile cast in very dense granular soil. Soil 
damping at pile toe was found to be responsible of about 84% 
of the encountered wave attenuation based on the proposed 

numerical analysis. The proposed numerical analysis need to 
be improved in order to accommodate plastic behavior of soil. 

4. ACKNOWLEDGEMENT 

The authors’ wish to thank the Research Management Centre 
of Universiti Teknologi Malaysia and Pile Dynamic 
Incorporation for providing financial support and data, 
respectively. 
 

5.  REFERENCES 

 
[1] American Society of Testing and Materials (ASTM), 

2006. Section 4, Vol. 04.09, Standard Test Method for 
Low Strain Impact Integrity Testing of Deep 
Foundations. 

[2] Amick, H., and Gendreau, M., 2000. Construction 
Vibrations and Their Impact on Vibration-Sensitive 
Facilities. Proc., ASCE Construction Congress 6, 
Orlando Florida, pp. 1-10. 

[3] Hussein, M. H., Garlanger, J., June 1992. Damage 
Detection for Concrete Piles Using a Simple 
Nondestructive Method. First International Conference 
on Fracture Mechanics of Concrete Structures. 
Breckenridge – Colorado, USA. 

[4] Johnson, M., Rausche, F., September, 1996. Low Strain 
Testing of Piles Utilizing Two Acceleration Signals. 
Proceedings of the Fifth International Conference on the 
Application of Stress-wave Theory to Piles 1996: 
Orlando, USA, FL; pp. 859-869. 

[5] Kraft, L. M., Ray, R. P., and Kagawa, T. (1981). 
Theoretical t-z curves, Journal Geotechnical Engineering 
Division, Proceedings Paper 16653, American Society of 
Civil Engineers, Vol 107(GT11). 

[6] Massoudi, N., Teferra, W., April, 2004. Non-Destructive 
Testing of Piles Using the Low Strain Integrity Method. 
Proceedings of the Fifth International Conference on 
Case Histories in Geotechnical Engineering: New York, 
USA, NY. (CD-ROM). 

[7] Rausche, F., Likins, G. E., Ren-Kung, S., September, 
1992. Pile integrity testing and analysis. Proceedings of 
the Fourth International Conference on the Application 
of Stress-Wave Theory to Piles: The Netherlands; pp. 
613-617. 

[8] Webster, K., Rausche, F., January, 2011. Pile and Shaft 
Integrity Test Results, Classification, Acceptance and/or 
Rejection. Compendium of Papers of the Transportation 
Research Board (TRB) 90th Annual Meeting: 
Washington, D.C., USA. 

 



308 
 

Dynamic Soil-Structure Interaction Considering Pore-Water Pressure Coupling  
 
 
 

 

 
UABSTRACT 

 

It is a fact that soils are extremely complicated engineering materials 

whose constitutive response depends on many factors, including soil type, 

density, water content, structure, particles size, drainage conditions,         

duration of loading, stress history, confining pressure, and stress path,    

(Corotis et al., 1974). 

However, due to the complexity of dynamic soil-structure interaction, 

numerical modeling of this phenomenon still remains a challenge. There still 

exists many difficulties to cover all the problems listed above in one model. 

From the dynamic analysis of soil-structure interaction using non-linear 

finite element simulation, it has been found that the developed               

DIANA-SWANDYNE II computer program and the solution algorithms of    

the u-p formulation for predicting the coupled behavior of soils are efficient for 

the problems solved.  

The eight noded isoparametric quadrilateral elements are used in the  

modeling. Also, a slip-interface element is used for simulation of slippage or 

separation at interfaces between soil and structure.  

Furthermore, it has been found that the coupling has a significant effect 

on the response indicated by the lower values of the displacement compared 

with those of uncoupled analysis. 

Each of the constitutive models employed in this research proved its 
ability to predict the soil response for displacement and excess pore-water 
pressure according to the type of material under consideration. But this depends 
on the selection and evaluation of the parameters of each constitutive model. 
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1. Introduction  
 

Soil mechanics is known as the 
science that deals with the properties 
and behavior of soils under stresses. 
However, only static stresses are most 
often implied. On the other hand, soil 
dynamics is that branch of soil 
mechanics which deals with 
engineering properties and behavior of 
soil under the variation of stresses 
imposed by dynamic loads             
(Das, 1983).  

The behavior of soils under 
dynamic loading deals with additional 
problems due to diversity in the areas 
and complexity in the conditions under 
which dynamic loads are applied 
(Prakash, 1981) 

Ishihara (1967) derived the 
equations of motion for a saturated 
porous elastic matrix for the two 
constituents of the soil separately.      
He related the four elastic constants of 
Biot's theory to the compressibility of 
the bulk soil, the solid material and the 
water. He concluded that the waves 
travel through the solid-water      
system without causing any change in 
the pore volume. 

Bazant and Krizek (1975) 
extended Biot's linear elastic theory to 
the non-linear non-elastic case. They 
formulated an incremental stress-strain 
relationship that takes into account the 
non-linearity and non-elasticity of the 
soil.  

Zienkiewicz and Bettess (1982) 
extended Biot's formulation to rocks 
and other saturated porous materials. 
They also presented a physical 
derivation of the governing equations.  

The behavior of soil is 
nonlinear and the dynamic properties 
are substantially dependent on the 
strains caused by the dynamic loads 
applied to the soil. For instance, the 
dynamic loads due to machine 
foundation, the amplitude of motion 
and, consequently, the strains in the 

soil are usually low. However, systems 
subjected to earthquakes or blasts 
exhibit large deformations and thus 
large strains. 

The principal properties that are 
required for design purposes are (Das, 
1983 and El-Sawwaf, 2002):  
1. Shear strength and stress strain 

characteristics, 
2. Liquefaction parameters, such as 

cyclic shearing stress ratio, and 
pore pressure response, 

3. Dynamic moduli, such as Young's 
modulus and shear modulus, 

4. Damping ratio, and 
5. Poisson's ratio. 

Laboratory measurements are 
most widely used for the determination 
of dynamic properties and cyclic 
strength of soils, for their accuracy and 
ability to cover various strain ranges 
(Ishihara, 1996). 

The soil deposits, which are 
subjected to earthquake loadings are 
also capable of these two behaviors, 
i.e. flow liquefaction and cyclic 
mobility (Casagrande, 1975). These 
behaviors are best considered in terms 
of steady-state soil mechanics 
(Casagrande, 1975; Castro and    
Poulos, 1977). 

The finite element techniques 
are now the most widely used to 
simulate the dynamic soil behavior 
because of the ease and realism      
with which the geometry and             
material properties can be modeled                
(Al-Saffar, 2009 ). 

 
1. soil-structure interaction 

A large part of geotechnical 
engineering is directly concerned with 
soil-structure interaction. In some 
cases, the soil may be modeled in great 
detail and with complicated 
constitutive relations while the 
structure is represented very simply. In 
dynamic problems, the addition of time 
as a variable increases the mass of data 
and the number of options. 
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There is no universal, ideal, or 
complete way to deal with problems of 
soil-structure interaction. The choice 
must be based on the relative 
importance of the various parts of the 
problems and on the time and 
resources available to deal with it 
(Salih, 2001). Dynamic interaction 
between soil and structure is defined as 
a phenomenon of transmitting kinetic 
energy through the interface  media.  

The use of multistory buildings 
with basement floors is very important 
in overcrowded cities. Considering the 
dynamic behavior of these types of 
structures under earthquake loading, 
many researches have neglected the 
dynamic interaction between soil, 
substructure and superstructure. They 
merely simulate the soil using a-series 
of springs and viscous damping located 
at the base of the structure only or use 
the shear beam analogy method. 

There are several factors which 
must be considered in the design of   
high-rise buildings. Some of these 
factors are related to the superstructure 
such as strength, serviceability and 
ductility while others are soil related, 
such as settlement.  

Either continuum approach or 
finite element approach can solve     
soil-structure interaction problem. 
2. Coupling Phenomena 
 

Coupled systems are those 
applicable to multiple field and 
dependent variables, which interact 
with each other, where the solution of 
any system being impossible without 
simultaneous solution of the other.  

It is convenient to classify 
coupled systems into two categories : 
Class I Problems : This class contains 
problems in which coupling occurs on 
domain interfaces via the boundary 
conditions imposed there. 
Class II Problems : This class contains 
problems in which the various domains 
overlap either totally or partially. Here, 

the coupling occurs through the 
governing differential equations 
describing different physical 
phenomena. The main example of this 
type of coupling is the soil-pore water 
interaction. 

It is well known that the 
behavior of soil is strongly influenced 
by the pressure of the fluid       
(generally water) present in the pores 
of the material, (Zienkiewicz &  
Taylor, 2000).  

 

3.  Constitutive relations  
 
The concept of the effective 

stress is here of paramount importance, 
thus if σ describes the total stress 
(positive in tension) acting on the total 
area of the soil and pores, and p is the 
pressure of the water (positive in 
compression) in the pores, the effective 
stress is defined as:  
 

mp+=′ σσ                    ---(1) 
where:  

[ ]0,0,0,1,1,1=Tm                   ---(2) 
                                                                     

Assuming that the soil can be 
represented by a linear elastic model 
we have: 

εσ D=′                                ---(3) 
 
Immediately the total discrete 

equilibrium equations for the solid-
fluid mixture can be written in exactly 
the same form as is done for all 
problems of solid mechanics: 

Ω++ ∫Ω dBuCuM Tσ   + f = 0      

          ---(4) 
Where: 
M, C and f have the usual meaning of 
mass, damping and force matrices, 
respectively. 
B : is the strain-displacement matrix .  
Ω : is the numerical integration 
domain. 
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We shall now consider the coupled 
problem discretized in the standard 
manner with the displacement vector 
approximated as: 

uNuu u
 =≈                           ---(5)     

and the fluid similarly approximated 

as: 

pNpp p
 =≈                         ---(6) 

where u and p  are the nodal 

parameters of each field and Nu and 

Np are appropriate shape function. 

Now, the term involving the 

stress must be split as: 

∫∫∫ ΩΩΩ
Ω−Ω′=Ω dmpBdBdB TTT σσ

                ---(7) 

To allow the direct relationship 
between effective stresses and strain 
(and hence displacements) to be 
incorporated. For a linear elastic soil 
skeleton we immediately have: 

−++ uKuCuM  Q p  + f = 0 

      ---(8) 

Equation (8) represents the 
dynamic equation of motion for the 
solid and fluid phase of the saturated 
porous media subjected to cyclic 
loading, where: 
M : is the global mass matrix. 
K : is the global stiffness matrix. 
C : is the global damping matrix. 
Q : is the coupling matrix. 

p : is the global pore pressure matrix. 

f  : is the forces matrix for the solid 
phase. 

u : is the displacement matrix in the 
global direction. 

The standard stiffness matrix K 
in equation (8) can be represented as: 

uKudDBBdB TT  =







Ω=Ω′ ∫∫ ΩΩ

σ

          ---(9) 

and the coupling matrix Q can be 
represented as: 

Q ∫Ω Ω= dmNB p
T

               ---(10) 
 

Such damping matrices C have 
a physical significance and are always 
introduced in earthquake analyses or 
similar problems of structural 
dynamics. With the lack of any special 
information about the nature of 
damping, it is usual to assume the so 
called 'Rayleigh damping' in which:  

KMC βα +=        ---(11) 
, where α and β are coefficients 
determined by experience (see for 
instance Clough and Penzien, 1975 ; 
Seed et al., 1975). 

In the above conventional 
discretization, the same element shapes 
are used for the u and p variables, 
though not necessarily identical 
interpolations. With the dynamic 
equations coupled to the pressure field, 
an additional equation is clearly 
needed from the transient seepage 
equation of the form: 

( ) 01
=++∇∇− v

T p
Q

pk ε    ---(12) 
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where Q  is related to the 
compressibility of the fluid , k is the 

permeability and vε  is the volumetric 
strain in the soil skeleton , which on 
discretization of displacement is given 
by: 

uBmm TT
v

== εε              ---(13) 
 

The equation of seepage can 
now be discretized in the standard 
Galerkin manner as: 

                                        ---(14) 
  

Equation (14) represents the dynamic 

equation of motion for the fluid phase 

of the saturated porous media 

subjected to cyclic loading, where: 

S : is the compressibility matrix. 

H : is the permeability matrix. 

q  : is the forces vector for the fluid 

phase. 

The standard compressibility 

matrix (S) and permeability matrix (H) 

in equation (14) can be represented as 

follows: 

Ω= ∫Ω dN
Q

NS p
T
p

1  , and 

( )∫Ω Ω∇∇= dNkNH p
T

p    ---(15) 

Finaly, from the two main dynamic 
equations of motion (8 and 14) , the 
format of the coupled equations using 
u-p formlation can be written as :  
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4. DIANA-SWAN DYNE II Program  
DIANA-SWANDYNE II or 

Dynamic Interaction and Nonlinear 
Analysis-SWANseaDYNamic program 
version II is an improved version of the 
DIANA-SWANDYNE I 

The program is developed by 
Prof. A.H.C. Chan based on his thesis 
(Chan 1988) under the supervision of  
Prof. O.C. Zienkiewciz. 

The program is intended for 
Static, Consolidation and Dynamic 
analysis for problems in 
Geomechanics. It is a 2-Dimensional 
program which incorporates Plane 
strain and Axisymmetric analysis. The 
Governing equation that is being  
solved  is  the  Fully Coupled,  Large  
Deformation  Biot  Equation  with  the  
u-p simplification with the fluid 
acceleration neglected. 

DIANA-SWANDYNE II is 
capable of performing analysis for 
static (drained and undrained). 
Consolidation and dynamic (drained 
and undrained). The solid and fluid are 
treated as separate phase in the 
program and different integration rule 
can be used for each of them.  

The program is based on finite 
element method with triangular and 
quadrilateral isoperimetric elements in 
spatial domain. The time integration is 
done with the Generalized Newmark 
method (Newrmark 1959). 

 
5. Verifications of the program 

In order to examine the 
approximations introduced in the (u-p) 
form and to verify the performance of 
the developed DIANA-SWANDYNE 
II program, problems of one-
dimensional soil layer is adopted and 
implemented in the numerical solution 
procedure for this purpose.  
 
 
 
 

QT 0=+++ qpHpSu   
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Numerical Application 
 Consolidation Problems 

 Two problems are chosen to be 
solved using DIANA-SWANDYNE II, 
in the first problem a simulation of 
consolidation test is performed while, 
the second problem is conducted  to 
simulate the long term field settlement. 
A: Consolidation of Swansea Blue 
Clay in a Rowe Consolidation Cell  

Lewis and Schrefler (2000) 
simulated the experimental results of 
Rowe consolidation cell using finite 
element program and a good 
agreement results are obtained. In this 
work the simulation of this test are 
performed and a comparison of the 
results are discussed. 

Problem definition : 
The problem represents an 

experimental consolidation test 
performed on a soil sample of Swansea 
blue Clay in (10") Rowe consolidation 
cell. Large sample of 10" (254 mm) in 
diameter and (61 mm) in height is 
tested (figure 1-a). One stage of 
consolidation loads are simulated when 
a load of (172 kPa) is applied and the 
soil properties are shown in table (1). 
The finite element discretization is 
shown in figure (1-b), where 130 
elements are used to simulate the test. 
The solid skeleton and the pore water 
in the soil are each modeled with 8-
nodded and 4-nodded serendipity 
isoparametric elements respectively. At 
the vertical boundaries of the solid 
skeleton, only vertical movement is 
permitted (i.e. vertical rollers). The 
water level is assumed to be at the 
ground surface (i.e. saturated state) and 
the pore water pressures at the free 
surface are taken as zero. A non-linear 
elasto-plastic model is used in finite 
element simulation of the soil 
behavior. 

Numerical Analysis Results:  
Figure (2-a) show the 

settlement behavior of the middle 
surface          of the sample. The results 
obtained by the present study using                     
DIANA-SWANDYNE II program 
found to be acceptable values with the 
results given by Lewis and Schrefler 
(2000) using non-linear consolidation 
finite element program. The response 
of the pore water pressure with time 

during the test are shown in figure    
(2-b) and the comparison of the results 
indicates that the numerical results 
from the present study are in good 
agreement with the numerical results 
given by Lewis and Schrefler (2000). 
The small difference in results is due to 
different models used in simulation. 
B: Two-Dimensional Consolidation  
• Problem definition : 

A two dimensional plain strain 
consolidation problem is solved in this 
section. The problem is similar to that 
solved by Siriwardane and Desia 
(1981)* using elastic and elasto-plastic 
models, also the same problem is 
solved by Lewis and Schrefler (2000) 
using non-linear consolidation finite 
element program.  The adopted 
finite element mesh are shown in 
figure (3) where 30 elements have been 
used where the solid skeleton and the 
pore water in the soil are each modeled 
with 8-nodded and4-nodded 
serendipity isoparametric plane strain 
elements respectively. A Cam-Clay 
model (critical-state model type) is 
used in the present study. The 
properties of the soil and parameters of 
the model used in simulation are 
shown in  table (2). 

An external load applied at the 
top surface of the model for a length 
B=10 varies with time as indicated in 
figure (3).  

Numerical Analysis Results:  
The predicted pore-water 

pressure using Cam-Clay model are 
compared with the results of 
Siriwardane and Desia (1981) and the 
results of Lewis and Schrefler (2000) 
in figure (4). The simulated pore-water 
pressure are non-dimensional with 
respect to initial applied load 
(po=1000), also, the non-dimensional 
time factor defined as (Tv = cvt/H2). 

A good agreement of results 
can be observed in the comparison and 
the small difference between models' 
results are due to the inclusion of the 
plasticity effects which decreases the 
magnitude of dissipation of pore water 
pressure for almost the whole time 
span. Therefore, the predicted pore-
water pressure is higher than those 
from an elastic analysis. 



314 
 

Dynamic Analysis of Soil-
Foundation Interaction  

In this problem, the dynamic 
analysis of two-dimensional               
soil-foundation system is considered 
and the response of the system to the 
different type of dynamic loading are 
presented. In addition, the effect of 
pore-water pressure coupling and the 
interface-element are considered. 
Problem definition : 

Figure (5-a) shows a 
(2.0*0.25m) concrete strip footing 
supported on (H=20.0m) saturated soil 
stratum laying over a rigid bedrock. 
The soil properties are shown in table 
(3) while, the properties of the footing 
material (concrete) are shown in table 
(4). The footing is subjected to surface 
excitations (step, ramp and Sinusoidal 
function), which are the same as those 
given in (table 1). The same problem 
was solved and discussed by Abbas 
(2003) except that he used high 
frequency sinusoidal loading 
(ω =66.92 rad/sec), and in the present 
study, an elastic and elasto-plastic 
model is used to solved this problem 
using DIANA-SWANDYNE II 
program. 

 The selected depth of the 
saturated layer of (20.0m) is taken to 
assure that the ratio (h/b=20) is well 
greater than the minimum indicated by      
Japon et.al (1997)*, to minimize the 
effect of the rigid bedrock on the 
dynamic response of the footing. 

The finite element 
discretization is shown in figure (5-b), 
where    22 elements are used to 
simulate the soil-foundation system. 
The solid skeleton and the pore water 
in the soil are each modeled with 8-
nodded and 4-nodded serendipity 
isoparametric plane strain elements 
respectively. At the vertical boundaries 
of the solid skeleton, only vertical 
movements are permitted   (i.e. vertical 
rollers). The water level is assumed to 
be at the ground surface (i.e. saturated 
state) and the pore water pressures at 
the free surface are taken as zero. A 
non-linear elasto-plastic model is used 
in finite element simulation of the soil 
behavior. 

 
 

• Numerical Analysis Results:  
Figure (6) shows the response 

of the vertical displacement at     point 
A for the strip footing when it is 
subjected to step and ramp surface 
excitations. The upper part of this 
figure present the result of Abbas 
(2003) while, the lower part shows the 
results of the present study. 
Furthermore, in the right side of the 
two parts the coupling effect is present. 
The comparison of the results indicates 
that the results of the present study are 
in good agreement with the results 
given by Abbas (2003). 

Figures (7) shows the response 
of the vertical displacement at point A 
for the strip footing when it is 
subjected to surface excitations of high 
frequency sinusoidal loading 
(ω =66.92 rad/sec) for both dry and 
saturated state , and the coupling effect 
is clearly shown in figure (8).  

The excess pore-water 
pressure-time history at point B for the 
strip footing when it subjected to 
sinusoidal excitation is shown in figure 
(9). 

In all of the results above, no 
relative motions allowed at the 
interface between soil and foundation 
(without interface element). Asimple  
slip-interface model is used in the 
present study which is described 
briefly in chapter three with material 
properties same as the soil properties. 
The effects of using this model on the 
displacement and excess pore-water 
pressure response are shown in figures 
(10 and 11) respectively, and the 
interface effect is clearly shown in 
figures (12 and 13) respectively.    

The comparison of the results 
indicates that the results of the present 
study are in good agreement with the 
results given by Abbas (2003). The 
differences in results are due to 
different soil models  and different 
interface models used in simulation. 

 
 
 
 
 
 
 



315 
 

8. Conclusions   
From the studying of dynamic 

analysis of soil-structure interaction 
using non-linear finite element 
simulation, the following are 
concluded: 
1. The developed DIANA-

SWANDYNE II computer program 
and the solution algorithms of the 
u-p formulation for predicting the 
coupled behavior of soils are found 
to be efficient for the problems 
solved. 

2. The finite element method 
represents a powerful tool in soil 
dynamic in which there are no 
analytical solutions available yet.  

3. Two-phase materials (such as 
saturated soil) subjected to 
dynamic loading could be 
formulated with approximate 
numerical solutions with an 
acceptable degree of accuracy. 

4. The coupling has a significant 
effect on the response indicated by 
the lower values of the 
displacement compared with those 
of uncoupled analysis. This is due 
to the role of water in the pores 
which shares the solid in carrying 
the applied load at the earlier 
stages. Then, diminishes as the 
excess pore water pressure is 
dissipated with the progress of 
time. 

5. Each of the constitutive models 
employed in this study proved its 
ability to predict the soil response 
in displacement and excess pore 
water pressure according to the 
type of material under 
consideration. But this, certainly, 
depends on the selection and the 
evaluation of the parameters of 
each constitutive model. 
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Table (1):  
Properties of the Swansea Blue Clay 

Elastic modulus 0.26000=iE  kPa 

Poisson's ratio 20.0=υ  

Solid skeleton density 
sρ = 18.0 kN/m3 

Water density 
fρ = 10.0 kN/m3 

Permeability  
K = 4.83*10-6 
cm/min 

Angle of internal 
friction 

o0.8=′φ  

Effective cohesion c′ = 22.8 kPa 

 
 

Table (2):  
Properties and parameters used in simulation 

Elastic modulus (Ei) 13000 

Poisson's ratio (υ ) 0.4 

Soil density( γs) 18.5 

Water density ( γw) 10.0 

Void ratio (eo) 0.9 

Porosity (n) 0.473 

Permeability (kx=ky) 4.0*10-5 

M  1.05 

λ  0.14 

κ  0.05 

*cv 0.282 

  *Calculated from Tv = cvt/H2 
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a- Dimension of Sample in Rowe Cell 

254 x 61 mm soil sample  

b- Finite Element Idealization 

Surface Traction = 0.172 MPa 

 D= 10" =254 mm 

H= 61 mm 

Figure (1) Finite Element Simulation for Rowe Consolidation Cell 

PWP = 0 

Table (3):  
Prosperities for the Saturated Soil Layer 

Elastic modulus 0.30000=E  kPa 

Poisson's ratio 2.0=υ  

Solid weight density* 
sρ = 30.01 kN/m3 

Water weight density 
fρ = 10.0 kN/m3 

Permeability  K = 0.0015 m/sec 

Porosity 333.0=n  

Solid bulk modulus ∞=sK  

Pore water bulk modulus  0.400000=fK kPa 

      *Solid mass density = 3.001 gm/cm3  
  = 30.01 kN/m3(weight density ) 

 

Table (4):  
Elastic Concrete Prosperities  

Elastic modulus 610*42=E  kPa 

Poisson's ratio 2.0=υ  

Weight density ρ = 23.2 kN/m3 
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Figure (3): Finite Element Idealization and Load History 
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Figure (2): Results of the Simulation of Rowe Consolidation Cell  
a- Settlement versus time for clayey soil.  
b- Pore-water pressure versus time for clayey soil. 
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Present study 
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a- Results of: Siriwardane and Desia (1981); Lewis and Schrefler (2000) 

Siriwardane and Desia (1981) 
Lewis and Schrefler (2000) 

Elastic analysis: 

Elasto-plastic analysis: 

++ 

Siriwardane and Desia (1981) 
oo Lewis and Schrefler (2000) 
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b- Results of the present study 

Figure (4): Pore-water Pressure Versus Depth Along Saction A-A 
at Three Different Time Values: 

(1) Tv= 0.059, (2) Tv= 0.504 and (3) Tv= 1.060 
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 W.T. 
2x0.25 m concrete 

strip footing 

Free drainage 
surface 

Impermeable 
bedrock 

20 m Saturated 
Soil Stratum 

(a): Soil-Footing System   

Free drainage 
surface 

Fixed and 
Impermeable 

Boundary 

Impermeable and 
Smooth Boundary 

(b): Finite element idealization 

Figure (5): Strip Footing on Saturated Soil Stratum 

 40 m 

 

 A 

B 

Interface 
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Figure (6): Vertical Displacement Time History at Point A for the Strip Footing 
1: without Coupling (Dry State), 2: with Coupling Effect (Saturation State) 
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Figure (7): Vertical Displacement Time History at Point A for the Strip Footing 

a- without Coupling (Dry State), b- with Coupling Effect (Saturation State) 
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  Without coupling effect 
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Figure (8): Coupling Effects on Vertical Displacement for the  
Strip Footing (present study results) 

 

Figure (9): Excess Pore-water Pressure Time History at Point B for Strip 
Footing Subjected to Sinusoidal Excitation  
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Figure (11): Interface Effects on Excess Pore-water Pressure for the Strip 
Footing 

 

Figure (10): Interface Effects on Vertical Displacement  
for the Strip Footing  
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Figure (13): Interface Effects on Excess Pore-water Pressure for the Strip 
Footing (present study results) 

 

Figure (12): Interface Effects on Vertical Displacement for the Strip 
Footing (present study results) 
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ABSTRACT   
 
This paper is concerned with analysis and design of a typical tunnel section of the proposed Baghdad Metro Project. A cross 
section of the soil profile is presented showing soil layering, which consist of a top cohesive layer underlained by a lower sand 
layer of fine to medium sand. A summary of soil characteristics required for tunnel analysis is given. Two loading cases are 
considered for the analysis of the driven bored tunnel. Load case 1 ( LC 1 ) the water table is assumed at ground surface , while 
load case 2 ( LC 2 ) the water table is assumed at bottom of tunnel. The earth pressures and water pressures acting on the 
tunnel for these loading cases are calculated . The tunnel lining consists of seven precast segments of 0.3 m thickness . Two 
tunnels of diameter D= 6.2m are driven with a distance= 16.5m between center of tunnels . This distance becomes 9.0m when 
the tunnels approach to a station. A finite element program is used to analyze the normal forces, bending moments, shear 
forces and displacement of the tunnel lining . The tunnel section is idealized as a framework consisting of (a) straight beams  
representing  the reinforced concrete segments, (b) springs which represent  the soil .Spring stiffness factor is calculated from 
elastic theory and soil characteristics. The maximum values of normal forces, shear forces bending moments and 
displacements are presented. 
 
Keywords: Alluvial soil, loading cases, precast concrete segments, tunnel lining, structural analysis. 

 
1. INTRODUCTION 
 
The development of transportation in large cities and the 
continuous increase of population require the construction 
of underground transportation systems. 
The relative positions of tunnels and the construction 
procedure affect the soil deformation and internal forces 
shear forces and bending moments in the lining , [4]. 
Precast segmental linings are used in circular tunnels that 
are bored using shield tunnel boring machines, mainly in 
soft ground. shield tunnel lining in soft ground is usually 
designed based on empirical analytical methods with some 
simplifying assumptions related to soil homogeneity, 
stiffness and height above the tunnel, [8]. Several curved 
precast reinforced concrete segments are assembled inside 
the tunnel at the tail of the boring machine to from a 
complete ring. The number of segments is a function of 
tunnel diameter and construction method. The segments 
are supplied with water proofing neoprene gaskets on each 
edge and bolted together with high strength grip bolts to 
compress the gaskets and assure impermeability of the 
lining. 
2. SOIL CONDUCTION AND GEOTECHNICAL 
ASSESMENTS 

 
In Baghdad region the flood plane alluvial deposits extend 
to a large depth below the investigated depths of 40m and 
50m. in general the top layers are cohesive layers of silty 
clays or clayey silts mostly of intermediate to high 
plasticity, overlying medium to dense or very dense silty 
fine sands. The upper cohesive soils contain lenses of silty 
fine sands, are in the order of 10 to 20m deep, occasionally 
may be only 3m deep and exceptionally more than 35m 
deep. The silty sands contain numerous randomly 
occurring inter-layers and lenses of cohesive soils of 
varying thickness and extent as well as pockets or lenses of 
gravelly sands. Groundwater levels are in general between 
1m and 3m deep; these details are shown in figure 1.  
 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Figure 1: Soil profile and elevation of metro rail level 
 
The moisture of the upper cohesive soils, usually in the 
range 20% to 30%, which is close to and often lower than 
the plastic limit. This conforms with the desiccated nature 
of the soils due to high evaporation during precipitation 
associated with high shrinkage stresses. The resulting soil 
characteristics are; over consolidation, reduced 
compressibility and high strength. Therefore these soils are 
described as stiff or even hard than would be expected 
from normally consolidated alluvial deposits in more 
temperate areas, [7], [2].the presence of sand stratum 
below the main cohesive layer and the highly variable soil 
conditions with all their random lensing, in the presence of 
high water table give rise to some of the more difficult 
problems of constructing deep underground structures, 
especially in the urban area where adjacent buildings may 
be affected and services and access have to be maintained. 
Tunneling will always be below water table either in the 
silty fine sands or more often through a silty clay – silty 
sand interface. All excavations must be supported with 
good excavation support system with minimum lateral 
yield to protect adjacent buildings. Control of ground 
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water will be essential. Recharge in nearby areas may be 
required to protect nearby buildings from excessive 
settlement and differential settlement due to water table 
lowering for prolonged periods. 
 
 3. GEOTECHNICAL ASSESMENT 
 
The main geotechnical parameters required to the design 
of  segmental tunnel lining and  excavated stations are 
summarized in table 1,[7]. 
Table (1a&b): Summary of Geotechnical Parameters 
(a) cohesive soils  
Parameters Value 
Bulk density (γb) 19.1 KN/m3 

(1.95 t/m3) 
Shear Strength 
Undrained (Cu)  
Drained (Φ’) 
Elastic Modulus (E) 

 
75 KN/m2 
25° 
15 MN/m2 = 200 Cu 

Poisson’s Ratio (ν) 0.5 
Consolidation  characteristics:  
Compression Index (Cc) 
 
 
Swelling or rebound Index 
(Cr) 

 
0.2 for depth < 13m 
0.3 for depth > 13m 
 
0.05 (0-15m) depth 
0.06 (15-22m) depth 

Initial Void Ratio (eo) 0.65 (0-13m) 
0.72 (13-22m) 

Main pre-consolidation 
pressure (Pc’) 

325 KN/m2 

Earth Pressure at Rest (Ko) 1.2 at 3m depth 
0.7 at 25m depth 

Sulphate Content (SO3) Range 0.1 to 8.7 g/l 
(b) Silty Sands  
Parameter Value 
Bulk Density (γRbR) 19.1 KN/mP

3 

(1.95 t/mP

3
P) 

Effective Angle Of Shearing 
Resistance (Φ') 

35° 

Elastic Modulus (Es) 30 to 50 MN/mP

2 
Poisson's Ratio(ν) 0.3 
Earth Pressure Coefficient at 
Rest (KRoR) 

0.7 to 8m depth 
0.5 at 25 depth 

Permeability(K) Order of 10P

-6
P m/s 

 
4. LOAD CASES AND GROUND WATER 

 
Tow load cases are considered ; 
4.1 load case1 (LC1) 
With highest soil cover above tunnel crown (~10m) and 
the distance between the two tunnels is large (d ≈ 16.5m). 
The ground water table is assumed at ground surface, 
figure2. in this loading case the tunnel lining will be 
subjected to the greatest normal force, so this loading case 
will be decisive for evaluating the normal stresses in the 
joints of the tunnel segments. Since the distance between 
the centerline of the two tunnels is wide enough (d ≈ 
16.5m), the influence of the adjacent second tunnel driving 
or excavation is of minor importance and it will not be 
necessary to be considered for the calculation. This 
loading case simulates the actual loading for bored tunnel. 
A surcharge load equivalent to a soil cover of 1.5m is 

assumed to take into consideration the effect of adjacent 
buildings and street loads for both loading cases. 
 4.2 Load case 2 (LC2) 
This load case simulates the loading of excavated tunnel 
adjacent to each station from both sides and extends to 
about 10 to 15 m from the station. The water is assumed at 
bottom of the tunnel, figure 2. 

Figure 2: Loading cases LC1, LC2 
 
The distance between the two tunnels is minimum (dR2R= 
9.0m), so the effect of the adjacent second tunnel 
excavation, should be considered, i.e. the soil will be loose 
and the elastic modulus (compression modulus of springs) 
must be reduced around the horizontal center line of the 
tunnel facing the first tunnel, from 30 MN/mP

2
P to 20 

MN/mP

2
P. The calculated earth pressures and water pressures 

acting on the tunnel for load cases LC 1 & LC 2 are given 
in figures 3a & 3b.   

 
Figure 3a: Earth pressures and water pressures acting on 
tunnel, LC 1 
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Figure 3b: Earth pressures acting on tunnel, LC 2 
 
5.DETERMINATION OF COMPRESSION MODULUS Es 
 
The compression modulus ES is required for the finite element 
analysis of tunnel lining. ES can be obtained from consolidation  
tests results presented as void ratio e vs. log applied effective 
stress σv’. 

e
E V

S ∆

′∆
=

σ
                                                                          (1) 

( ) eeee oo ∗−−=∆ 1                                                         (2) 

Where  
∆σv’= change of applied effective stress. 
∆e = change of void ratio. 
eo = initial void ratio. 
e = void ratio corresponding to any stress. 
Since most tunneling lies in a mixed soil of clay, silt and 
sand, so an average value of  Es for different soil types. 
The consolidation test results are not presented due to 
space limitations. 
 
Table (2): Calculation of compression modulus Es 
Soil 
type 

eo σv’ 
KN/m2 

e ∆e ∆σv’ 
KN/m2 

Es 
MN/m2 

Clay 0.52 50 
1600 

0.486 
0.420 

0.287 
0.318 

1550 50 

Silt 0.6 50 
800 

0.580 
0.480 

0.368 
0.408 

750 18.75 

Sand 
1 

0.54 50 
1600 

0.524 
0.390 

0.299 
0.361 

1550 25 

Sand 
2 

0.68 25 
800 

0.664 
0.618 

0.468 
0.482 

750 53.57 
AV. Es 
=36.83 

  
Therefore a constant value of the compression modulus Es 
= 30MN/m2 is adopted for the analysis since preliminary 
structural analysis have shown that the possible extreme 
values of Es have no significant influence on static forces, 
only the deformation of tunnel lining will increase slightly 
if Es is varied from 30MN/m2  to 15MN/m2. 
 
 

 
 
 
 
6.CALCULATION OF SPRING CONSTANT   
(MODULUS OF ELASTIC SUPPORT) 
 
The elastic deformation of the tunnel can be simulated by 
means of springs situated normal to the ring at constant 
small distances about (0.6m) so that the soil characteristics 
are represented as close as possible to the actual case, as 
shown in figures 4&5. 
 
    
 
 
 
 
 
 
 
 
 
 
 
 
 
Figure 4: Simulation of segmental lining model 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Figure 5: Tributary area for each spring 
 
From elastic theory, the following relationships can be 
obtained : 

C
l σ
=∆                                                                           (3) 

σ = Applied stress.   
C = Elastic constant of the spring  

R
E

C s=                                                                           (4) 

Deformation of the spring  

∆Φ∗∗
==

Rb
P

A
Pσ                                                   (5) 

P= Load of the spring. 
A= area of soil under consideration. 
R= Radius of tunnel. 
b=breadth of influence = 1.0 m in this case.  
Substituting 4 and 5 in to 3 : 
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∆Φ∗
=

∗∆Φ∗
∗

=∆
ss E

P
ER

RPl                                  (6) 

Es = Compression modulus of soil . 
According to Hook's law, the deformation of a spring  is 
obtained as follows : see figure 5. 

Strain 
ss E
A

P

El
l

==
∆

=
σε                                          (7) 

AE
Pl

s ∗
=∆  ( ml 0.1= )                                            (8) 

Equating 6 and 8  

AE
P

E
P

s ∗
=

∆Φ∗
                                                     (9) 

∆Φ=∴ A                                                                    (10) 
 
7. TUNNEL LINING SIMULATION FOR FINITE 
ELEMENT ANALYSIS 
   
Physical modeling of tunnel lining and excavation in soft 
ground has played an important role in studies related to 
underground structure, [6]. These models include: 
analytical models using formulas in accordance with 
national standards with properly selected design loads, 
numerical models using finite element programs (2-D and 
3-D) with constitutive laws in accordance with national 
standards to obtain; stresses, strains and bending 
moments,[5]. 
The segmental tunnel lining can be represented by beams 
supported by springs which represent soil and joints.  
Seven joints (J1 to J7 ) are assumed at which the bending 
moment is zero , but there will be axial force and shear at 
these joints . Figure 4 shows the basic model for segmental 
tunnel lining analysis.  
The system consists of:  
7 joints (1 to 7 ) , 92 elements (1 to 92) and 85 nodes ( 1 to 
85 ) , as shown on figure4. 
In  this paper,  the thickness of segment is assumed ts 
=0.30m , although in the original study another thickness 
ts = 0.35m was also investigated internal diameter of 
tunnel di=5.90m. thickness of tunnel lining ts = 0.30m . 
mean dimeter to the center of lining dm= 6.20m .Mean 
radius to the center of lining  Rm = 3.10m . 
Member properties :  
Beams : breadth B=1.00m , cross sectional area = 0.30m2 , 
moment of inertia I =  = 0.00225 m4 .  

Assumed Modulus of Elasticity for Concrete Econ = 
37000MN/m2. 
 Springs of foundation support :  
Breadth of influence = 1.0m.  
Length of spring = 1.0m . 
Central angle = = 11.25 . 

Area of influence for each spring = = 0.1964 m2  

Moment of inertia of spring Is=0 . 
Compression modulus Es = 30MN/m2. 
Reinforced concrete design was carried out according to 
[1]. 
8. SUMMARY OF RESULTS OF ANALYSIS  

 
Table 3 presents the maximum values of : 
Axial forces N, shear forces V and bending moment M for 
a segment  thickness ts = 0.3 m for both load cases LC 1 
and LC 2 . 

 
 

Table (3) : summary of member force , shear and bending  
moment ( maximum values ) 
Load case  Axial force 

Fx (KN) 
Shear force 
Vy  (KN) 

Moment Mz 
(KN.m) 

LC 1 -957.4* 
-745.8 

±149.0 
±149.0 

-4.67* 
±59.54 

LC 2  -761.6* 
-567.6 

±195.0 
±195.0 

9.20* 
-107.30 

 
These values are decisive for design of tunnel segments . 
 
9. STRUCTURAL DESIGN OF SIGMENTS  
 
Details of the structural design can not be presented in this 
paper with very limited space available .However , 
detailed calculations for t=0.3m thickness for LC 1 showed 
that the thickness is adequate and only temperature 
reinforcement ( minimum reinforcement ) is required in 
top and bottom faces of the segment in the both directions 
to limit concrete cracking . 
Therefore the final decision is to use reinforced concrete 
segmental lining with thickness t=0.3m , since it is 
adequate , safe and economical [3]. 
 
10. NODAL DISPLACEMENTS OF THE TUNNEL. 
 
The approximate radial displacement (∆s) at a point 
directly around a tunnel in an elastic soil is given by :  
 

( )
rE

aPs Z

∗
+

=∆
21 ν

                                                      (11) 

Where : PZ = stress in the ground , ν = Poisson’s ratio , a = 
radius of tunnel, r=  radius of point of interest.  
The finite element analysis had shown  that the 
displacement ∆s= 23.6mm for LC 1 and lining thickness 
t=0.30m . foe LC 2 the displacement is   ∆s = 30mm which 
is the maximum value . in comparison with the diameter of 
the tunnel ( D = 6.20m) , this displacement is relatively 
small and equal to only 0.48% . The neoprene gasket 
provided on all side of each segment and the high tensile 
strength friction grip bolts will provide construction 
measure that prevents endangering the impermeability of 
tunnel lining due to those values of displacement .  
 
11. CONCLUSIONS  
 
From this paper the following conclusions may be drawn :  
 
11.1 the alluvial soil deposits in Baghdad city consist of 
top cohesive layers underlain by lower sand layers which 
extend to large depths. The top cohesive layers are over 
consolidated due mainly to shrinkage stresses and rise of 
water table , stiff to hard soils with relatively low 
compressibility . 
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11.2 precast segmental linings can be used successfully in 
alluvial soil deposit below water table .  
11.3 this study presented the design geotechnical 
parameters required for analysis and design of bored 
tunnel . 
11.4 Two load cases were considered for the design of 
tunnel lining; LC1, water table assumed at ground surface, 
LC2, water is assumed at bottom of tunnel, a surcharge of 
30 KN/m2 was assumed for both cases. The earth pressures 
(vertical and horizontal ) and water pressures acting on the 
tunnel were calculated according to these assumptions, 
which simulate the real construction conditions.  
11.5 the values of compression modulus Es varies from 
18.75 MN/m2 for silt to 53.6 MN/m2 for dense sand, with 
an average design value for the mixed soil Es= 30 MN/m2.  
11.6 the tunnel lining can be simulated as 2-D frame using 
finite element analysis. The analysis carried out using the 
obtained values of axial forces, shear forces and bending 
moments showed that reinforced concrete segments of 
0.3m thick. will be adequate , safe and economical for this 
project with minimum temperature reinforcement .  
11.7 the maximum displacement of the lining ∆s = 30mm 
for LC2, which is equivalent to 0.48% of the tunnel 
diameter. This displacement is considered relatively small 
and will not affect the water proofing of the lining. 
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1  INTRODUCTION 
In recent years, researchers have performed extensive and 
comprehensive studies on clean sand, determined different 
aspects of its behaviour in terms of its structure, and have 
made several general conclusions. However, the behaviour 
of clean sand containing silt is associated with several 
complications that make it difficult to understand. 
Extensive studies have focused on the effects of inherent 
and induced anisotropy on the behaviour of clean sand 
[14]-[17]-[19] ]-[34]. 

Yamamuro and Lade (1998) extensively 
investigated the behaviour of sands containing small 
amounts of silt (7%)[30]. They concluded that when a 
small amount of silt is added to the host sand, the obtained 
sand-silt mixture exhibits the opposite behaviour of that of 
pure sand. The sand under low confining pressure (25 
kPa) is completely liquefied, and the strength of sand 
reaches zero. As the confining stress increases, the sand 
with 7% silt has more stable behaviour than that of pure 
sand with no liquefaction under high confining pressures. 
According to Yamamure and Covrt (2001), the behaviour 
of silt-sand mixtures with high amounts of silt (40%) are 
different from those of pure sand and those of silt-sand 
mixtures with small amounts of fine particles [31]. In 
these mixtures, like the sands with 7% silt, liquefaction 
occurs completely under 25 and 50 kPa confining stresses; 
however, as the confining stress increases, the behaviour 
tends to be more stable. Such behaviours are similar to 
that of the sand with 7% silt content, but are still different 
from those of pure sand [31].  
Parameter α  (the inclination of major principal stress 
with respect to the depositional (vertical) direction) is used 
to denote the rotation of principal stresses, and 
 
 
 

 

parameter ( ) ( )3132 / σσσσ −−=′b  indicates 
intermediate stresses. Different principal stress directions 
and b′  values can cause changes in soil behaviour. Thus, 

α  and b′  are selected as the key parameters for studying 
the anisotropy of sands. In this regard, Hollow Cylindrical 
Torsional Shear (HCTS) is the best apparatus for studying 
these parameters [1]. HCTS has been used in several tests 
conducted on sands by different researchers to study the 
effects of parameters α  and b′  more accurately. They 
generally came to the conclusion that sandy samples had 
softer behaviour as the values of α and b′ increased in 
undrained tests [34]. According to Symes et al. (1985), 
sandy samples exhibit more contractive behaviour as the 

α  and b′ values increased [14]-[25]. 
Despite extensive studies conducted on the anisotropy 
effects of clean sand, there are few studies that have 
investigated its effects on the behaviour of sand-silt 
mixtures. Among recent relevant studies, Bahadori and 
Ghalandarzade (2008) studied the inherent anisotropic 
effects on the undrained behaviour of sands using HCTS 
[4]. 
In this research, the anisotropic behaviour of Tehran sand 
with different silt contents in 400 kPa initial effective 
confining stress are studied. A total of 12 tests are 
conducted on Tehran sand with silt contents of 0%, 15%, 
30% and 50%. In these tests, the effects of the inclination 
angle of major stress and silt content are investigated.  
 

Material and Methods 

2.1  Material properties  
 
Tehran sand have been used in this research, which is 

Effect Of Silt Content On The Anisotropic Behaviour Of Silt-Sand 

Mixtures  

Navid Khayat P1F

1
P, Abbas Ghalandarzadeh P2F

2 
Ph.D. Assistance Professor, Department of Civil Engineering, Islamic Azad University Ahvaz Branch, Ahvaz, 

Iran. (Khayat@iauahvaz.ac.ir) 
Ph.D,Associate Professor, School of Civil Engineering, University college of engineering of Tehran, Iran, 

(aghaland@ut.ac.ir) 

ABSTRACT 
The anisotropy of sand has not been fully studied in terms of the effects of different silt content. This study investigates 
the effects on anisotropy in Tehran sand with various silt contents. The tests performed in this research include some 
Hollow Cylinder Torsion Shear Tests conducted on 400kPa confining stresses. The samples had 0 ,15, 30, and 50 
percent silt contents, and the effect of the inclination angle on the major principal stress ( )α  was investigated with a 
particular emphasis on silt content. The parameter "α" is considered as the key parameter that indicates the anisotropy 
characteristics, and can vary from 0 to 90 . According to the results, an increase of α  leads to more contractive 
behaviours in the studied sands. In all samples, increasing the silt content up to 50% causes the strength to decrease.  
 

Keywords: Sand; strength; Silt content; anisotropy; 
 
     

        
         

 

Second International Conference on Geotechnique, Construction Materials and Environment, 
Kuala Lumpur, Malaysia, Nov. 14-16, 2012, ISBN: 978-4-9905958-1-4 C3051 

mailto:Navid.Khayat@gmail.com


 

332 
 

 

produced by crushing plants, This sand with greenish gray 
color. The physical characteristics and grading curves of 
this sands are shown in Fig. 1 and Table 1. The plasticity 
index of silt is less than 5% and can be addressed as 
non-plastic soil (see Table 2). 
 
2.2 Maximum and minimum void ratios of 
sand-silt mixtures 
An effective factor in the general behaviour of saturated 
sands in monotonic loading is soil relative density, a 
parameter that shows the sample’s specifications at the end 
of consolidation stage. The samples prepared at low 
densities showed contractive behaviour in the drained tests; 
this behaviour causes excess pore water pressure in 
undrained tests which reduces the effective confined stress. 
The change of stress-strain from the softening to hardening 
state is generally related mostly to the relative density, 
which is observed and reported by several researchers 
[5]-[7]-[8]-[16].  
It is clear that adding silt to the host sand changes the 
maximum and minimum void ratios. The parameters 
related to soil density are needed to compare the test 
results; therefore, minimum and maximum void ratios 
should be obtained for different percentages of silt. In this 
research, ASTM 4253 and ASTM 4254 are used to 
measure the minimum void ratio ( mine ) (the densest state) 

and maximum void ratio ( maxe ) (the loosest state), 
respectively. The obtained values are plotted in Fig. 2. For 
host sand, the minimum void ratios decrease as the silt 
content of the samples increases. This trend continues up to 
28 percent fine content (FC); then, the void ratio increases 
as the silt content increases. The minimum achieved void 
ratio takes place in the fine contents, which will be called 
the threshold fines content. 
 
2.3 Testing apparatus and method 
In order to study the inherent anisotropy, a hollow cylinder 
torsional shear (HCTS) device was used. For better 
investigation of post peak response the device can perform 
both stress and strain controls. 
A closed loop control was applied to the machine to handle 
any type of desired stress history including major principal 
stress rotation and intermediate stress ratio. Four 
Electrical/Pneumatic [E/P] transducers were used to exert 
required pressure for the inner and outer cell pressure in 
addition to the torsion and axial load pneumatic actuators. 
An alternative DC motor for torsional strain control test 
was prepared in order to study the post peak behaviour. In 
the case of our tests, the motor was utilized since the strain 
control was adopted in order to study the softening 
response. The motor speed in all the tests remained 
constant and equal to 4 degrees per minute. Eleven 
transducers were adjusted in order to measure different 
parameters continuously .Three water pressure sensors, 
two for inner and outer cell pressures and one for pore 
pressure, one vertical displacement sensor to measure axial 
strain, and one rotation angel sensor to measure torsional 
strain, two differential pressure sensors, two axial and 
torsional stress sensors and finally two limit switch sensors 

were set up. A computer program was utilized to control all 
test procedures by means of a PID control algorithm. Data 
logging device was the last part of the control system. The 
sample dimensions were 12 cm in height, 6 cm in inner 
diameter and10 cm in outer diameter. 
   The maximum inclination of principal stress ( α ) and 
intermediate stress ratio ( b′ ) are considered the critical 
parameters in this research. Because the torsion sensor 
measures the torque (T) at any moment, the θσ Z (shear 
stress) value can be obtained using Eq (3), where ir and or  
are the inner and outer radiuses of the samples, 
respectively. The value of Zσ (vertical normal stress) must 
be kept constant, and therefore, the values of θσ  and 

rσ (the circumferential and radial normal stress, 
respectively) obtained through Eqs (1) and (2), 
respectively, are also kept constant. Furthermore, iP  and 

oP (inner and outer water pressures) are computed using 
Eq (5), νF (vertical force) is found using Eq (4), and 
principle stress can be measured by equations 6 to 8 [15].  
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2.4 Experimental Program 
Sample preparation method used in this study was dry 
deposition method, while not using water sedimentation 
method. That may alter the real anisotropy fabric. Dry 
deposition method is able to create more uniform silty 
sand samples according to Miura and Toki (1982) 
suggestion which says pluviation methods create the most 
significant anisotropy [12].The sand was deposited into 
the frame through a funnel with a long tube. Carbon 
dioxide ( 2CO ) and deaired water were passed through the 
samples in their saturated states. The circulating time for 
the 2CO  considered in the tests conducted by Zlatovic 
and Ishihara (1997) were 30 minutes for clean sand and 8 
hours for pure silt [35]. In the present study, the minimum 
and maximum times were 30 and 135 minutes for clean 
sand and the 50% silt mixture, respectively. After 
circulation of 2CO , the deaired water entered from the 
bottom similar to 2CO  but in the opposite direction of 
gravity and was seeped into all the voids in the sample. 
The saturation procedure continues as the confining 
pressure increased, and the pore water pressure was 
measured in several steps. If the B-value would exceed 
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0.95, then the sample is assumed to be completely 
saturated. At this time the saturation stage was completed 
and the sample should be consolidated. Because all the 
tests conducted in this research were of the Consolidated 
Undrained (CU) type, all drainage valves must be opened 
during consolidation and connected to the system. The 
amount of water discharged from the sample during 
consolidation could be measured by reading the burette 
numbers at the beginning and end of this stage. After 
consolidation the shear stage started at which the shear 
speed was four degrees per minute, the lowest speed that 
can be applied to the system. At the end of the test the 
porosity of the samples was measured.          

                            
        
3. Results 
The goal of this research was to study the influence of the 
amount of silt upon anisotropy features in sand-silt 
mixtures. For this purpose, sand were tested using 
400-kPa initial confining stress and a silt content range of 
0-50%.Also the Intermediate stresses parameter ( )b′  in all 
tests was 0.5, Some information on these tests are given in 
Table 3. 
All test results are presented in the form of stress-strain and 
effective stress path curves. According to these curves, the 
sample behaviours are similar to those of dense sands based 
on the classification of undrained sand behaviour in most 
conducted tests, according to Yoshimine et al. (1998) [34]. 
The significance of the strength of the deviator stressing 
phase transformation point is evident in this figure. 
According to Figs. 3 through 6, the sample strengths 
(deviator stressing phase transformation and failure points) 
decrease as α  increases; this indicates that the soil 
becomes softer. Increasing the silt content up to the 
threshold level will cause the strengths to decrease, and this 
reduction is more obvious for the 50% silt case (Figs. 6). In 
these samples, the test conditions were the same, and the silt 
percentage increased as the density increased, but 
unexpectedly, strength did not increase. For example, in test 
No.7, the value of rD is 76, but in test No.28, which 
contains 50% silt, its value is 99, 6.  
 
4. Discussing and studying the stress paths  
4.1  Effect of inclination angle ( α ) on the sand’s 
behaviours 

In Figs. 3 through 6, the strength of samples (deviator 
stressing phase transformation and failure strength) is 
reduced as α  increases, which indicates that the soil 
becomes softer. This behaviour has been described by 
Yoshimine and Ishihara (1998) for Toyoura sand, and by 
Bahadori and Ghalandarzadeh (2008) for a Firoozkuh 
sand-silt mixture[4]-[34].  
 
4.2 Effect of non-plastic fines content on the sand’s 
mixture behaviours 

The effect of nonplastic fines on the behaviour of 
saturated sand has been studied by many researchers [6]-
[13]-[23]-[29]-[32]. Adding different amounts of 
nonplastic silt considerably changes the sand behaviour, 

and these changes are difficult to describe. Pitman et al. 
(1994) concluded that when silt was added to Ottawa 
sand, it became less collapsible in undrained triaxial 
compression tests. However, others found that nonplastic 
silt may decrease the strength (Troncoso and Verdugo, 
1985; Sladen et al., 1985) [18]- [24]. Ishihara (1993) and 
Verdugo and Ishihara (1996) showed that the increased 
silt content increased the potential for sand to exist in 
nature in a contractive state, which includes the 
possibility of flow failure or liquefaction[9]- [28]. 
Yamamuro and Lade (1997, 1998) and Lade and 
Yamamuro (1997) observed that increasing the amount of 
nonplastic silt in Nevada sand increased the volumetric 
contractive character in both drained and undrained 
triaxial tests, even when the overall density increased[30]. 
Among the problems involved in these studies is the 
impossibility of fixing at least one of the parameters in 
sand-silt mixtures. In the present study, the method 
proposed by Bahadori and Ghalandarzadeh (2008) [4]  
was applied to address this problem. Based on this 
method, if the same conditions are considered in sampling 
and testing, then increasing the silt increases the density 
and decreases the strength. Thus, while the sample 
densities are equal, the sample with higher silt content has 
lower strength.  
The sample strengths decreased in the silt-sand mixtures as 
the silt content increased (Fig. 7). The decreasing strength 
as silt is added to the host sand can be explained by 
Tavanayagan’s classification (1999) (Fig. 8) [21]. 
According to Fig. 9, the void ratios of host sands are tested 
in the range of Tavanayagam’s classification case (i); 
however, with 15% silt content, the intergranular void 
ratio ( )ce  approached HSemax,  (Fig. 9), which is more 
similar to that observed in Tavanayagam’s classification 
case (ii). In this latter case, the finer grains may support a 
coarser grain skeleton that is otherwise unstable. These 
grains act as a load transfer vehicle between some of the 
coarse grain particles in the soil matrix, while the 
remaining fine particles fill in the voids. In this case, the 
shear strength is derived from a combination of friction 
along coarse grain contacts and fine particles. In this 
structure, ce  increased, which decreased the strength of 
the samples.  This behaviour is evident as the silt 
percentage in the mixtures increases and leads to an 
increase in relative density. Increasing the amount of silt 
content to 30% caused the intergrain void ratio, the relative 
density does not increase because its threshold percentage 
was 28%. Thus, an inter-fine-particle void ratio is used to 
explain its behaviour, which is similar to case (iv-2) and is 
shown in Fig. 9. Moreover, the inter-fine-particle void 
ratio in the mixture with 30% silt content is greater than 
that of a sample with 15% fine particle content. When the 
silt content is increased to 50% in all mixtures, fe is 

smaller than ( HFemax, ) , and ( FCFCth < ); thus, their 
behaviours are similar to Tavanayagan’s classification 
case (iv-2). In this case, the fine particles carry the contact 
and shear forces, while the coarse grains act as reinforcing 
elements embedded within the finer grain matrix. In this 
situation, the main bearing structure changes from sand to 
silt, and because the strength of silt is less than that of sand, 
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increasing the silt up to 50% decreases the strength of the 
mixture.  
    
5. Conclusions  
1) As α  increases, the strengths of the samples of host 
sand and silt-sand mixtures decrease, i.e., the soil becomes 
softer. Such behaviours have also been observed by 
Yoshimine et al. (1998) and Bahadori and Ghalandarzadeh 
(2008) [34]-[4]. 
2) As the silt content in mixtures increases, the relative 
density also increases, but this increase does not increase 
the mixture strength. An increase in relative density is one 
of the most marked phenomena indicating that the index of 
the relative density (or void) is not a suitable index for 
evaluating the behaviour of silt-sand mixtures. 
3) In all mixtures, increasing the silt content up to 50% 
causes the strength to decrease. This decline in strength 
may be justified by parameters ( )fc ee , , which are defined 
by Tavanayagam (1999) [21]. 
 
Notation 
 
The following symbols are used in this paper: 
α : the inclination of the major principal tress with respect 
to the vertical direction 
 b′ : Intermediate stresses 
 b  : Portion of fine grains that contribute to active 
intergrain contacts 
 D : Diameter of coarse grains     

cC : Coefficient of curvature 
 
 

uC : Coefficient of uniformity 

50D : Medium grain size 

  d : Diameter of fine grains 
   

ce : intergranular void ratio 

fe : Inter-fine-particle void ratio 

minmax , ee : Maximum and minimum void ratios, 
respectively 

HFHF ee min,max, , : Maximum and minimum void ratios of 
host fine particles, respectively 
FC : Fine particle content (%)   

Lth FCFC , : Threshold and limiting fine particle content, 
respectively   
( ) 2/31 ee −  : deviatoric axial strain 

cp′  : initial effective confining stress 

oi pp ,  : inner and outer water pressures, 

respectively 

 oi rr ,  : inner and outer radius, respectively 
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Table 1: Physical characteristics of sands 

( )mmD50  ( )%FC  uC  cC  Sand type 

0.106 0.03 2.55 0.59 Tehran sand 

 

Table 2: Physical properties of silt 

Plasticity index 

(%) 

Liquid limit 

(%) 

Plastic limit 

(%) 

                        22               24                2 

 

Table 3. Characteristics of the tests  

Test 

No. 

Sand 

type 

FC 

(%) 
α   e  ( )%rD  ( )fe  ( )ce  

7 T 0 15 0.711 76.0 1.83 0.71 

8 T 0 30 0.712 75.8 1.83 0.71 

9 T 0 60 0.718 74.3 1.85 0.72 

16 T 15 15 0.600 83.0 1.25 0.84 

17 T 15 30 0.610 80.7 1.27 0.85 

18 T 15 60 0.606 81.6 1.26 0.84 

25 T 30 15 0.560 89.3 0.98 0.92 

26 T 30 30 0.563 88.6 0.98 0.93 

27 T 30 60 0.567 87.7 0.99 0.93 

28 T 50 15 0.530 99.6 0.76 0.88 

29 T 50 30 0.534 98.8 0.77 0.88 

30 T 50 60 0.537 98.2 0.77 0.89 
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Fig. 1. Grain size distribution curves of Tehran sand 

 

 
Fig. 2. Minimum and maximum void ratios for UTehran U 
sand-silt mixtures 
 

Fig. 3. Stress path and stress-strain curves in Tehran sand 

subjected to an initial effective stress of 400 kPa (FC=0%). 

 
Fig. 4. Stress path and stress-strain curves in Tehran sand 

subjected to an initial effective stress of 400 kPa 

(FC=15%). 

 
Fig. 5. Stress path and stress-strain curves in Tehran sand 

subjected to an initial effective stress of 400 kPa 

(FC=30%). 
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Fig. 6. Stress path and stress-strain curves in Tehran sand 

subjected to an initial effective stress of 400 kPa 

(FC=50%). 

 

 

 
Fig. 7. Stress path and stress-strain curves in Tehran sands 

with different silt contents at α = 15.  

 

 
Fig. 8.Intergranular and Interfine Matrix Phase Diagram 

(Thevanayagam,1999) [18] 
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Fig. 9. Intergranular matrix phase diagram for Tehran Sand 

 



338 

 

Optimizing the twin tunnels position for reduction the surface ground 
movements 

Mehdi Mokhberi1, Seyed Ali Farjam2 

1. Assistant Prof., Department of civil engineering, Islamic Azda University, Estahban Branch 
2. M. Sc. Student,  Department of civil engineering, Islamic Azda University, Estahban Branch 

 
Abstract:  

Increasing in the city’s population and the necessity to access to various locations has led to use of 
underground structures in urban planning.  In the different cities, the twin tunnels has utilized in urban 
transportations. This type of tunnel design effected the urban facilities specially caused the settlements of 
roads and structures. In the researchers studies, the tunnel deformations, ground moments and tunnel 
stabilities were considered. For evaluation the effect of tunnel positions on surface settlements a numerical 
study of twin tunnels in Shiraz City were studied.  According to different type of soils and the tunnel 
positions, the ground deformation was analyzed and discussed. Three different configurations are taken into 
consideration, side-by-side tunnels, piggyback tunnels and angular-offset tunnels. Empirical correlations, 
derived from extensive field data, are used to calculate ground settlements caused by twin bored tunnel. 
Non-linear finite element analysis is used for these situations. The use of superposition was tested using the 
non-linear analysis to check whether or not its use with empirical methods is appropriate. The results 
confirm that is a clear difference in the magnitude and distribution of ground movements in tunnel positions. 

Key words: twin tunnel, underground, tunneling,  settlements, ground movments 

 

1. INTRODUCTION 

Underground transportation facilities in urban areas have 
a significant importance on the citizen lives as they 
provide fast and safe transportation services. Therefore, 
the usage of metro tunnels has improved in recent years 
all over the world. Constructing multiple tunnels 
provides increased engineering challenges e.g. 
excavation of twin metro tunnels side by side or 
piggyback requires much more attention rather than a 
constructing single tunnel. Ground surface settlement is 
an inevitable consequence of excavating and constructing 
tunnels [1].  

In order to evaluate the multiple tunnel behavior, a 
number of studied were carried out. The studies focused 
on experimental, empirical and numerical methods. Many 
semi-empirical equations have been introduced by 
various authors for predicting the movements above 
single [2], [3]. The equations have been shown over 
many years, when compared to case history data of single 
tunnels, to make accurate predictions of the vertical and 
horizontal displacements. Furthermore numerical 
modeling and in situ observations were used to analyze 
the interaction between twin tunnels. Results show that in 
some configurations, the interaction could largely affect 

the soil settlement and that the design of twin tunnels 
requires numerical analysis associated to monitoring 
during the design and construction [4]. The construction 
of the first tunnel may significantly affect the soil 
conditions: reduced confinement, stress release and 
reduction of the strength parameters of the soils. 
Consequently, the second tunnel will be excavated 
through a different material and the induced settlements 
related to the second tunnel will be generally greater [5]. 
many twin tunnel case histories do not usually have 
sufficient data points in critical positions and are usually 
given as a total profile and do  not show the individual 
contributions made by each tunnel. Quality data that does 
fit this description has been reported [6], [7]. Due to the 
lack of data and through advancements in computing 
power, researchers have been aiding understanding of 
deformation of above twin tunnels, using the numerical 
methods [1], [4], [6], [8]. 

Unfortunately, the resulting magnitudes of settlements 
produced using these numerical methods do not 
accurately reproduce the actual magnitudes of 
displacement found at full scale. Hence they cannot be 
used directly to improve the empirical equations. In this 
reason, this paper presents 3D numerical analysis 
conducted to investigate the influence of twin tunnel 
spacing on the surface settlement and internal forces 
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resulting from the tunnel excavation. Analysis was 
carried out for three different tunnel situation and 
different twin tunnels spaces. 

 

2. MATERALS AND METHODS 

In this study the analysis of the three types of twin tunnel 
configuration have considered; side-by-side, piggyback 
and angular-offset. Fig. 1 illustrated the tunnels status. 
Common practice was carried out to superimpose the 
independent settlements to get the final settlement 

profiles. Using the finite element program analyzed the 
soil to evaluate the ground surface deformation. This 
research has performed to evaluate the tunnels behavior 
which constructed in the different class of soils.  

2.1 Soils and lining properties 

In order to use the Plaxis software the soils and lining 
properties are defined. 5 types of Shiraz soil properties 
and 35 centimeters thickness concrete fragments have 
been taken. The Mohr-Columb elasto-plastic criterion 
introduces the soil behavior. The data used in the analysis 
have listed in tables I and II respectively.  

 

Table I. the data collected from different location of shiraz Metro soil 

 Soil 
classification Location 

Unit weight (γ) 
       (

3m
KN ) SPT W% 

  satγ  

(
3m

KN ) 
    E 
(  

2m
KN )     φ  

(degree) 

   C 
(

2m
KN ) 

1 GM-GP Moa’li Abad 21 50 5 22 60000 40 5 

2 GP Qasr Dasht 19 15 15 20 40000 30 10 

3 SM-SC Farhang Shahr 18 40 10 19 25000 25 15 

4 CL-ML Khak Shenasi 17 12 12 19 30000 20 20 

5 CL Moshir Fatemi 20 25 15 22 20000 10 30 

 

Table II. Properties of concrete lining fragments 

 
 
 
 
 
 
 
 
 
 
 
 
 

 
 
 

 

Fig. 1. the schematic position of twin tunnels 
 

unit amount Parametrs 

KN/m 1.4×10P

7 EA 

kNm/mP

2 1.43×10P

5 EI 

m 0.35 D 

KN/m/m 8.4 w 

- 0.15 υ  
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2.2 Surface effect 

In order to recognize the twin tunnel settlements, surface 
deformation for each tunnel has founded separately. An 
analysis has been performed for twin tunnels and the 
results measured. Following discussed the obtained 
results: 

2.2.1 Side-by-side tunnel 

Figs 2 to 7 shows the effect of distance on the subsurface 
settlements. The 6 meters diameter tunnels are buried in 
depth 15 meters. The tunnels spaces are 8, 16, 20, 24, 32, 
40 and 60 meters respectively. The water table position is 
2 meter above the tunnel lining. The settlements are 
depending to the tunnels spaces. The closest tunnels have 
more effect and larger settlements. Keeping a way from 
each other, the settlement is decreasing. The maximum 
settlement is occurred in distance 8 from the center of 
each tunnel. The settlement is remains constant between 
8 to 16 meters and decreases after 16 meters from center 
of tunnels. In the 60 meters distance the tunnels 
settlements have no superimpose effects.  

 

2.2.2 Piggyback tunnels 
The Piggyback tunnels analyzed in 8, 16, 20, 24, 32, 40 
and 60 meters distances. . The water table position is 2 
meter above the tunnel lining. Figs 8 and 9 shows the 
effect of vertical distance on the subsurface settlements. 
The results indicate that the piggyback tunnels have not 
interface significantly with the maximum settlements. 
The surface settlement is considerably depending on 
upper tunnel settlements.  

2.2.3 Angular-offset tunnels 

For the Angular-offset tunnels analyze the 25, 45 and 65 
degree offset-angular have been considered. The tunnels 
have 8 and 14 meters offset distances and the soil class is 
CL. The results show a linear decay with spacing 
between two tunnels. Fig. 10 confirms that the 
settlements increases from 25 to 65 degree offset. The 25 
degree twin tunnel has less settlements and the 65 degree 
offset have maximum superimpose settlements. The 
maximum amount of settlements has occurred in the 
center point of twin tunnels

 

 

Fig. 2. the total settlements in side-by-side tunnels, tunnel diameter=6 m; tunnels spaces=8 m 
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Fig. 3. the total settlements in side-by-side tunnels, tunnel diameter=6 m; tunnels spaces=16 m 

 

 

Fig. 4. The total settlements in side-by-side tunnels, tunnel diameter=6 m; tunnels spaces=20 m 

 

 

Fig. 5. the total settlements in side-by-side tunnels, tunnel diameter=6 m; tunnels spaces=32 m 
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Fig. 6. The total settlements in side-by-side tunnels, tunnel diameter=6 m; tunnels spaces=40 m 

 

 

Fig. 7. the total settlements in side-by-side tunnels, tunnel diameter=6 m; tunnels spaces=60 m 

 

.  
 

 

Fig. 8. the total settlements in angular-offset tunnels, tunnel diameter=6 m; spaces=8 m 
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Fig. 9.The total settlements in angular-offset tunnels,  tunnel diameter=6 m; spaces=14 m 

                                                                                     

                                                                  

 

Fig. 10. The settlements in piggyback tunnel, tunnel diameter=6 m 

 

3. CONCLUSION 

The research has carried out to recognize the effect of 
twin tunnel situation on ground surface settlements. 
Using the finite element method analysis the following 
results could be obtained: 

• In the single tunnel, Settlements decreases with 
increasing the distance from the tunnel center; 
while the settlement have maximum amount in 8 
to 16 meter from the center of each tunnels in 
the twin tunnels, due to superimpose effect. 

• In spite of soil saturation, the sand layers have 
considerable settlements than the other soils 
type. 

• Settlement is increases with increasing the 
offset-angular degree, and it has the maximum 
amount in 60 degree alignments. 

• The piggyback tunnels settlements is due to 
upper section settlements and the lower parts 
have least effect on superimpose settlements. 
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1. INTRODUCTION 
Geotechnical engineers often recommend piles as 
foundations to support the proposed superstructure subjected 
to lateral loads. Hence, pile lateral carrying capacity is 
required to be evaluated.  
Several researchers have attempted evaluation of pile lateral 
capacity based on analytical solutions [e.g. 1], semiempirical 
solutions [e.g. 2, 3] and finite element solutions [e.g. 4]. 
However, because of the nonlinearity of the soil behaviour 
and the variability of soil properties, the proposed methods 
have achieved limited success in terms of giving accurate 
prediction of pile lateral capacity.  
In this respect, artificial intelligence techniques may be more 
efficient.  Recently, several attempts have been made to use 
artificial neural networks (ANNs) for modeling the axial 
capacity of pile foundations [e.g. 5, 6, 7] and lateral capacity 
[e.g. 8]. The modelling advantage of ANNs over traditional 
methods is the ability of ANNs to capture the nonlinear and 
complex relationship between the bearing capacity and the 
factors affecting it without having to assume a priori formula 
of what could be this relationship.  However, the main 
shortcoming of ANNs is the large complexities of the 
network structure, as it represent the knowledge in terms of 
weight matrices together with biases that are not accessible to 
the users [9].  
In this regard, the genetic programming (GP) may represent 
better alternative. The main advantage of the GP over the 
ANNs is the ability to provide the relationship between a set 
of inputs and the corresponding outputs in a simple 
mathematical form accessible to the users. Recently, the GP 
has been found successful in solving several problems in the 
field of engineering [e.g. 10, 11].  

 
 

In this paper, the lateral capacity of piles in clayey soils has 
been correlated with undrained shear strength and load 
eccentricity using a developed version of genetic 
programming that is gene expression programming (GEP). 
Recently, GEP has been applied with success in solving 
engineering problems [e.g. 12, 13, 14, 15, 16a, 16b]  

The objectives of this paper: 
1. Applying the GEP technique for modelling the 

lateral load capacity of pile foundations embedded in 
clayey soils. 

2. Evaluating the performance of the GEP model by 
comparing its predictions with experimental data. 

3. Measuring the accuracy of the GEP model via 
statistical analysis. 

2. OVERVIEW OF GENE EXPRESSION PROGRAMMING 
Gene Expression Programming is an instance of an 
Evolutionary Algorithm from the field of Evolutionary 
Computation, invented by Ferreira [17] as a global 
optimization algorithm. It has similarities to other 
Evolutionary Algorithms such as the Genetic Algorithm as 
well as other Evolutionary Automatic Programming 
techniques such as Genetic Programming. Similar to the GAs, 
the GEP utilizes evolution of computer programs (individuals 
or chromosomes) that are encoded linearly in chromosomes 
of fixed length and likewise the GP the evolved programs are 
expressed nonlinearly in a form of expression trees (ETs) of 
different sizes and shapes. However, the GEP implements 
different evolutionary computational method.  
The GEP distinct itself from GAs in that the evolved solutions 
are expressed in forms of parse trees of different sizes and 
structures and unlike GP genetic variations are performed on 
chromosomes before they are translated into ETs.  The GEP 
chromosomes are composed of multiple genes, each gene is 
encoded a smaller sub-program.  Every gene has a constant 
length and includes a head that contains functions and 

ABSTRACT 
 
This paper presents the development of a new model to predict the lateral capacity of piles inserted into clayey soils and 
subjected to lateral loads. Gene Expression Programming (GEP) has been utilized for this purpose. The data used for 
development of the GEP model is collected from the literature and comprise 38 data points. The data are divided into 
two subsets: Training set for model calibration and independent validation set for model verification. Predictions from 
the GEP model are compared with the results of experimental data. The model has achieved a coefficient of correlation, 
r, of 0.95 for training and validation sets and average prediction ratio (APR) of 0.97 and 1.04 for training and validation 
sets respectively. The results indicate that the GEP model performs very well and able to predict the pile lateral capacity 
accurately.  
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terminals, and a tail that composes of terminals only.  The 
genetic code represents a one-to-one relationship between the 
symbols of the chromosome; the functions or terminals. The 
process of information decoding from chromosomes to 
expression trees is called translation which is based on sets of 
rules that determine the spatial organization of the functions 
and terminals in the ETs and the type of interaction (link) 
between the sub-ETs [17].    
The modelling process of GEP begins with random 
generation of chromosomes of initial population. Each 
individual chromosome is expressed and its fitness is 
evaluated through the fitness function which measures how 
good the individual is at competition with the rest of the 
population.  The best individuals are kept for modifications 
which are performed by the genetic operators such as 
mutation and recombination.  New offspring of chromosomes 
with new traits are generated and used to replace the existing 
population.  The individuals of the new generation are then 
subjected to the same developmental process which is 
repeated until stopping criteria are satisfied 

3. DEVELOPMENT OF THE GEP MODEL 
 In this work, the GEP model is developed using the 
commercial available software package GeneXproTools 4.0 
[18]. The data used for the model development are collected 
from the literature and comprise 38 data points of piles 
inserted in clayey soil reported by Rao and Kumar [19] and 
found in Das and Basudhar [8]. The piles have different sizes 
with diameters ranging from 6.35 mm to 25.4 mm and lengths 
from 130 mm to 300 mm. In order to accurately predict the 
pile lateral capacity, the significant factors that influence the 
capacity need to be identified and presented to the GEP as 
input variables. These include the pile geometry, load leaver 
arm and soil properties.  The pile geometry is represented by 
the pile diameter, D, and pile embedment length, L. The load 
leaver arm is represented by the eccentricity, e. The soil 
properties are represented by the undrained shear strength, 
Su.. The lateral pile capacity, Qu, is the single output.   

3.1 Data Division 
The next step in development of the GEP model is the data 
division.  In this work, the data are randomly divided into two 
statistically consistent sets, as recommended by Masters [20] 
and detailed by Shahin et al. [21].  This includes a training set 
for model calibration and an independent validation set for 
model verification. In total, 29 data points (75%) of the 
available 38 data points were used for training and 9 data 
points (25%) for validation. The statistics of the data used for 
the training and validation sets are presented in Table 1, 
which includes the mean, standard deviation, maximum, 
minimum and range. It should be noted that, like all empirical 
models, GEP performs best in interpolation rather than 
extrapolation, thus, the extreme values of the data used were 
included in the training set. 

 
 

 

Table 1 GEP model input and output statistics 
Model 
variable 
and data 
sets 

Statistical parameters 

Mean SD* Max.* Min.* Range 

Pile diameter, D (mm) 
Training 18 7 33 6 27 
Validation 17 4 25 12 13 

Pile embedment length, L (mm) 
Training 282 50 300 130 170 
Validation 269 63 300 132 168 

Load eccentricity, e (mm) 
Training 45 14 50 0 50 
Validation 44 17 50 0 50 

Undrained shear strength, Su (kPa) 
Training 10 10 39 3 35 
Validation 10 12 39 3 35 

Pile lateral capacity, Qu (N) 
Training 77 40 225 30 196 
Validation 62 29 128 35 93 

* SD: Standard deviation; Max: Maximum; Min: Minimum 

3.2 Modelling Attempts  
The success of the modelling process using GEP technique 
depends significantly on the design of the model structure. In 
this, the optimal model parameters are determined to ensure 
that the best performing model is achieved. In the search for a 
model using the GEP, the number of chromosomes, 
chromosome structure, functional set, fitness function, 
linking function and rates of genetic operators play important 
role during modelling process and choosing suitable rates of 
these parameters can reduce modelling time and effort and 
produce a robust solution. 
In this work, the trial-and-error approach was used to 
determine the values of setting parameters. This approach 
involved using different settings and conducting runs in steps. 
During each step, runs were carried out and the values of one 
of the above mentioned parameters (with its optimal value 
being searched) were varied, whereas the values of the other 
parameters were set constant (i.e. number of chromosomes = 
30, number of genes = 3, gene’s head size = 8, functions set = 
+, -, ×, and /, fitness function = mean squared error (MSE), 
linking function = +, mutation rate = 0.04, and gene 
recombination rate = 0.1). The runs were stopped after fifteen 
thousand generations, which were found sufficient to evaluate 
the fitness of the output. At the end of each run, the MSE for 
both training and validation sets were recorded in order to 
identify the values that give the least MSE. The search 
attempts for optimal parameters values are presented in Table 
2. 
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Table 2 Input parameters used for developing GEP model 
Parameter Used input 
Number of chromosomes 15, 16, 17, …30 
Number of genes 1, 2, 3 
Head size 7, 8, 9, …12 
Function set +,- , ×, ÷, √, 3 , 4 , Power  
Fitness function MSE (Mean Squared Error)  
Linking function +, × 
Mutation rate 0.045, 0.05, 0.055, …, 0.08 
Recombination rate 0.1, 0.2, 0.3, …, 0.7 

 

3.3 Model Formulation 
As mentioned earlier, one of the advantages of the GEP is that 
it presents the relationship between the input and output in a 
form of expression trees as shown in Fig. 1.  As can be seen, 
the figure illustrates the mathematical operations and 
interactions between the components of the solution. This can 
give insight to the nature of the relationship between the input 
and the output. The trees can be easily translated and arranged 
into mathematical expression as follows:  

( ) uu
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          (1) 

 where;  
Qp : predicted pile lateral capacity; D: pile diameter; L: 
embedment depth; e: eccentricity; Su: undrained shear 
strength.   

 
Fig. 1 Expression trees of the developed GEP model; 

 Sqrt = square root; 3Rt = cubic root; X2 = to power 2  

4. RESULTS AND MODEL VALIDATION 
The performance of the optimum GEP model is shown 
numerically in Table 3 and is depicted graphically in Fig. 2.  It 
can be seen from Table 3 that the model performs well with 
high coefficients of correlation, r, of 0.95 for the training and 

validation sets.  It can also be seen that the model has good 
average prediction ratios, APR, of 0.97 and 1.04 for the 
training and validation sets, respectively. The APR is 
calculated from 

APR = n
Q
Qn

i
m

p /
1

∑
= 








                                                             (2) 

where; 
Qp: predicted capacity; Qm: measured capacity and n: the 
number of case records.  Fig. 2 also indicates that the model 
has minimum scatter around the line of equality between the 
measured and predicted pile capacities for the training and 
validation sets. The results demonstrate that the developed 
GEP model performs well and provides accurate predictions.    
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Fig. 2 GEP model performance in training and validation sets 

 
Table 3 Numerical evaluation of the GEP model performance 

Performance 
measure 

Data set 
Training Validation 

Correlation 
coefficient, r 0.95 0.95 

Average prediction 
ratio, APR 0.97 1.04 

5. CONCLUSION 
The results of this study indicate that the GEP model possess 
a good capability in predicting the lateral capacity of piles 
embedded into clayey soils; the model has achieved high 
coefficients of correlation, r, of 0.95 for the data used in 
model calibration and validation. The model has also low 
average prediction ratio, APR, values of 0.97 and 1.04 for the 
data used in model calibration and validation, respectively; 
these values indicate that the model may tend to under-predict 
the pile lateral capacity. The results also demonstrate that 
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GEP model performs well in comparison with the 
experimental data. Overall, the output of this study has 
demonstrated that resulting model correlates pile lateral 
capacity and undrained shear strength of soil accurately. 
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1.INTRODUCTION 
 

One of the important points in the study stages and during 
construction of earth dams is seepage through the dam body. 
Seepage is the continuous movement of water from the 
upstream face of the dam toward its downstream face. The 
upper surface of this stream of percolating water is known as 
the phreatic surface. The position of the phreatic surface 
influences the stability of the earth dam because of potential 
piping due to excessive exit gradient and sloughing due to the 
softening and weakening of the soil mass as if it touches the 
downstream slope or intersects it.Steady seepage develops 
after a reservoir pool has been maintained at a particular 
elevation (e.g., maximum storage pool) for a sufficient length 
of time to establish a steady line of saturation through the 
embankment. The seepage forces which develop in the steady 
state condition act in the downstream direction [1]-[3]. 
Another condition that may happen in earth dams is rapid 
drawdown of reservoir water table. When the reservoir is 
emptied, a phreatic surface or water table is formed in the 
embankment. The free water surface in the embankment does 
not fall as rapidly as the reservoir level. A reverse hydraulic 
gradient is established which results in a flow in the 
embankment towards the emptied reservoir. The water table 
in the embankment gradually recedes as water flows out 
towards the toe. The hydrostatic pressure in the embankment 
decreases as the water table falls, and the soil effective 
stresses increase. The period immediately after drawdown of 
the reservoir level is a critical one with respect to the design 
of the embankment. The hydrostatic pressure in the 
embankment causes an unstable situation as it acts towards 

 
 

the free face. The effective stresses in the soil are low 
therefore the full strength of the soil is not established and the 
frictional resistance is low [4], [5]. 
The drawdown condition is a classical scenario in slope 
stability, which arises when totally or partially submerged 
slopes experience a reduction of the external water level. This 
is a common situation in riverbanks, subjected to changing 
river levels. Flooding conditions are critical in this case 
because river levels reach peak values and the velocity of 
decreasing water level tends to reach maximum values also. 
Operation of dams requires changes in water level, which 
modify the safety factor against sliding of the upstream slope 
of earth dams. When the reservoir level is high, hydrostatic 
pressures help to stabilize the slope. A reduction of water 
level has two effects: a reduction of the stabilizing external 
hydrostatic pressure and a modification of the internal pore 
water pressures. The second effect has traditionally received 
considerable attention in dam design because it may lead to 
critical conditions of the slope. The subject has been 
approached from different perspectives, which have been 
largely dictated by current advances in soil mechanics. 
Reference [6] discusses the practical implications of rapid 
drawdown and a number of case histories associated with 
total or partial failure of the upstream slope. References [7] 
and [8] provide further information on drawdown-induced 
failures. 
Current approaches to analyze drawdown are classified into 
two different groups: Flow methods, which should be applied 
in relatively pervious slopes and undrained methods, which 
find applications in impervious soil slopes. Methods from the 
first group concentrate on the solution of the flow problem in 
a situation that involves changes in boundary conditions and a 
modification of the initial free surface. These methods 
implicitly assume that the soil skeleton is rigid and therefore 
they do not consider any modification of the initial water 
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pressure because of the change in total boundary stresses 
imposed by the drawdown. Methods developed to handle this 
problem include flow net analysis; methods based on ad hoc 
hypothesis (typically Dupuit-type of assumptions) finite 
element analysis of flow in saturated soil and finite element 
analysis for saturated-unsaturated flow. 
The finite elements method (FEM) can be used for the stress, 
seepage, and stability analysis of slopes; where nonlinear 
material behavior and complex boundary, and loading 
conditions can be taken into account. It has also become 
possible in recent years to perform coupled analysis of 
stress-induced pore pressure generation and dissipation over 
time.This paper presents a numerical evaluation on phreatic 
line location within an earth dam in both steady-state and 
rapid drawdown condition. Different rapid drawdown rates 
are considered and phreatic line has been evaluated 
accordingly. In this study, finite element software, ABAQUS, 
is used to determine phreatic line. ABAQUS application is a 
general purpose finite element program from SIMULIA Ltd. 
It has a large element library and is capable of analysis of 
variety of problems. A large class of stress analysis problems 
can be solved with ABAQUS. 
 
2. PROBLEM DEFINITION 
 

The problem for this study is defined as in Fig. 1. The 
selected example is a simplified representation of typical 
homogeneous earth dam geometry. The dam section assumed 
in the present survey is a symmetric zone section with 
impervious foundation. The water level height in the reservoir 
and downstream are 32 m and 4 m respectively and the free 
board is 3 m; let the 1/3 be the slope of the upstream and 
downstream face of the earth dam; let the top width of the 
embankment be 5 m. The materials properties are chosen 

more close to reality. The dry density is 1800  𝑘𝑔 𝑚3�  and the 
permeability of material is 0.0864 𝑚 𝑑𝑎𝑦� . The Young’s 
modulus of the embankment is equal to 20 MPa. The void 
ratio is considered to be 0.6. 

 
 

 
Fig. 1. The proposed model geometry 

 
 
 
3. ABAQUS SIMULATION 
 

The boundary conditions applied to the model are such that 
the whole model is restrained from moving in horizontal and 

vertical direction. Pore fluid boundary condition applied to 
the model for Steady-state analysis comprise of water head 
over the upstream and downstream face. Potential seepage 
boundary condition is assigned to drainages outlet. The 
remaining boundaries are impermeable, as it is assumed that 
there is no flow of water through these boundaries. 

 In order to simulate rapid drawdown condition, it is 
necessary to perform Transient analyses. For this purpose, 15 
Transient steps after Steady-state analysis have been defined. 
Each step represents 1 m drawdown of reservoir water table 
daily; consequently, the pore fluid boundary condition for 
upstream slope changes with steps. 

 In order to perform 2D finite element analyses, the model 
was discretized into basic triangle elements. Figure 2 shows 
the finite element mesh used in the pore fluid analyses, 
consisting of 1473 6-noded isoparametric modified quadratic 
triangle elements. 

 

 
 

Fig. 2. Finite element mesh used in study 
 

 
4. ANALYSIS AND DISCUSSION 
 

In the simulation of rapid drawdown, initially a 
steady-state seepage analysis is performed to determine the 
phreatic line in steady-state condition. After that, a transient 
seepage analysis is performed to obtain seepage-induced pore 
pressures and free ground water surface for different 
drawdown rates. To model variation of water level during 
drawdown, linearly variable groundwater heads with time 
was specified as the boundary condition in the transient 
seepage analysis. The calculated groundwater flow 
parameters (hydraulic heads, pore pressures, flow rates, etc.) 
were later used in the deformation analysis. 

Changes in pore water pressure developed immediately 
after the drawdown will be exclusively owing to total stress 
changes. Therefore, if an uncoupled analysis is run, the pore 
water pressures inside the slope will maintain their initial 
values immediately after drawdown. 

Fig. 3 shows the phreatic line within the earth dam after the 
steady-state condition has been reached. The dam was 
supposed to be fully saturated at first. Above the phreatic line, 
Sorption would occur. It means the pore pressure above the 
phreatic line is negative and the degree of saturation is about 5 
%. The seepage will reach the steady-state condition after 20 
days. Fig. 4 shows the earth dam after the rapid draw down 
occurred. The water level of reservoir has been drawn down 
to 2 meter from 32 meter that was before reservoir rapid draw 
down. 
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Fig. 3. Phreatic line before rapid draw down 
 

 
Figure 4. Water level after rapid draw down 

 
 

 Fig. 5 to 10 depict the phreatic line recession after 30 meter 
rapid draw down with rate of 0.25, 0.5, 1, 2, 4 and 8 meter per 
day. It can be seen from these figures that faster the rapid 
draw down rate, slower the phreatic line recession. Of course 
the receded phreatic line is very close to each other in all the 
rates. It means that the rapid draw down rate has a little and 
negligible effect on phreatic line recession and consequently 
on upstream slope stability. 
 

 
 

Fig 5. Receded phreatic line with rapid draw down rate of 
0.25 meter per day 

 
 

 
 

Fig 6. Receded phreatic line with rapid draw down rate of 
0.5 meter per day 

 
 

Fig 7. Receded phreatic line with rapid draw down rate of  
1 meter per day 

 

 
 

Fig 8. Receded phreatic line with rapid draw down rate of  
2 meter per day 

 

 
 

Fig 9. Receded phreatic line with rapid draw down rate of  
4 meter per day 

 

 
Fig 10. Receded phreatic line with rapid draw down rate of  

8 meter per day 
 
 

Maximum pore pressure within the dam is presented in table 
1. it can be seen that the difference between the pore pressures 
with different rapid draw down rates is very small and almost 
omissible.  
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Table 1. Maximum pore pressure within the dam after rapid 
draw down 

 
Rapid Draw Down 

Rate (m/day) 
Maximum Pore Pressure 

(kPa) 
0.25 

 
+232.5 

0.5 
 

+244.6 

1 
 

+251.7 

2 +255.8 

4 +258 

8 +259.2 

 

5. CONCLUSION 
 
Modern numerical methods and constitutive models enable 

analysis of transient seepage in order to more realistic and 
economical design. It is shown that the simultaneous 
generation of seepage and pore pressures and their dissipation 
with time can be computed and the distribution of excess pore 
pressures within the slope at any stage together the phreatic 
surface can be determined. 

 
The stability of a submerged slope during drawdown is 

greatly influenced by the how fast its pore water drains. Even 
though the common design practice of assuming either freely 
draining (fully slow) or undrained (rapid) drawdown provides 
solutions for two extreme limiting conditions, it does not 
reflect the field behavior realistically in majority of cases 
where the hydraulic conductivity of soil and the rate and level 
of drawdown combine in a manner that results in solutions 
quite different than these limiting conditions. 

In this paper the effect of rapid draw down rate on phreatic 
line recession was investigated using finite element software, 
Abaqus. 

It was seen that the change in rapid draw down rate has a 
little effect on phreatic line recession and all the receded 
phreatic lines are almost similar to each other. Also there is a 
little difference between the maximum pore pressure within 
the dam after rapid draw down. 
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1. INTRODUCTION 
Silt is a kind of sedimentary geomaterial consisting primarily 
of very fine particles, including fine sand particles, silt 
particles, and some clay particles which are often less than 
10% by weight. Silt is a type of transitional soil between sand 
and clay. A soil is defined as silt if its plasticity index is no 
greater than 10 and the amount of particles greater than 0.075 
mm is no greater than 50% of the total [1]. 
silty soils don’t consider as suitable materials in civil 
engineering project due to their low cohesion and friction 
angel. Using the soils as a road or railway subgrade is 
generally not possible without stabilization as their 
characteristics fall below the minimum required. 
Consequently, stabilization is needed for this kind of soil. 
Application of stabilizing agents on soils has a long history. 
Cement was first used as stabilizing agent at the beginning of 
the twentieth century to mix with soils and form road 
materials in the United States. Since then, many other kinds 
of materials, such as lime [2] and special additives such as 
Pozzolanic materials like Fly Ash [3], Microsilica [4], and 
Rice Husk Ash [5], which are as waste material, may be used 
for soil improvement. Most of the existing stabilizers like 
lime and cement aren’t much useful for silts, so the stabilized 
silts with such kind of stabilizing agents usually cannot 
satisfy the requirements of road construction. The 
encountered problems mainly are lower early strength, 
greater shrinkage, easy cracking, and bad water stability [6], 
[7]. 
Indeed, a successful stabilization method depends on many 
factors such as:  

 
 

(1) Soil type and properties; (2) stabilizing agent; (3) 
Stabilizer content; (4) Potential use of the stabilized soil; (5) 
Field mixing method; and (6) Economical considerations [8]. 
Therefore, new methods are still being researched to increase 
the strength properties of silty soils. In this study we evaluate 
the feasibility of using stabilized silt with microsilica and 
lime for Karaj railway subgrade in Iran. 
Microsilica (or silica fume) is one of the by- product materials 
which is obtained from silicon material or silicon alloy metal 
factories. It was discharged into the atmosphere by the 
factories smoke before the mid-1970s. Nowadays each year 
nearly 100,000 tons of microsilica is produced on purpose 
word wide [9]. Iran also has a large amount of microsilica 
production. Although the microsilica is a waste material of 
industrial applications, it has become the most valuable 
by-product among the pozzolanic materials due to its very 
active, high pozzolanic property and very fine particles. 
These particles are approximately 100 times smaller than the 
average cement particle [9]. 
In previous studies, there have been many researchers 
investigating the effects of microsilica on the strength and 
swelling characteristics of clayey soils were investigated. It 
was seen that microsilica improved the properties of clayey 
soils [10]-[13]. Likewise, recently, the effects of microsilica 
and lime have been investigated on CBR values of sand [9], 
[14]. So their effects on cohesionless soils especially silts 
aren’t investigated enough yet. Therefore our aim in this 
study is to evaluate the feasibility of using stabilized silt with 
microsilica and lime for a railway subgrade. 
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2. MATERIALS 

2.1 Soil 
The silts involved in this research were obtained from an area 
in Karaj railway project in Iran. Atterberg limits tests were 
carried out according to ASTM D 4318. The soil Plasticity 
Index (PI) was 2. The soil was classified as a low plasticity 
soil according to the unified soil classification system ASTM 
D 422 - 87. The soil name is ML according to USCS (silty soil 
with low plasticity). The soil classification is shown in Fig 1. 
 
 

 
 Fig. 1 Grain size distribution curve of the silty soil 
 

2.2 Lime  
Quick lime which was used in this experiment was obtained 
from the industrial group Qom-Iran limestone and its 
chemical composition is shown in Table 1. 
 
 

Table 1- Chemical properties of lime 
Chimical names Percentage 

  
K2O 
SO3 
MgO 

4 
0.8 
2.65 

CaO 51.64 
Fe2O3 0.13 
Al2O3 0.24 
SiO2 1.36 

 
 

2.3 Microsilica 
Microsilica has been obtained from Ferroalloy Industrial Co 
(I.F.I) in Azna. The composition of microsilica mineral is 
shown in Table 2.  
 
 

Table 2. Chemical properties of microsilica 
Chimical names Percentage 

  
MgO 0.5~2 
CaO 0.5~1.5 
Fe2O3 0.3~1.3 
Al2O3 0.6~1.2 
SiO2 90~95 
C 0.2~0.4 
Na2O3 0.3~0.5 
SiO2 0.04~0.08 
MO 0.02~0.07 
P2O5 0.04 
Moisture 
PH 
 

0.01~0.4 
6.6~8.8 
 

 
 

3. EXPERIMENTAL PROGRAM 

3.1 Tests Procedure 
To evaluate the effects of lime- microsilica on CBR values of 
stabilized silty soils, first we found soil optimum moisture 
from compaction test. Then the soil was mixed with various 
contents of lime and microsilica at the soil optimum moisture. 
Therefore the oven- dried soil was sieved from sieve #4 and 
lime and microsilica were added into them in 1, 3 and 5% for 
lime and 2, 5, 8 and 12 percent of dried soil weight for 
microsilica. Required amount of water was added to the 
mixture to obtain soil optimum moisture, beyond. The CBR 
tests were carried out on samples which were cured for 7 days 
after 96 hours immersing according to ASTM D 1883 - 99. 
 

3.2 Compaction Tests 
To determine the soil optimum water content and the soil 
maximum dry unit weight, the modified compaction tests 
were carried out according to ASTM D 1557 – 91. For this 
purpose, the oven- dried soil passing sieve #4 was compacted 
in five layers by 56 blows with 4.5 Kg hammer from 45 cm 
height in 6 inch mold according to procedure C from 
respective standard test method. 
 

3.3 California Bearing Ratio (CBR) Tests 
The California Bearing Ratio (CBR) test is one of the most 
widespread tests to determine strength and bearing capacity 
of base, sub- base and subgrades for use in road, railway and 
airfields pavements. To demonstrate the influence of lime- 
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microsilica additive on the bearing ratio of the silty soil, a 
series of bearing ratio tests were carried out on stabilized and 
unstabilized specimens. The tests were conducted according 
to ASTM D 1883 – 99. The soil with different mixtures of 
lime and microsilica were compacted in 6" modified proctor 
mold in five layers by 56 blows in per layer at the soil 
optimum moisture obtained from compaction tests. For 
curing the samples, they were placed in constant moisture and 
temperature for 7 days. To conduct the tests in soaked 
condition, they were immersed in water for 96 hours under 
the 4.5 Kg (10 pound) overload according to standard test 
method. The CBR tests were carried out after 20 minutes to 
drain the samples. Meanwhile variation of the samples 
maximum unit weight and water content were determined 
after the samples soaking and swelling potential changes 
were measured during the soaking time. 
 

4. RESULTS AND DISCUSSION 

4.1 Compaction Tests 
Compaction tests were carried out on the silty soil and the soil 
optimum moisture and the soil maximum unit weight were 
found to be 14.2% and 17.2 KN/m3 respectively. Compaction 
tests results are drawn in Fig 2. 
 
 

 
Fig. 2 Compaction test curve 

 
 

4.2 Effect of Additives on the CBR 
To compare the soil resistant with different amount of 
additive, a series of samples were prepared in modified 
proctor mold. The CBR tests were conducted in both 
stabilized and unstabilized silty soils at the soil optimum 
moisture with different amount of lime and microsilica. The 
CBR value of the unstabilized soil wes 5.4%. The effect of 
various amount of additive on CBR values of samples are 
shown in Fig 3. 
 
 

 
Fig. 3 The effect of various amount of lime- microsilica 

additive on CBR values of stabilized soil 
 
 
As the Fig. 3 presents, in low amounts of lime (1 and 3 
percent of dry soil) increase in microsilica amount up to 8% 
causes increase in CBR values and then decrease but for 5% 
of lime increase in microsilica amount causes increase in 
CBR values. The maximum CBR value of the samples which 
contain 5% lime and 12% microsilica increases from 5.4% to 
393.2%. So it is seen that up to 388% increase in CBR value 
of stabilized soil in compare of unstabilized silty soil.  
The samples maximum dry unit weight and moisture are 
determined after samples soaking. Figs 4 and 5 show their 
results respectively. It is observed that the maximum dry unit 
weight increase like CBR increase procedure and the samples 
moisture are increase exactly the opposite of the samples dry 
unit weight procedure. The reason for increase in the 
maximum dry unit weight of stabilized samples is assessed by 
void ratio decreasing due to the additive mixture with very 
fine particle size distribution. 
 
 

 
Fig. 4 The effect of lime- microsilica additive on the 

maximum dry unit weight 
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Fig. 5 The effect of lime- microsilica additive on samples 

moisture after soaking 
 

4.3 Effect of Additives on Swelling 
The samples swelling were measured during the 96-hour of 
CBR samples soaking. There were seen swelling potential 
rate were decreased reverse of strength. Unstabilized soil 
swelling was 0.55mm and stabilized swelling samples were 
decreased up to 0.01mm. 
 

5 CONCLUSIONS 
In this research the effects of lime- microsilica additive on 
silts and its utilize on railways subgrade were investigated 
and following conclusions were drawn: 
The experimental results showed that in 1 and 3% of lime it 
was seen an increase on CBR values of samples with 
microsilica increase until 8% of microsilica and then it 
increased. But in 5% use of lime the CBR values were 
increased with microsilica increase. So it sounds the amount 
of sufficient amount of microsilica for 1 and 3% of lime to 
achieve maximum pozzolanic reaction is 8% and for 5% of 
lime is 12%. 
The results of the samples maximum dry unit weight change 
is just like CBR values change procedure. The samples 
maximum dry unit weight increase with CBR increase. 
The moisture measured after soaking stabilized and 
unstabilized samples decrease exactly opposite of the samples 
maximum dry unit weight change procedure.  
There were also seen decreases on swelling rates of stabilized 
soil by increase the additive. 
Therefore, in order to related conclusions which present 
considerable strength of stabilized silty soil with lime- 
microsilica additive in comparison of unstabilized soil, 
application of lime- microsilica additive is recommended for 
subgrad and even sub base of civil projects. 
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INTRODUCTION 
Soil medium has very complex and erratic mechanical 
behavior because of the Nonlinear, stress dependant, 
anisotropic and heterogeneous nature of it. Hence, instead of 
modeling the subsoil in its three dimensional nature, subgrade 
is replaced by a much simpler system called a subgrade model 
that dates back to the nineteenth century. The search in this 
context leads to two basic approaches which are Winkler 
approach and the elastic continuum model, which are of 
widespread use, both in theory and engineering practice. 
Winkler assumed the soil medium as a system of springs 
which are identical but mutually independent, closely spaced, 
discrete and linearly elastic and ratio of contact pressure, p, at 
any given point to settlement, y, produced by load application 
at that point, is given by the coefficient of subgrade reaction, 
Ks [1]:    
     
Ks = p / y                                                                                 (1) 
                                                                                              
A direct method to estimate both Es and Ks is plate loading 
test (PLT) that requires circular or equivalent rectangular 
plates. PLT provides a direct measurement of the 
compressibility and bearing capacity of soil and essentially 
consists in loading a rigid plate and determining the 
settlements corresponding to each load increment. The results  
of a PLT are presented as applied contact pressure versus 
settlement curves (Fig. 1).  
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There are some current methods for subgrade reaction 
modulus determination like NAVFAC DM-7.1, that indicate  
after plotting stress- settlement curve, qult fined, and ratio of 
0.5qult to corresponding settlement, considered as Ks [2]. 
According to Bowles initial tangent or initial secant line slope 
can be used for estimating the modulus of subgrade reaction. 
However, the slope of tangent line in applied stress may be 
used to determining the subgrade reaction modulus [3].  
 

 
Fig 1. Typical presentation of results from a PLT 

.  
Many researches including Biot, Terzaghi, and Vesic have 
investigated the effective factors and determination 
approaches of Ks [4]-[6]. Geometry and dimensions of the 
foundation and soil layering are assigned to be the most 
important effective parameters on Ks.  
Terzaghi made some recommendations where he suggested 
values of Ks for 1*1 ft rigid slab placed on a soil medium; 
however, the implementation or procedure to compute a 
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value of Ks for use in a larger slab was not specific. Biot 
solved the problem for an infinite beam with a concentrated 
load resting on a 3D elastic soil continuum [7]. He found a 
correlation of the continuum elastic theory and Winkler 
model where the maximum moments in the beam are 
equated. Vesic tried to develop a value for Ks, except, instead 
of matching bending moments. He matched the maximum 
displacement of the beam in both models. He obtained the 
equation for Ks for use in the Winkler model. 
Several studies by Filonenko-Borodich, Heteneyi, Pasternak , 
and others, have attempted to make the Winkler model more 
realistic by assuming some form of interaction among the 
spring elements that represent the soil continuum [8]-[10]. 
One of the early contributions was that of Terzaghi, who 
proposed that Ks for full-sized footings could be obtained 
from plate-load tests using the following equations: 
For clayey soil:                                 
 
K s = Kp (Bp / B)                                                                                                              (4)                                                                                                                                                                         
 
For sandy soil:                          

 
Ks = Kp [(B+Bp) / 2B)]2                                                             (5)                                                           

 
Where 
 
Ks = desired value of modulus of subgrade reaction for the 
full-size (or prototype) foundation 
Kp= value obtained from a plate-load test using a 0.3m ×0.3m 
(1ft ×1 ft) or other size load plate 
Bp= plate diameter 
B= dimension of foundation. 
 
In the present paper, the effect of elastic modulus variation on 
Ks determination is investigated. For this purpose, the 
numerical analysis are performed on four models with constant 
and various E in depth (two model for either PLT and mat 
foundation) and the subgrade reaction modulus are determined 
using back analysis method for each model. 
 
2 ANALYSIS PROCEDURE 
2.1 Material  
2.1.1 Material Model 
In current paper the value of E is expressed as a function of 
confining pressure σ3 using Janbu’s  [11] relationship as 
 
E= kur Pa (P/Pa )n                                                                     (6)                                                                               
 
E = tangent elastic modulus at the mean stress P 
kur = modulus number 
Pa = atmospheric pressure 
P= mean stress= (σ1+σ2+σ3)/3 
n= exponent modulus.  
 
Then, by replacing P= γz (1+2 k0)/3,  E versus depth (z) 
derived (Fig 2). Afterwards, the obtained curve 
approximately divided to straight lines and assumed that E 
changes in each part, linearly. Each part considered as 

different layers that E linearly change with depth. For these 
layers, Mohr-Coulomb model is employed. 
 

 
Fig 2. Elastic modulus versus depth 

 
2.1.2 Material Properties 
In present study, Sacramento River Sand properties that was 
given by Lade [12], dedicated to soil. Aforesaid soil 
parameters are presented in Table 1. 
 

Table 1. Sacramento River sand properties. 
 

kur n υ φ 
(o) 

C 
(kPa) 

ѱ 
(o) 

ρ 
(kg/m3) 

960 0.57 0.3 35 0 5 1417 

 
2.2 Geometry 
46 finite element analysis performed using Plaxis 8.5 
software with axis-symmetric model. The 15-node triangular 
elements are used to model the soil layers and other volume 
clusters. Near the edges of a loaded area where stress 
concentrations are expected, mesh is refined by reducing the 
size of the soil surface below the position of the loading area. 
Analysis is performed under load control by a vertical 
distributed load boundary condition applied to the soil surface 
below the position of the loading plate. It is assumed that both 
horizontal and vertical displacements are zero for all nodes 
along the bottom boundary of the mesh. On the vertical side 
boundaries, the horizontal displacements have been assumed 
to be zero too. 
The size of axis-symmetric model in X and Y direction is 
considered greater than 2.5D and 6D, respectively, that 
satisfy Bowles recommendation [3]. Four models provided to 
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analyze, two models for 0.75m diameter plate loading, and 
others assigned to  circular foundation with 10 m diameter. In 
each of mentioned groups, one of them has layers that Elastic 
modulus linearly changes in depth and other has a constant E 
overall the model (Fig 3-4). 
 

   

                           a                                          b 
Fig 3. Geometry of model (PLT). 

a: Various E, b: Constant E 
 

   
 
 
 
 
 

                          a                                          b 
 
 
 

Fig 4. Geometry of model ( Mat Foundation ). 
a: Various E, b: Constant E 

 

  
                     a                                          b 

Fig 5. Vertical displacement (PLT). 
a: Various E, b: Constant E 

 

 
                      a                                        b 

Fig 5. Vertical displacement (PLT). 
a: Various E, b: Constant E 

 
3 RESULTS 
All models were analyzed (Fig 4-5) and pressure-settlement 
curves for each model were plotted (Fig 6-7). Therefore, the 
subgrade reaction modulus by estimating the slope of initial 
tangent line, were specified (Table 2). 

 
Fig 6. Stress – Settlement curves of plate loading with 

various and constant E. 

 
Fig 7. Stress – Settlement curves of foundation loading 

with various and constant E. 
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Table 2. Subgrade reaction modulus for models. 
 

 

Type 
Ks (MN/m3) 

Various E Constant E 
Plate 33.1 20.3 

Foundation 9.4 3.0 
 

3 CONCLUSION 

1. Considering the E varieties in depth, in granular soils, 
confining pressure effect, caused the settlements 
decrease. Therefore the obtained Ks become greater 
as compared to constant E condition. 

2. Due to significant variation of elastic modulus in low 
depth, the plate load test must performe exactly at 
the foundation level. 

3. In order to calculate the subgrade reaction modulus 
using, a specific value of E could be misleading.  

4. As foundation dimensions increase, the stress 
influence depth increases subsequently. Hence the 
effect of E variation in depth on Ks becomes 
considerable. 

5. Based on obtained results, it may be propose that in 
subgrade reaction modulus calculation the E 
varieties in depth should be considered by back 
analysis method. 
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1. INTRODUCTION 
When slender steel piles beneath buildings 

experience high axial compression forces as a result 
of vertical loads increased by P-∆ effects with 
inertia forces acting on the buildings and then the 
soil liquefies, buckling of the piles may occur even 
though they are restrained laterally by the liquefied 
soil. For example, in the case of tall structure as 
shown in Fig.1, the left steel pile carries out the 
tensile force due to P-∆ effect, and the right one 
carries out the compressive force due to P-∆ effect 
in addition to dead load of the structure. The 
flexural buckling will occur in the right one, and 
then its bucking length is corresponding to the 
thickness of the liquefied soil. 

This paper describes the evaluation of the 
buckling load of slender piles in liquefied soil with the 
unified and triangular distributions of the coefficient of the 
subgrade reaction. The equations of elastic buckling load are 
developed with the energy methods, and the relationship 
between the buckling load of the slender piles and the 
soil-pile interaction is presented. The elastic eigen analyses 
are conducted to compare the solution from the equations of 
buckling load developed by the energy method. 

The elasto-plastic analyses are also conducted and 
interaction between the non-linear behavior of the steel piles 
and inelastic soil reaction are clarified.  

Finally the estimation for buckling stress is suggested 
with general slenderness ratio λc to apply to the present AIJ 
code design for the compressive steel members, and the 
analyses results are in good agreement with the design 
curves. 

 
 

2. ELASTIC BUCKLING LOAD FOR STEEL PILE IN 
LIQUEFIED SOIL 

2.1 Assumption of Elastic Buckling for Steel Piles 
In this paper, some assumptions are applied to develop the 

elastic buckling load for steel pile in liquefied soil. 
(1) The external force for a pile is only vertical load such as 

Fig.2. 
(2) The boundary condition is simple support, and then the 

displacement of the pile at the top does not occur. 
(3) The subgrade reaction is replaced to the elastic 

horizontal springs such as Fig.2, because there is little 
friction over depth between the soil and the pile. The 
coefficient of the subgrade reaction, Kc is expressed 
in the following in reference to Recommendation for 
Design of Building Foundations (DBF), AIJ [1]. 

2
1= (MN/m )c hK k B  (1) 

3
34

1 080 (MN/m )hk E B
−

=  (2) 

ABSTRACT 
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Where, kh1 is calculated with deformation modulus, 
E0 and diameter of piles in reference. In Eq. (2), the unit 
of the diameter must be “cm”. Table 1 shows the 
relationship between the Kc and E0. 

(4) The distribution of the subgrade reaction is assumed to 
be the unified and triangular distributions in the 
followings. 

cK K=  (3) 
2 ( )cKK l x

l
= −  (4) 

2.2 Development of Elastic Buckling Load for Steel Piles 
When a steel pile in liquefied soil is laterally buckled, the 

potential energy U is expressed as the following [2], [3]. 

( )2 2 2

0

1 " '
2

l
U EIu Pu Ku dx= − +∫  (5) 

Where EI is the flexural rigidity of steel pile, K is the 
coefficient of the subgrade reaction such as Eq. (3) or (4), 
and P and u are the vertical load and the lateral displacement 
of the pile. The boundary conditions are simple supports 
such as assumption (2) in section 2.1. For the steel pile with 
the unified distribution of the coefficient of the subgrade 
reaction, the lateral deformation is expressed in the function 
of sine curves in the followings. 

sin n xu a
l
π

=  (6) 

Substituting Eq. (6) for Eq. (5) and use a variational 
technique to Eq. (5), then the buckling load Pcr is obtained as 
the followings. 

2

crP EI
l
π α =  

 
 (7) 

Where α is the ratio of the buckling load of steel pile 
restraint by soil to Euler buckling load in the following. 

4
2

2
cKln

n EI
α

π
 = +  
 

 (8) 

Where n is number of the buckling mode, and the number 
must be selected for minimum value of α. 

For the steel pile with the triangular distribution of the 
coefficient of the subgrade reaction, the lateral deformation 
is expressed in the function of sine curves in the 
followings. 

2sin x xu a b
l l

π π
= +  (9) 

Substituting Eq. (6) for Eq. (9) and use a variational 
technique to Eq. (5), then the buckling load Pcr is obtained 
as the followings. 

2 2

2 2 82

4

5 5
2 8

9 256
4 4 81

cr c

c c

lP EI K
l

K Kl lEI
l l

π
π

π
π π

   = +   
   

      − − −      
       

 (10) 

Eq. (10) can be applied in less than the local minimum 
value of buckling load, because Eq. (9) represents only the 
first buckling mode. 

2.3 Elastic Buckling Stress for Steel Piles 
Fig. 4 shows the relationship between the elastic 

buckling stress, σcr for steel piles with the subgrade 

reaction and slenderness ratio, λ. The parameters are the 
shapes of subgrade reaction distribution such as unified or 
triangle ones, the coefficient of the subgrade reaction such as 
1 MN/m2, 0.1 MN/m2 and 0.01 MN/m2. The dots are the 
numerical analyses results and the thin curves are drawn 
from Eqs. (6), (7) and (10). 

The bucking stresses of piles with unified subgrade 
reaction distribution calculated from Eqs. (6) and (7) are 
almost equal to the results of numerical analyses results on 
this diagram.  In general, the larger the slenderness ratio is, 
the buckling stress does not increase. So that the closed form 
solutions for the buckling stresses of piles are suggested in the 
following. 

2cr cP EIK=   4( / )cl EI Kπ≥  (11) 
Eq. (11) represents the stationary value of buckling stress 

of Eq. (7), and thick broken lines are drawn from Eq. (11). 
These lines are lower limit of Eq. (7), and are similar to 

the square dots of numerical analyses results. Eq. (11) is 
transformed into Eq. (7), α can represent in the following. 

P P

P
K(x)=Kc

P

P

Soil Reaction
Distribution

Soil Reaction
Distribution

x
lK(x)=2Kc

  
Fig. 3 distribution of Subgrade Reaction 
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Fig.4 Elastic Buckling Stress for Steel Piles 

 

Table 1 Value of Kc and E0 
K c(MN/m2) E0(MN/m3)

0.01 0.0047
0.1 0.047
1 0.47  

In case of B=50cm 
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2

2 cKl
EI

α
π

 =  
 

 (12) 

On the other hand, the bucking stresses of 
piles with triangle subgrade reaction 
distribution calculated from Eq.(10) are almost 
equal to the numerical analyses results in the 
small slenderness ratio, but the numerical 
analyses results are lower than those from 
Eq.(10) in the large slenderness ratio, because 
Eq. (10) can be applied to less than the local 
minimum value of buckling load. Then it is 
difficult to apply Eq.(10) to the buckling stresses 
of the piles with large slenderness  ratio. 
As with the unified subgrade reaction 
distribution, the closed form solution for the piles 
with triangle subgrade reaction distribution is 
suggested in the following. 

231
2

cKl
EI

α
π

 = +  
 

  4( 2 / )cl EI Kπ≥  (13) 

The thick solid curves from Eq. (13) are fitting 
well as the numerical analyses results. 

 

3.    ELASTO-PLASTIC BUCKLING 
BEHAVIOR FOR STEEL PILE IN 
LIQUEFIED SOIL 

3.1 Summary of Elasto-Plastic Analyses 
Models 

In this section, FEM analyses are performed 
to investigate the elasto-plastic buckling 
behavior for steel piles with subgrade reaction. Material 
properties of steel piles is shown as Fig.5, and then Yong’s 
modulus E, yield stress σy and strain hardening gradient Est 
for piles are E=206 (KN/mm2), σy=400 (N/mm2) and 
Est=4.2(KN/mm2), respectively in reference to [4]. Fig.6 
shows the subgrade reaction curve as shown in reference [1]. 

Fig.7 shows the initial imperfection of the steel pile, and 
then the initial imperfections are described as the function of 
sine curves in the followings. 

2sin sinx xu a b
l l

π π
= +  (14) 

,
5000 10000

l la b= =  

Fig.8 is the analysis model of steel pile with subgrade 
reaction. The analysis model and boundary conditions are 
same as those in the previous section. Soil is assumed to 
restrain the lateral deformation of steel piles, and is replaced 
to elasto-plastic strut with the subgrade reaction curve in 
Fig.6.  

Fig.10 shows the elasto-plastic buckling behavior for steel 
piles with the subgrade reaction. Figs. 10(a)~(d) represent 
the compression stress, σx(=P/A), the lateral displacement, 
u/l, lateral distribution at maximum load, u/l, and flexural 
moment at maximum load, M, respectively. The steel pile 
has 115 of slenderness ratio, and the soil has 0.1 of the 
coefficient of the subgrade reaction. The parameter is soil 
conditions such as elastic or elasto-plastic property, and 
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unified or triangle subgrade reaction distribution. Case I is 
elastic soil with triangle subgrade reaction distribution, Case 
II is elasto-plastic soil with triangle subgrade reaction 
distribution, Case III is elastic soil with unified subgrade 
reaction distribution, and Case IV is elasto-plastic soil with 
the unified subgrade reaction distribution.  

In Fig. 10(a), the compression load for the piles of Case II 
and Case IV decreases rapidly after the maximum load, 
because the subgrade stiffness decreases as the lateral 
displacement increases. On the other hand, the maximum 
load for Case I and III is about 1.5 times than that for Case II 
and Case IV, because subgrade stiffness is elastic. The 
maximum lateral displacement occurs at the top of pile, and 
for triangle subgrade reaction distribution, the value of 
subgrade reaction at the top of pile is 0. So that the strength 
for Case III is higher than that for Case I. 

In Fig. 10(b), the lateral displacements at the top of pile 
for Case II and Case IV increase more than those for Case I 
and Case III. 

In Fig. 10(c), the maximum deformation for Case III is 
larger than the others at the maximum load. It means that the 
pile for Case III can carry the compression load even though 
the large lateral deformation occurs, because the soil with 
elastic subgrade and unified reaction distribution can 
restraint the lateral deformation of the pile. 

In Fig. 10(d), the maximum flexural moment for Case III 
becomes larger than the others, and reaches the yield 
moment at the maximum compression load.  

 

4.    ESTIMATION OF ELASTO-PLASTIC BUCKLING 
STRESS FOR STEEL PILE IN LIQUEFIED SOIL 

4.1 Comparison between Buckling Stress for Steel Piles 
with Various Soil Conditions 

Fig. 11 compares the elasto-plastic bucking stress for 
steel piles with various soil conditions. The vertical and 
horizontal axes are the bucking stresses of the piles with 
elasto-plastic soil and elastic soil, respectively. Then they 
are divided by the yield stress of the piles. 

White circle represents the result for distribution of 
unified subgrade reaction, black one represents the result for 
distribution of triangle subgrade reaction. In the range of 
less than 0.3 of esσcr/σy, the piles reach the maximum load 
as soon as the piles deforms the laterally, so that the 
buckling stresses at the maximum loads are almost equal, 
regardless of the difference of soil condition. In the range of 
more than 0.75 of esσcr/σy, the piles reach almost yield 
stress, so that the piles deform slowly after the maximum 
load. In these range, the buckling stresses for elastic and 
elasto-plastic soil are almost equal. 

On the other hand, in about 0.5 of esσcr/σy, the buckling 
stress for elasto-plastic soil is lower than that for elastic soil. 
In this range, the soil restrains the lateral 
deformation of the piles until the pile buckles, 
and then the subgrade stiffness for elasto-plastic 
soil decreases even though that for elastic soil is 
constant. So that the pile with elasto-plastic soil 

cannot carry the vertical load as soon as the lateral 
deformation increases, but that for elastic soil can carry the 
vertical load after lateral deformation of the pile occurs. 

The lateral displacement at the buckling of the piles is 
assumed to be y/y1=0.002l as shown in Fig. 10 (b) and (c), 
and then the coefficient of the subgrade reaction at 
y/y1=0.002l~0.004l is used as Kc’ instead of Kc y/y1=1. The 
reduction factor, χ is approximated as the ratio of Kc’ to Kc in 
the following 

0 0/ , 500cml l lχ = =  (15) 
Table 2 shows the relationship between the length of the 

piles and the reduction factor. As the length of the pile is 
longer, the coefficient of the subgrade reaction decreases.  
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Table 2 Relationship between length of piles and reduction factor 
l  (cm) 500 1000 1500 2000 2500 3000 4000

y /y 1 at =K c' 1.0 2.0 3.0 4.0 5.0 6.0 8.0
χ  (=K c'/K c) 1.000 0.707 0.577 0.500 0.447 0.408 0.354
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4.2 Estimation of Buckling Stress for Steel 
Piles in Liquefied Soil 

Fig. 12 shows the elasto-plastic bucking 
stress for steel piles in liquefied conditions. 
The vertical axis represents the buckling 
stress for steel piles, and the horizontal axis 
represents the equivalent slenderness ratio. 
The equivalent slenderness ratio is shown as 
the following in Recommendation for Limit 
State Design of Steel Structures in AIJ (LSD) 
[5]. 

/c y crP Pλ =  (16) 

Where Py is the yield load and Pcr is 
Euler’s buckling load in reference [5]. In this 
paper, when steel piles are continuously 
braced by the soil, Euler’s buckling load in 
Eq. (16) is replaced on the buckling load 
obtained from Eqs. (7), (8), (10)~(13). Then 
this equivalent slenderness ratio is defined as 
the modified equivalent slenderness ratio. The 
dots are numerical analyses results, and these 
curves are drawn from AIJ codes such as LSD [5] and Design 
Standard for Steel Structures (DSS) [6]. 

The results of numerical analyses are exceeded for the 
curves drawn from LSD and distributed as the upper-bound 
for the curves drawn from DSS. 
As the results, the elasto-plastic buckling stress for the steel 
piles in liquefied soil can be approximately evaluated with the 
equivalent slenderness ratio by LSD.  

5 CONCLUSION 
This paper evaluated the relationship between the buckling 

load for steel piles in liquefied soil. It was shown that: 
1) In the range of small slender ness ratio, the flexural elastic 

buckling load for steel piles in liquefied soil is evaluated 
from Eqs. (7), (8), (10) developed by the energy method. 

2) The stationary value of buckling stress for the piles with 
the unified subgrade reaction distribution can be 
calculated from Eq. (11), so that the minimum buckling 
stress in the range of large slenderness ratio can be 
estimated by Eq. (11). 

3) In the range of large slenderness ratio, the buckling stress 
for the piles with the triangle subgrade reaction 
distribution can be approximated from Eqs. (12), (13). 

4) From elasto-plastic large deformation analyses, in the 
range of less than 0.3 or more than 0.75 of the ratio of the 
bucking stress to the yield stress, the buckling stresses for 
elastic and elasto-plastic soil are almost equal, and about 
0.5 of the ratio, the buckling stresses for elastic soil is 
higher than those for elato-plastic soil. 

5) The elasto-plastic buckling stress for steel piles in 
liquefied soil can be estimated by the equations in the 
Japanese design codes using the modified equivalent 
slenderness ratio. 
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1. INTRODUCTION 
Problems of slope instability present design and research 
challenges to geotechnical engineers. Slope stability analysis 
can be carried out by the limit equilibrium method (LEM), 
the limit analysis method (LAM), the finite element method 
(FEM), and the finite difference method (FDM) [1]. 
In recent years, finite difference method has been widely 
used for analyzing slope stability including the computation 
of its factor of safety (FS) [2]-[3]-[4]-[5].   
Han et al. (2002) used the same finite software (FLAC) to 
obtain the identical difference corresponding FS values of 
unreinforced and geosynthetic-reinforced slopes as the 
Bishop's simplified method. Han and Leshchinsky (2004) 
obtained similar results for mechanically stabilized earth 
(MSE) walls using the finite difference method and Bishop's 
simplified method incorporated in the ReSSA software. 
Also, several research exist only about evaluate the factor of 
safety of embankments in static mode , evaluate the factor of 
safety (FS) less attention has been in pseudo-static and 
dynamic  analysis. Among the methods The finite difference 
method is perhaps one of the oldest numerical techniques 
used for solving sets of differential equations. In the finite 
difference method, every derivative in the set of governing 
equations is replaced directly by an algebraic expression 
written in terms of the field variables at discrete points in 
space; these variables are undefined within elements [6]. As 
compared with limit equilibrium methods, finite difference 
methods have the following advantages for calculating the 
factor of safety of slope stability [7]: (1) no need to define a 
range of trial surfaces and possible failure modes or critical 
slip zones determined from the numerical results (e.g., strain 
rate, plasticity); (2) no need to assume any functions for 
inter-slice force; (3) different structural elements used  

 
 

 
 

 
 
 
(e.g., rock bolt, soil nail or geogrid) instead of equivalent 
forces; and (5) the solution consisting of kinematically 
feasible mechanisms. 
The slope instability of embankments may develop locally, 
near the facing, within the embankment, or through the 
foundation soil as local, surficial, general, or deep-seated 
failure. Other conditions of deep-seated slope failure are 
creation of Rip Rap On the downstream slope. The deep-
seated slope failure is also referred to as a global slope 
failure, mainly induced by a weak foundation existing under 
the embankment. Local and surficial failures develop at a 
shallow depth (mostly less than 1.2 m) due to low 
overburden stress, low density, low strength, and seepage 
force when the slope becomes saturated after rain. The 
general slope failure typically occurs through the toe of the 
slope [2]. 

A number of ground improvement techniques have been 
successfully adopted to prevent deep-seated slope failure, 
such as sand compaction piles, stone columns, and deep 
mixed columns. Stone columns have been commonly used 
as an alternative to solve deep-seated slope stability 
problems [8]. Stone columns can be installed using a wet or 
dry method. The wet method employs a vibrating probe with 
jetting water to form holes to be backfilled with stones from 
a ground surface while the dry method uses a vibrating 
probe with jetting air down to a depth and a feed pipe to 
supply stone to the bottom of the probe. The stone columns 
improve the ground mainly due to their higher strength and 
stiffness compared to the soil. 

Christoulas et al. (1997) investigated the stability of 
embankments over stone columns using a limit equilibrium 
method with a slip circle, in which individual stone column 
and equivalent area models were analyzed. They concluded 
that the computed factor of safety from the individual 
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column method was greater than that from the equivalent 
area method. This paper presents a series of two-dimensional 
(2D) finite difference analyses to investigate the factors 
influencing the FS against deep-seated failure of 
embankments over stone column-improved soft clay in 
pseudo-static analysis. The finite difference method 
incorporated in the software – FLAC/Slope Version 5.0 is 
designed specifically to perform pseudo-static factor of 
safety calculations for slope stability analysis. The results of 
these analyses are summarized into a series of design charts, 
which can be used in engineering practice. 

2.   MODEL GEOMETRY 
The model is consists of an embankment supported by stone 
columns in soft clay under a two dimensional (2D) plane 
strain condition. The foundation soil consists of 9 m thick 
clay overlying 3 m thick sand. Due to the symmetry of the 
model, half of the cross-section was analyzed using this 
software. The stone columns were modeled as continuous 
walls parallel to the centerline of the embankment. The 
dimensions were selected based on a common practice in the 
field. These parameters of the baseline case are provided in 
table [1]. The groundwater table was at the ground surface. 
An “Exclude” function included in the FLAC/Slope software 
was adopted to prevent the potential failure surface from 
entering a 0.4 m thick surficial soil layer on the slope. In real 
cases the potential failure surface is prevented by 
Implementation Rip-Rap On the downstream slope. 
 
 
 
Table[1] General information of model used in finite difference analysis  

Thickness of 
stone columns 

Height of  stone 
columns 

Width of fill Height of  fill 

0.8 m 9 m 10 m 4 m 
Slope of fill Center to center distance of stone 

column 
Water level 

1V:2.5 H 3 m 12 m 
 

3.   MODEL SIZE AND BOUNDARY CONDITION 
In this program the factor of safety is strongly depended on 
the mesh sizes, therefore the sizes of the model and mesh 
were determined on the basis of several trials, during which 
the mesh was progressively refined to 0.5 m and its 
horizontal boundary was extended such that zones did not 
influence the development of the failure surface. The size of 
the mesh is presented in Fig [1]. In the case of boundary 
condition, the bottom of model fix in two directions and 
nodes on the two vertical boundaries were fixed against 
horizontal movement but allowed to move freely in the 
vertical direction as shown in Fig [2]. 
 

4.    MATERIAL MODEL AND PARAMETERS   
The embankment fill, the foundation soils, and the stone 
columns were modeled as linearly elastic-perfectly plastic  
materials with Mohr– Coulomb failure criteria as shown in 
Fig [3]. The elastic properties have an insignificant effect on 

 
Fig [1].  Finite difference meshes of baseline model 

 
 

 
Fig [2].  Cross section of baseline model for the finite difference analysis 

 
 

 

 
Fig [3]  The Mohr–Coulomb yield surface in principal stress space (c=0) 

 
the factor of safety calculation and, therefore, these 
properties are not required by the FLAC/Slope software 
(Dawson and Roth, 1999). Since soft clay is mostly normally 
or under-consolidated, it is more critical for an embankment 
over the soft clay under an undrained condition than under 
a drained condition [8]. Therefore, undrained cohesion was 
assumed for the soft clay in this study. The installation of 
stone columns may change the properties of the soft clay; 
however, field studies have shown that such property 
changes are minimum, especially when a wet method is used 
to install stone columns. Therefore, the change of the 
properties of soft clay is ignored in this study. Considering 
stone columns are formed by a cohesionless material, they 
have zero cohesion and their shear resistance is influenced 
by pore water pressure. The effect of the ground water on 
the stability was evaluated in this study. The FLAC software 
has the option to activate or de-activate the water table. 
When the water table option is not selected, only the 
unsaturated unit weight is assigned. When the water table 
option is selected, however, either unsaturated unit weight 
and porosity or saturated unit weight must be input. 
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The saturated unit weight of soil can be calculated as follows 
[6]: 
 
γsat = γunsat + n γw                                                                 (1) 
 

In which γsat, γunsat, and γw are saturated, unsaturated 
soil, water unit weights, respectively and 'n' is the porosity of 
soil. In the case with a ground water table, the soil above the 
water table was assigned an unsaturated unit weight. The 
material properties used in the baseline case are shown in 
Table [2].  Pseudo-static analysis in FLAC/Slope software is 
done by introducing inclined angle and resultant seismic 
coefficient in correspondence to different seismic coefficient 
(0.2g-0.25g-0.3g-0.35g) which exists in Iranian seismic 
provision (2800). 
 

Table [2]  Material properties of the baseline model. 
parameter unit fill Soft 

clay 
Stone 
column 

sand 

Thickness m 4 9 9 3 
Cohesion kPa 0 25 0 0 
Friction angle o 34 0 38 30 
Unsaturated 
Unit 
weight 

 
kN/m3 

 
17 

 
16 

 
17 

 
19 

Porosity - 0.25 0.25 0.25 0.25 
 
 
 

Table [3]  Input parameter in FLAC/Slope for pseudo-static analysis. 
 
Parameter 
 

seismic 
coefficient 
(0.2) 

seismic 
coefficient 
(0.25) 

seismic 
coefficient 
(0.3) 

seismic 
coefficient 
(0.35) 

resultant 
acceleration 

(g) 

 
1.02  

 
1.0307 

 
1.044 

 
1.0595 

Inclined 
angle 

(degree) 

 
11.31 

 
14.0362 

 
16.67 

 
19.29 

 
 

5.   CALCULATION OF SAFETY FACYTOR 
In the finite difference program, a shear strength reduction 
technique was adopted to solve for the factor of safety (FS) 
value of slope stability. This program uses the shear strength 
reduction technique in the calculation of safety factor. In this 
technique a series of trial FS values are used to adjust the 
cohesion, c, and the friction angle, ϕ, of soil as follows [6]: 
 
ctrial = c / FStrial                                                                          (2) 
ϕtrial = arctan (tanϕ /FStrial)                                                       (3)        
 
In the Fig [5] for much understanding, the stages for 
calculation of safety of factor in FLAC/slope are shown in 
the following flowchart. 
 

6.    DISCUSION AND RESULTS  
 

The parameters listed in abstract influencing the factor of 
safety against deep seated failure of embankments over stone 
column-improved soft clay in the pseudo-static analysis were  
investigated in this study. In the first stage of analysis we 
show that critical slip surface (maximum shear strain rates) in 
pseudo-static mode for baseline model in condition of 
without water and seismic coefficient 0.2 as shown in Fig [6]. 

 
 

 
 

Fig [5].  Flowchart of calculating the factor of safety in FLAC/slope 
 

 
Fig [6]. Critical slip surface without considering the water table in 

pseudo-static mode (shaded region). 
 
6.1   The influence of the friction angle of stone columns 
The influence of the friction angle of the stone column 
material on the factor of safety of the embankment over 
stone column-improved soft clay for different seismic 
coefficient (0.2g-0.25g-0.3g-0.35g) and different friction 
angle (24-29-34-39) degree with or without water is shown 
in Fig [7]. The friction angles are selected based on real and 
applicable project. The results show that the increase of 
friction angle of stone column material yielded a higher 
factor of safety for the embankment system in all seismic 
coefficients. As it is apparent, with the increase in seismic 
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coefficient the factor of safety decreases considerably. 
Furthermore, since stone column was modeled as a 
cohesionless material, which only has a friction angle the 
consideration of the ground water resulted in lower FS 
values than that without a water table, because water 
pressure reduced the shear strength of the stone columns. 
 
6.2   The influence of the spacing of stone columns 
The influence of the spacing of stone columns on factor of 
safety of the embankment over stone column-improved soft 
clay for different seismic coefficient (0.2g-0.25g-0.3g-0.35g) 
and different Spacing of stone column (3-6-9-12) meters 
with or without water is shown in figure 8. The 
consideration of the water table resulted in lower FS values 
than that without a water table. As shown in fig [8] the factor 
of safety in distance between 3-6 meter higher than the other 
intervals have been changes. Indicates that a proper distance 
and optimal deployment of stone columns. Since stone 
columns as the symmetric model since the number of stone 
columns at intervals 6 and 9 meters is the same. The large 
reduction in factor of safety was not expected. The factor of 
safety is increased in height of 9 meters. 
 

 
Fig [7].  Influence of friction angle of stone column with different (sc) 

 
 

 
Fig [8]. Influence of spacing of stone columns with different (sc)  

 
 
6.3   The influence of the height of fill 
 

The influence of the spacing of stone columns on factor of 
safety of the embankment over stone column-improved soft 
clay for different seismic coefficient (0.2g-0.25g-0.3g-0.35g) 
and  different the height of fill (2-4-6-8-10) meter with or 
without water is shown in fig [9]. Obviously, because of 
increasing slope and weight of fill with increasing height of 
fill factor of safety is reduced. It is clear that the factor of 
safety decreased with an increase of the seismic coefficient 
and height of the embankment. Height of fill will have a 
great impact on Safety factor.  
 

 
Fig [9].  Influence of height of fill with different (sc) 

 
 

6.4 The influence of the cohesion of soft clay 
The influence of the cohesion of soft clay on the safety 
factor of the embankment over stone column-improved soft 
clay for different seismic coefficient (0.2g-0.25g-0.3g-0.35g) 
and different cohesion of soft clay (15-20-25-30-35) 
kilopascal with or without water is shown in fig [10]. An 
increase of the cohesion of the soft clay increased the FS 
value of the fill over stone columns for all seismic 
coefficients. Considering Figure effect of the cohesion 
parameter is greater than the other parameters is discussed. 
 
 

 
Fig [10].  Influence of cohesion of soft clay with different (sc) 

 
 
 
6.5  The influence of the friction angle of fill 
The influence of the friction angle of fill on factor of safety 
of the embankment over stone column-improved soft clay 
for different seismic coefficient (0.2g-0.25g-0.3g-0.35g) and 
different the friction angle of fill (24-29-34-39-44) degree 
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with or without water is shown in fig [11]. It is shown that 
the benefit of the friction angle of the embankment fill 
became less significant when the friction angle was higher 
than 29°, because the slip surface developed was deeper in 
the improved foundation and the contribution of the 
foundation became more important. Therefore, foundation-
fill ratio of stiffness in applicable cases should be 
considered.  
 
4.5  The influence of the height of stone columns 
The influence of the friction angle of fill on factor of safety 
of the embankment over stone column-improved soft clay 
for different seismic coefficient (0.2g-0.25g-0.3g-0.35g) and 
different the height of stone columns (3-5-7-9) meter with or 
without water is shown in fig [12]. As shown in fig [11], 
almost at the height values from 3 to 7 meters, because no 
pass of failure curve through stone columns is seen little 
change in factor of safety occurs. In other words, failure 
curve pass under of stone columns and therefore 
participation stone columns in factor of safety will be 
ignored. Also it is clear that the factor of safety decreases 
with an increase in the seismic coefficient. Consideration of 
the ground water resulted in lower FS values than that 
without a water table, because water pressure reduced the 
shear strength of the stone columns as shown in fig [12]. Fig 
[12] indicates a proper height and optimal deployment of 
stone columns in increasing factor of safety can be used. 
 
 

 
Fig [11].  Influence of height of stone columns with different (sc) 

 
 
 

 
Fig [12].  Influence of friction angle of fill with different (sc) 

 

6.8   The influence of the thickness of stone columns 
The influence of the thickness of stone columns on factor of 
safety of the fill over stone column-improved soft clay for 
different seismic coefficient (0.2g-0.25g-0.3g-0.35g) and 
different thickness of stone columns (0.4-0.6-0.8-1.2) meter 
with or without water is shown in fig [13]. Such as previous 
items the increase of thickness of stone columns will result 
increase of safety of factor. 
 

 
Fig [13].  Influence of thickness of stone columns with different (sc) 

 

7   CONCLUSION 
A two-dimensional (2D) finite difference method was 
performing in this study to evaluate the factor of safety (FS) 
against deep-seated failure of embankments over stone 
column-improved soft clay with different values of seismic 
coefficient (0.2g-0.25g-0.3g-0.35g) correspond to Iranian 
seismic provision (2800). Based on the numerical results, the 
following conclusions can be drawn: 
1. The results of these analyses are summarized into a series 
of design charts, which can be used in engineering practice. 
2. In all parameter discussed here the consideration of 
ground water resulted in lower FS values than that without 
ground water because pore water pressure reduced the 
frictional shear strength of the improved foundation.  
3. In all parameter discussed here the factor of safety 
decreased with an increase of the seismic coefficient. 
4.  The increase in soil resistance parameters will not always 
lead to an increase in factor of safety. For example, with the 
increase in foundation resistance parameters the critical slip 
surface is formed within the fill and will not cut the stone 
columns. Therefore, foundation-fill ratio of stiffness in 
applicable cases should be considered. 
5. According to the charts obtained, the effect of cohesion of 
soft clay on the increase of safety factor is much more than 
other parameters which discussed in this study.  
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1. INTRODUCTION 
Reinforced soil retaining walls on land areas that have nonstable and weak slopes with weak beding makes it 
possible to build stable and flexible structures against shaking loads(earthquake) with increasing load bearing 
capacity. This results in decrease of the structures subsidence, falling, creep and swelling capability and increase of 
safety factor and  Improvement of shear strength parameters of soil[1]. Soil has a good resistance against stress and 
with reinforcing Geogrid that have a high tensile capacity with facing as a protective soil between Geogrid layers, it 
results in a stable system. Friction between soil particles and Geogrid results in a cohesion strength that has a direct 
relationship with Geogrid tensile resistance[2]. 

Points mentioned below are considered as the most important criteria to choose components of reinforced soil 
retaining walls: 

1.1.Criteria to choose embankment: Soil that is used in this system must be contorting with the criteria and related 
standard in terms of optimum moisture and aggregate gradation so that the required friction between soil and 
reinforcement is ensured. Two kinds of criteria for these system are proposed: 

a) Chemical and electrochemical criteria to prevent corrosion of the reinforcement such as limitation of chlorosulfate 
purity, PH limitation, and amount of organic material in soil.  
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ABSTRACT 

Observation of reinforced soil retaining walls with geosynthetics system, after earthquake and labratory studies 
indicate the suitable inflection behavior of these walls. For better underestanding of these kind of structures 
under dynamic loads, in this research, at frist we use finite element method (FEM) software (Abaqus) for 
numerical modeling of reinforced soil retaining walls under eathquake. At this phase, in order for testing and 
comparison of the software,results of a similar sample with small scale in shake table test ,which was 
impelemented in 2005, is compared with the results of test and analysis by the software. After correcting the 
model and making sure of the software's accuracy, models of several reinforced soil retaining walls with 
geosynthetics of 10 meter height and variable length and distance of geogrid layers are provided and dynamic 
analysis is performed on them. Harmonic equivalent load is used for earthquake acceleration in dynamic 
analysis. After impelementing the analysis, by concentrating on the forces in the geosynthetics,diagrams of 
vertical variable displacement on soil and wall are prepared that include soil subsidence, horizontal 
displacement or walls bulging. Research is implemented parametrically and by studying the effects of length 
increase and geogrid layers spacing on displacement and results are obtained on this basis. 
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b) Geotechnical criteria such as prevention of vacuolate pressure and condensation of soil in horizontal layers. 

1.2.criteria to choose the reinforcement: Geosynthetics alike artificial textiles are made from polymeric material 
such as polyethylene and polypropylene and include Geotextil, Geogrid, Geomembranes, and Geocomposits and … 
and are employed as reinforcement, separation, filteration, drainage and moisture barier. 

In this research, the purpose of utilization is reinforcement. Therefore, use of Geogrids in which are only applied for 
the purpose of reinforcement is proposed. choosing reinforcement spaces and length of them is implemented with 
calculation of the inner stability of the buildings. Resistance of the reinforcement against strain and it’s flexibility 
are the main factors of endurance.  

1.3.criteria to choose facing: rigid facing are usually utilized for permanent reinforced soil structures for persistence 
of better appear are and ease of construction. Based on laboratory and field investigations, facing rigidness in total 
local state can help us in decreasing shape change while increasing structure resistance. These facing differ in term 
of shape, type, and profile[4] : 

a)  Wrapped Around Facing                                                         b) Modular concrete blocks Facing 

c) Pre-cast concrete Panels Facing                                               d) Gabions Facing 

 

Fig.1: facing of shape, type, and profile 

 

2.  DYNAMIC STABILITY AND LITERATURE REVIEW 

2.1 Dynamic stability 

When earthquake occurs, seismic waves move from very deep depths of the earth to the surface and cause 
vibrations. The intensity and durability of this vibration is related to the intensity and magnitude of the earthquake 
and the environment characteristics. These waves face the decrease or increase in domain in different layers of the 
earth and depreciate the vibration in a specific frequency while resonate it in another frequency. This behavior is due 
to different characteristics of these layers and filtering behavior of them. Generally, soil slopes fracture is due to 
gravity effect on a mass of material that can be slid gradually and move down on an individual layer. This 
movement is either minor and related to failing of a few stones, or major in a vast area and cause serious damage on 
the infrastructure. Increasing the slope height by filling on the slope and cutting near the toe will increase instability 
of the slope. Owing to these changes (increasing the height and angle) thrust will increase and tangential component 
of thrust (shear stress in the slip surface) in the fracture surface that is one of the instability reasons will cause the 
mass to move down. Another reason of increasing the shear stress along the potential fracture surface is increasing 
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the weight of the soil zone. This pressure increment can be due to more urban construction on the slope or due to 
natural reasons such as falling upper slippy zones. In all cases shear stress will increase and soil zone will be instable 
along potential surfaces. Also, making vibration either natural or artificial will increase the shear stress along the 
potential fracture surfaces. During the earthquake and at the time of earth vibration, the spread waves in the soil 
zone change the level of forces and cause the fracture of the soil (along the weak surfaces) that is under the cyclic 
load and do not resist against stresses [3]. 

2.2 literature review 

During the past years, lots of experimental research is performed to investigate the seismic performance of these soil 
walls by employing shaking tables and centrifuges. Richardson and Lee (1975) performed the first experimental 
investigation in this field. They modeled reinforced soil walls and introduced the first design criteria according to 
limit equilibrium method to calculate reinforced soil walls. In summary, Sakaguchi (1996), Matsu et al. (1998), 
Koseki et al. (1998), Siddharthan et al. (2004) and Ling et al. (2005) investigated these walls under seismic loads. 
Bathurst and Cai (2002) performed a quasi-static investigation on a wall that was reinforced with Geogrid and was 
subjected to Northridge earthquake. They found that these walls have suitable safety factors in the case of various 
fracture conditions. Ghalandarzadeh and Mirlatifi (2003) performed some shaking table experiments on the 
reinforced Geogrid walls. Then, Ghalandarzadeh and SaberMahani (2008) did a series of shaking table experiment 
to investigate the mode shapes and seismic response of these walls [5]. 

3. MATERIAL PROPERTIES AND MODEL CONSTRUCTION IN ABAQUS SOFTWARE 

One of the most important parameters in the lateral soil pressure on the reinforced soil walls is the soil shear strength 
parameters. For the embankment material, Mohr-Coulomb (elastopelastic) model and drained behavioral are used 
(Table 1):         

Table 1. Embankment and bed soil parameters used in the modeling 

soil       
parameters 

 
 
 

modeling zone 

Soil 
unit 

weight 
above 
g.w.l 

Soil 
unit 

weight 
below 
g.w.l 

 

(Kx) 
 

(Ky) 
 
 

Young's 
modulus 

(Eref) 
 

Poisson's 
ratio 
(ࣰ) 

Cohesion 
(Cref) 

Friction  
angle 
(φ) 

Dilation 
angle 
(ψ) 

Unified 
name 

Embankment 17 18 1 1 2.5E+4 0.3 10 30 0 SW-SM 

bed soil 19 20 0.413 0.413 3E+4 0.3 30 28 0 SC 

 
In order to model, a wall with H=10m, θ=90 (angle with horizontal), ࣰ =0.2 and continues concrete surface and a 
Geogrid made of Polyethlene, covered with PVC, meshed and with an axial stiffness of 3200, 2200, 1200 KN/m are 
considered [6]. 
 
In the case of Geotechnical modeling, usually the considered zone is big enough to be assumed infinite in 
calculations. Existence of any virtual boundary in these problems will cause the return of introduced waves into the 
calculation area after encounter to these boundaries. However, in reality, these waves can distribute in the infinite 
environment and be absorbed and do not return to the calculation environment. The method that is used in the 
program is introducing absorbing boundaries in the boundary reasons to almost completely absorb the entrance 
volume wave energy and prevent reflection. 
After modifying the model under the name of Verification and Calibration with a similar experimental model, we 
build the model and perform sensitivity analysis of mesh changes and model dimensions. In the case of meshing, the 
average value is related to the condition that mesh size is fine. In the case of mode dimensions, all models are under 
the gravity load in such a way that the soil is slipped and slip cycle can be observed. According to the output of 
various models when the depth of the considered zone around the wall has a minimum depth equal to the height of 
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the wall, stress and strain calculations can be performed without any limitation. Fig.2 shows the constructed model 
of the reinforced Geogrid wall. In order to parametrically investigate the Geogrids’ dimensions, their length is 
named(a) and vertical distance of Geogrids is considered as (b):  
 

 
Fig.2: constructed model of the reinforced Geogrid wall 

 
 
4.DYNAMIC ANALYSIS IN TERMS OF PARAMETRIC COMPARISON OF LENGTH AND VERTICAL 
DISTANCE OF GEOGRID IN ABAQUS 
In order to investigate the effect of reinforcement on retaining walls, several different models are introduced. To 
determine the longitudinal parameter (e.g. a) the length of Geogrid is considered as 5.5 meters and is increased with 
1.5 meters increments to 13 meters that is 2 meters less than supporting soil. Having 6 models, the minimum 
altitudinal parameter (e.g. b) of Geogrids are considered as 0.5 meter and is increased with 0.3 meter increments to 2 
meters forming 6 more models. Totally 36 models (w1-w36) are considered in this study.  
 
In this study dynamic analysis is performed using equivalent cyclic load of each record with a period that is defined 
in the seed graph for different magnitude in a distance less than 40 kilometers of the source fault. Since the most 
suitable method to investigate the vibration characteristics of earthquake is to change vibration movements from 
time domain to frequency domain using Fourier series, the frequency limit of the biggest accelerogram energy can 
be determined by studying the earthquake records and Fourier spectrum. Using this Information, the rate and the 
pattern of energy distribution in each record can be found. Also, another important application of Fourier domain 
spectrum of an earthquake is determining the excited vibration modes of a structure. This spectrum is employed to 
analyze the structure that is subjected to the earthquake, determine the effective modes of the structure and calculate 
structural response with an acceptable accuracy. Frequencies and damping of different modes in each step can be 
calculated for the whole structure by subjecting a selected degree of freedom to the earthquake and finding the 
response of that degree of freedom [7]. To calculate the equivalent number and amount of accelerograms 
SeismoSignal software is employed where earthquake accelerogram is the input and frequency is the output. 
Northridge earthquake happened in California State of USA in 1994 and caused severe damages. The acceleration of 
this earthquake in X direction is shown in fig.3 and fig.4 shows the output of SeismoSignal that is an equivalent 
harmonic (sinusoidal) load. In order to perform dynamic analysis and parametric investigation, the acceleration of 
the harmonic load is applied to the base point of the model as a horizontal component. This acceleration is applied to 
the system when it is in the static equilibrium. The considered acceleration for this wall is a wave with variable 
amplitude and the mathematical equilibrium of it is presented as: 

                                                                          (1) 
Where α=5.5, β=55 and ξ=12 are constant values. f is the frequency acceleration and t is the dynamic analysis time. 
The selected frequency is around the natural frequency of the system. 
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Fig.3- Northridge accelerogram in the X direction and in 14.96 seconds 

 

 
Fig.4- Subjected accelerogram to the retaining wall 

 
The accelerogram presented in fig.4 is applied to the retaining wall and the wall displacement according to its height 
is the output of the models. The accelerogram is applied to the base points that are connected to the earth and the end 
point that is connected to the earth is restrained in the Y direction and the accelerogram is applied in the X direction.  
 
After applying the load to W1 model (a geogrid wall with a length of 5.5 meters and a vertical distance of 0.5 
meter), as it was predicted the vibration cycle is formed on the soil and the maximum settlement is 18 cm and is 
shown in the red part of fig.5. 

 
Fig.5- Total displacement contour 
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As it is shown in fig.5, the soil behind the wall is vibrated and the maximum horizontal displacement is 
approximately in the middle height of the wall. This will cause a deflection bluging at the center of the wall. 
In order to investigate the effect of the Geogrid’s length on the wall’s stability, the models with the same distance 
and variable length of Geogrid is compared. For this purpose models 1 to 6 are compared. The horizontal and 
vertical displacements of these models are compared and the results are presented in graphs 1 and 2 in terms of the 
vertical and horizontal displacements versus the height from the wall’s base. 
 
 

 
Graph 1-horizontal displacement versus the height from the wall’s base for models w1 to w6 

 
 

 
Graph 2- vertical displacement versus the height from the wall’s base for models w1 to w6 

 

As it can be seen from graphs 1 and 2, model w1 has the biggest displacement in both vertical and horizontal 
direction while w6 has the lowest displacement. W1 is moved 18 cm in horizontal and 28 cm in vertical direction 
while these displacements are 9 and 12 cm for w6 that is showing about 50 and 57 percent reduction. 

According to the above graphs it can be concluded that in the models with the same vertical distance (e.g. w1 to 
w6), the horizontal displacement’s difference is very low; however, vertical displacements are showing a big 
difference. This means that the length of Geogrid has more effect on the vertical displacement. The horizontal 
displacement of the wall and vertical settlements are shown in Table 2. 
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Table 2- Horizontal and vertical displacements in the investigated models 

Uy(cm)  Ux(cm)  model Uy(cm)  Ux(cm)  model  Uy(cm)  Ux(cm)  model 
37  33 W25  33  25  W13  28  18 W1  
31  30  W26  28 24  W14  25  17 W2  
27  28  W27  24 22 W15  21  15 W3  
23  25  W28  18 19 W16  16 13  W4  
22  23  W29  16 17 W17  14 11  W5  
21  21  W30  15 15 W18  12 9  W6  
38  37 W31  35 29 W19  31  22  W7  
33  33  W32  30 27  W20  27 20  W8  
29  31 W33  25 25 W21  23 18  W9  
26  28  W34  20 22 W22  18 15 W10  
25  27  W35  19 20  W23  15 13 W11  
23  25  W36  18 18 W24  14 12 W12  

Graphs 3 and 4 are presenting horizontal and vertical displacements for models w1, w7, w13, w19, w25 and w31 
where Geogrid length is the same but different distances between Geogrids are considered. 

 

Graph 3-horizontal displacement versus the height from the wall’s base for models w1, w7, w13, w19, w25 and w31 
 

 
Graph 4- vertical displacement versus the height from the wall’s base for models w1, w7, w13, w19, w25 and w31 
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As it can be seen from the mentioned models that have  Geogrids of the same length and different distances , 
horizontal displacements have a significant difference compared with eachother. In model w1 with Geogrid length 
of 5.5 m and vertical distance of 0.5 m the horizontal displacement is about 18 cm while in model w31 with the 
same Geogrid length and vertical distance of 2 m the horizontal displacement is 37 cm that is two times (51%) more 
than w1; this difference is about 10 cm (e.g. 26 %) for vertical displacement. This shows that the effect of Geogrid’s 
length on the vertical displacements and the effect of Geogrids’ distances on horizontal displacement are more. 

5. CONCLUSION 
After applying the dynamic load to the models, the following conclusions can be drawn: 

[1]. The soil walls reinforced with Geogrid have special characteristics; having enough strength, they are flexible 
and therefore more suitable for the regions with higher risk of earthquake and weaker bed.  

[2]. By introducing some changes in the length and distance of the reinforcement layers and also by duplicating the 
reinforcement layers in the sections with the maximum force, an optimum design can be achieved. Using this 
optimum design the structure will be economical, more stable, have a better performance and need less construction 
time. 

[3]. Frequencies and damping of different modes in each step can be calculated for the whole structure by subjecting 
a selected degree of freedom to the earthquake and finding the response of that degree of freedom. The frequency of 
the first 10 modes is calculated and is 3.71, 4.06 and 5.1 for the first, second and third modes. 

[4]. To have an accurate investigation and analysis, first of all, a sensitive analysis is needed to be done on the 
dimensions and the kind of mesh size. After performing the sensitive analysis, a depth of the foundation equal to the 
wall’s height and a height of the soil behind the wall equal to 1.5 times of the wall’s height are found to be suitable.    

[5]. The vibration cycle is formed on the back of the wall for all models; the total transformation nature is constant 
and in the form of vibration cycle and only the displacements amount change. The maximum horizontal 
displacement is approximately in the middle height of the wall and the maximum vertical displacement (settlement) 
occurs at the top of the soil behind the wall. 

[6]. The change in the vertical distance between Geogrid layers changes the relative horizontal displacements and 
settlements. Although increasing the vertical distance of Geogrids increases the vertical displacements, but 
according to the introduced graphs, it can be concluded that the effect of vertical Geogrids on the horizontal 
displacements is significantly more. Therefore, it is better to change the distance parameter of the Geogrids to 
control the horizontal displacement. 

[7]. Although increasing the length of Geogrids is efficient to increase the horizontal displacements and have a 
direct relation with it, but the effect of Geogrid layers length on the vertical displacements and soil settlements is 
more. So, in cases that the soil settlement is of crucial importance, in order to control the vertical displacement of the 
retaining walls, the effective parameter is the length of Geogrids. 

 

6. ACKNOWLEDGEMENT 

The authors would like to express sincere gratitude to prof.daghigh younes,Keyhan Khak Co. (prt)Ltd, for the 
cooperation and advice. 



380 
 

7.REFERENCES 
 [1]. Shafabakhsh, Gh., 2005. “Reinforcing embankment and the bed of the roads using Geogrids”, Education, 
Research and Technology Coordination, Transportation Group, Road and Urban Development Ministry. 

[2]. Vafaee, R., Aliari, H., and Hamidi, H., 2008. “Stabilizing analysis of trenches using Geogrids”, Faculty of 
Engineering, Azad University of Tabriz. 

[3]. Mirlatifi, A.R., Fakher, A., Ghalandarzadeh, A., 2009. “Reinforced soil walls’ deflection investigation under 
earthquake”, Engineering Faculties, University of Tehran. 

[4]. Vidal, H. 1966 “La Therre Armee Annles Inst ”. Tech. Du. Batim. Suppl. Vol 2,No. 223-224 

[5]. Richardson,G.N. and Lee,K.L.(1975). “Seismic Design of Reinforced Earth Wall” , Jol. Of Geotechnical 
Engineering, Vol.101, NO.2,PP.167-188. 

[6]. ASTM Standard American Society For Testing and Materials, West Conshohocken ,PA,USA. 

[7]. Keefer,D.K. ,Wilson,J.P. ,Youd,T.L. 1985 “Predicting Areal Limitis of Earthquake-Induced Landsliding” , U.S. 
Geological Survey,Reston,Virginia,Professional Paper PP. 317-345. 

 

 

 

 



381 

 

 

Sensitivity analysis in soil nail wall for Tehran-Tabriz railway by 

considering the coefficient of variation for effective parameters in stability 

analysis 

 
Mohammad Moghadaripour 1, Ardalan Akbari Hamed2, Ali Ghozat3 

1. International Institute of Seismology and Earthquake Engineering, Tehran, I.R. Iran 
                     2. Islamic Azad University, Central Tehran Branch, Tehran, I.R .Iran  
  3. Shiraz University, Shiraz, I.R .Iran    
 
Abstract: 
 The construction operations of the underground section of the Tehran-Tabriz railroad executed by cut and cover 
tunneling method. But Due to the far distance of piles in some parts, vertical soil nail wall was used as the 
support of excavation system. This paper presents the sensitivity analysis of this supported wall. The effect of 
uncertainties has been studied through the investigation of changes by means of coefficient of variation (COV) 
of effective parameters such as cohesion, friction angle, and specific gravity on factor of safety. The 
computational results show that Some parameters are very sensitive to the changes of COV and some of them 
are not. Moreover,  as the data scattered is more the dispersion in factor of safety is also more. 
 
Keywords:  Sensitivity analysis, Soil nailed wall, Monte Carlo simulation , Uncertainty 
 
1.Introduction:  
The construction operations of the underground 
section of the Tehran-Tabriz railroad to the length 
of 4,165 meters in district 17 and 18 of Tehran 
commenced on August 5th 2008 by cut and cover 
tunneling method. This new railroad will enable 
more efficient, reliable, and environmentally safe 
travel.  
Briefly the construction stages of project consist of 
the following steps: 
Step 1 : Installation of excavation support/tunnel 
structural walls (pile walls) 
Step 2: Construction and waterproofing of the 
tunnel top slab tying it to the support of excavation 
walls 
Step 3: Excavation of tunnel interior 
Step 4: Construction of the tunnel floor slab  

Due to the far distance of piles in some parts, 
vertical soil nail wall was used as the support of 
excavation system. The soil nail wall was regularly 
shaped and reached total heights up to 10 meters. 
Tight excavation requirements were defined for the 
project due to the location of the building, requiring 
fairly precise wall positions and shotcrete 
tolerances. 
Soil nailing is a technique used to reinforce and 
strengthen existing slopes. Soil is a poor structural 
material because it is weak in tension, whilst Steel 
is strong. The fundamental concept of soil nailing 
is that soil can be effectively reinforced by 

installing closely spaced grouted steel bars, called 
“nails” into a slope or excavation as construction 
proceeds from the top to down. Nails are 
commonly referred to as “passive” inclusions. The 
nail bars are forced into tension as the ground 
deforms laterally in response to the loss of support 
caused by continued excavation. The grouted nails 
increase the shear strength of the overall soil mass 
and limit displacement during and after excavation. 
A structural facing connected to the nails is used 
when the slope angle exceeds a predetermined 
critical value or when environmental conditions 
would cause deterioration of the exposed soil face 
over its design life [1]. 
For uncertainty analysis, there should be some 
requirements like data collection, model selection, 
assessing the uncertainty in the selected model and 
its significant characteristics, and a verification of 
assumptions made. The evaluation of the data sets 
needs recognition of the type of the uncertainties, 
whether the variables are dependent or 
independent, whether the observations are 
independent and whether uncertainties noted are 
the result of a combination of uncertainties in 
underlying parameters and proceeds. 
The uncertainties associated with a geotechnical 
problem can be divided into two categories: 
Aleatory and epistemic. Human errors and 
omissions, which are not covered herein, would fall 
into a third category. Within a nominally uniform 
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geological layer, the soil properties can be affected 
by both aleatory and epistemic uncertainties[2]:  

• Alearory uncertainty represents the natural 
randomness of a variable. Examples of 
aleatory uncertainty are the spatial 
variation of a soil parameter within a 
nominally uniform geological layer, the 
variation in the peak acceleration of a 
design earthquake with a given return 
period, the variation in the ocean wave 
height or wind force, and so on. The 
aleatory uncertainty is also called the 
inherent uncertainty. Aleatory uncertainty 
cannot be reduced or eliminated. 

• Epistemic uncertainty represents the 
uncertainty due to lack of  knowledge on a 
variable epistemic uncertainty includes 
measurement uncertainty, statistical 
uncertainty (due to limited information), 
and model uncertainty. Statistical 
uncertainty is due to limited information 
such as limited number of observations. 
Measurement uncertainty is due to for 
example imperfections of an instrument or 
of a method to register a quantity. Model 
uncertainty is due to idealizations made in 
the physical formulation of the problem. 
Epistemic uncertainty can be reduced, and 
perhaps eliminated, by collecting more 
data and information, improving the 
calculation methods. 

The uncertainty sources have been introduced 
above. The problem of soil nailed wall also 
includes most of the mentioned uncertainties; 
hence selection of the efficacious data might be 
difficult and in practice the calculation will be 
performed by considering the critical condition. In 
order to provide an accurate modeling in slope 
stability problem, exact observation must be done. 
In this research for identifying the sensitive 
parameters, the effect of scattering in input data in 
analysis has been considered. In other words, the 
influence of scattering in input data on safety factor 
will be taking into account .As the result, Sensitive 
parameters and their effects in the design of soil 
nail wall will be introduced. 

2. Sensitivity analysis 
In problems with several uncertain parameters, it 
would be useful to know which parameters have 
tangible effect in the result of the slope stability 
and which do not have. A sensitivity analysis is 
performed to identify how each variable will 
change the result. In this approach, typically each 
variable in the problem is changed, and then the 
changes in the final result are observed. 
The procedure of sensitivity analysis is as follows: 
 

1- Choosing input parameters which seem to be 
sensitive in analysis. Soil strength parameters 
including cohesion (C) and friction angle (φ), 
specific gravity and seismic pseudo static 
coefficient (kRhR) are taken into account as input 
parameters. The kRhR is defined as fraction of the 
normalized horizontal acceleration (ARmR), which 
acts at the center of gravity of the wall-soil mass 
(AASHTO, 1996). ARmR is a function of the 
normalized peak ground acceleration coefficient 
(A), which is the actual peak ground acceleration 
normalized by the acceleration of gravity (g), and is 
defined as[3]: 
Am =A (1.45 - A)   (1) 
2- The effect of uncertainties has been studied 
through the investigation of changes by means of 
coefficient of variation (COV) of the 
aforementioned parameters. The complete 
definition of COV will explain in part 4 (problem 
analysis). The COV of each parameter in the 
problem will change while other parameters are 
considered constant. For example the friction angle 
(φ) of the first layer is 5 degrees (see table I) and 
the coefficient of variation for this parameter has 
been chosen as 4, 8 and 12%(the process of 
selecting these COV will explain later). For any 
selected COV, 2000 random samplings were 
carried out. Every sampling concluded to a special 
safety factor (F.S); therefor 2000 safety factors will 
be elicited. Then the COV of these safety factors 
will be calculated and the trend of F.S changes is 
observable for this parameter in first layer.  
3- This procedure will be carried out for all 
remained parameters to discern the trend of F.S 
changes.  

3. Tehran Tabriz soil nail wall 
The soil nailed wall has a depth of 10 m. The 
properties of the soil layers are presented in Table 
I. The model used in analysis was Mohr–Coulomb 
model. Fig. 1 illustrates a profile of the soil nailed 
wall.  
 

 
Fig. 1 Profile of soil nailed wall with depth of 10m 
 
Table I. Geotechnical properties of excavation 
Thickness 
of layer 

Specific 
gravity(KN/mP

3
P) 

Friction 
angle 

Cohesion 
)KN/mP

2
P( 
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0-2 20 25 5 
2-10 20 29 30 

 
The stability analysis was carried out using 
GEOSTUDIO-W/SLOPE which is based on the 
Morgenstern-Price method. Recommendations for 
the minimum factor of safety for pull out resistance 
and nail bar tensile strength are set at 2 and 1.8 
respectively [3]. Table II presents Characteristics of 
nails used in the designed excavation. 
 
Table II. Characteristics of nails used in the 
designed excavation 

 
 
4. Problem analysis through considering the 
coefficient of variation for effective parameters 
in stability analysis 
In the current paper, In order to get better 
calculation parameters for slope stability analysis, 
as well as provide a better theoretical basis for 
slope design and reinforcement, the effect of 
uncertainties has been applied through the 
investigation of changes by means of coefficient of 
variation (COV) for effective parameters such as 
cohesion, friction angle, and specific gravity. The 
(COV) represents a relative and dimensionless 
measure of dispersion and is expressed as: 

   (2) 

Where µ is average and σ is standard deviation of 
the selected parameter. 
The COV has been commonly used to describe the 
variation of many geotechnical soil properties and 
insitu test parameters.  Note that the mean, standard 
deviation and COV are interdependent - knowing 
any two will give the third. In practice, it becomes 
convenient to estimate moments of geotechnical 
soil parameters where little data are available 
(sparse data) by assuming that the COV is similar 
to previously measured values from other data sets 

of the same parameter.  A summary of the COV 
values reported in the literature is presented in 
Table III [4].  
 
 
Table III. The range of COV reported in literature 
(%) [4] 

Soil properties Cohesion Specific 
gravity 

friction 
angle 

COV (%) 30-45 5-15 4-12 
 
The location of the soil nailed wall project is in 
Tehran. The seismic acceleration of this region is 
0.35g; so the average of pseudo static acceleration 
coefficient is calculated as follows [3]: 

         (4) 
 

                 (5) 
 
According to the seismic hazard research report, 
the coefficient of variation (COV) for the pseudo 
static acceleration coefficient was considered as 
25% to 35%. 
Based on the sensitivity analysis steps mentioned in 
part 2, the trend of changes in (COV) for F.S 
against effective parameters are achieved (see fig. 2 
to 4). 
 

 
Fig. 2 Effect of friction angle variation on safety 
factor 
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Fig. 3 Effect of cohesion variation on safety factor 
 

 
Fig. 4 Effect of specific gravity variation on safety 
factor 
 

 
Fig. 5 Effect of KRh Rvariation on safety factor 

5. Conclusion 
The results of sensitivity analysis of soil nailed 
wall in the project of Tehran-Tabriz rail road have 
been reported.  Four parameters including cohesion 
(C) and friction angle (φ), specific gravity and 
seismic pseudo static coefficient (kRhR) were 
considered in the analysis. Several results and 
features base on the analysis are summarized 
below: 
- The COV has been put to the practical use to 
demonstrate the variation of soil properties and 
scattering of input data. As it is observed by 

heeding more, dispersed data lead to ascend 
dispersion in the factor of safety. 
- Fig.2 shows the trend of COV variation of the 
safety factor along the changes of friction angle (φ) 
for both layers. As it can be seen, influence of the 
first layer friction angle is negligible rather than the 
second layer. In the second layer the range of F.S 
variation is between  3 to 9%.   
 - It is clear from Fig.3 that the effect of second 
layer cohesion on safety factor is more significant 
compared to the first one. This range has been 
changed from 10 to 13%. The amount of F.S 
variation is high which shows the importance of 
second layer cohesion on safety factor. 
- As it is observable from Fig.4, the specific gravity 
of both layers does not have any meaningful effect 
on safety factor. As an example for the second 
layer the F.S changes is between 2 to 4%. This 
amount of changes does not seem to be much 
effective on the results.  
- From Fig.5 it can be deduced that KRhR has 
considerable effect on safety factor. The range of 
changes for COV of F.S is between 10 to 13%. It 
shows the sensitivity of the results to KRhR.   
It can be concluded that the scattering in C and φ of 
the second layer and the KRhR has influential effect 
on the safety factor; therefore, in estimating the 
value of effective parameters, additional 
consideration should be done. Moreover, in 
practice the result of slope stability would be more 
valid if the lower limit of sensitive parameter used 
in the analysis. 
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1. INTRODUCTION 
Generally, all soils that during construction of new structures 
or use of existing structures encounter with problems are 
classified in problematic soils group. These soils exist in 
many forms such as soft soils, swelling soils, absorption of 
high water soils … [6]. Collapsible soils are classified in 
problematic soils from point of view geotechnique and 
geology engineering [4]. Investigation of collapsible soils 
becomes to necessity regard of wide spread of these soils and 
necessity of designing of dams, channels and other structures 
in these zones. Geotechnical study about collapsible soils is 
increasing and fundamental understanding of geotechnical 
properties and behavior of these soils is very necessary and 
important job. 
In 1959, Clevenger exhibited one of the first criteria for soil 
collapsibility potential [2].Gibbs and Bara (1967) carried out 
researches about utilization of clay mortar and its injection to 
loess soils [3]. Bell (1993) suggested use of emulsion 
mixtures of cement or lime for loess stabilization [1].Turan 
and etal. with investigation of compressing injection method 
derived that effect of earthquake and its influence such as 
liquefaction is minimized in these improved soils [5]. Huat 
and Kazemian (2009) with comparing injection method and 
deep soil mixing method concluded that deep soil mixing 
methods that extremely used for soil improvement are 
acceptable completely.  

2. General method of investigation 
In this study, examinations have been carried out in field and 
in laboratory. Thus soil samples of this zone were sent to 
laboratory for identification of geotechnical properties. Then 
the stabilization of soil was investigated with adding the 
various percentages of lime, cement and bentonite to this soil. 
 
 

Therefore the tests were done on them again. In the next stage, 
the results of the tests were analyzed accurately and the 
optimum percentage of additives was specified finally. 

3. Field program 
One of the most important operations in soil studies is subsoil 
examination and soil exploration. In this study, with 
excavating the some boreholes, both sub layer of soil was 
examined and properties of soil layers were probed with 
sampling of soil and implementation the filed tests. In this 
project, three boreholes in each zone (overall 10 zones) were 
drilled for identification of "Atrak border line". Depth of each 
borehole was five meters. The in situ density of soil was 
obtained by implementation the sand-cone test (ASTM 
D1556). Undisturbed and disturbed samples were taken. 
Water level didn’t observe up to five meters of ground surface. 
Results of the sand-cone tests showed that average of the in 
situ unit weight of soil was 15.3 KN/m3.  

4. Laboratory tests 

4.1 Physical tests 
- Test for determination of water content of soil samples was 
carried out by ASTM D2216. The results of these tests 
showed that moisture content of samples was 8% averagely. 
- Tests for determination of specific gravity of soils (ASTM 
D854) were done on samples and this parameter was obtained 
2.64 averagely. 
- Tests for particle size analysis of the soils (ASTM D422) 
were carried out. The soil of Atrak zone was classified to 
clayey silty and sandy silty loess.  
- Tests for determination of liquid limit, plastic limit and 
plasticity Index (ASTM D4318) were done on the samples. 
The soil of the zone averagely had liquid limit up to 28% and 
plastic index up to 8%. It is important to say that the soils of 
some boreholes didn’t have plasticity properties.  
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- The results that obtained from standard proctor compaction 
tests (ASTM D698) showed that the optimum moisture 
content and the maximum dry unit weight were 14.6%, 1.77 
gr/cm3 respectively. 

4.2 Strength tests 
Purpose of these tests is determination of strength properties 
of soil in laboratory conditions. These tests included: 
- Direct shear test (ASTM D3080) - the results have showed 
in table I. 
- One-dimensional consolidation test (ASTM D2435) – The 
tests results have collected in table II. 
- Test for measurement of collapse potential of soil (ASTM 
D5333) – results showed that the soil of zone have 
moderately severe to severe collapse potential that for 
removal of this problem, the improvement operation must be 
done.  
 

Table I- The results of direct shear tests 

φ (deg) c (kg/cmP

2
P) 

Test 
method 

Depth of 
sample(m) 

Borehole 
NO. 

25 0.09 slow 2 TPF2 
33 0.01 slow 2.2 TPF5 
28 0.06 slow 2 TPF8 
29 0.03 slow 2 TPF15 

   
Table II- The results of consolidation tests 

φ (deg) c (kg/cmP

2
P) 

Depth of 
sample(m) 

Borehole 
NO. 

0.005 0.13 2 TPF4 
0.004 0.12 2.2 TPF5 
0.006 0.13 2 TPF7 
0.006 0.10 2 TPF8 
0.010 0.10 2 TPF13 
0.005 0.16 2 TPF26 

5. Improvement operation 
With respect to soil properties of researched zone, the 
necessity of soil improvement was quite evident. In continue 
of this part, admixtures and methods will introduce that have 
been used for modification and improvement of soil 
properties. 

5.1 Additives  
For examining the additives effect on physical and strength 
properties of soil, various content of lime, cement, bentonite 
and mixture of cement and bentonite and lime and bentonite 
was used. Table III shows several mixtures of additives. 
 

5.2 Improvement tests 
- Atterberg limits test: this test was done for all mixtures of 
soil and additives. Fig. 1 to 3 show additives effect on soil 
plasticity. 
 

 
Fig. 1- Effect of additives on plasticity of investigated soil 

 

 
 
Fig. 2- Effect of cement and bentonite mixture on plasticity of 

investigated soil 
 

 
Fig. 3- Effect of lime and bentonite mixture on plasticity of 

investigated soil 
 

Results show that cement or lime adding separately doesn't 
increase the soil plasticity but increase of bentonite 
exclusively, increase the soil plasticity remarkably. Fig. 2 and 
3 illustrate the effect of additives mixtures on the soil 
plasticity. It is evident that the cement and bentonite mixture 
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or lime and bentonite mixture increases the plasticity of soil 
intensively. Also effect of cement is more than lime. 
- Direct shear test: for investigation about the effect of 
additives on strength properties, direct shear test was done on 
the new mixture samples. The results have been showed in 
fig. 4-7. It is obvious clearly from them that adding the 
cement have very notable effect on angle of internal friction 
of soil. Results show that increase of cement has very large 
effect on angle of internal friction than cohesion but it 
increases the amount of both. 
Adding the lime doesn't have great effect on angle of internal 
friction than cohesion but anyway angle of internal friction 
has increased but cohesion initially increased and then 
decreased. Manner of samples was similar to soft stones and 
loading on them in these tests doesn't large enough that cause 
to compressing the soil structure and active the friction 
property between ingredients. Fig. 4-7 show effect of cement 
and lime on strength properties of soil. 
 

Table III- additives mixtures 

 

 
Fig. 4- effect of cement on cohesion of samples 

 
 
 
 

 
 

 
Fig. 5- effect of cement on angle of internal friction 

of samples 
 

 
Fig. 6- effect of lime on cohesion of samples 

 

Soil 
content 

Bentonite 
content 

Lime 
content 

Mix. 
NO. 

Soil 
content 

Bentonite 
content 

Cement 
content 

Mix. 
NO. 

99 0 1 26 99 0 1 1 
97 2 1 27 97 2 1 2 
94 5 1 28 94 5 1 3 
91 8 1 29 91 8 1 4 
88 11 1 30 88 11 1 5 
97 0 3 31 97 0 3 6 
95 2 3 32 95 2 3 7 
92 5 3 33 92 5 3 8 
88 8 3 34 88 8 3 9 
86 11 3 35 86 11 3 10 
95 0 5 36 95 0 5 11 
93 2 5 37 93 2 5 12 
90 5 5 38 90 5 5 13 
87 8 5 39 87 8 5 14 
84 11 5 40 84 11 5 15 
93 0 7 41 93 0 7 16 
91 2 7 42 91 2 7 17 
88 5 7 43 88 5 7 18 
85 8 7 44 85 8 7 19 
82 11 7 45 82 11 7 20 
91 0 9 46 91 0 9 21 
88 2 9 47 88 2 9 22 
86 5 9 48 86 5 9 23 
83 8 9 49 83 8 9 24 
80 11 9 50 80 11 9 25 
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Fig. 7- effect of lime on angle of internal friction of samples 
 
With regard of  investigations can say that in the same 
content, cement increase has more effect than lime on shear 
parameters.  
Cohesion of samples increases With increasing the bentonite 
content with constant cement or lime content. Adding the 
bentonite doesn’t has remarkable effect on angle of internal 
friction of samples. Fig. 8-11 show these results. In all 
conditions the cohesion of improved samples has increased 
rather than natural soil samples. 
 

 
Fig. 8- effect of bentonite and 5% cement on cohesion of 

samples 
 

 
Fig. 9- effect of bentonite and 5% cement on angle of internal 

friction of samples 

 
Fig. 10- effect of bentonite and 5% lime on cohesion of 

samples 
 

 
Fig. 11- effect of bentonite and 5% lime on angle of internal 

friction of samples 
 
 

- Unconfined compressive strength test: The results of this 
test have pictured in Fig. 12-14. As a result of adding 
chemical additives to soil, several reactions is produced. one 
of them that has principal effect on strngth and durability of 
soil, is hydratasion. 
The most important properties from soil stabilization with 
cement additives, is increase of strength with time. In general, 
this resistance expresses with parameters such as one 
dimensional strength.  
It is evident from figures that effect of cement is more than 
lime on ultimate compressive strength.  
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Fig. 12- effect of additives on unconfined compressive 

strength of samples 
 

 
Fig. 13- effect of mixture of cement and bentonite on 

unconfined compressive strength of samples 
 

 
Fig. 14- effect of mixture of lime and bentonite on unconfined 

compressive strength of samples 
 
 

- Test for measurement of collapse potential of improved 
soil: this test was done on samples that were mixed with 
additives. Fig. 15 and 16 show the effect of additives in 
different production time on collapse index of improved soil. 
 

 
Fig. 15- effect of cement on collapse index 

 

 
Fig. 16- effect of lime on collapse index 

 
The results demonstrate that additives decrease the collapse 
potential of soil so that with adding 5% of each additive, soil 
loses its collapse potential. Indeed, if the time of production 
increases, the effect of additives is more.  

6.  Conclusion 

Regard of  this study and obtained results from improvement 
operation, these cases result: 
1- Grain size distribution tests were done on loess soil of 
studied zone. It is evident from results of tests that soil of 
zone is in silty, clayey and sandy loesses limits. Results 
emphasize that the more of loess soils are silty.  
2- Collapse potential tests were carried out on soil of zone and 
results show that the soil was collapsible and its degree was 
moderately severe to severe. 
3- Results of atterberg tests on improved samples show that in 
general existence of bentonite in soil increases its plasticity 
extremely so that the plasticity index has increased notably. 
Mixtures of cement and bentonite and lime and bentonite also 
have caused to increase the plasticity property of soil. But 
plasticity index has been decreased by increasing the cement 
or lime content in constant content of bentonite because 
calcium ion replace with ions on clay mineral surface. 
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Plasticity index on average is 9% in improved soils of Atrak 
zone. 
4- Existence of bentonite, cement and lime and their mixtures 
have been caused to changes in cohesion and internal friction 
angle resulted from direct shear tests. By this way that 
cohesion of soil has been decreased and angle of internal 
friction has been decreased generally with increase the 
cement content or lime content in constant content of 
bentonite. But cohesion of soil increased and angle of internal 
friction decreased with increase bentonite content in constant 
content of cement or lime. The lowest content of cohesion 
was 0.01 kg/cm2 and the most content was 0.09 kg/cm2 in soil 
of zone before improvement that obtained from direct shear 
tests. After adding the mixtures, cohesion content was 
increased to 0.84 kg/cm2. The results of improvement on 
loess soils of Atrak zone show that existence of bentonite 
together with cement or lime has remarkable effect on 
cohesion increase. 
5- Unconfined compressive strength increases with 
increasing the bentonite content in constant content of cement 
or lime. Also, it has ascendant procedure with increase 
cement or lime content in constant content of bentonite. 
6- Adding cement or lime to soil generally causes to removal 
of collapse potential of the soil. It is resulted that adding about 
3% cement or 3% lime is sufficient for removal of this 
property. Of course the more operation time, the more 
decrease the collapse potential. 
7- Adding lime and bentonite or cement and bentonite to loess 
soil causes to its stabilization that it happens as a result of 
chemical reactions between lime and clay or cement or clay. 
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Fig.1 Concept of D-value                                                              Fig.2 Procter’s Concept [1] 

  

1. INTRODUCTION 
Compaction can be defined as pushing air out of soil mass, 
decreasing voids and increasing dry density. The 
compressibility, shear strength and permeability of 
compacted soil strongly depend on its dry density after 
compaction. Therefore, compaction control by dry density is 
widely applied for designing and constructing compacted 
earth structures (Figure 1 and 2). However, soil material is not 
uniform and it is difficult to apply the results of 
lab-compaction tests to geotechnical engineering sites. 
Moreover, the effects of randomicity of soil parameters on 
compaction quality cannot be estimated since compaction has 
not been explained in the framework of soil mechanics. 
Kawai et al. (2012) regarded compaction as the compression 
and expansion phenomenon of unsaturated soil under drained 
air and undrained water conditions, and formulated it as an in 
initial-boundary-value problem [2]. They simulated static 
compaction tests with a soil/water/air coupled F. E. code, 

 
 

named DACSAR-MP [3] and succeeded in expressing the 
compaction curve and shear behavior of compacted soil.  

In this study, the influences of permeability and soil water 
retention characteristics on compaction quality were 
considered and static compaction simulations with 
DACSAR-MP were conducted. Moreover, to grasp the 
distribution of state quantities, such as void ratio and soil 
moisture, multi-layered compaction was simulated. 

2. MATHEMATICAL MODEL USED FOR ANALYSIS 
The mathematical models applied to DACSAR-MP are 
introduced here. 

2.1 CONSTITUTIVE MODEL FOR UNSATURATED 
SOIL APPLIED TO THE EFFECTIVE DEGREE OF 
SATURATION 
Ohno et al. (2007) applied suction stress as a part of the 
effective stress for unsaturated soil and expressed changes in 
stiffness of unsaturated soil with an effective degree of 
saturation as the following equations [4]. The effective stress 
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Fig.3 Yield surface for unsaturated soil                       (a)Drying process                                (b)Wetting process 

                                                                                                 Fig.4 SWRCC model proposed by Kawai et al. 

is expressed as: 

 ′ = +net
spσ σ 1  (1) 
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 ,
1

−
= − =

−
r rc

a w e
rc

S S
s p p S

S
  (3) 

Here, ′σ  is the effective stress tensor for unsaturated soil, 
netσ  is the net stress tensor, 1  is the second rank unit tensor, 

σ  is the total stress tensor, s  is suction, sp  is suction stress, 
ap  is pore-air pressure, wp  is pore-water pressure, rS  is the 

degree of saturation, eS  is the effective degree of saturation, 
and rcS  is the degree of saturation at → ∞s . The yield 
function is expressed as follows with an EC model which 
does not have a singular point on the yield surface. 
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Here, En  is the shape parameter, p
vε  is plastic volumetric 

strain, M  is q p′  on the critical state, D  is the dilatancy 
coefficient, a  and sn  are parameters to express expansion of 
the yield surface with desaturation, and λ  and κ  are the 
compression and expansion indices, respectively．Figure 3 
shows the yield surface expressed as equation (4). The 
following elasto-plastic constitutive model for unsaturated 
soil is obtained from equation (4) and the associated flow 
rule. 

 :′ = − ⋅   eSσ D ε C   (5) 

Here, D  is the elasto-plastic stiffness matrix, ε  is the strain 
tensor, and C  is the coefficient tensor which expresses 
changes in stiffness due to desaturation. 

2.2 GOVERNING EQUATIONS FOR PORE-WATER 
AND PORE-AIR 

In DACSAR-MP, the following equations are used for the 
governing equations after the work of Borja (2004) [5]. 

 Darcy’s law (pore-water) gradh= − ⋅w wv k  (6) 
 Darcy’s law (pore-air) gradha= − ⋅a av k  (7) 
 Continuity equation (pore-water) 
  div 0r r vnS S ε− + =wv    (8) 
 Continuity equation (pore-air) 

 ( ) ( )
0

1 1 div 0a
r v r r

a

p
S nS n S

p p
ε− + − − − =

+ av
 

 
 (9) 

Here, wv  and av  are the flow velocities of pore-water and 
pore-air, respectively, wk  and ak  are the coefficients of 
pore-water and pore-air permeability, respectively, h  is total 
water head, ah  is air pressure water head, and 0p  is gauge 
pressure. The soil/water/air coupled problem can be 
formulated with equations (5), (6), (7), (8) and (9). 
 

2.3 SWRCC MODEL CONSIDERING HYSTERESIS 
The soil-water retention characteristic curve (SWRCC) 
expresses the relationship between suction and saturation. It 
is known that SWRCC strongly depends on suction history. 
Shibata et al. (2010) showed that this hysteresis causes 
distribution of dry density and soil moisture within 
compacted soil [6]. In DACSAR-MP, the SWRCC model 
proposed by Kawai et al. (2007) [7] is used. This model can 
express the difference between drying and wetting processes 
as shown in Figure 4. 

3 SIMULATIONS OF STATIC COMPACTION  
The purpose of compaction is to discharge pore air and 
increase dry density. Here, compaction was regarded as 
loading and unloading under undrained air and drained water 
conditions on unsaturated specimens. Static compaction tests 
on specimens, which had various permeability and water 
retention characteristics, were simulated. 

3.1 ANALYSIS CONDITIONS 
Figure 5 shows the mesh used for this simulation. Here, 1-D 
compression was assumed. Deformation of the bottom was 
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 Table 1 Material parameters (STD) Table 2 Simulation cases 

λ  κ  M  ν   CASE SUPPLEMENT 
0.107 0.011 1.344 0.33  STD(standard) － 

a  sn  En  satp′ (kPa)  HP (high permeability) 10 , 10w ak k  

30 1.0 1.3 73.5  LP (low permeability) 0.1 , 0.1w ak k  

wk (m/day) ak (m/day) m  0e   HW (high water retention) 2.0 , 2.0D WA A  

0.01 1.0 0.8 0.85  LW (low water retention) 0.5 , 0.5D WA A  
 

fixed, and that of the left and right boundaries was allowed 
only vertically. All boundaries were undrained water 
boundaries, and only air drainage from the top of the 
specimen was allowed. Compaction was expressed by 
increasing and decreasing load on top of the specimen during 
compaction. Figure 6 shows the loading conditions in 
simulations. Actual static compaction was conducted by 
strain control and unloading time was less than loading time. 
A simple form of loading and unloading was applied. Table 1 
summarizes the soil material parameters used for the standard 
static compaction simulation (STD). Silty soil was assumed. 
Figure 7 shows the soil water retention characteristic curves. 
The simulation cases are summarized in Table 2. In order to 
consider the influence of permeability, high permeability 
(HP) and low permeability (LP) specimens are provided. 
High water retention (HW) and low water retention (LW) 
specimens were also provided. Each soil water retention 
characteristic curve is included in Figure 7. 
To draw the compaction curve, initial water content was set 

bitween 10 to 28% while initial void ratio was 0.85. Initial 
suction of all nodes was assumed to take a value in relation to 
the initial degree of saturation on the primary wetting curve. 
Therefore, vertical distribution of the initial water head was 
uneven. Rest time prior to compaction was provided as shown 
in Figure 6 to allow the water head to reach equilibrium. 

3.2 BEHAVIOR OF SPECIMEN UNDER STATIC 
COMPACTION 

Fig.8 shows simulation results on STD. All results are from 
the middle of the specimen (element_3). It was found that the 
specimens compressed with loading and expanded with 
unloading. The yield stress of unsaturated soil increased with 

desaturation. Therefore, the time taken to reach a greater 
compression point increased with decreased water content 
(Figure 8 (a)). Since simulations were conducted under 
undrained conditions, the degree of saturation increased with 
compression and decreased with expansion. Larger 
compressive specimens showed larger changes in degree of 
saturation (Figure 8 (b)). Changes of saturation in unsaturated 
soil brought about changes in suction. During the loading 
stage, the degree of saturation increased due to compression 
with a concomitant decrease in suction. On the other hand, 
during the unloading stage, the degree of saturation decreased 
due to expansion and suction increased. These relationships, 
between saturation and suction, were dominated by SWRCC 
(Figure 8 (c)). The influence of this relationship on SWRCC, 
was that specimens with higher moisture content caused more 
changes in suction. However, suction after compaction was 
higher than in specimens with lower moisture content. Also, it 
was found that suction after compaction became higher than 
before compaction (Figure 8 (d)). This behavior expresses the 
increase of strength and stiffness due to compaction. 
The aim of compaction is to push out pore-air. Figure 8 (e) 

shows changes in pore-air pressure. The value of 98kPa 
indicates standard atmospheric pressure. Air pressure 
increased with loading and decreased with unloading. In 
specimens with low water content a relatively low degree of 
saturation produced high air permeability. Therefore pore-air 
was smoothly pushed out and returned to 98kPa after 
compaction. On the other hand, in high water content 
specimens, high air pressure appeared in the loading stage 
and little air pressure remained after unloading. This was due 
to low air permeability. Pore-water pressure showed the same 
behavior as air pressure (Figure 8(f)). However, change in 
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pore-water pressure was triggered by change in pore-air 
pressure since pore-water could not be drained while pore-air 
could be drained. This difference appeared as change in 
suction. 

3.3 INFLUENCES OF PERMEABILITY 
Since compaction is an initial-boundary-value-problem, it 
depends considerably on water and air permeability.  

Figure 9 shows the relationship between dry density and 

water content in three different permeability specimens, 
namely STD, HP and LP. The difference in permeability 
appears in the value of dry density. It was found that all 
compaction curves had the same optimum water content and 
corresponded to each other except in the case of 20-24% 
water content. In the lower water content zone of optimum 
water content, air permeability was high enough for air to be 
pushed out. On the other hand, in the higher water content 
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zone of the optimum water content, air was hardly drained 
from the specimen. Consequently, the influence of 
permeability appeared around the optimum water content. We 
can say that the compaction curve has the maximum dry 
density according to air permeability. The higher the air 
permeability is, the greater the maximum dry density.  

Figures 10 and 11 show the void ratio distribution in 
specimens HP and LP, respectively. In the high permeability 
specimen, HP, void ratio gradually decreased toward the air 
drainage boundary. On the other hand, in the low 
permeability specimen, LP, void ratio was small only around 
the air drainage boundary.  

3.4 INFLUENCES OF SWRCC 
Figure 12 shows the compaction curves in various water 
retentivity specimens. We can say that HW is the high water- 
retentive specimen since it has higher air and water entry 
values. The difference bitween the compaction curves 
depending on water retentivity can be explained according to 
the shape of SWRCC during compaction. In the specimen 
with higher water retentivity, the gradient of the wetting 
curve on the loading stage was smaller and change in degree 
of saturation was smaller than in the lower water retentivity 
specimen with the under same water content. Consequently, 
air entrapment does not occur easily. Therefore, the optimum 
water content is relatively high and the compaction curve 
approaches the zero air void curve ( 1.0rS = ) since entrapped 
air did not influence compaction even in the high water 
content region. This characteristic appeared as higher dry 
density. However, change in degree of saturation in the high 
water retentivity specimen was also small in the unloading 
stage and it is difficult to apply this explanation to the total 
compaction curve. 

Figures 13 and 14 show the void ratio distributions in 
specimens HW and LW, respectively. It was found that the 
low water-retentive specimen, LW, was more influenced by 
entrapped air. 

4 SIMULATIONS OF MULTI-LAYERED 1-D 
COMPACTION WITH 
VARIOUSPERMEABILITY AND WATER 
RETENTIVITY PARAMETERS 

Shibata et al. (2010) simulated multi-layered compaction with 
soil/water coupled analysis and expressed the appearance of 
discontinuous construction gaps [8]. Here, to discuss the 
influences of soil material parameters on the quality of 
compacted earth structures, multi-layered 1-D compaction 
was simulated. The influences of permeability and water 
retentivity were also considered. 

4.1 ANALYSIS CONDITION 
Figure 15 shows the mesh used for this simulation. 
“Multi-layered” indicates that the upper layer was created 
after the lower layer had been compacted. In this simulation, 
3 layers were used.  Each layer had the same thickness and 
drainage, and loading conditions were the same as in the static 
compaction simulations.  

4.2 RESULTS OF MULTI-LAYERED COMPACTION 
SIMULATIONS 

Figure 16 shows suction distribution on STD over time. The 
time here indicates time after third layer compaction was 
completed. Suction distribution was unsteady and 
discontinuity appeared between the second and third layers 
right after compaction. For a while, vertical water balance 
occurred and suction distribution approached hydrostatic 
pressure distribution. Figure 17 shows the distribution of the 
void ratio. It was found that discontinuous gaps between each 
layer appeared. These gaps were triggered by differences in 
suction between the lower layer and upper layer. The lower 
layer had higher compression generated suction than the 
upper layer.  

4.3 INFLUENCES OF PERMEABILITY 
Figures 18 and 19 show void ratio distributions within 
multi-layered compactions on high permeability soil, HP, and 
low permeability soil, LP, respectively. Since more time was 
needed to reach for equilibrium in the low permeability 
sample, LP, changes in void ratio distribution over time can 
be seen in Figure 19. However, the final discontinuity gaps 
were more remarkable in HP than in LP since it was easier for 
water balance between the two layers to occur when the upper 
layer was lifted on the lower layer. Consequently, restively 
uniform distribution of void ratio appeared in multi-layered 
compaction of low permeability soil.  

4.4 INFLUENCE OF WATER RETENTION 
Figures 21 and 22 show void ratio distributions within 
multi-layered compactions in high water-retentive soil, HW, 
and low water-retentive soil, LW, respectively. In the low 
water-retentive soil, it was easier for the distribution of void 
ratio to occur, even within one layer due to the distribution of 
degree of saturation generated by the vertical difference of 
total water head. Consequently, discontinuous gaps were 
more remarkable in LW than in HW. 

5 CONCLUSION 
Static compaction and multi-layered compaction were 
simulated with soil/water/air coupled F.E code, 
DACSAR-MP, and the influences of soil material parameters 
on the compaction curve and compaction quality were 
considered. As the result, it was found that soil material 
parameters influences appear as a quantitative index of the 
compaction curve, such as optimum water content and 
maximum dry density.  
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1. INTRODUCTION 
Finding accurate prediction for the bearing capacity of strip 
footings is one of the fundamental problems in geotechnical 
engineering and, several researches are devoted to the subject 
[1]-[3]. An appealing choice to solve such problems is the 
application of numerical limit analysis (NLA). The use of 
NLA in soil mechanics problems returns back to the study of 
Lysmer [4] in which lower bound solutions have been found 
for different stability problems in the geotechnical 
engineering. Following Lysmer, Bottero et al [5] introduced a 
new finite element formulation for the limit analysis of soil 
structures. Sloan [6] combined the Bottero’s approach and the 
active set algorithm [7], and developed an efficient method 
for the NLA of plane problems in soil mechanics. Several 
other attempts have been devoted to the application of NLA 
in stability problems in geotechnical engineering [8]-[10]. 
Up to now, mesh-based methods such as finite element or 
boundary element method are mostly used in the NLA of 
structures. However, these methods suffer from some 
deficiencies which are mainly related to mesh definition. An 
alternative approach to get rid of such drawbacks is the 
implementation of mesh-free methods as discretization tools.  
A great deal of research has been devoted to the application 
of mesh-free methods in different fields of science [11]-[12], 
however, a few are dedicated to the NLA of structures [13]-
[15].  To the Authors knowledge, there is no study on the 
application of mesh-free NLA in soil mechanics problems 
and hence, in present paper, a new mesh-free lower bound 
formulation is proposed for the bearing capacity of strip 
foundations resting on cohesive soils. In this regard a 
statically admissible stress field is approximated by a mesh-
free method which uses the Shepard’s shape functions [16]. 
The stabilized nodal integration technique is adopted to  
 
 

 
 

establish a collocation method for equilibrium satisfaction 
throughout the problem domain.  The soil beneath the 
foundation is assumed to be a cohesive material obeying the 
Tresca yield criterion. Based on the derived formulations a 
computer code has been developed and the accuracy and 
efficiency of proposed method is investigated by solving an 
example at the end of the paper. 

2. SHEPARD'S METHOD 
The Shepard's method is used here for the construction of 
shape functions. Two distinct properties of Shepard's method 
make it appropriate to be used in the lower bound limit 
analysis (i) the shape functions constructed by Shepard's 
method have the Kronecker delta function property, which 
allows the simple imposition of boundary conditions.   
(ii) Shepard's shape functions satisfy the maximum 
principle. According to this principle, the interpolated values 
always lie between the maximum and minimum nodal 
values used for the interpolation process. A brief description 
of the method is presented in this section, and for or more 
details the reader is referred to [17]. 
 Consider a function ( )F P which is defined over 2P R⊂ . 

Any finite collection of distinct points in 2R  can be 

represented by{ }N
i i=1

P . The value of F at iP  is shown by iF  

and, the Euclidean distance between iP   and the generic 

point P in 2R  is denoted by r  (i.e.       
1/22 2

i i ir = (x - x ) + (y - y )   ). Now the function U(P) can 

be written as  
N N

i j j
i=1 i=1j i j i

U(P) = F r / r 1,2,...,j Nα α

≠ ≠

    
=    

     
∑ ∑∏ ∏

 

(1) 
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the presented method there is no need of mesh in the traditional sense and the constraints at the element 
discontinuities are omitted. A statically admissible stress field is constructed by the combination of mesh-free 
technique and the nodal integration scheme. The generated filed is guaranteed to be lower bound by controlling the 
non-yielding condition at the entire domain. The solutions of the presented approach are compared with some well-
known solutions, to demonstrate the efficiency and accuracy of the method.  
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where, α  is a positive exponent which can affect the shape 
of interpolated function. Gordon and Wixom [17] suggested 

1α >  for smoothness of interpolated function. In present 
research α  is assumed to be 3.  
By the imposition of nodal values at the N nodes{ }iP , we 
have:  

k kU(P ) = F        k = 1,2,..., N  (2) 
The system of equations obtained from (2) leads to  

N

i i 1 2 N
i=1

U(P) = Fφ (P;P ,P ,...,P )∑         (3) 

Where i 1 2 Nφ (P;P ,P ,...,P )  is the shape function, and can be 
written as 

N

i 1 2 N j j
i=1j i j i

φ (P;P ,P ,...,P ) = r / rα α

≠ ≠

 
 
 
∑∏ ∏         (4) 

3. LOWER BOUND LIMIT ANALYSIS 
The lower bound theorem states that the collapse load 
obtained from any statically admissible stress field 
underestimates the true collapse load. A stress field is 
statically and plastically admissible if equilibrium and 
boundary conditions are fully satisfied and the yield 
condition is not violated anywhere. 

3.1 Equilibrium satisfaction 
A mesh-free collocation method is used here in conjunction 
with a smoothing technique to satisfy the equilibrium 
condition. 
Assume a mesh-free scheme for a problem domain in which 
the interior domain and the boundaries are constructed by 
nodes. The general form of equilibrium equations in plane 
strain condition can be written as 

0ij
i

j

b
x
σ∂

+ =
∂

 (5) 

where ijσ and ib are the stress tensor component and unit 
body force respectively. 
Equation (5) should be satisfied at all points in the problem 
domain, hence a Voronoi cell is constructed around each 
node (figure 1 ) and the gradient of stress is smoothed over 
the cell as follows 

L

ij ij

j j

d
x x
σ σ

Ω

∂ ∂
= Ψ Ω

∂ ∂∫∫


 (6) 
 

where ijσ , Ψ  and LΩ are the smoothed stress, smoothing 
function and cell domain respectively. According to Chen's 
approach [18] the smoothing function can be written as 

1

0

L
L

L

x A
A

x A

 ∈Ψ = 
 ∉

 (7) 

 
                 

where LA is the area of Voronoi cell. Imposition of 
divergence theorem to the obtained equation from 
substituting (7) into (6), leads to 

1

L

ij
ij j

j L

n d
x A
σ

σ
Γ

∂
= Γ

∂ ∫


 (8) 

where Γ  is the boundary of Voronoi cell  and jn is the 

normal unit vector in the direction of jx . Equilibrium 
equation can be rewritten for the smoothed stress gradient by 
substituting (8) into (5) as 

1 0
L

ij j i
L

n d b
A

σ
Γ

Γ + =∫  (9) 

By satisfaction of equation (9) at all pre-defined nodes, 
equilibrium condition for the entire problem domain can be 
achieved.  

 
Figure 1-Voronoi cell around node q 

 

3.2 Boundary conditions 
The boundary tractions can be imposed to the problem 
solution by the same technique used in section 3.1 for 
equilibrium satisfaction. In this regard, the gradient of stress 
in j-direction, in each boundary node Voronoi cell, is set to 
be zero. According to Eq. (8) we have  

1 0

1 0

B

B

n
n j

j LB

j
j LB

n d
x A

n d
x A

σ σ

τ τ

Γ

Γ

∂
= Γ =

∂

∂
= Γ =

∂

∫

∫




 (10) 

where, LBA and BΓ are related to the boundary node 
Voronoi cell.  Knowing that the proposed shape functions 
have the Kronecker delta function property, the stress 
boundary conditions can be completely satisfied along the 
edge by imposing just at the boundary nodes.  
 

3.3 Yield condition 
Tresca yield criterion is adopted here for cohesive soils 
behavior. In plane strain condition, this criterion can be 
written as 
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( ) ( ) ( )2 2 2
11 22 122 2 uF Sσ σ σ= − − −

 
(11) 

where, uS is the undrained shear strength of cohesive soil.  
For a statically admissible stress field we have                                                                 

0F ≤  (12) 
at every points in the problem domain.  Equation (12) shows 
the locus of points located on and inside a circle in an X-Y 
plane where 11 22X σ σ= − and 122Y σ= . This circle can 
be approximated by a polygon of P sides (Fig.2).  Thus the 
yield condition imposes linear inequality constrains on the 
stresses as follows: 

11 22 12 1,2,...,K K KA B C D K Pσ σ σ+ + ≤ =  (13) 
where 

k

k k

k

u

2πkA = cos( )
p

B = -A
2πkC = 2sin( )

p
πD = 2S cos( )
p

 (14) 

 
            Figure 2-Linearized Tresca failure criterion 

4.  DISCRETE FORMULATION 
According to Eq. (3), the stress values at any point x can be 
attributed to nodal stress values as                        

( ) ( ) ( )ij z ij z
z K

σ σ
∈

= Φ∑x x x  (15) 
 

 where, ( )ijσ x  is the stress value at spatial coordinate x , 

( )zΦ x  is the shape function defined by (4), ( )ij zσ x is the 

nodal stress value at the spatial coordinate zx , and K is a 
group of nodes located in the support domain of point x .  
The descritized stress field can be imposed into the required 
conditions for statically and plastically admissible stress 
field to derive the discrete form of constraints for lower 
bound analysis. 
 

4.1 Equilibrium satisfaction 
The relation between the smoothed stress gradient and the 
nodal stress values can be obtained by substituting Eq. (15) 
into Eq. (8) as follows: 

( ) ( ) ( )1

L

ij
z j ij z

z Kj L

n d
x A

σ
σ

∈ Γ

∂
== Φ Γ

∂ ∑ ∫
 x

x x  (16) 

Substitution of Eq. (16) into Eq. (5), leads to the following 
matrix form                                                                

eq eq=A Bσ  (17) 
where                              

1 2[ ... ]Teq M=A A A A  (18) 

[ ]1 2 ... T
eq M=B B B B  (19) 

[ ]1 2 ... T
M=σ σ σ σ  (20) 

where, M  is the total number of nodes and, in plane strain 
condition, the vector of nodal stresses ( iσ ) and body forces 
( iB ) can be written as:                                                                                           

11 22 12[ ( ) ( ) ( )]Ti i i ix x xσ σ σ=σ  (21) 

1 2[ ]Ti i ib b=B  (22) 

where, 1ib and 2ib are respectively, the unit body forces in 
directions 1 and 2 for node i. The configuration of matrixes 

1A  to MA depends on the nodes located in the support 
domain of node 1 to M. Suppose that nodes r, s and t are 
located in the support domain of node i, then iA can be 
written as  

[ ... ... ... ... ]e e e
i r s t= 0 0 0 0 0 0 0 0  A A A A  

(23) 
 

where                              

1 2

2 1

0
0

e e
m m

e e
m m

A A
A A

 
=  

 
 e

mA  (24) 

( )

( )

1 1

2 2

1

1

e
m m

L

e
m m

L

A n d
A

A n d
A

Γ

Γ

= Φ Γ

= Φ Γ

∫

∫

x

x
 (25) 

 

4.2 Boundary conditions 
The descritized form of Equation (10) can be obtained by 
substituting (15) into (10) as follows 

( ) ( )

( ) ( )

1 0

1 0

B B

B B

z j n z
z K LB

z j z
z K LB

n d
A

n d
A

σ

τ

∈ Γ

∈ Γ

Φ Γ =

Φ Γ =

∑ ∫

∑ ∫

x x

x x
 (26) 

where, BK is a group of nodes located in the support 
domain of a boundary node, LBA is the area of a boundary 
Voronoi cell and BΓ is evaluated at the boundary Voronoi 
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cell. Equation (26) can be written for all boundary nodes and 
the obtained system of equations can be assembled in the 
matrix form as 

1b = 0A σ  (27) 
Imposition of tractions at the boundary nodes, leads to 
another system of equations as follows 

2 2b b=A Bσ  (28) 
where, 1bA and 2bA are the coefficient matrixes and 2bB  is 
the vector of specified values of tractions along the 
boundary. 
The descritized form of  constraints for boundary conditions 
can be written as 

bo bo=A Bσ  (29) 
where 

1 2 2,bo b b bo b= + =A A A B B  (30) 
                       

4.3 Non-yielding condition 
Since the discretization method (i.e. Shepard's method) 
Posses the maximum principle property, the non-yielding 
condition can be checked just at the pre-defined nodes. 
According to Eq. (13) the required constrains at all nodes, 
can be written in the matrix form as follows:                                                               

yi yi≤A Bσ  (31) 
where, 

0 0 0
0 0 0
0 0 0
0 0 0

yi

 
 
 =  
 
  








y
1

y
2

y
M

A
AA

A

    ,       

T

yi  =  
  y y y

1 2 MB B B B               

(32) 

where   

1 1 1

2 2 2

P P P

A B C
A B C

A B C

 
 
 =
 
 
 


  

y
kA                

( ) [ ]1

Ty
k P

D D D
×

= B          

(33) 

 

5. OBJECTIVE FUNCTION 
For bearing capacity problem the objective function can be 
written as 

nf
S

Q h dSσ= ∫  (34) 

where, Q is the limit load, h is the thickness normal to the 
plane, nfσ is the normal stress acted over loaded area on the 
boundary and S is the length over which the normal stress is 
exerted. By application of the Gauss method, the integration 
in Eq. (34) can be written in a summation form as                                                                               

( )
1

,
GN

i nf G G
i

Q h x yω σ
=

= ∑  (35) 

where, GN is the number of  Gauss points along S , iω is 
the weight of Gauss point i  and ( , )G Gx y  is the coordinate 
of Gauss point in ( , )x y space. To determine the value of 

nfσ in Eq. (35), a support domain is considered around each 
Gauss point (Fig.3 ). By the application of (15), the final 
descritized form of (35) can be written as  

TQ =C σ                 (36) 
where C is the coefficient vector and σ is the nodal stress 
vector. 

 
Figure 3- Support domain of a Gauss point under the 

loading area 

6. LINEAR PROGRAMMING PROBLEM 
By assembling the obtained relations for the constraints and 
the objective function, the problem of finding a statically 
and plastically admissible stress field can be written as                                              

:

T

tot tot

yi yi

Minimize
Subjected  to

−
=

≤

C
A B
A B

σ
σ
σ

 (37) 

where  
tot eq bo= +A A A      ,      

tot eq bo= +B B B                                 
(38) 

An inbuilt library program, LINPROG, which is available in 
MATLAB, is used for solving above problem. 

7. NUMERICAL STUDY 
In this section, a smooth rigid footing, which is resting on a 
cohesive soil, is considered. The undrained shear strength of 
the soil is assumed to increase linearly with depth. The exact 
solution of this problem is presented by Davis and Booker 
[19] as follows:          

0[(2 ) / 4]f uq F S Bp r= + +  (39) 

where fq is the bearing capacity, 0uS  is the undrained 

shear strength at the ground surface, B is the footing width 
and ρ is the coefficient of variation of undrained shear 
strength with depth. F is a non-dimensional factor which 
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depends on the footing roughness and 
0u

B
S
ρ

. By assuming  

0

3
u

B
S
ρ

=  and 0 1uS = , for smooth foundation, 1.22F =  

and hence, the exact solution for bearing capacity is 7.1858.  
To solve the problem by the proposed method, a mesh-free 
model shown in Fig.4 is considered. The Voronoi diagram 
and the boundary conditions are also shown in the figure. 
The model has 811 nodes which are oriented in fan pattern.  
The support domain around each node is defined by an 
adjustable method to construct the shape functions. To 
guarantee that sufficient and suitable nodes are covered by 
the support domains, an automatically self-tuned value is 
devised in the code to adjust the radiuses of supports. The 
value of bearing capacity obtained from proposed method is 
7.0324 which is about 2% lower than the exact solution 
result. 

 
Figure 4- Problem geometry and boundary condition for 

811 nodes and their Voronoi diagrams 

8. CONCLUSION  
A novel lower bound limit analysis formulation has been 
proposed for the bearing capacity determination of strip 
footings resting on cohesive soils. In the presented approach, 
there is no need of mesh in the traditional sense and, the 
shortcomings related to mesh definition are vanished. The 
results of numerical study showed very good lower bound 
predictions for the bearing capacity of strip footing resting 
on cohesive soil. 
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1. INTRODUCTION 
The accurate prediction of the bearing capacity of strip 
footings is one of the fundamental problems in geotechnical 
engineering and, a great deal of research has been devoted to 
the subject [1-4]. An alternative approach for solving such 
problems is the numerical limit analysis (NLA) which is a 
robust method in solving stability problems. The use of NLA 
in soil mechanics problems appears to have been first 
proposed by Lysmer [5] who found lower bound solutions for 
the stability problems in geotechnical engineering. Following 
Lysmer, Bottero et al [6] introduced a new finite element 
formulation for the limit analysis of soil structures. By the 
implementation of Bottero’s approach in conjunction with 
active set algorithm [7], Sloan [8] developed an efficient 
method for the NLA of plane problems in soil mechanics. 
Several other attempts have been devoted to the application of 
NLA in stability problems in geotechnical engineering. 
Up to now, mesh-based methods such as finite element or 
boundary element method are mostly used as discretization 
tools in the NLA. However, mesh-based methods suffer 
from some deficiencies which are mainly related to mesh 
definition. An alternative approach to eliminate these 
drawbacks in the NLA, is the implementation of mesh-free 
methods as discretization tools.  There has been a great deal 
of research into the application of mesh-free methods in 
different fields of science [9], however, a few are devoted to 
the NLA of structures [10].  To the Authors knowledge, 
there is no study on the application of mesh-free NLA in soil 
mechanics problems and hence, in present paper, a new 
mesh-free upper bound formulation is proposed for the 
bearing capacity of strip foundations resting on cohesive 
soils. In this regard, the Von-Mises yield criterion is  
 
 

 

 
assumed for the cohesive soil behaviour and, by the 
application of associated flow rule and the normality 
criterion, the relation between stress and plastic strain 
increment is assessed at the yield condition. The plastic 
strain increment field is expressed by the nodal velocities by 
the application of a mesh-free technique called radial point 
interpolation method and, the optimization problem is 
established by considering an objective function and 
constrained obtained from upper bound limit analysis theory. 
An iterative scheme is proposed for the solution of 
optimization problem. The efficiency and accuracy of 
proposed method is demonstrated at the end of the paper by 
solving an example. 

2. UPPER BOUND LIMIT ANALYSIS 
The theory of upper bound limit analysis is the extension of 
plastic work principle [11] by Drucker et al. [12]. Based on 
this theory, in an admissible kinematic velocity field, the load 
obtained from the equality of internal dissipation power and 
external power, is not lower than the true collapse load. In the 
mathematical form we have   

. .d d d
Γ Ω Ω

Γ + Ω ≤ Ω∫ ∫ ∫T u f u σ.ε  (1) 

where T is the traction over surface Γ  , u  is the velocity 
field, f is the body force in domain Ω , σ  is the stress field 
and ε  is the field of plastic strain rate. 

3. YIELD CRITERION 
The Von-Mises yield criterion is adopted here for cohesive 
soil behavior modeling. The general form of this criterion can 
be written as 

( ) 1TF = −σ σ P σ  (2) 
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where  

2

11 0
2

1 1 1 0
2

0 0 3
uS

 − 
 
 = − 
 
 
  

P  (3) 

in which, uS is the undrained shear strength of the soil. 

4. STRESS-PLASTIC STRAIN RATE 
The plastic strain used in the upper bound theory should obey 
the normality rule. Hence, by considering the associated flow 
rule, the plastic strain rate can be written as 

( )F
µ

∂
=

∂
σ

ε
σ

 (4) 

where µ  is a non-negative plastic proportionality factor. 
Substitution of equation (2) into (4) leads to: 

2µ= Pσε  (5) 
or 

11
2µ

−=σ εP  (6) 

Introducing (6) into (2), gives 

( ) 1 1 1
2

1 1 11 1
2 2 4

T

F
µ µ µ

− − −   
= − = −   

   
σ ε ε ε εP P P P  (7) 

For a point at yield surface, where ( ) 0F =σ , the plastic 
proportionality factor can be defined as 

11
2

µ −= ε εP  (8) 

Substituting (8) into (6) gives the relation between stress and 
plastic strain rate as follows 

1

1

−

−
=

εσ
ε ε

P
P

 (9) 

 

5. MESH_FREE TECHNIQUE 
In this paper, there is no need of mesh in the geometry 
modeling and a mesh-free method is implemented as the 
discretization tool.  In this regard a support domain, which 
contains the neighboring nodes, is defined around each point 
and the shape functions are constructed via the nodes located 
in the support domain. The enhanced radial basis point 
interpolation method is used here for the shape functions 
construction. Based on this method, a continue function such 
as ( )u x in a special coordinate x can be approximated as  

( ) ( ) ( )
1 1

N M

i i j j
i j

u R a P b
= =

= +∑ ∑x x x  (10) 

where ( )iR x and ( )jP x  are respectively, the radial basis 

and polynomial terms and, ia and jb are their respective 

coefficients. The parameters N and M are the number of 
nodes in the support domain and the number of used 
polynomial terms respectively. The velocity field can be 
descritized into nodal velocities as follows: 

( ) ( ) Su =x x uΦ  (11) 

where Su is the vector of nodal velocity values, and  ( )xΦ  

is the vector of shape functions which can be obtained by 
imposing nodal values of velocity into Eq. (10) and tracing a 
straightforward technique described in [13]. 

( ) ( ) ( ) ( )1 2

T
Nφ φ φ =  x x x xΦ  (12) 

Considering the strain rate and velocity relation, we have 

( ) ( ) S=x B x uε  (13) 
where  

( )

1 2

1 1 1

1 2

2 2 2

1 1 2 2

2 1 2 1 2 1

0 0 0

0 0 0

N

N

N N

x x x

x x x

x x x x x x

φφ φ

φφ φ

φ φφ φ φ φ

 ∂∂ ∂
 ∂ ∂ ∂ 
 ∂∂ ∂

=  ∂ ∂ ∂ 
 ∂ ∂∂ ∂ ∂ ∂
 
∂ ∂ ∂ ∂ ∂ ∂ 







B x
                                                       

(14) 
 

 
It is note worthy that, in the presented mesh-free technique 
the integration process is performed by using a background 
mesh and the Gauss method and, there is no relation between 
the background mesh and the nodal arrangement. 
 

6. CONSTRAINTS REQUIRED FOR ADMISSIBLE 
VELOCITY FIELD  

A velocity field is admissible if it is kinematically and 
plastically admissible. In kinematic admissible field the 
compatibility condition and the kinematic boundary 
conditions should be satisfied. Hence, in plane strain 
condition with axes x1 and x2 , for kinematic admissibility we 
have 

=ε Au          at the entire problem domain   (15) 
  

0=u                  at the closed kinematic boundaries              (16) 
 
Where 

1 2

2 1

0

0

T x x

x x

∂ ∂ 
 ∂ ∂ =

∂ ∂ 
 ∂ ∂ 

A                         (17) 
 

The compatibility condition (i.e. Eq. (15)) cab be written as 
following relation for descritized velocity field 



 

405 
 

 

S=ε Bu  (18) 
A velocity field is plastically admissible if the strain rate 
vectors belong to the set of normals to the yield surface 
(normality rule) and the external power of the load is positive. 
The condition of normality of strain rate vectors, for 
Von-Mises criterion leads to 

0vε =                     (19) 

where vε is the volumetric strain rate. The constraint for 
positivity of external power of load, also results in 

. . 0d d
Ω Γ

Ω + Γ ≥∫ ∫f u T u  (20) 

Since in the limit analysis theory the materials are assumed 
rigid-plastic, and such materials are rate-insensitive, it is 
possible to specify the magnitude of velocity without loss of 
generality. Hence we assume that 

. . 1d d
Ω Γ

Ω + Γ =∫ ∫f u T u                   (21) 
 

Equations (16),(18), (19) and (21) are considered as 
constraints for upper bound limit analysis calculations.  
  

7. ESTABLISHMENT OF MATHEMATICAL 
OPTIMIZATION PROBLEM 

To establish the optimization problem, it is assumed that a 
ratio of external load causes the failure of material. In other 
words, Eq.(1) can be modified as follows: 

( . . )d d dλ
Γ Ω Ω

Γ + Ω ≤ Ω∫ ∫ ∫T u f u σ.ε  (22) 
 

where λ  is the coefficient of external loads. Considering 
Eq(21), we have 

dλ
Ω

≤ Ω∫σ.ε                       (23) 

Equation (23) in conjunction with the constraints described in 
section 6, leads to the following optimization problem 

min .

 to: . . 1

                 0      on 
                  on 
                 0                         on 

v

d

subjected d d

λ

ε

Ω

Ω Γ

 = Ω



Ω + Γ =

 = Ω
 = Ω
 = Γ



∫

∫ ∫

σ ε

ε S

f u T u

Bu                     
u

        (24) 
 

Substituting Eq. (9) into (24) and using the Gauss method for 
integration calculation, converted Eq. (24) into  

1

1
min

 to: . . 1

                 0      on 
                  on 
                 0                         on 

GN
T

i
i

v

subjected d d

λ ρ

ε

−

=

Ω Γ


=


 Ω + Γ =



= Ω
 = Ω
 = Γ




∑

∫ ∫

ε ε

ε S

P

f u T u

Bu                     
u

       (25) 
 

where GN and iρ are the number and weight of Gauss point 
respectively.  
For a weightless media, the optimization problem 
demonstrated in Eq. (25), can be written in terms of nodal 
velocities, using Eq. (18), as follows: 

GN
1

i=1
λ = min  

subjected to:    1
 0  

T
i

T

v

ρ −

 =
 =


∑ T
S S

S

S

u B P Bu

F u
D Bu

 (26) 

Where 
[1 1 0]=vD   (27) 

 
T d

Γ

= Γ∫F TΦ                   (28) 

 

8. OPTIMIZATION ALGORITHM 
In this paper the algorithm proposed by Zhang et al. [14] is 
used for the optimization process. In this algorithm the 
Lagrangian method is used in conjunction with the 
separation of plastic and rigid zones. In the Lagrangian 
method the constraints are combined with the objective 
function and the Lagrangian function can be written as  
 

( )

( )

1

1
, ,

1) 0

GN
T T

i S S
i

T
S v S

L

(

ρ −

=

=

− + =

∑µ

µ

Su q u B P Bu

+q F u D Bu

     (29) 
 

where q and µ are Lagrange multipliers. In order to solve 
the nonlinear relation shown in Eq. (29), an iterative 
algorithm is used. In this regard, an iterative parameter 

icpW is defined as 

1T T
icp S SW −= u B P Bu  

                (30) 
 

and hence, Eq. (29) can be written as 
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( )

( )

1

1
, ,

1) 0

GN T T
S S

i
i icp

T
S v S

L
W

(

ρ
−

=

=

− + =

∑µ

µ

S
u B P Buu q

+q F u D Bu

 (31) 
 

The iterative algorithm is initiated by the assumption of no 
zero strain rates (i.e. a starting value such as 1 for icpW at 

every Gauss points), and in the successive steps the 
non-differentiable regions are found and isolated by the 
values of icpW . The algorithm can be written as follows: 

Initial step : 
It is assumed that 1icpW =  for every Gauss points. Then, Eq. 

31 can be written as 

( ) ( )
( )

1

1
, ,

1) 0

GN
T T

i S S
i

T
S v S

L

(

ρ −

=

=

− + =

∑µ

µ

Su q u B P Bu

+q F u D Bu

 (32) 
 

According to the Lagrangian optimization theory, by the 

imposition of 0
S

L
u

∂
=

∂
, 0L

q
∂

=
∂

and 0L
µ

∂
=

∂
, following 

system of linear equations can be obtained. 
12 ( ) 0

0 0 1
0 0 0

T T
v S

T

v

−    
    =    

         µ

B P B F D B u
F q

D B
          (33) 

 

Solution of above system of equations, leads to ( )1Su and the 

value of λ for the first step can be defined as 

( ) ( )1
1 1 1

T T
i S Sλ ρ −= ∑ u B P B u  

             (34) 
 

 
Step K+1 (K=1,2,…) 
From step K, the values of icpW are known for all Gauss 

points and, the rigid and plastic zones can be discerned. Using 
such definition, the problem domain can be divided into two 
parts. dI which indicates the differentiable zones (i.e. plastic) 

and  ndI which is related to non-differentiable regions (i.e. 
rigid).  
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Now, the optimization problem at the step K+1 can be 
expressed as 

1

1

1

min

 1
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              (36) 
 

The Lagrangian of above optimization problem can be 
written as 

( )
( )

1

1

, , ( 1)

( ) 0

T T T
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T T
v S S S

L qρ

µ α

−

−
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∑µu q u B P Bu F u

D Lu u B P Bu
              (37) 

 
where α  is the penalty factor. Again by differentiation of 
L with respect to its variable and, equating them to zero, the 
following system of linear equations is obtained 

1 12 2 ( ) 0
0 0 1
0 0 0

T T T
v s

T

v
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    =    

         µ

B P B B P B F D B u
F q

D B
 

                              
(38)   

 

Obtaining ( ) 1S K +
u form above system of equations, the 

value of  1Kλ + can be calculated as follows 

( ) ( )1
1 1 1

1

GN
T T

k i S Sk k
i

λ ρ −
+ + +

=

= ∑ u B P B u  (39) 
 

The iterative calculations are continued until the following 
criteria are satisfied 

1

1

1k k
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λ λ
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−
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1 2k k

k

u u
u

η+ −
≤

 

                        (41) 

 
where 1η and 2η are assumed 0.0001 here. 
 

9. NUMERICAL STUDY  
In this section the well-known problem of undrained loading 
of smooth strip footing, is solved by the proposed method. 
The exact solution of this problem is given by Prandtl [15] 
and can be written as 

f c uq N S=                                       (42) 

2cN π= +                                       (43) 
 

where fq and uS  are the exact collapse pressure and the 
undrained shear strength (i.e. cohesion), respectively. 
Assuming 1uS = , the value of exact collapse pressure is 
equal to 5.14. Fig1. shows the geometry domain and the 
boundary conditions considered in the present problem. Due 
to the symmetry, only one half of the geometry is modeled. 
Application of mesh-free technique enables us to consider 
different patterns for nodes arrangement. Hence, according to 
Fig. 2 three patterns of nodes arrangement are considered for 
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the geometry modeling. The problem is solved for each 
pattern, and the results are shown in Table 1 As it is obvious, 
the fan arrangement of the nodes gives the best results, and 
the random arrangement deteriorate the accuracy of results. 
However, all obtained results are very good upper bound 
solutions for the problem. 
To verify the convergence of proposed technique, it is 
necessary to show that, by increasing the density of nodes, the 
accuracy of results gets better. In this regards, as shown in  
Fig. 3, three mesh-free models with fan arrangement of nodes 
are considered. As shown in Table 2, all evaluated values are 
upper than exact solution result and, the obtained trend 
confirms the increase of accuracy by decrease of nodes 
distances.   

 
Fig1. A half-space under uniform normal pressure 

 
 

Table1. Upper bound solutions for different patterns of node 
arrangement. 

NLP Quantity Meshless 
8.7697 
37 

Qu/su 
No.of iterations 

Fan 
120 Nodes 

15.020 
36 

Qu/su 
No.of iterations 

regular 
120 Nodes 

10.700 
27 

Qu/su 
No.of iterations  

irregular 
120 Nodes 

 
 

Table2. Results of upper bound solution for fan arrangement 
NLP Quantity Meshless 
5.1706 
38 

Qu/su 
No.of iterations 

Fine 
492 Nodes 

7.0003 
55 

Qu/su 
No.of iterations 

Medium 
248 Nodes 

8.6329 
62 

Qu/su 
No.of iterations  

 Coarse 
116 Nodes 

 

 
a) 

 
b) 

 
c) 

Fig2 Three patterns of nodes arrangement.  
a) uniform arrangement b) random arrangement 

c) Fan arrangement 
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a) 

 
b) 

 
c) 

Fig3. Mesh free models with fan arrangement for a) low 
density b) medium density c) high density of nodes  

10. CONCLUSION 
A novel mesh-free upper bound solution has been proposed 
for the bearing capacity determination of strip footings 
resting on purely cohesive soils. In the proposed method there 
is no need of mesh in the traditional sense and hence, the 

constraints related to element definition are omitted. The 
results of numerical study show that the proposed method 
provides very good upper bound solutions for the bearing 
capacity problem. 
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 ABSTRACT: One of the main environmental pollutions is soil pollution. Soils are considered as nature 
purifies. They also provide food and have refining characteristics. One of the main reasons of soil pollution is 
oil leakage and its extension which usually happens near oil refineries and transportation pipes which is 
sometimes unavoidable. These pollutions endanger human health and also the environment. About how to 
remove these items from contaminated soils, different solutions that are fully functional and relatively new are 
presented. In this article we have been trying to present a new optimized method from different methods around 
the world according to different criteria such as cost, quality, time and technology. Investigations show that 
biological and natural methods of cleaning contaminated soil, is to score higher than other methods. 

 

Keywords: contaminated soil, biological, treatment, optimizing.  

 

Introduction 

Oil products is one the most dangerous pollutions 
which can affect the soil. Oil is usually transported 
by vehicles, pipelines and stored in storage tanks. 
These are the most common ways which can cause 
soil pollution. Leakage is one of the common ways 
in polluting the soil especially in fine grain soils 
such as sand. The increasing population and 
industrialization has made oil pollution 
unavoidable. This phenomena can happen in oil 
excavation areas, refineries and in some parts of 
pipelines. If the pollution penetrates into deeper 
depths the cost and treating operations will 
respectively increase and become much harder. Oil 
pollution can be treated by three methods: physical, 
chemical and biological methods. Biological 
methods commonly transfer the pollution into 
nonpoisonous materials by micro-organism 
procedures. This seems to be a more effective 
method.      

Iran is between the top 5 oil producing countries so 
it has a high potential of being polluted by oil. 
Long pipelines and many oil refineries in south of 
Iran are a proof for this potential. Beside the 

mentioned reasons, there are a lot of storage tanks 
inside and outside cities which are located 
generally underground and sometimes near the 
water table. The number of these storages can vary 
with the city population. As the population 
increases the number of these storage tanks 
increase too. In places with high water tables the 
pollution danger is much higher if a leakage occurs 
and of course the soil treatment is much harder if 
this pollution is happened in a residential area 
inside a city.   

In this paper we have tried to evaluate, optimize 
and combine some of the soil treating methods on 
different types of soil. Some methods for 
controlling the pollution effects is as follows: 

1- Improving the soil ventilation by plowing. 
2- Adding nutrients to soil, like Nitrogen and 

phosphorous. 
3- Combining soil with the micro-organisms 

which degrade oil products.  
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Methodology 

According to the treatment methods of oil pollution 
and its products and due to the previous steps and 
treatment procedures discussed in this article, some 
biological methods are presented which are match 
with the environmental procedure of soil treatment. 
The output of the mentioned procedures are 
relatively safe for the biological cycle. From 
different biological methods presented by EPA, 
five relatively new methods were randomly 
selected and three of them including SVE, BV and 
AS were combined to make a relatively new 
method.  

The five methods mentioned are defined as 
follows:  

1- Soil Vapor Extraction.(SVE) 
2- Air Sparging (AS) 
3- Bio-venting 
4- Soil Washing 
5- Soil Flushing 

METHODS 

SVE: in this method special preparations are done 
to extract toxic and harmful chemical elements 
which are formed as gases from soil layers higher 
than the water table. These gases are produced 
inside the soil and treatment is done by excavating 
these gases. 

AS: This method is used for treating soils under 
water table, by sparging air into soil for evacuating 
harmful gases. In this method, air sparging causes 
faster evaporation of oil products and afterwards by 
SVE the vapors are evacuated.SVE and AS 
methods are usually used together for cleaning and 
treating a soil. 

BV: This method is similar to AS, with this 
difference that instead of air, Oxygen is sparged 
into the soil. Oxygen is combined with soil 
contaminations and is converted into carbon 
dioxide and then excavated from soil. The 
advantage of this method towards AS is that in this 
method no harmful vapors are produced and 90 % 
of the gases return to nature. 

Soil Washing: This method is a procedure which is 
directly related to water and the treating is 
performed out of the contaminated area. This 
method usually treats soils which have organic and 

non organic compounds. It is usually a pre treating 
method just to reduce the contamination so that 
other methods can complete the treating procedure. 
The contaminated soil is excavated and 
categorized, then the coarse grains are separated 
and afterwards it is washed by water and 
surfactants. This procedure turns the soil into two 
parts of clean soil and dirty soil. The advantage of 
this method is that it can gather the contaminations 
in settled soil, which this action makes the treating 
process faster. Soil washing reduces the total cost 
of treatment. Soil washing procedure is closely 
related to the soil type of the area. If the grains are 
coarse like gravel and coarse sand the process is 
more effective and faster than when the soil is fine 
grained. 

Soil Flushing: This method is a developed method 
for treating, cleaning and gathering the 
contaminations of the soil in situ. Soil flushing uses 
water and gas compounds to make the geochemical 
reactions happen faster which cleans the centralized 
contaminations in the underground water.  

Generally soil flushing has a high effect on 
permeable and homogenous soils such as sand and 
silty sand. This method can even treat the harmful 
products produced by chemical oxidation and even 
treat oil products in soil.  

The New Presented Method 

According to the mentioned methods, the offered 
theoretical procedure in this paper is defined as Bio 
Sparging (BS). As mentioned in the BV method, by 
injecting Oxygen (O2) into the contaminated soil 
the will be treated. In the AS method by sparging 
the air into the contaminated region (which the air 
contains O2 and possibly harmful and miserable 
compounds) the treatment is done. Due to 
environmental factors like oil pollutions in the 
region (liquid and gas form) , soil type according to 
its categorization (which has been categorized in 
the 2800 seismic manual of Iran) , depth, physical 
and mechanical properties of soil ( permeability 
ratio, density, wetness, special mass, organic 
material percentage` and etc) the mentioned 
nutrients (Nitrogen and Phosphorous) are injected 
after being combined with fresh air. For injecting 
the air into contaminated soil, two types of wells 
are needed, vertical and horizontal wells. The 
arrangement of these wells is shown in figure 1). 
The horizontal wells must be installed in the 
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bottom of the contaminated area with defined 
distances from each other in parallel lines and must 
be screened. According to this point that the micro 
organisms of the natural soil can combine with the 
contaminations and change them into natural and 
biological gases which reduces the harmfulness of 
these gases to less than 5% can be a good 

achievement. Then these gases and harmful vapors 
are excavated by   SVE wells. Finally these vapors 
are taken through carbon filters and are recycled so 
their pollution percentage reduces to the minimum. 
Afterwards clean air and sometimes non toxic 
water are returned to the nature.  

 

Figure 1: Air Sparging System 

 

It should be considered that this process is 
completely safe and biological. In this method there 
are no chemical surfactants used while injecting 
nutrients causes the combination between them and 
the micro organism which results in the 
improvement of microbes’ growth and increases 
the aerification of the treated and cleaned soil. 

Results:  

1- This method has a safe and biological 
procedure because the treating and 
cleaning materials used in it is O2 and 
nutrients (phosphorous and nitrogen).  

2- This method which is a combination of the 
biological methods in the EPA is an 
optimized method. 

3- Because of the simplicity of installing the 
equipment, this method can prepare a 
proper field for the next cleaning 

procedures (for probable solid oil 
pollutions) in the area.  
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1. INTRODUCTION 
Generally rockfall protection structures are classified into a 
net, a fence, a shelf, a wall, embankment, a rockshed etc. 
(Fig.1 and Fig.2) [1], [2]. Rockshed is one of the safe and 
important protection structures when the target rockfall has 
the large energy. In Japan, many prestressed concrete 
rocksheds and reinforced concrete rocksheds have been 
constructed. A certain cushion material is generally installed 
on the roof of the rockshed for the purpose to buffer the 
impact force by a rockfall. Sand is mostly used as typical 
cushion material in Japan. Sand and a bag in which sand is 

filled are also used for a protection shelf or protection 
embankment for the same purpose. Risk is rarely remained 
sometimes at the protection structure for the rockfall with 
large energy beyond initial estimation (Fig.3) [3], [4].  
Research of this shock absorbing material has been done for 
 
 
 

years [5]. However, the evaluation method of impact 
behavior and the absorbing effects of impact force which is 
transmitted to the structure through the cushion are not 
necessarily clarified enough. It has been clear empirically that 
sand cushion has a large shock absorbing effect. Therefore, 
the use of sand cushion material for protection structures, 
such as a rockshed, is considered rational against the impact 

ABSTRACT 
 
Sand cushion is often utilized in protection structures against rockfalls as a shock absorber. Impact by rockfall is 
considered one of the most important variable loads for protection structures. To clarify the evaluation method and the 
buffering effects of impact force, the series of weight impact experiment were conducted. A simple supported double 
steel beam was used to reproduce the behavior of structure. Experiments were carried out by the free fall of the weight 
to the sand tank installed at the center of simply supported double steel H beams. The impact force of the weight and 
transmitted force under the sand tank as well as displacements of beam and strains of the beam were measured. 
Dynamic characteristics of impact force, transmitted force to the steel beam and behavior of the beam were 
investigated. Dynamic interaction between sand and beam, shock absorbing effect of sand and also the transfer ratio of 
kinetic energy of rockfall to the structure were shown. 
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Fig. 1 Rockshed and protection net 

 

 
Fig. 2 Embankment for rockfalls 

 
Fig. 3 Failed rockshed by large rockfall 

 

Net 

Rockshed 



 

414 
 

 

force by a rockfall etc. and also in future. 
When a protection structure is designed according to the idea 
of a performance based design, it is necessary to clarify the 
ultimate state of a protection structure in which sand cushion 
is installed. It is also required to advance suitable use of 
cushion material from the point of repair and reinforcement of 
the existing structure. In this research, the series of impact 
experiments to the sand cushion on H section steel beam were 
conducted in order to obtain the fundamental data about the 
impact action for designing a structure safely and rationally. 
This paper reports the knowledge acquired by investigating 
the impact force, the absorbing effect of sand cushions, 
dynamic interaction between structure and cushion. 

2. OUTLINE OF EXPERIMENT 

2.1 Method of Experiment 
Fig. 4 shows the free-fall type device for impact experiment 
set up at Structure Engineering laboratory of the Kanazawa 
University. The sand tank filled up with sand cushion 
material was installed in the center of two H beams, which 
were simple supported locating in parallel. The size of a sand 
tank was 350 mm in width, 350 mm in depth and 500 mm in 
height. It was fixed to H beams with the angle steel beams and 
bolts. 

The used H beams were H-100x100x6x8 (mm). The span 
lengths of beams were 13 m, 1.8 m, 2.8 m and 3.8 m. The used 
weight is a steel cylinder with a diameter of 80 mm and a 
mass of 7.233 kg, and the tip form is spherical. Two kinds of 
shock absorbing materials accordingly one kind of sand and 
one kind of gravel were used. The characteristic values of 
sand and gravel are shown in Table 1. The used gravel and 
sand were crushed stone and loose sand with grain size ranges 
as shown in Fig. 5. The sand tank was covered by a thickness 
of 0.5 m in both cases. 
Table 2 shows the list of all experiments carried out. The 
falling heights of the weight were seven kinds respectively 
0.5 m,0.75 m, 1.0 m, 1.25 m, 1.5 m, 1.75 m and 2.0 m. 3 times 
impact experiments were carried out on each condition. 

2.2 Measurement Items and Measurement Method 
Measurement devices involve an accelerometer (Kyowa 
Electronic Instruments Co., Ltd., AS-100HA), load cell 
(Kyowa Electronic Instruments Co., Ltd., LUK-1TBS), laser 
displacement meter (Keyence Corporation, LB300) and strain 
gauge (Tokyo Sokki Kenkyujo Co.,Ltd., FLA-10-11-3-LT) as 
shown in Fig.6.  

Concretely, the accelerometer was installed at the center of 
the weight to measure its acceleration. The laser displacement 
meter was used to measure deflection of steel beams. 
Transmitted force of sand tank to H beams was determined 
through the load cells placed between the tank bottom and the 
beams. The strain gauges mentioned above were stuck to 
measure axial direction strain at the top and bottom flange of 
the central section of H beam. 

 

 
 

Fig. 4 Device of impact experiment 

Sand tank 

H beam 

Concrete foundation 

Supports 

Weight 

Table 1 Properties of used cushions 
 

Type D10  
(mm) 

D30  
(mm) 

D60  
(mm) 

Effective 
 particle size 
 D50 (mm) 

Uniformity  
coefficient 

Cu 

Coefficient of  
curvature 

Cc 

Sand 0.2 0.34 0.61 0.49 3.10 0.95 

Gravel 4.0  5.5 6.5 6.1 1.63 1.16 

 

 
Fig. 5 Particle size accumulation curve 

Table 2  List of impact experiments 
 

Cushion Span length of 
beam (m) Falling hights of weight (m) 

Sand 

1.5 0.50,0.75,1.00,1.25,1.50,1.75,2.00 

2.0 0.50,0.75,1.00,1.25,1.50,1.75,2.00 

3.0 0.50,0.75,1.00,1.25,1.5,01.75,2.00 

4.0 0.50,0.75,1.00,1.25,1.50,1.75,2.00 

Gravel 

1.5 0.50,0.75,1.00,1.25,1.50,1.75,2.00 

2.0 0.50,0.75,1.00,1.25,1.50,1.75,2.00 

3.0 0.50,0.75,1.00,1.25,1.50,1.75,2.00 

4.0 0.50,0.75,1.00,1.25,1.50,1.75,2.00 
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Fig.7 shows the measurement system of this experiment. The 
output obtained from each measuring instrument was 
measured at intervals of the sampling of 100 µs (sampling 
frequency: 10 kHz) and recorded by PC. 

3. RESULTS OF EXPERIMENT 

3.1 Dynamic behavior of impact experiment 
Fig. 8 shows the time history of measured data for the case 
1.8m in span length, 2.0 m in falling height  for sand cushion. 
The acceleration of the falling weight reached the peak at 
approximately 0.01 s after collision to the sand cushion and 
became zero at 0.02 s. Transmitted force measured under the 
sand tank appeared at 0.005 s, reached its peak at 0.016 s and 
became zero at 0.025 s. The damped oscillation of transmitted 
force was shown afterward. Strain and displacement appeared 
at 0.01 s, reached its peak also at  approximately  0.016 s and 
became zero at 0.025 s. The similar damped oscillations were 
shown afterward in both time histories. 
Generally the dynamic behavior of structure under hard 
impact load is complicated. Here, hard impact means that the 

 
 
 

Fig. 6 Measurement devices and their locations 
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Fig. 7 Measurement system 
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Fig. 8 Time histories of measured data (Sand, span 
length1.8m, falling height 2.0m) 
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Fig. 10 Impact force, transmitted force and equivalent 
forces by strain and deflection 

magnitude of impulse force is large and duration of impact is 
very short. Meanwhile, it is also known that the response of 
structure under relatively soft impact load is mostly 
quasi-static. Those beams used in this study have large mass 

at the center of span center. Furthermore, the impact load 
occurred by collision of the weight to the cushion is relatively 
smooth because of shock absorbing effect of the cushion 
material. In that case, it can be assumed that the response of 
the beam was quasi-static. Fig. 9 shows the deflection curve 
and the bending moment diagram of  the simple  beam under 
two static  concentrated loads. Equivalent  static forces can be 
determined according to the deflection and the strain resulted 
by bending moment under this assumption．Here, sP and 

dP are equivalent forces by the strain and the deflection.  

Fig. 10 shows time histories of impact force, transmitted force 
and equivalent forces by strain and deflection for four cases, 
namely span length L=1.8m and 3.8 m for sand cushion and 
gravel cushion. The falling height H is 2.0 m.in any case. The 
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Fig. 11 Relationship between falling height and 
various maximum force for sand 
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impact force aP is smaller than other forces for sand ( L=1.8 
m, H=2.0 m). The maximum of force is large in the order of 
the transmitted force tP , the strain equivalent force sP  and 
the deflection equivalent force dP in this case. Meanwhile, 
the impact force aP is larger than other forces for sand and 
longest span length L=3.8 m. The shape of first wave of 
transmitted force tP  is similar to the impact force aP . 
However, the wave shape of tP afterward, the equivalent 
forces sP and dP are similar with longer period than the span 
length L=1.8 m and maximum values of those are smaller 
than aP .For the gravel, similar tendencies are observed. 

However, maximum values of forces are smaller than those in 
sand. It became clear that the gravel has more excellent shock 
absorbing ability than sand and the large flexibility of the 
beam itself also contributes to the cushioning role for impact.  

3.2 Maximum impact force 
Fig. 11 shows the relationship between falling height and 

various maximum impact forces for sand. In Fig. 11(a), linens 
estimated by the design formula for the impact load due to 
rock fall are shown. The formula was drawn from the elastic 
contact theory and widely used in Japan. This design formula 
is expressed as following equation [1]. 

535232)(108.2 HmgP λ=              (1) 
Here, m is the mass of a falling rock (ton), H is the height of a 
rock fall (m), λ is the Lame coefficient of cushion material 
(kN/m2) and g is the gravity acceleration (m/s2). 
There is no significant difference among span length L 
concerning the impact force aP . The upper limit of the impact 
force is expressed by equation (1) of λ=1000kN/m2. 
Concerning the transmitted force tP , it is understood that the 
force becomes small, so that the span length is large. Mostly 
similar tendency is also observed for the strain equivalent 
force sP . The strain equivalent force sP is little larger than 
transmitted force tP . 
Furthermore, Fig. 12 shows the relationship between falling 
height and various maximum impact forces for gravel. There 
is also no significant difference among span length L 
concerning the impact force aP as observed in the case of sand. 
The lower limit of the impact force is expressed by equation 
(1) of λ=100kN/m2. Concerning the transmitted force tP , it is 
understood that the force becomes small, so that the span 
length is large. Similar tendency is also observed for the strain 
equivalent force sP . The strain equivalent force sP is smaller 
than transmitted force tP . It is contrary to the case of sand. 

3.3 Dynamic multiplication and energy transfer 
It is generally required to estimate the impact load rationally 
and safely for the practical design of protection structure. 
Some experimental results and discussions are shown here 
concerning dynamic multiplication and energy transfer from 
the falling weight to the beam.  
Fig, 13 shows the results concerning dynamic multiplication 
for sand. Fig 13 (a) shows the relationship between the falling 
height H the dynamic multiplication factor. The dynamic 
multiplication factor is generally expressed as following 
equation. 

st

dyn
MF R

R
D =                  (2) 

 Here, stR is the response of the structure when the maximum 
dynamic force acts statically and dynR is the dynamic 
response of the structure. In this case, strain is used for the 
response of structure. It became clear that there is no 
particular relationship between the falling height H and the 
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Fig. 12 Relationship between falling height and 
various maximum forces for gravel 
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dynamic multiplication factor MFD and it is mostly constant. 
The dynamic multiplication factor MFD  becomes small if the 
span length L of the beam becomes large. Because the longer 
span beam has the longer first natural period T for mostly 

constant duration of impact force aT . Fig 13(b) shows the 
Relationship between TTa and dynamic multiplication 
factor MFD . It is clearly recognized that there is a proportional 

relationship between TTa  and the dynamic multiplication 
factor MFD . 
Fig. 14 shows the relationship between TTa and rate of 
energy transfer to beam from falling weight for sand. The 
energy transfer is the transferred energy from the potential 
energy of the weight mgH to the beam. It has become clear 
that the rate of energy transfer becomes small when the 
ratio TTa becomes large. The rate of energy transfer tr

ER is 
important to design the member and structure under the 
impact. It can be considered that one of important 
characteristics of shock absorbing cushion is expressed by 
this rate of energy transfer. 
We are doing further investigation concerning detailed 
formulation of this effect and application to design. 

4 CONCLUSION 
In this research, the series of impact experiments to the sand 
cushion on H section steel beam were conducted in order to 
obtain the fundamental data about the impact action. 
Obtained results in this research are summarized as follows. 
1) The dynamic behaviors of H steel beam with cushion under 

impact were concretely shown including characteristic of 
impact force. The concept and actual data concerning 
equivalent force were introduced and shown. 

2) The impact force aP obtained by the acceleration of the 
weight is mostly equal depending only falling height H both 
in in sand cushion and gravel cushion. 

3) The transmitted force at the bottom of cushion tP becomes 
small when the span length L  becomes large because of the 
effect of dynamic flexibility of the beam. The force in 
gravel cushion is smaller than that in sand cushion 

4) The magnitude of equivalent force sP or sP also depends 
on the span length as like that of the transmitted force tP . 

5) The dynamic multiplication factor MFD has particular 
relationship to the natural period of the beam T and no 
relation to the falling height H . 

6) The rate of energy transfer to the beam from falling weight 
tr
ER was concretely shown. It has been shown that there is 

relationship between tr
ER and the natural period of the 

beam T . 
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1. INTRODUCTION 

Drinking green tea has been a part of everyday life for 

Japanese people for a long time. It is not only part of the 

Japanese culture, but it also provides health benefits. A 

number of researchers have revealed various potential 

positive effects of drinking green tea such as anti-cancer, 

anti-oxidant, fat burning, prevention of arteriosclerosis, 

lowering blood pressure and reducing cholesterol.  

Shizuoka Prefecture in Japan is famous for the production of 

quality Japanese green tea. Cultivation of tea plants started 

this region in 1241 when a monk named Shoichi Kokushi 

planted green tea seeds which he brought back from China [1]. 

Cultivation of tea plants became economically important in 

the 18
th

 century and since then this region leads the tea 

production in Japan. Today Shizuoka Prefecture produces 

40,000 tonnes of tea, which is approximately 45% of Japan’s 

overall tea production, refer Figure 1.  

Shizuoka, 

40,000t

Kagoshima, 

23,300t

Mie, 7,230t
Miyazaki, 

3,110t

Kyoto, 

2,900t

Nara, 2,490t
Others, 

12,770t

 
Fig. 1 Amount of Tea Production in Japan (after [2]) 

 
 

The author noticed that tea plants are often grown in hilly 

terrain and therefore tea plantation fields in Shizuoka are 

occasionally subject to landslides. In response to this fact, this 

paper investigates the relationship between the tea plantation 

fields and landslide prone areas in Shizuoka Prefecture from 

the engineering standpoint.  

2. TEA PLANTATION AND LANDSLIDES 

The northern part of Shizuoka Prefecture is surrounded by 

3,000 meter high mountains which make up a mountain range 

called the Southern Alps. Many major rivers in Shizuoka 

Prefecture originate in this mountain range (e.g. Fuji River, 

Abe River and Ooi River) or the Central Alps (Tenryu River) 

and flow downstream to the Pacific Ocean. Due to steep river 

bed slopes (Fig. 2), these rivers discharge significant volumes 

of sediment into downstream areas following heavy rainfall 

events, causing a number of sediment related disasters. At the 

time of April 2012, there are 24,466 designated sediment 

related disaster areas in Shizuoka Prefecture [4]. In addition, 

there are number of geographical areas named after past 

sediment related disasters such as Hatanagi, Ooyakuzure and 

Ookuzure in Shizuoka Prefecture.  

Major tea plantation areas in Shizuoka Prefecture, shown in 

Fig. 3, overlap somewhat with sediment related disaster areas. 

It is known that areas of frequent fog and with a significant 

temperature difference between day and night produce high 

quality tea. Hence many tea plantation fields in Shizuoka 

Prefecture are located on the hilly terrain at the foothills of the 

mountains. As a result, tea plantation fields in this region are 

occasionally subject to landslides.  
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Fig. 2 Relationship between Elevation and Distance from 

Mouth of Class A rivers in Shizuoka Prefecture (after [3]) 

 

 
Fig. 3 Major Tea Plantation Fields in Shizuoka Prefecture 

(after [5]) 

3. MECHANISM OF LANDSLIDES IN TEA 

PLANTATION FIELDS  

3.1 Primary Cause  

In Japan, causes of landslides are generally separated into the 

primary cause and the triggering cause. The primary causes 

are factors related to topography, geology, hydrogeology etc. 

and the triggering causes include heavy rainfall, earthquake, 

earthworks, and others. In this region, it appears that there are 

many common points such as topography, geology, soil 

chemistry, hydrogeology and so on between the tea plantation 

fields and the landslide prone areas. The following sections 

will discuss typical primary cause of landslides in tea 

plantation areas. 

3.1.1 Topography  

In Shizuoka Prefecture, tea trees are often planted on sloping 

ground (Photo 1). This is because sloping ground can offer 

various advantages over flat ground, including their good 

natural drainage system, longer sunshine duration, larger day 

and night temperature difference and lower risk of cold air 

stagnation. All these advantages allow production of high 

quality teas [6] and result in hillsides being the preferred 

location for tea plantation fields.   

Moreover, advantages of planting tea trees on slopes may not 

be limited to these natural conditions. For instance, choice of 

productive agricultural products using hilly slopes is very 

limited. Among these products, tea plantations are considered 

as one of the most profitable business [7]. In addition, only 

relatively small sized machines, or no machines, are required 

in tea plantation fields making it easy to plant tea trees on 

slopes.  

 

 

Photo 1 Photographs of Typical Tea Plantation Fields on 

Sloping Ground in Shizuoka Prefecture 

 

According to [2], 7,377 ha (41%  of overall tea plantations in 

Shizuoka Prefecture) of tea plantations are on ground inclined 

at less than 8 degrees, 4,081ha (24%) is on ground sloping 

between 8 and 15 degrees, 5,350 ha (32%) is on slopes steeper 

than 15 degrees in Shizuoka Prefecture. Since the total area of 

tea plantations on slopes steeper than 15 degrees is 6,074 ha 

in Japan, almost 70% of tea plantations on relatively steep 

slopes are located in Shizuoka Prefecture. This topographic 

characteristic is considered to be one of the primary reasons 

that the chance of landslides in tea plantations in Shizuoka 

Prefecture is significantly higher than other prefectures in 

Japan.  

 

E
le

v
a

ti
o

n
 (

m
) 

421



  

 

Photo 2 Crest of Landslide in Tea Plantation Fields 

3.1.2 Geology and Soil Chemistry 

High permeability (> 1x10
-4

 cm/sec), high aeration and high 

water retention are important soil characteristics for growing 

tea plants. The bedrock of tea plantation fields needs to be 

deep and the arable soil, free from impermeable layers, must 

be sufficiently thick. It is also important that the soil mass in 

the root system does not contain a large portion of fine 

particles. 

The Makinohara Plateau located approximately in the centre 

of Shizuoka Prefecture is one of the most famous tea 

production areas in Japan.  This area comprises 

approximately 20 to 30 m thick Ooi River alluvial fan 

sediments containing Quaternary Pleistocene uncemented 

gravelly layers and/or mud layers, which is overlying 

Miocene to Pliocene sedimentary layers. While soils in this 

region are suitable for growing tea plants due to their weakly 

acidic and high natural drainage characteristics, there are a 

number of slope instabilities due to their high erosion 

susceptibility.  

In addition, colluvium slopes on hilly mountains, which are 

usually considered not suitable for cultivating agricultural 

products, are often used as tea plantation fields. This is 

mainly because colluvium, which tends to lose basic minerals 

and become acidic, is suitable for the growth of tea trees [2]. 

Tea plants are aluminum-philic and acid resistant. They grow 

well in the soil in which pH ranges between 4.0 and 5.0. 

Nitrogen fertilizer is often used in tea plantation fields since 

the quality of the tea increases with an increase of nitrogen in 

the soil mass. Because of this, tea plantation fields are often 

too acidic for other agricultural products. Therefore little 

beneficial effect from tree roots for reinforcing slope stability 

is expected in an acidic soil environment. This also 

contributes to the fact that tea plantation fields are susceptible 

to the erosion during heavy rainfall events. 

 

Photo 3 Tea Plantation Field in Colluvium Slopes 

3.1.3 Past Landslide Sites 

Japan has a population of 120 million in an area of about 

370,000 km
2
 and has the one of the highest population 

densities in the world. Therefore the redevelopment of past 

landslide sites is an important engineering and social topic in 

Japan. To date, past landslide sites are often used as parks 

after rectification works in Japan (e.g., Jizukiyama memorial 

park and Chausuyama park in Nagano Prefecture).  

In Shizuoka Prefecture, tea plantation fields are often found 

in the past landslide sites. The author considers that planting 

tea trees is a good way of utilising past landslide sites. This is 

because:  

 Profitability of tea plantations per unit cultivable area is 

generally higher than other agricultural products.  

 Machines required in tea plantations (e.g., green tea cut 

machine) are smaller in size, lighter in weight and less 

expensive compared with those required for other 

agricultural products. Therefore they are transportable to 

most of the tea plantation fields including difficult access 

areas on past landslides and hill slopes. 

 Soils in the past landslide sites are often acidic due to loss 

of alkali ion which suite the growth of tea plants.  

In the past landslides sites, tea plantations are often located in 

the depression zone near the landslide crown or the lobate 

near the landslide toe where the landslides debris are 

deposited and slopes become relatively gentle. 

It should be noted that these past landslide areas may be used 

without appropriate rectification works and farmers may be 

using these areas without knowing about past landslide events. 

Landslides in these areas could be reactivated, even with 

relatively minor triggering events. 
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Photo 4 Tea Plantation Field in Past Landslide Site 

3.2 Triggering Cause 

Triggering causes of landslides are broadly separated into the 

natural causes and those related to human activity. The 

natural triggering causes include intense and/or long rainfall 

events, snowmelts, earthquakes, scouring or erosion of the toe 

of the slope and so on.  Causes related to human activities 

include excavation, filling, tunneling, ponding of reservoirs, 

and the like.   

3.2.1 Rainfall Events and Groundwater 

The tea plants can grow well in areas with an average yearly 

temperature above 13 degree C, snowfall of not more than 1m 

and yearly rainfall of more than 1,400 mm [2]. More than 

1,000 mm of rainfall is required during the growth period of 

the tea plants between April and October [9]. Many areas in 

Shizuoka Prefecture satisfy these requirements due to their 

warm and moist environment (Fig. 4) and thus tea is the one 

of the most representative agricultural products in this region.  

While rainfall is essential to the growth of tea plants, there are 

a number of sediment related disasters due to the heavy 

rainfall events. As shown in Table 1, 86 slope failures 

occurred due to heavy rainfall events within a relatively short 

time period. 

As described previously, the permeability of the soil in the tea 

plantation fields needs to be high. Therefore even if the 

groundwater level is low during the dry season, the rise of 

groundwater in tea plantation fields could be significant 

during or/and after intense rainfall events (Fig. 5).  

Under such circumstances, slope failures may occur suddenly 

without any warnings. Once the slope starts moving, the rate 

of movement could be also very rapid.  
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Fig. 4 Rainfall and Temperature of Makinohara City (after 

[9])  

 

Table 1 Summary of Sediment Related Disasters in Shizuoka 

Prefecture from 1 Jan. to 3 Oct. 2011 (after [10]) 

Type Triggering Cause 

Earthquake Heavy Rainfall 

 (incl. Typhoon) 

Debris Flow 0 13 

Landslides 0 7 

Rock falls 7 66 

Total 7 86 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Fig. 5 Significant Rise of Groundwater Level in Tea 

Plantation Fields due to Rainfall Events  

3.2.2 Human Activities 

Shizuoka Prefecture has the largest tea plantations fields in 

Japan. 2.6% of lands in Shizuoka Prefecture are used as tea 

plantation fields. Of particular note is that about 25% of 

Makinohara City’s land is used as tea plantation fields [9].  

Therefore construction activities are often required to extend 

into tea plantation fields. As a result, the chance of landslides 

in tea plantation fields due to these human activities is 

inevitably high in Shizuoka Prefecture compared with other 

prefectures.  
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Photo 5 Earthworks Extended Close to Tea Plantation Field 

4. LANDSLIDE MITIGATION  

Shizuoka Prefecture has approximately 41,200 tea farm 

households, which is the highest numbers in Japan. Tea 

farming is a very important source of income for them.  

Therefore tea farmers are often reluctant to be disturbed by 

construction activities such as landslide rectification works, 

particularly during the first tea crop of the season from late 

April to May. Governmental administration bodies in this 

region are also fully aware of this issue.  

One of the key aspects that needs to be taken into account 

during the selection of landslide rectification works is to 

minimise the damage to tea plantation fields. Cutting the 

upper portions of the slope or filling near the toe of the slope, 

which affects existing tea plantations fields, is therefore often 

considered an inappropriate technique by landholders and 

governmental administration bodies. 

Moreover when groundwater control measures (e.g., gravity 

drains or drainage wells) are adopted for landslide 

rectification works, it is also important not to drain 

groundwater completely from the tea plantations fields so that 

sites remain suitable as tea plantation fields after rectification 

works. 

Shizuoka, 

41,200

Kumamoto, 

22,400

Ibaraki, 

15,200

Miyazaki, 

12,600

Mie, 12,500Kagoshima, 

11,000

Others, 

123,700

 
Fig. 6 Number of Tea Farm Households in Japan (after [2]) 

 

Photo 6 Drainage Well in Tea Plantation Field 

5. CONCLUSION 

In this study, the relationship between the tea plantation fields 

and landslide prone areas in Shizuoka Prefecture was 

investigated. A series of investigations reveal that there are 

many common points between the tea plantation fields and 

the landslide prone areas in this region. From this study, the 

following conclusions can be drawn: 

 Almost 70% of tea plantation fields on more than 15 degree 

slopes are located in Shizuoka Prefecture. This topographic 

characteristic is considered to be one of the primary 

reasons that the chance of landslides in tea plantations is 

high in Shizuoka Prefecture. 

 Tea plants grow well in soil in which pH ranges between 

4.0 and 5.0. Due to this reason as well as meteorological 

conditions, tea plants can grow in colluvial soils which 

may be susceptible to the erosion during heavy rainfall 

events. 

 Tea trees are often planted on existing landslide sites. 

Hence these areas are generally susceptible to reactivation. 

Landslides in these areas could be reactivated even with 

relatively minor triggering causes. 

 While rainfalls are essential to the growth of tea plants, 

there are numerous sediment related disasters due to heavy 

rainfall events. 

 Construction activities are often required that extend into 

tea plantation fields in Shizuoka Prefecture. As a result, the 

chance of landslides in tea plantation fields due to these 

human activities is inevitably high in this region 
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1. INTRODUCTION 
To find an economical and feasible way of designing new 
structures or strengthening existing ones for protection from 
the damages during an earthquake is one of the challenges in 
Civil engineering. The conventional approach to seismic 
hazard mitigation is to design structures with adequate 
strength and ability to deform in a ductile manner. Over the 
past two decades, newer concepts of structural vibration 
control including seismic isolation, installation of passive and 
active/semi-active devices ([1], [2], [3], [4]) have been 
growing in acceptance. Traditionally, earthquake-resistant 
design of low- to medium-rise buildings is particularly 
important, as their fundamental frequencies of vibration are 
within the range where earthquake-induced force 
(acceleration) is the highest as found during Mexico City 
Earthquake [5]. One possible mean to reduce the degree of 
amplification is to make the building more flexible [6]. In a 
low-to-medium-rise building, this necessary flexibility can be 
achieved by the use of base isolation techniques. 
 
The primary mechanism for the reduction of shaking level in 
a base isolation method is energy dissipation. The concept of 
low-cost and effective earthquake protection techniques using 
natural material like sand was looked at by Qamaruddin and 
Ahmad [7], Qamaruddin et al. [8] and Feng et al. [9]. The use 
of a synthetic liner consisting of an ultra molecular weight 
polyethylene nonwoven geotextile, placed in the foundation 
of a structure, was also found to be an effective way of 
reducing seismic ground motion by Yegian and Kadakal [10], 
 
 

and Yegian and Catan [11].  Soil reinforced with rubber 
demonstrates a tremendous increase in energy dissipation 
capability [12]. The feasibility of using shredded rubber 
mixed with sand as a natural base isolator was investigated 
theoretically by Gray et al. [13] and Tsang [14]. This paper 
presents results of experimental investigations into the 
performance of a layer of sand, geogrid, geotextile and sand 
mixed with shredded rubber tire as low cost base isolation 
systems. 

2. EXPERIMENTAL SETUP 
The laboratory model tests are performed on a 1m by 1m 
shake table. The table is shaken in a uniaxial horizontal 
direction by specifying a sinusoidal motion of given 
amplitude and frequency. The details of the shake table and 
its calibration can be found in Giri and Sengupta [15]. In the 
laboratory model tests, the building foundation or footing is 
assumed to be square and modeled by a 200mm by 200mm 
and 40mm thick, rigid plexi-glass block. The surcharge load 
(normal load) on the foundation due to the super structure is 
imparted by a number of steel plates (weights) bolted on top 
of the plexi-glass block. In all the cases, the surcharge load is 
15kg. A coarse sand paper is glued to the bottom side of the 
block to model the roughness of the model footing. In the 
laboratory shake table tests, the model footing is placed inside 
a 1000mm by 1000mm and 500mm high, open plexi-glass 
container or tank. The plexi-glass container is made up of 12 
mm thick plexi-glass sheets and reinforced with steel angles 
at all the corners and edges. About 30mm thick thermocol 
sheets are glued to all the sides of the container except one to 
minimize the reflection of waves at the ends. One side of the 
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plexi-glass container is kept clear to monitor the behavior of 
the model footing during a test. The whole setup is placed on 
top of the shake table and securely clamped to it to ensure no 
relative movement. The test container is then filled with sand 
up to 200mm height and compacted to the required density. 
Details of shake table arrangement are shown in Figure 1 
below. 

 
Figure 1. Shake table test setup. 

The first series of tests are performed with the model footing 
placed on top of the sand layer at the middle of the container. 
The second series of tests are performed with a geogrid and a 
geotextile placed between the model footing and the sand 
foundation in the test tank. The third series of the tests are 
performed with the shredded rubber tire and sand mixture in 
different proportions as base isolator under the model footing. 
Before these third series of tests, a 20mm deep square 
excavation in the sand of the same size as that of the model 
footing is constructed. This excavation is then filled with the 
shredded rubber tire and sand mixture. The model footing is 
then placed over the shredded tire and sand mixture. Several 
proportions of shredded tire in the shredded rubber tire-sand 
mixture have been considered. But only the performances of 
sand mixed with 50% shredded rubber tire have been reported 
here as it yielded the best result. 
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Figure 2. A typical input base motion. 

 

3. BASE MOTIONS 
The shake table along with the experimental setup is shaken 
in horizontal direction by a sinusoidal motions of amplitude 
0.15g, 0.3g, 0.4g, 0.6g and 0.8g.  The frequency of the motion 
is varied from test to test to study the effectiveness of the 
seismic isolators at different frequency of motion. The 

different frequencies considered are 1.5, 3.5, and 4.5Hz. For 
each specified motion, vertical and horizontal acceleration of 
the shake table in addition to those on top of the foundation 
sand layer, and on top of the model footing are also recorded. 
Each of the motions is continued for at least 5 numbers of 
cycles to ensure the system had reached a steady state 
condition. A typical input base motion is shown in Figure 2.  
In all the cases, the results for the first few cycles are only 
shown for the clarity of the presentations. In all the cases, the 
results for the first few cycles are only shown for the clarity of 
the presentations. 

4. EXPERIMENTAL RESULTS 
4.1 Model footing resting on top of foundation sand 
 
The performance of sand as a base isolator has been studied 
for the given base motions mentioned earlier. In this case, the 
model footing is resting directly on top of 200 mm deep sand 
layer within the test tank. The sand used in the study is a local 
uniform medium sand (Kansai River sand). It is classified as 
poorly graded sand (SP) as per Unified Soil Classification 
System. The specific gravity of the sand is 2.7. The maximum 
and minimum dry unit weights are 16.6 and 14.1 kN/m3, 
respectively. In all the tests, the relative density of the sand 
foundation within the test chamber is maintained at 65%. The 
shear strength (effective cohesion, c’ and effective friction 
angle, φ’) of the sand, as obtained from the laboratory direct 
tests, are given by c’=0 and φ’ =36

o
. Figure 3 shows the 

transmitted peak accelerations at the top of the footing resting 
on sand with respect to the peak acceleration of the base 
motion for different amplitude of motions (keeping the 
frequency constant at 3.5 Hz).  
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Figure 3. Footing response for different base motions with 
constant frequency of 3.5Hz. 

 
 
The figure shows that at and around 0.6g amplitude of base 
motion, the sand beneath the model footing starts to dampen 
the base motion. This is accompanied by a sliding movement 
of the model footing. This back and forth sliding movement 
of the model footing is around 3mm in case of 1g motion of 
the shake table. It is clear from the above figures and tables 
that the sand layer in the foundation behaves as an effective 
base isolator only at high amplitude (above 0.6g in these 
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cases) of base motions. 
 
4.2 Model footing resting on top of Geogrid & Geotextile 
 
In this case a geo-grid/geotextile is placed underneath the 
model footing and on top of the sand foundation. A polyester 
geogrid (SF20), composed of high molecular weight, 
high tenacity (ultimate tensile strength= 40MPa at 4% 
strain), multi-filament polyester yarns, and having 
19mm openings is utilized here. The geotextile utilized 
here is a 200gsm nonwoven geotextile. The ultimate 
tensile strength of the material is found to be 2.3MPa. 
The following figure shows the geogrid and geotextile 
utilized in this study. The size of the both geogrid and 
geotextile are 200mm by 200mm, that is, same as that 
for the model footing. 

  
(a)                 (b) 

Figure 4. (a) Geogrid & (b) Geotextile utilized in the study. 
 
Figures 5 and 6 show the responses of the footing resting on 
geogrid and geotextile to various base motions with constant 
frequency of 3.5Hz. 
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Figure 5. Response of model footing resting on geogrid for 

base motions with constant amplitude of 3.5Hz. 
 
The above figure shows that the geogrid chosen is actually 
amplifying the base motion transmitted to the top of the 

footing. The response of the model footing resting on the 
geotextile is marginally better than the footing resting on 
geogrid. As may be found from Figure 6 below, the peak 
acceleration transmitted to the top of the footing are 0.14g and 
0.48g for the corresponding base motion of 0.15g and 0.5g, 
respectively.  
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Figure 6. Response of model footing resting on geotextile for 

base motions with constant amplitude of 3.5Hz. 
 
4.3 Model footing resting on top of a mixture of shredded 

rubber tire and sand 
 
In this case, a 20 mm thick layer of sand and shredded rubber 
tire mixture is placed between the model footing and the 
foundation sand layer within the test tank. The shredded 
rubber tire is obtained from a local shop. The average length 
of a thread of shredded tire is 10 mm and the average diameter 
is 1 mm. Figure 7 shows a magnified view of shredded rubber 
tire and sand mixture.   
 

 
 
Figure 7. Magnified view of 50:50 sand and shredded rubber 

tire mixture. 
 
Three different proportions (by weight) of shredded rubber 
tire – 20%, 30% and 50% in sand have been utilized in this 
study as potential low cost base isolators under the model 
footing. However, the results of 50% shredded rubber 
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tire-sand mixture have been only presented here since these 
cases exhibit the best results under the present scenario. The 
direct shear strength of dry sand mixed with 50% shredded 
rubber tire is given by cohesion, c’=30kPa and friction angle, 
φ’=30

o
.  In these cases, a 20 mm deep square excavation in the 

sand of the same size as that of the model footing is 
constructed before the tests. This excavation is then filled 
with the shredded rubber tire and sand mixture in correct 
proportion. The model footing is then placed over the 
shredded tire and sand mixture (Figure 8). As done for the 
previous cases, in this case also the whole test setup is shaken 
on the shake table for the previously stated sinusoidal 
motions.  
 

 
 
Figure 8.  Model footing resting on 50% shredded rubber and 

sand mixture. 
 
The comparison of the peak acceleration at the top of the 
model footing resting on sand mixed with 50 percentage of 
shredded rubber tire and the peak acceleration of the input 
(measured during the tests) base motions for a base motion of 
amplitude 0.3g and frequency 3.5 Hz are shown in Figure 9. 
The relative displacement of the model footing for this case is 
found to be about 1.8 mm and shown in Figure 10.  
 

 
 

Figure 9. Footing response to a base motion of amplitude 
0.3g and frequency 3.5Hz. 

 
The comparison of the peak transmitted acceleration on top of 
the footing is also compared graphically with peak base 
acceleration in Figure 11. The test results show that, unlike in 
sand, even at small amplitude of base motion, the response of 
the model footing is remarkably less than the original base 

motion. This indicates that the isolating layer consisting of 
sand mixed with 50% shredded rubber tire is quite effective in 
dampening the cyclic motions. Figure 11 attests to the 
effectiveness of the sand mixed with 50% shredded rubber 
tire as a base isolator for cyclic motions. 
 
 

 
 
Figure 10. Relative displacement of the footing for a base 

motion of 0.3g and 3.5Hz frequency. 
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Figure 11. Comparison of the peak transmitted acceleration 
on top of the footing resting on 50:50 sand-shredded rubber 

tire mixture. 
 

Table 1. Variation of peak acceleration at the top of footing 
and shake table for different frequencies of base motions with 

constant amplitude of 0.3g. 
 

 
Frequency(Hz) Peak Base 

Acceleration(g) 
Peak Transmitted 
Acceleration(g) 

1.5 0.3 0.2 
2.5 0.3 0.25 
3.5 0.3 0.23 
4.5 0.3 0.22 
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Table 2. Variation of peak acceleration at the top of footing 
and shake table for different amplitude of base motions with 

constant frequency of 3.5 Hz. 
 

Frequency(Hz) Peak Base 
Acceleration(g) 

Peak Transmitted 
Acceleration(g) 

3.5 0.2 0.15 
3.5 0.3 0.23 
3.5 0.4 0.32 
3.5 0.5 0.43 
3.5 0.6 0.48 
3.5 0.7 0.52 

 
The response of the model footing resting on 50% shredded 
rubber tire and sand mixture to 0.3g base motions at various 
frequencies is shown in table 1. The effect of frequency on the 
response of the footing is not so clear at least for this case and 
other cases looked at. Table 2 shows the response of the 
footing to base motions of various amplitudes keeping the 
frequency constant at 3.5Hz. The effect of the base isolation 
is very clear from this table even at small amplitude of 
motion. 
 
The shake table test conducted with higher than 50% 
shredded rubber tire in sand shows instability even at very 
small amplitude of base motion. The model footing with 15kg 
surcharge load on top starts to wobble at the very initial stage 
of this test and the test is discontinued. 

5. CONCLUSIONS 
The sand in the foundation of the model footing is found to be 
ineffective as a base isolator at low amplitude (<0.6g) of base 
motion. However at higher amplitude (> 0.6g) of motion, it is 
quite effective in reducing the motion transmitted to the 
footing. At 0.8g and 1g, the accelerations at the top of the 
model footing show a remarkable decrease and this decrease 
in response is also accompanied by back and forth 
displacement of the footing over the sand foundation. At 1g of 
motion, the amplitude of this displacement is observed to be 
about 4mm. 

 

The shake table tests with the model footing resting on a 
20mm layer of sand and shredded rubber tire show that the 
proportion of shredded rubber tire should be 50% (by weight) 
to yield a significant favorable results. When the proportion 
of the shredded rubber tire is 50%, the response of the model 
footing is found to be significantly less than the motion of the 
foundation and shake table. When the percentage of rubber is 
further increased, the model footing is found to wobble 
(unstable) at 0.3g motion. 

  

A base isolating system can be effective in two ways- 1) by 
reducing the input motion that the structure is subjected to, 
and 2) by shifting the predominent frequency of the structure 
from that of its base motion, so that resonance of frequency 
can not be achieved. This paper only addresses the base 
isolation by dampening of the input motion. Since all the 
input motions of the shake table are sinusoidal with a given 
frequency, the shifting of the frequency of the model footing 
during a test could not be studied. It is hoped to study this 
important aspect of the base isolation system in the next phase 
of the study. 
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1. INTRODUCTION 
Problem soils are classified as expansive soils, dispersive 
soils, collapsible soils, liquefiable soils and organic soils (1). 
Expansive soils are soils that contain enough amount of 
montmorilonite clay mineral that makes them absorb water 
and expand. The most reliable method for evaluating the 
amount of expansion is direct measurement. The US Burue of 
soil conservation evaluated for the first time the problem of 
expansion in soils in 1938. From that time civil engineers 
acknowledged that the reason for many building damages 
occurred were due to soil expansion (2). Attension to 
expansive soils and damages due to theses soils increased 
during 1950,s. At that time many housing projects were being 
constructed and a lot of problems due to soil expansion were 
reported that caused many damages to the buildings (1). 
As it was mentioned soil expansion is due to the presence of 
clay mineral montmorillonite. More than 2.4 million sq.km of 
the world land are covered by soils that contain this mineral 
(2). Due to importance of the subject and the presence of 
expansive soil in Khuzestan province of Iran and high ground 
water table in this area the problem of soil expansion is 
severe. 
 
2. IDENTIFICATION METHODS 
Direct identification of expansion potential means direct 
measurement of percent swelling or swelling pressure. There 
are mainly three direct method of evaluating the swelling 
potential namely (a) free swell (b) swell under surcharge and 
(c) constant volume swelling pressure. In this research we 
used method (a) for our evaluation. 
 
 
 
 

3. MATERIALS AND PROCEDURES 
Bentonite- the bentonite we used was available commercially, 
it had bright grey color with liquid limit, plastic limit, 
maximum dry density, and optimum water content of 170 %, 
77%, 13.4 KN/m3 and 32% respectively. 
Cement- the cement used was type II Portland cement 
manufactured in Khuzestan cement factory. 
Sand-the sand used was wind blown sand available in 
Khuzestan and the distribution curve is shown in Fig.1. 
In order to prepare soil samples for free swell tests we mixed 
bentonite, sand and cement according to Table 1. For each 
mixtures maximum dry density, optimum water content, 
liquid limit and plastic limit were determined. The samples 
were all prepared at maximum dry density and optimum 
water content. The samples prepared at dry densities lower 
than maximum had water content 2% and 6% dry and wet of 
optimum water content. After compaction each specimen 
were trimmed into consolidation ring and placed in the 
consolidation cell. The water was added to the specimens and 
the specimens were allowed to free swell under seating 
pressure of 7 KPa. The swelling were allowed beyond the end 
of primary swelling into secondary swelling. 
 
4. TEST RESULTS 
Figure 2 showed the way we determined the end of primary 
percent swell (€v100), and time to the end of primary swell 
(t100). 

4.1 Effect of Moisture content 
Figure 4 showed the effect of initial moisture content of 
specimens on free swell and time of swell. According to this 
Figure the amount of swell for specimen with moisture 
content 6 % wet of optimum water content was lower than 
specimens with moisture content 2 % wet or dry of optimum 
water content. 
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4.2 Effect of Percent of Compaction 
According to Figure 3 the effect of initial percent of 
compaction on the free swell is negligible during the primary 
swelling. However the free swell during secondary free swell 
decreased with decrease in the percent of compaction. 

4.3 Effect of percent of sand 
Figure 5 shows that in general the increase in the percent of 
sand caused a decrease in the percent swell and time to 
primary swell. 
 

4.4 Effect of percent of cement 
 
Figure 6shows that in general the increase in the percent of 
cement caused a decrease in the percent swell and time to 
primary swell. The time for primary swelling with the percent 
cement beyond 4%  cement did not change very much. A 
major change of time to end of primary swell occurred for 
percent cement below 4% as compared with samples without 
cement 
 
5. Conclusion 

 
Compacted samples of soil prepared and tested free swell 
under surcharge pressure of 7 KPa and end of primary free 
swell and secondary free swell were measured in a 
consolidation loading frame. The result indicated that initial 
percent of compaction only affected the amount of secondary 
swelling and rate of swelling. The results also indicated that 
initial water content of 6 % wet of optimum affected the 
amount of primary swelling and time rate of primary and 
secondary free swell but the amount final secondary swelling 
after 4 days of swelling was not affected by initial water 
content. The result also showed that the percent sand 
decreased the amount of primary swell and the time to end of 
primary swell. The amount of primary swell and time to 
primary swell decreased with the percent cement. 
 
 
 

Fig.1 Grain size distribution curve for sand used 
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Fig.2 Method used for defining primary swell and time to 
primary swell 
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Fig.3 The effect of percent of initial compaction on the 
amount and time of primary swell 
 
 
 
 
 
 
 

 
Fig.4 The effect of percent of initial water content on the 
amount of primary swell 
 

 
Fig.4 The effect of percent of initial water content on the 
time of primary swell 
 
 
 
 
 
 
 

 
Fig.5 Effect of percent sand on the amount  of primary 
swell  
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Fig.5 Effect of percent sand on the time of primary swell  
 
 

 
 
 
 

 

 
Fig.6 Effect of percent cement on the amount of primary 
swell  
 

 Fig.6 Effect of percent cement on the time of primary 
swell  
 
 
 
 
 
 
 
 
 

Table1 Index properties of sample tested 

 LL(%) PL(%) PI(%) R(opt)Rω نمونه
(%) 

γRdR(max)  
(kN/mP

3
P) 

100B 170 77 93 32 13.4 

100B 2C 158 63 95 30.4 13.65 

100B 4C 150 70 80 29.5 13.72 

100B 6C 176 87 89 28.5 13.75 

100B 8C 164 106 58 28 13.75 

100B 10C 161 101 60 28.0 13.8 

100B 10S 138 60 78 28 14.25 

100B 20S 136 53 83 27 14.32 

100B 30S 119 43 76 24 15.14 

100B 40S 107 41 66 23 15.5 

100B 50S 108 41 67 22 16.0 

100B 60S 112 48 64 21 16.5 

100B 70S 106 46 60 21 16.8 
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1. INTRODUCTION 
The prediction of the axial capacity of piles is recognized as 
being the area of greatest uncertainty in foundation design. 
Several methods and approaches have been developed to 
overcome the uncertainty in the prediction. The methods 
include some simplifying assumptions or empirical 
approaches regarding soil stratigraphy, soil-pile structure 
interaction and distribution of soil resistance along the pile. 
Therefore, they do not provide truly quantitative values 
directly useful in foundation design [1]. Bearing capacity of 
piles can be determined by five approaches: static analysis, 
dynamic analysis, dynamic testing, pile load test and in-situ 
testing. 
Design guidelines based on static analysis often recommend 
using the critical depth concept. However, the critical depth 
is an idealization that has neither theoretical nor reliable 
experimental support, and contradicts physical laws. 
Dynamic analysis methods are based on wave mechanics for 
the hammer-pile-soil system. The uncertainty in the hammer 
impact effect, as well as changes in soil strength from the 
conditions at the time of pile driving, and also at the time of 
loading, causes uncertainties in bearing capacity 
determination. Dynamic testing methods can only be used by 
an experienced person and the capacity estimation is not 
available until the pile is driven [2].Pile load test is the best 
method for pile bearing capacity determination but such tests 
are expensive, time-consuming and the costs are often 
difficult to justify for ordinary or small projects. In recent 
years, the application of in-situ testing techniques has 
increased for geotechnical design. This is due to the rapid 
development of in-situ testing instruments, an improved 
understanding of the behavior of soils. 
 

 
 

2. COMMON METHODS of PILE BEARING 
CAPACITY DETERMINATION  by  SPT  
The Standard Penetration Test, SPT, is still the most 
commonly used in-situ test. Also SPT is the most common 
testing methodology adopted in the field to gain idea about 
the stratigraphic profile at a site. Due to its simplicity of 
execution (apart from the difficulty in repeatability), a field 
engineer finds the method to be one of the most amiable and 
reliable one. 
The introduction in the United States in 1902 of driving a 
25-mm diameter open-end pipe into the soil during the 
wash-boring process marked the beginning of dynamic 
testing and sampling of soils. Between the late 1920s and 
early 1930s, the test was standardized using a 51-mm O.D. 
split-barrel sampler, driven into the soil with a 63.5-kg 
weight having a free fall of 760 mm. The blows required to 
drive the split-barrel sampler a distance of 300 mm, after an 
initial penetration of 150 mm, is referred to as the SPT N-
value. This procedure has been accepted internationally with 
only slight modifications. The number of blows for each of 
the three 150-mm penetrations must be recorded. Apart from 
its main applications in soil characterization, SPT N-value 
has also been extensively used for designing structural 
foundations and other earth structures, particularly, for the 
bearing capacity of piles.  
Pile capacity determination by SPT is one of the earliest 
applications of this test that includes two main approaches, 
direct and indirect methods. Direct methods apply N values 
with some modification factors. Indirect SPT methods 
employ a friction angle and undrained shear strength values 
estimated from measured data based on different theories. 
Amongst the two, the direct methods are more accepted 
amongst the field engineers for the ease of computations. In 
the present study, the following common SPT-based direct 
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The prediction of the axial capacity of piles has been a challenge since the beginning of the geotechnical engineering 
profession. In recent years determining bearing capacity of piles from in-situ testing data as a complement of static and 
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methods have been employed to predict the pile bearing 
capacity (Table I). 
 

 
 
 

Table I: SPT direct methods for prediction of pile bearing capacity in the present study 

Method Unit Base (Qb) and Unit 
Shaft (Qs) resistance Remarks 

Meyerhof 
(1976) 

 m Nb ≤ 







D
L  QRbR (MPa) = k 

NRbR  

QRsR (kPa) = nRs RNRs 

NRbR:average of N between 10D above and 5D below 
pile base 
NRsR: average value of N around pile embedment depth. 
bored piles: nRsR=1, k=0.012, m=0.12 
driven piles: nRsR=2, k=0.04, m=0.4 

Bazaraa & 
Kurkur (1986) 

 

QRb R(MPa) = nRb RNRb 

   QRsR (kPa) = nRs RNRsR                                                 

NRbR:average of N between 1D above and 3.75D 
below pile base, NRbR 50≤   
nRbR= 0.06 - 0.2       nRsR= 2 – 4 
NRsR: average value of N around pile embedment 
depth 

Decourt 
(1995) 

 

QRb R(MPa)= kRb  RNRb 

 

QRsR (kPa)  = α (2.8 NRsR+10) 

 

driven piles and bored piles in clay: α =1 
bored piles in granular soils: α=0.5-0.6 
driven piles in sand: kRbR=0.325 
bored piles in sand: kRbR=0.325 
driven piles in clay: kRbR=0.1                                          
bored piles in clay: kRbR=0.08 
NRbR: average of N around pile base 
NRsR: average value of N around pile embedment 
depth. 

Shariatmadari 
et al.(2008) 

QRbR (MPa)= 0.385R RNRgb 

QRsR (kPa) = 3.65 NRgs 

NRgbR: the geometrical average of N values between 8D 
above and 4D below pile base 
NRgsR: geometrical average of N values along the pile 

3. DETERMINATION of PILE BEARING 
CAPACITY by SPT (Case Study) 
By performing a 15m borehole in a region in Babol (Fig 
1), north of IRAN, the soil stratigraphy has been 
recognized(Fig 2). The groundwater table is 1.5 m below 
the ground surface. The average unit weight of the soil is 
1.93gr/cmP

3
P and its average modulus of elasticity is 90 

kg/cmP

2
P. Fig 3 depicts the variation of SPT-N values with 

depth of this site. 
 
Fig 1. The region considered in this study 
 

 
 
 
 

 
 
Fig 2. Exploratory boring log 
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Fig 3. Variation of SPT-N values with depth 

 
 
Based on the SPT data above, a hypothetical problem is 
considered wherein the bearing capacity of a bored pile 
(L=7m, D=1m) is determined by the methods mentioned 
above.( Table II ). 
 
Table II: The bearing capacity of the bored pile by 
common SPT-based methods (L=7m, D=1m) 

Method Meyerhof Bazaraa & 
Kurkur Decourt Shariat 

madari 
value(kN) 916 1102 1700 3655 

4. VALIDATION 
In order to validate the program, a pile load test in 
Germany has been analyzed. The load test investigated 
the load-settlement behavior of a single pile. The upper 
4.5m subsoil consist of silt (loam) followed by tertiary 

sediments down to great depths. These tertiary sediments 
were stiff plastic clay similar to the so-cal1ed Frankfurt 
clay, with a varying degree of overconsolidation. The 
groundwater table was about 3.5m below the ground 
surface. The considered pile had a diameter of 1.3 m and a 
length of 9.5m. It was located completely in the 
overconsolidated clay. The loading system consisted of 
two hydraulic jacks working against a reaction beam. This 
reaction beam was supported by 16 anchors. These 
anchors were installed vertically at a depth between 15 
and 20 m below the ground surface at a distant of about 4 
m from the tested pile, in order to minimize the effect of 
the mutual interaction between the tested pile and the 
reaction system. Then, loading test was carried out. The 
loads were applied in increments and maintained constant 
until the settlement rate was negligible.  
The mentioned pile load test has been carried out by El-
Mosallamy in Frankfort clay, was used to verify the 
present numerical method. Fig 4 shows the layout of the 
pile load test and measurement points by El-Mossallamy. 
Fig 5 demonstrates a comparison between the result 
obtained by El-Mosallamy and that obtained in the 
present study .The comparison depicts a good agreement 
between the results. 
 
 
 
 
Fig 4. Layout of the pile load test and measurement points 
by El-Mossallamy 

 
 
Fig 5. Comparison between the results of El-Mosallamy 
and the present study (a) load – settlement curve (b) stress 
– displacement curve 
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(a) 

 

 
(b) 

5. DETERMINATION of  PILE BEARING 
CAPACITY by PLAXIS 3D FOUNDATION 
In this part, the bearing capacity of the pile mentioned 
above is determined by the program "plaxis 3d 
foundation". "Plaxis 3d foundation" is a finite element 
method-based three-dimensional program specially 
developed for the analysis of foundation structures, 
including off-shore foundations. This program combines 
simple graphical input procedures, which allow the user to 
automatically generate complex finite element models, 
with advanced output facilities and robust calculation 
procedures. In order to analyze the behavior of the single 
pile, at first a model is made. A working area 50m x 50m 
has been used. The pile is modelled as a solid pile using 
volume elements in the center of the mesh. Interfaces are 
modelled along the pile. The generated mesh of the 
system (for pile: L=7m, D=1m) by this program is as 
follows (Fig 6). 
 
Fig 6. The typical mesh used in the study 

 
 
The stress-settlement behavior of the pile, analyzed by the 
program is presented in Fig 7. 
 
Fig 7. Stess-settlement behavior of the considered pile 

 
 
The bearing capacity of the considered pile, obtained by 
this program, is 1200 kN. Fig 8 shows a comparison 
between different methods and the present study. 
 
Fig 8. Comparison between the results obtained by 
different methods and the present study FEM  

 

6. CONCLUSION 
Determining the bearing capacity of piles is an interesting 
subject in geotechnical engineering. The complex nature 
of the embedment ground of piles and lack of suitable 
analytical models for predicting the pile bearing capacity 
are the main reasons for the geotechnical engineer's 
tendency to peruse further research on this subject. Direct 
bearing capacity predicting methods for piles are 
developed based on in-situ testing data, specially SPT, 
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having applications that have shown an increase in recent 
years. 
In this study, by analyzing the pile by FEM and 
comparing it with common methods, tried to find a 
reasonable prediction for its bearing capacity. The results 
indicate that, in this site, the bearing capacity predicted by 
Bazaraa & Kurkur method is very close to the one 
obtained by the finite element method (FEM). Also 
Meyerhof method underestimates and Shariatmadari 
method overestimates the bearing capacity of the single 
pile. Therefore, 1200 kN can be a good prediction for the 
bearing capacity of the bored pile considered (L=7m, 
D=1m) in this study. 
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1. INTRODUCTION 

1.1 Overall Background 
Infrastructure development is a prerequisite for the 
achievement of rapid socio-economic enhancement. In 
particular, the development of an efficient roads network is of 
paramount importance as a primary mode of transportation 
for passengers, goods and services. Recent trends in East and 
Central Africa depict tendencies of increased rate of rapid 
development precipitated mainly by various needs due to 
population explosion. On the other hand, the lack of adequate 
resources to cope with such prevailing circumstances is a 
major impediment towards the achievement of any set 
visionary goals. 
In view of this therefore, it is increasingly necessary to 
develop Value Engineering (VE) based cost-time effective 
technologies that can facilitate for the comprehensive 
characterization and design of pavement structures founded 
on research oriented unique and innovative methods of 
testing as well as sophisticated analytical techniques, versatile 
enough to expound the range of extrapolation derived on 
limited sets of data. Although the Mechanistic-Empirical 
(ME) may be a versatile application for pavement design and 
analysis, the main geotechnical engineering parameters that 
are employed in such a program are known to highly 
influence the results of the design, analysis and performance 
prediction. It is therefore imperative that the analytical 
functions, equations and models adopted are of the highest 
degree of accuracy and sophistication possible. The ME 
pavement design approach is based on an assumption that 
load-induced pavement structural responses such as stresses, 
strains and deflections, can be adopted in predicting the 

 
 

development of pavement distress and structural deterioration, 
in the form of rutting and/or cracking, through the use of 
transfer functions. Therefore, characterization of the linear 
elastic properties is generally considered primarily important.  
In this Study, however, the importance of considering the 
elastic properties including the elastic moduli, elastic limit 
(yield) strain {initial yield surface} as well as the recently 
developed kinematic hardening theories [1], [2] is 
demonstrated, whilst new geoscientific and geotechnical 
engineering concepts related to this subject matter  are 
proposed.  

1.2 Brief Background on Some Challenges Regarding 
the ME Approach 

According to the Research Results Digest 307 [3], an 
independent review of the MECHANISTIC-EMPIRICAL 
PAVEMENT DESIGN GUIDE (MEPDG) prepared by the 
Transportation Research Board of the National Academies 
within the National Cooperative Research Program of the 
USA, the MEPDG uses CBR for soils and granular materials 
as a basis to estimate resilient modulus (Mr). However, it 
further states that research has shown that the relationship 
between these parameters is not reliable for either material 
type due to non-linear stress-strain relations and the fact that 
CBR is, at best, a measure of undrained shear strength, which 
does not relate closely to resilient properties at relatively low 
stresses, but may relate to permanent deformation resistance. 
The report further states that some of the major challenges in 
regard to the use of the ME design system are: a) complexities 
in the calibration of the design models against actual 
pavement behavior in the field due to the limitations with 
Long Term Pavement Performance (LTPP) database and the 
related difficulties in dealing with design reliability; b) 
problems encountered in developing the software; c) the 
approximate nature of some of the distress prediction models; 
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and, d) the need for enhanced application of models that take 
into account the non-linear properties of geomaterials. 
On the other hand, a review of the new MEPDG from a 
material characterization perspective by the National 
Research Council (NRC) Canada [4] concludes that; although 
the performance predictions of the laboratory measured 
dynamic modulus are in agreement with the patterns 
established in the current practice and reported in most 
literature, the following major challenges are still prevalent: 
a) the Asphalt Concrete (AC) dynamic modulus estimated 
using the predictive equation incorporated in the Guide 
proved to be substantially different from measured values, the 
error of which leads to gross underestimates of accumulated 
damage resulting in undersigning the road pavement 
structure; b) similarly, for unbound materials, the correlation 
between physical properties (including the AASHTO 
classification) and the resilient modulus, produced unreliable 
values when compared with actual measurements made in the 
laboratory hence applications based on moduli estimated 
using the Guide proposed values to run the software resulted 
in substantially different performance predictions compared 
with those produced when using measured modulus values. 
Recently developed concepts of circumventing some of the 
aforementioned challenges are proposed in this paper. 

1.3 Introduction of Some Advances made in this Study 
Some of the most important advances made in this Study 
include: a) geomathematical methods of estimating, under 
varying loading and environmental conditions, modulus of 
elasticity, resilient modulus, elastic limit (yield) strain, initial 
yield deviator stress and strain, elastic limiting line, the 
limiting elastic state, and Poisson’s ratio; all parameters of 
which form the fundamental basis of the ME pavement 
design; b) correlating NDT deflection properties to NDT and 
DT elastic properties; c) developing correlations between 
elastic modulus determined from mechanical tests to that 
from geophysical tests; d) developing models for 
characterizing pavement response and performance 
prediction under varying conditions; e) proposing methods of 
determining the approximate range of dynamic and static load 
effects; and, f) advancing analytical methods for 
characterizing various Geomaterials and pavement response. 

2. EXPERIMENTAL TESTING AND GI REGIMES 
In Ethiopia, along the heavily trafficked Addis Ababa ~ 
Debre Markos international trunk road, twelve full-scale field 
experimental testing sections were designed and constructed 
with six varying pavement layers and structural 
configurations and subjected to varying environmental 
conditions over six seasonal cycles as well as different modes 
and cycles of static and dynamic loading. In this case, in 
certain sections, mechanically stabilized Graded Crushed 
Stone (GCS) and unbound lateritic gravel were adopted for 
the base and subbase layers respectively [5]. 
On the other hand, whilst undertaking a detailed design study 
for the Juba River Port access road in South Sudan, due to the 
heavy traffic, overloading and unconventional loading 

characteristics that had been anticipated, it was imperative to 
initiate a comprehensive investigation in order to realize 
Value Engineering (VE) based cost-time effective design, 
that ensures enhanced structural performance as well [6]. 
The experimental testing and Geotechnical Investigation (GI) 
regimes adopted in this Study are reported in [7] and [8]. 

3. PROPOSED ME EQUATIONS FOR EVALUATION 
OF EXISTING PAVEMENTS STRUCTURES 

3.1 Mechanical Testing 
(1)  Laboratory testing 
At every project and in-situ experimental testing site, 
“undisturbed” and disturbed samples were extruded at 
designated intervals and/or at points where the soil type 
and/or characteristics varied; for purposes of undertaking 
comprehensive laboratory testing.  
Conventional and modified laboratory and field methods of 
testing were adopted in this Study. The main mechanical 
methods of laboratory testing included the conventional and 
modified Unconfined Compressive Strength (UCS) adopting 
larger size specimens (φ ≥ 20cm), conventional Consolidated 
Undrained Triaxial Compression (CUTC), Consolidated 
Drained Triaxial Compression (CDTC), modified simple 
shear and modified UCS dynamic loading; carried out under 
varying moisture – suction and loading conditions. 
In order to correct for the specimen size, some full scale plate 
loading tests were carried out in the field.  
Basic physical and mechanical properties such as specific 
gravity, bulk and dry densities, Atterberg Limits, grading, 
moisture content and compaction were also measured and 
characterized. The data applied for modeling was determined 
from sophisticated laboratory tests and correlated to results 
from field seismic and other surveys. 
Details of the methods of testing are reported in [8]. 
The following equations, developed from Consolidation and 
Stress Ratio (CSSR) concepts [9], were applied in correcting 
for the effects of destructuration due to reconstitution.  
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where superscripts I and R denote “intact” and 
“reconstituted” respectively and µR

c=(q/p’)f
R, ηc=(q/p’)c, 

and KR
cf = (σ’r/σ’a)R

ec. 
(2) In-situ testing 
Standard Penetration Tests (SPTs) were carried out for bridge 
foundation designs, while Dynamic Cone Penetration Tests 
(DCPTs) were undertaken for pavement structures. 
The relations between the N-value and Unconfined 
Compressive Strength (UCS) as well as initial stiffness 
expressed as E0 and UCS are presented in Eqs. (3) and (4) 
respectively.  

 [ ] qNqNSPTu BAABNq −×+= }/{                   (3) 
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[ ] EqEqu BAABqE −+= }/0                             (4) 
where, NSPT is the number of blows from a Standard 
Penetration Test (SPT), qu is the Unconfined Compressive 
Strength (UCS), E0 is the elastic modulus, and AN=19.6, 
BN=48.4, ABC=40, BBC=98, Aq=0.96, Bq=2.37, AE=1024 and 
BE=280 are material and ground related constants.  

3.2  Deflection Testing and Measurement 
The magnitude of the Representative Rebound Deflection 
(RRD), δRD , for structural analysis, was computed from; 
 [ ] f

c

tc

avRD LV f ××+=
δ

δδ 5.0
. 2                                     (5) 

 
where, δav. is the average value of deflection measured under 
a wheel load of 5tons, V is the variance of the measurements 
and f tc

δ

 is the temperature correction factor expressed as:  

t

R
Ttcf δ

δ
δ

=                                                                          (6)                                                                 

where, R
Tδ  is the RRD determined at t=21°C and tδ , which 

is computed from: 

δδδδδ PtCtBtAt −+−= 33                              (7)                                                          

where, Aδ=7.2X10-5, Bδ=7.6X10-3, Cδ=0.27 and Dδ=2.7 are 
deflection-temperature related constants, while t is the 
average temperature of the asphaltic layers; t >16.5°C. 
Some of the equations that were developed form this 
investigation and applied in this Study are introduced under 
section 4.2 of this paper. 

3.3 Geophysical Surveys 
The mathematical and regression analysis carried out with 
consideration to various environmental factors yielded the 
following equations applicable for ρ >25Ω-m.               

[ ]qqu BAq −= )ln(ρ  (MPa)                                 (8) 

EE BAE −= )ln(0 ρ (MPa)                                     (9) 
qu is the Unconfined Compressive Strength (UCS), E0 is the 
elastic modulus, and ρ is the geo-electromagnetic resistivity. 

4 PROPOSED ME EQUATIONS FOR ENHANCED 
PERFORMANCE PREDICTION  

4.1 Generalized Pavement Response Concept 
Conventionally, traffic, materials and climate are the three 
main categories of input variables adopted in the MEPDG 
methodology.  This Study proposes a modified approach that 
takes into account; traffic intensity and reciprocal 
characteristics, environmental factors and the impact thereof 
and unique and comprehensive geomaterial characterization. 
In so doing, consideration is made of both an elastic layer 
system which is insensitive to the rate of loading and the 
visco-elastic layer system whereby the pavement becomes 
sensitive to vehicle speed and frequency of loading. In the 
earlier case the behavior is simulated as linear-elastic and 

recoverable, whereas in the latter case the response gradually 
transposes from the visco-elastic towards the plastic phase.  

 
Fig. 1 Generalized characterization of  pavement response 

 
The definitive generalized equation delineating and 
simulating the road conditions under this conceptual 
framework is expressed as a function of loading conditions, 
pavement type (structurally), pavement layer quality, 
structural thickness as well as intrinsic material properties, 
inherent  and induced characteristics as postulated in Eq. (10). 
 

[ ]v
msecidfc tePPtfR αφ ∆∆∂= ,,,,,                            (10) 

where, cR represents road condition, dfφ is the dynamic load 
factor,

it∂ defines the response mode factor of  layer  of  the 
pavement structure, Pc is the pavement configuration, Pe is 
the pavement layer quality, et∆  is effective structural 
thickness and v

msα∆ = parameter delineating moisture ~ 
suction variation. 
On the other hand, the extent of deformation can be derived 
by carrying out back analysis of the deformation history of an 
existing pavement structure.  In a generalized state, this can 
be expressed as:  

[ ]o
ijyi

oc
f

oc
f

oc
fdh fqpf δφψφε ,,',,',',' Σ=

              (11) 
where, dhε represents the parameter delineating deformation 
history, 'φ is the consolidation stress ratio, 'ψ is the modifier 
between Isotropic and Anisotropic stress paths, oc

f
oc
f qp ,' are 

the invariant stresses under over consolidation conditions, 
,
fφ is the Angle of Internal Friction within the failure zone. 

 
4.2 Characterization of Traffic Impacted Dynamic 

Loading Effects 
The dynamic component of the traffic loading was simulated 
as moving constant wheel loads whose transfer mechanisms 
occur very slowly relative to the frequencies involved in the 
vertical dynamics. Computation and analysis of the stresses 
transmitted is presented in [5]. In carrying out these analyses, 
the mid-elements of each layer are analyzed in relation to the 
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applied stresses.  
The dynamic traffic loading effects were analyzed on the 
basis of Eqs. (12) ~ (17), which were developed in this Study. 
  
1) Transversal propagation of stress 
The modified transformed damped oscillatory equation of 
motion is proposed as: 

( )[ ]oo
ht

ord thec φωδ +−=
5.022sin                             (12) (39) 

where, δrd=rebound deflection, co=constant representing the 
initial conditions of loading, h=damping factor of the 
pavement structural  layer stiffness, t=response time 
measured, ω=angular frequency and 𝜙0 =constant 
representing condition of deflection measurement. 
The modified concept of energy was also applied in analyzing 
the curvature of the deflection basin in relation to the elastic 
moduli energy equation, which is expressed as; 

( ) ( ) ( )[ ]
( )[ ] 
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thwhwl
ectE

r

aht

(13)

 (40) 

where, f r is the force constant and la=axle load. The energy is 
postulated to decrease exponentially with the increase in time, 
which is expressed in relation to the magnitude of rdδ  as: 

( ) [ ]22

2
1

2
1 δδ rrda fl

dt
d

dt
tdE

+=
                           (14)

 (41) 

2) Shear wave propagation 
Assuming the deflection at any layer n is given by, 

( ) ( ) iwt
rdlrdrd eZtZ ∆== δδ                                        (15) (42) 

where, Δrd is the total displacement. The proposed deflective 
equation of motion is then given by: 

tZZ
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∂
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∂
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∂
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2

3

2

2

2

2 δ
η

δδ
ρ

                           (16)
 (43) 

where, ωηn=2Gnhn, ρ=density of pavement layer, G=shear 
modulus and h is damping 
 
3) Correlation between elastic modulus and deflection 
Wave propagation techniques are usually used to determine 
the dynamic shear and elastic moduli of in-situ ground and 
geomaterials. For purposes of estimating these parameters 
from deflection testing, the following correlations were 
developed. 
 
𝐸 = 2[1 + 𝜐]𝑡𝑟𝛼{𝛾𝑛 𝑔}; ⁄  𝑡𝑟𝛼𝛼𝑉𝑠2:𝐺 = 𝐸 2[1 + 𝜐]⁄            (17)                                       
 
where, E=Elastic (dynamic) modulus, 𝜐 =Poisson’s ratio, 
𝑡𝑟𝛼=response time between start of measurement and rebound 
deflection whereby 𝛼 varies with type of pavement structure, 
layer configuration, geomaterial properties and 

environmental factors; 𝛾𝑛=density of layer n, 𝑔=acceleration 
of gravity, 𝑉𝑠2=shear wave velocity and 𝐺=shear modulus. 
 
4.3 Equations Applied for Analyzing  Impact of 

Environmental Factors 
Most tropical soils are known to be highly sensitive and 
susceptible to changes in environmental factors. 
Development of methods that can quantify the magnitude of 
the impact of such variations on the performance of pavement 
structures is therefore of great essence. 
 
1) Effect of swelling 

scscscsc Β+=∆ λϑ ln  (%)                                                (18)                                                                                                                                   

where, sc∆  represents swell in relation to surcharge pressure,

=scϑ  12.9; logarithmic gradient constant for tropical 
geo-materials , scλ  is the surcharge pressure in Kpa, BSC 

=36.5; logarithmic intercept for most fine grained tropical 
problematic geomaterials. 
 
2) Seasonal effects on resilient modulus (Mr )   

The effects of seasonal changes on the resilient modulus of 
some tropical c geomaterials is presented in Eqs. (4) and (5). 

girglwMr M ααζ += ln                                                 (19) 

where, wMrζ represents the wet to dry Season resilient 

modulus (Mr ) ratio, glα    = 0.0022 and giα   = 0.54 are  

logarithmic Mr intercept constants for tropical geomaterials 

3) Moisture-suction variation 
The impact of the mositure~suction variation is analysed by 
considering the correlation between the change in moisture 
content as a function of the plasticity ratio. Thus the resulting 
resilient modulus, R

rM   is computed from: 

[ ] i
r

m

R
wccwc

R
r M

PI
PIBwAM ××+∆×−=

                   (20)
  

where, Awc=0.092 and Bwc=1 are resilient modulus related 
gradient and intercept constants, Δwc is the change in 
moisture content expressed as a percentage, PIR=16 is the 
Reference Plasticity Index, while PIm is that determined for 
the tested material and i

rM  is the initial resilient modulus. 

The initial resilient modulus i
rM  can be determined from the 

modified quasi-empirical equation proposed  as: 

[ ] [ ] [ ] Mr
AI
rMr

AI
rMr

AI
rMr

i
r DMCMBMAM −+−××= − 263 10     (21)  

where, AMr=2, BMr=0.0012, CMr=0.623 and DMr=0.775 are 
average constants determined for tropical geomaterials and 

AI
rM =10.3XCBR, is an equation proposed by the American 

Asphalt Institute. 
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4) Impact of black cotton soil ingression 
• Basic equations 

Basic mathematical equations that can enable the quantitative 
analysis of the impact of the ingression of subgrade black 
cotton soil (BCS) into the upper superior subbase and base 
course layers are proposed in this Study. The ultimate CBRint. 
is computed as: 

∫∫∫ ++−=
BCi

i

BCi BCiBCi BCiBCi CBRCBACBR
23

.int            (22)
 (30) 

where ABCi=0.057, BBCi=2.76 and CBCi=15.2 are BCS 
inherent characteristics related constants, while ∫BCi is the 
BCS ingression content expressed in percentage terms. 

• Evaluation of impact on quality of pavement layers 
The deterioration of pavement structural thickness occurs 
mainly as a result of cyclic action impacted by increased axle 
loading, moisture ~ suction variation and intrusion of 
subgrade fines to upper layers. In order to quantify these 
effects, an Intensity factor I f, is introduced as follows: 

( )sdff
EP

D
f txSxR

T
TI ∆∆+= 1

                         (23) (31) 

where, TD = design thickness, TEP  = measured thickness of 
the existing pavement,  Rf = roughness factor expressed as 

( )[ ] 2502 .
iti RRRRf −= given,  Ri = initial roughness 

value,  Rt =  terminal roughness value, ∆Sdf = rate of surface 
distress depreciation factor,  ∆ts = time lapsed. 
On the other hand, the effective structural layer thickness of 
subgrade soils can be derived from the following equation. 
 

( ) ( )[ ] [ ]PdPdPP
b
P DNCBRCCBRBAt /logloglog 2+−=     (24) (5) 

where, AP=219, BP=211, CP=58 and DP=120.  
 
4.4  Geomaterials characterization 
For the MEP design it is a prerequisite that geomaterial 
properties and changes caused by loading and the 
environment be comprehensively analyzed. The basic 
mechanistic properties used to evaluate the performance of 
pavement geomaterials under various loading and 
environmental conditions are: 1) dynamic (elastic) modulus; 
2) resilient modulus and, 3) Poisson’s ratio. These parameters 
are primarily adopted in the calculation of stresses, strains 
and displacements within the pavement under traffic loading. 
Through the application of transfer functions, the computed 
results are then translated into pavement surface distresses 
based on LTPP database and performance indicators 
supplemented with comprehensive testing s and analyses. 
The geomaterials adopted in this Study were mainly: a) black 
cotton subgrade (problematic) soils; b) unbound lateritic 
gravels; c) quasi-bound mechanically stabilized gravels 
employing the Optimum Batching Ratio Method (OBRM) [6], 
[10]; d) bound graded aggregates and gravels employing the 
Optimum Mechanical and Chemical Stabilization (OPMCS) 

technique [6], [10]; e) geosynthetics reinforced unbound and 
bound materials [6]; and, f) reclaimed asphalt. 
The geomaterial property input parameters that were 
considered include; a) elastic modulus; b) shear modulus; c) 
resilient modulus; d) elastic limit (yield) strain {initial yield 
surface} determined within the framework of the recently 
developed kinematic hardening theories [1], [2]; e) Poisson’s 
ratio; f) compressive and shear strength; g) mechanical 
stability due to application of OBRM; h) enhanced particle 
agglomeration due to effects of OPMCS; i) tensile strength; j) 
coefficient of thermal expansion; k) creep compliance; l) 
thermal conductivity; m) asphalt binder stiffness; n) 
aggregate properties; o) heat capacity; p)  hydraulic 
conductivity; q) moisture ~ suction variations; r) plasticity 
index; and, s) degree of layer contamination. Some of the 
input parameters influenced by the variations in 
environmental conditions were computed by using Eqs. (18) 
~ (24), whilst the basic mechanistic properties and other input 
parameters were determined from Eqs. (25) ~ (42). 
 
1) Moduli of elasticity and shear 
Research on small strain elastic properties of most 
geomaterials within the region of linear elastic and 
recoverable behavior has shown that the elastic modulus is 
insensitive to the rate, mode and other conditions of loading 
as well as the consolidation shear stress-strain history 
provided that the geomaterials are tested under post-primary 
consolidation conditions and at a constant state of stress. 
However, it is the elastic yield strain limit {(εa)EYLS} that 
varies considerably with the changes in such conditions {also 
ref. to [1], [2] and [13]}. Essentially therefore, 
Edynamic=Ecyclic=Estatic, whilst (𝜀𝑎)𝐸𝑌𝐿𝑆

𝑑𝑦𝑛𝑎𝑚𝑖𝑐 > (𝜀𝑎)𝐸𝑌𝐿𝑆𝑚𝑜𝑛𝑜𝑡𝑜𝑛𝑖𝑐. 
This fact notwithstanding, consideration was made of the 
visco-elastic behavior of Hot Mix Asphalt (HMA) mainly in 
relation to loading and other factors such as voids contents, 
effective asphalt contents, binder type and effective specific 
gravity of aggregates, among others. 
Measurement of elastic properties within the region of very 
small strains, however, requires sophisticated equipment, 
which is curtailing in terms of resources and maintenance 
capability. As a consequence, Eqs. (25) and (26) which 
correlate the initial elastic modulus, E0, to the maximum 
deviator stress (peak strength), qmax tested under CUTC 
(Consolidated Undrained Triaxial Compression) conditions 
using conventional apparatus, are proposed.   
 
𝐸0 = �(𝑙𝑛7.46𝑞𝑚𝑎𝑥 + 𝐶𝜑𝐶𝑆𝑆) 𝐵𝜑𝐶𝑆𝑆⁄ � × �𝐴𝜓𝐸0 × 𝛼𝜎𝑠𝑠�    (25) 
 
𝑞𝑚𝑎𝑥 = 𝐴𝜓𝐸0 × exp [𝐵𝜑𝐶𝑆𝑆 ln{𝑚−1 × (𝜎𝑎)𝑚𝑎𝑥 × 𝐸0] −
𝐶𝜑𝐶𝑆𝑆                                                                                  (26)        
𝐴𝜓𝐸0 = 0.134, 𝐵𝜑𝐶𝑆𝑆 = 0.418,𝐶𝜑𝐶𝑆𝑆0.936,𝑎𝑛𝑑 𝑚−1 =
1.32. 
For very soft cohesive geomaterials, 𝛼𝜎𝑠𝑠 = (𝜎𝑎0′ )𝑚𝑎𝑥 ; 
relatively stiff to hard cohesive geomaterials, 𝛼𝜎𝑠𝑠 =
{(𝜎𝑎0′ )𝑚𝑎𝑥 , }−1 ; for sand stone, soft rock and mudstone,  
𝛼𝜎𝑠𝑠 = {(𝜎𝑎0′ )𝑚𝑎𝑥 × 5 × 𝜎𝑌′ 𝜎𝑎0′ }−1⁄ ;   while 𝛼𝜎𝑠𝑠 =
{(𝜎𝑎0′ )𝑚𝑎𝑥 × 5 × {𝜎𝑐′ × 𝑂𝐶𝑅}−1 for gravel.                                                                         
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The effects of stress states on E0 for cohesive geomaterials 
are accounted for by applying Eqs. (27) and (28) for drained 
and undrained conditions respectively. 
 
𝐸0D = 726e0.76×σa0′                                                    (27) 
 
𝐸0U = 891e0.76×σa0′                                                     (28) 
 
For the determination of resilient modulus, 𝑀𝑟 for unbound 
geomaterials in general, Eq. (29) may be adopted with the 
elastic yield limit stress, 𝜎𝐸𝑌𝐿𝑆′  e determined from Eq. (30). 
 
𝑀𝑟 = 𝜎𝐸𝑌𝐿𝑆′2 2⁄ 𝐸0                                                                    (29) 
 
𝜎𝐸𝑌𝐿𝑆′ = (𝜀𝑎)𝐸𝑌𝐿𝑆 × 𝐸0                                                       (30) 
On the other hand, E0 can be determined from Eq. (31) for 
stress-strain measured at 𝜀𝑎=0.001% by using conventional 
gap sensors, which are affordable and relatively user friendly. 

𝐸𝑜 = �𝛼𝐸𝑜(𝜀𝑎)=0.001% + 𝛽𝐸𝑜�× 10(𝑀𝑃𝑎) (31) 

where, 𝛼𝐸𝑜  and 𝛽𝐸𝑜  are determined simultaneously at 
𝜀𝑎=0.001% and 0.01%.  

Prediction of shear modulus as a function of consolidation 
stress history and stress state can be mad from Eq. (32) below. 
 

[𝐺𝑜]𝑝′ = �𝒜𝑝𝑜′ �(𝐾𝑐𝑠)𝛼 × �𝑝
′

𝑝𝑜′
�
𝛽
�+ ℬ𝑝𝑜′

𝐾𝑐𝑠�× [𝐺𝑜]𝑝𝑜′      (32) 

 
where [𝐺𝑜]𝑝′  is the initial shear modulus at a variable stress 
point 𝑝′ , 𝐾𝑐𝑠 = 𝜎𝑟′ 𝜎𝑎′⁄  is the arbitrary or designated 
consolidation stress ratio traced to 𝑝′, [𝐺𝑜]𝑝𝑜′  is the initial 
shear modulus determined at in-situ overburden pressure, 
𝒜𝑝𝑜′ =0.95 and ℬ𝑝𝑜′ =0.35 are geomaterial constants, the 
values of which are applicable for most natural stiff to hard 
clayey geomaterials, while 𝛽=1.16 and 𝛼=0.4 for stress states 
in the 1st quadrant and 𝛼 =-1 for stress states in the 4th 
quadrant accordingly. 
 
2) Elastic Yield Limit Strain {(εa)EYLS } and Stress 
{ 𝝈𝑬𝒀𝑳𝑺} 
The importance of determining the initial yield limit strain 
and stress to a high degree of precision cannot be 
overemphasized. At a designated stress state dictated by the 
in-situ overburden pressures, (εa)EYLS can be determined in % 
from Eq.  (33), which takes into account the effects of 
consolidation and shear stress history, ℒ𝐶𝑆𝑆𝐻 {Eq. (34)}, 
drainage conditions, 𝜑𝐷𝐶  {Eq. (35)}, cyclic prestraining, 
 𝛼𝑐𝑝 {Eq. (36)}, and loading rate, 𝜀�̇�𝑅 {Eq. (37)}.  

(𝜀𝑎)𝑌𝐼 = 𝛽𝐸𝑜−0.1�(𝐸𝑜)𝑅
2 𝐸𝑜� �

𝛼𝐸𝑜
+ 𝑓�ℒ𝐶𝑆𝑆𝐻 ,𝜑𝐷𝐶,𝛼𝑐𝑝, 𝜀�̇�𝑅�      (33) 

Equation (33) can be conveniently computed from the ratio of 
(𝐸𝑜)𝑅2 𝐸𝑜⁄ , where (𝐸𝑜)𝑅2  is measured from reconstituted 
specimens, while 𝐸𝑜  is determined from CU(D)TC test 

performed on intact specimens, field seismic surveys or 
otherwise computed from Eqs. (25) ~ (28). 

[𝜀𝑎]𝑌𝐼
𝜎𝑠𝑠 = 𝒜ℒ𝐶𝑆𝑆𝐻

𝜀 ln(𝛿𝑆𝐶𝑇 × 𝜙𝑂𝐶𝑅) + �(𝜀𝑎)𝑌𝐼�𝑁𝐶
𝑡𝑝

 (34) 

where 𝒜ℒ𝐶𝑆𝑆𝐻
𝜀 =1.9×10-3 is a constant, 𝛿𝑆𝐶𝑇  is the 

secondary consolidation factor, 𝜙𝑂𝐶𝑅  is the 
overconsolidation factor and �(𝜀𝑎)𝑌𝐼�𝑁𝐶

𝑡𝑝
 is the initial yield 

strain determined under normally consolidated conditions at a 
standard time period designated after the end of primary 
consolidation. 

[𝜀𝑎]𝑌𝐼
𝜑𝐷𝐶 = ��Δ𝜎𝑎

′−2𝜈Δ𝜎𝑟′�
�Δ𝜎𝑎′−Δ𝜎𝑟′�

�
𝛽�𝑑 𝑢� �

× �𝜎𝑟
′

𝜎𝑎′
�
𝐾𝐶

× �(𝜀𝑎)𝑌𝐼��𝑑 𝑢� �
 (35) 

where Δ𝜎𝑎′ , Δ𝜎𝑟′  are the effective axial and radial stresses 
respectively determined at the threshold of �(𝜀𝑎)𝑌𝐼��𝑑 𝑢� �

, 
[𝜎𝑟′ 𝜎𝑎′⁄ ]𝐾𝐶 is the stress ratio during consolidation, 𝛽(𝑑)=-1, 
𝛽(𝑢)=+1 (𝑑: drained and 𝑢: undrained) and 𝜈 is the Poisson’s 
ratio computed from Eq. (38).  

[𝜀𝑎]𝑌𝐼
𝛼𝑐𝑝 = 𝒜𝛼𝑐𝑝

𝜀 ln𝛼𝑐𝑝 + �(𝜀𝑎)𝑌𝐼
𝑅 �

(𝑡𝑝)
:𝐵𝐶 =   

�
𝜕2(𝜀𝑎)𝑡𝑝
𝜕𝛼𝑐𝑝2 = 0 𝑎𝑛𝑑, �

𝜕3(𝜀𝑎)𝑡𝑝
𝜕𝛼𝑐𝑝3 �

𝛿𝑅
< 0                           (36) 

[𝜀𝑎]𝑌𝐼
�̇�𝑆𝑅 = �𝒜�̇�𝑆𝑅 ln ��̇�𝐴𝑆𝑅

�̇�𝑅𝑆𝑅
�+ ℬ�̇�𝑆𝑅� × (𝜀𝑎)𝑌𝐼

�̇�𝑆𝑅      (37) 

where, the subscripts SR denote Strain Rate, ASR: Applied 
Strain Rate during testing or arbitrarily designated and RSR: 
Reference Strain Rate. 

3) Poisson’s ratio {𝝂𝒑𝒅} 
Under partially undrained conditions 𝜈𝑝𝑑 can be determined 
from Eq. (44) as: 

𝜈𝑝𝑑 = �(𝐸𝑜)𝑑
(𝐸𝑜)𝑢

(1 + 𝜈𝑢)� − 1      (38) 

where (𝐸𝑜)𝑑 , (𝐸𝑜)𝑢  are the initial drained and undrained 
elastic moduli respectively. 

4) Mechanical stability 
Quantitative analysis of the contribution of enhanced 
mechanical stability due to OBRM stabilization was 
undertaken by applying Eqs. (39) and (40). 

η161.exp−= MS
f

S AM                                            (39) 
when η ≥ 0.5 

[ ]ideal
SMS

ideal
S

f
S MAMM −−= − η16.1exp                    (40) 

when 0 < η < 0.5 
where, 𝑀𝑆 

𝑓is the Mechanical Stability (MS) factor, and for 
this case, AMS is the MS constant=178.6, η is the gradation 
index=log0.01P/log(d/dmax), MS

ideal=100% for non-stabilized 
geomaterial. 
 
5) Particle agglomeration 
The contribution of particle agglomeration in enhancing 
strength and elastic modulus due to OPMC stabilization is 
quantitatively analyzed from Eqs.  (41) and (42) respectively. 
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𝑞𝑚𝑎𝑥 = 𝐴𝑞𝑙𝑛𝑎𝑓 + 𝑞𝑚𝑎𝑥𝑖                                                  (41)                                                   
 
where, 𝑞𝑚𝑎𝑥  is the maximum shear strength, 𝐴𝑞 = 1.06 is a 
material constant and 𝑎𝑓  is the agglomeration factor 
computed from the level of OPMC related factors. 

𝐸0 = 𝐴𝐸𝑀𝑎𝑓2 + 𝐵𝐸𝑀𝑎𝑓 + 𝐸0𝑖                                    (42) 

where, 𝐴𝐸𝑀 = 62.4 𝑎𝑛𝑑 𝐵𝐸𝑀 = 690  are geomaterial 
constants. 𝐸0 is measured and/or expressed in MPa. 
 
4.5 Modified  Performance Prediction Equations 
Studies on the modification of performance prediction 
equations and calibration factors aimed at enhancing their 
precision, versatility, reliability and confidence levels, are 
on-going. 

4.6  Performance Prediction Models 
The performance prediction models that were adopted for this 
Study include: a) ESDAM (Environmental, Strength and 
Deformation Model); b) SCDRM (Structural Capacity and 
Deformation Resistance Model); c) CSSRM (Consolidation 
and Shear Stress Model); and, d) MCSTM (Modified Critical 
State Theory Model). 

5 ME APPROACH IN PAVEMENT STRUCTURAL 
DESIGN, CONSTRUCTION AND MAINTENCANCE 

5.1 MEP Design Approach 
In this Study, the MEP (Mechanistic-Empirical Pavement) 
design is incorporated into the CMD (Comprehensive 
Method of Design) [11]. Conventionally, methods of 
pavement design can be grouped into five categories namely: 
a) empirical methods; b) limiting shear failure methods; c) 
limiting deflection methods; d) regression methods based on 
pavement performance and road test; and, e) 
mechanistic-empirical methods [12]. In order to undertake 
comprehensive design analyses for mega projects, the CMD 
combines all these methods through an iterative comparative 
analysis module. Basically, the MEP-CMD approach consists 
of the following steps: ○1 Identification of the input 
parameters through application of the equations and functions 
introduced in this paper; ○2  Computation of 
elastic/visco-elastic solutions under mechanical loading 
conditions; ○3  Computation of elastic solutions under thermal 
loading conditions; ○4  Computation of elastic solutions under 
physio-chemical loading conditions; ○5  Conversion of the 
mechanical, thermal and physio-chemical elastic solutions to 
the counterpart visco-elastic through the application of EVCP 
(Elastic-Visco-elastic Correspondence Principle) and the 
modules introduced herein; ○6  Introduction of the dynamic 
loading concept for the reciprocal loading conditions by 
applying the BSI (Boltzman Superposition Integral); ○7  
Analysis of integrated effects of mechanical, thermal and 
physio-chemical loading; ○8  accumulation of deformations 
and plastic strains; ○9  Systematic introduction of other 

influencing factors based on the SAC (Systematic Approach 
Concept); and, ○10  Determination of postulated failure 
mechanisms, mainly rutting, fatigue and thermal cracking 
through the application of appropriate prediction models. 

5.2  Construction Quality Control  
The recently developed construction quality control functions 
adopted for the MEP design are reported in [14]. 

5.3 Prediction of Maintenance Requirements 
The deterioration with time of the structural capacity is 
predicted by adopting Eqs. (43) ~ (45). The results for the 
Juba River Port access road Case Study are plotted in Fig. 2. 
 
𝒇𝒔𝒄𝒕 = 𝒇𝒔𝒄𝒊 × �𝓵𝓷𝑵𝒕

𝟎.𝟔𝟐�−𝟏 × �𝟏 + 𝟎.𝟏𝒍𝒐𝒈𝑵𝒕
𝑹

𝒇𝒔𝒄𝑹
� × ℮𝟎.𝟎𝟏𝑵𝒕                  (43) 

where, 𝑓𝑠𝑐𝑅 = 𝑟𝑒𝑓𝑒𝑟𝑒𝑛𝑐𝑒 𝑠𝑡𝑟𝑢𝑐𝑡𝑢𝑟𝑎𝑙 𝑐𝑎𝑝𝑎𝑐𝑖𝑡𝑦 𝑓𝑜𝑟  𝑁𝑡 =
2.2  years of post dynamic traffic loading. 
Environmental factors such as moisture-suction variation due 
to seasonal changes, inferior material intrusion as a result of 
the combined effects of dynamic loading and water 
infiltration (pumping) and land use affecting the structural 
capacity and pavement structural layer thickness, are 
quantitatively analyzed and factored into generalized Eq. (43) 
by applying Eqs. (44) and (45) which incorporate the time 
dependant factor 𝑓𝑑𝑓𝑡  partially defining the effects of LTPP. 
 

𝒇𝒅𝒇𝒕 = �℮�𝟎.𝟎𝟏𝒇𝒅𝒇
𝒅 𝑵𝒕��

−𝟏

                                                     

(44) 

The factor 𝑓𝑣𝑓𝑑 , which defines the variation with time in 
environmental factors is computed as: 

  𝒇𝒗𝒇
𝒅 = 𝒇𝒎𝒔𝒗𝒅 × 𝒇𝒊𝒏𝒕.𝒅 × 𝒇𝒕𝒉𝒅                                               (45) 

where, 𝒇𝒎𝒔𝒗𝒅 = moisture~suction depreciating factor,𝒇𝒊𝒏𝒕𝒅 = 
BCS intrusion depreciating factor, 𝒇𝒕𝒉𝒅 = pavement structural  
layer thickness depreciating factor. 

• Computation of  Maintenance Requirement Ratio (MRR) 
The computation of the MRR is made from Eq. (46) based on 
the results computed and simulated by the SCDR model by 
adopting the TA over a loading period Nt and Design Life, DL. 
 

𝑀𝑅𝑅 = 𝑇𝐴
{𝑁𝑡=𝐷𝐿}

𝑇𝐴
{𝑁𝑡=2.2} × 𝑓𝑆𝐶

𝑑{𝑁𝑡=10} × 𝑇𝐴
{𝑁𝑡=0.5𝐷𝐿}

𝑇𝐴
{𝑁𝑡=2.2} × [𝑁𝑡=0.5𝐷𝐿

𝑁𝑡=𝐷𝐿
] × 𝐹𝑆  (46) 

Figure 2 shows a comparison of the predicted and actual 
pavement structural performance based on the results from 
deflection testing and prediction made from the SCDR model 
for three varying pavement structural configurations [6]. It 
can be inferred that Type II-1 approaches the critical zone, 
which is an indication of the requirement of fully-fledged 
rehabilitation, after only 4.6 years; whereas Type II-3 is 
structurally sound over the whole period of the Design Life.  
On the other hand, based on Eq. (46) and the SCDR results, 
the Maintenance Requirement Ratio (MRR), was generated 
for the three varying pavement structural configurations over 
the entire period of the Design Life (DL=20years). The 
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results indicated that; {Type II-1}MRR = 2.86, {Type II-2}MRR = 
0.88, while {Type II-3}MRR = 0.43. 
 

 
 
Fig. 2 Progressive time dependent structural capacity 
depreciation of three types of pavement structures 

6 CASE EXAMPLES OF APPLICATION 
The MEP-CMD has been applied for the design of heavily 
loaded pavement structures, foundations  and other 
geo-structures in East and Central Africa whereby average 
construction cost-time savings of approximately 40% were 
realized, whilst the structural capacity and pavement 
performance were appreciably enhanced [6].   

7 CONCLUSIONS 
The recently developed mechanistic-empirical methods 
introduced in this paper form a conceptual and geoscientific 
basis for geotechnical engineers in general, and pavement 
designers in particular, to improve their design philosophies 
geared towards VE principles, enhance reliability and 
precision of prediction of overall pavement performance,  
effectively simulate failure modes, quantitatively determine 
impact of environmental changes, advance methods of 
characterizing inherent as well as induced material properties, 
improve construction quality control and technically  
compute maintenance requirements.  
Nevertheless, the necessity of further research in this regard is 
significantly apparent. 
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[1] INTRODUCTION 
Construction of deep basements, subways and service tunnels 
require deep excavations eventually making them contingent 
in the construction activities. Excavation is one of the most 
hazardous construction operations as the behavior is 
multifaceted and their failures are rapid. The effects are 
caused due to the decrease in vertical stress and loss in lateral 
support and hence requires the examination of field 
performance and monitoring [1]-[3]. Stability and 
deformation are the weightage factors in the performance of a 
deep foundation. If the factor of safety is small, strains are 
small and inturn the ground movements are small. The 
deformations damage the adjacent structures like buildings 
and utilities. Severity of this damage depends on the pattern 
and movements around the excavation.  

 
Soil type dictates the design and performance of such 
excavations [4]-[6]. Including soil properties, depth of 
excavation and workmanship are intrinsic in controlling the 
earth movements [4].To verify the performance of a deep 
excavation, their analysis is required. Though stability is easy 
to analyse using equilibrium calculations, deformations are 
difficult to predict and require finite element analysis.  
 
References [7]-[11] used 3D finite element analysis to study 
deep excavations. Study and analysis done by [10] and [11] 
have shown that a significant reduction in deformation in the 
corners was observed when corner restraints were used when 
compared with that for a plane strain condition. Fig 1  
 
 

 
 

 
illustrates the effect of support system stiffness on the wall 
displacements. 
 
In this paper the design of sheet piles as temporary support 
system for excavation in deep clay is dealt .The excavation 
has a 17m x 13.26 m plan area for construction of an 
underground sump with 6 m excavation depth at the Reliance 
cash and carry construction site in Guntur located in the state 
of Andhra Pradesh, India. 

[2] SITE DETAILS 
The site is blanketed with plastic silty clays up to 7.5m below 
the ground surface, underlain with about 5m of sandy clays 
(Fig). In order to excavate to the required depth of about 6 m 
total is a major challenge of controlling the soil collapse as 
well as the lateral support of the excavation. 

 
In detail, the ground consists of 3 layers (Fig. 1). The upper 
most layer is 5.0 to 7.5 m thick silty clay (layer I). Beneath the 
fill is sandy clay (3.5 to 4.5 m) thick layer (layer II) and it is 
underlain by greenish white rock fragments / reddish clayey 
sand gravel (11m to 13.5m, layer III) .The recorded SPT ‘ N’ 
value ranges from 5-36 in the topmost layer ,19-61 for the 
sandy clay layer and 41-99 for the rock fragments in the third 
layer. The groundwater level was located at about 0.5m below 
the ground surface during the exploration in 2011(May) but is 
suspected to be seepage. The results of a number of field and 
laboratory soil tests are summarized in Fig. 2 and Fig. 3. The 
natural water content varies between 37 and 7% (including 
the pebbles) and shows a general decreasing trend with depth.  
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Figure 1 Chart for estimating maximum lateral wall movements and 
ground surface settlements for support system in clays [6]. 

 

 
Figure 2 Predominant soil profile with SPT ‘N’ value 

 Table 1 Soil Properties 
Depth 
(m) 

Soil Type and IS Classification SPT ‘N’ 

0-2.5 Plastic silty clay [MH-CH] 8 
2.5-4.5 Silty clay [MH-CH] 11 
4.5-7.5 Plastic silty clay [MH-CH] 15-19 
7.5-9. Sandy clay +lime pebbles 30 
9-12 Sandy clay +lime pebbles 32-38 
12-15 Clayey sandy +pebbles [MI-CI] 46-47 
15-20 Rock fragments [SC] 54-66 

 
 
The liquid limit in the upper part is around 40 % which can be 
classified as plastic silty .Unconfined compressive strength 
and direct shear tests were conducted during the exploration 
phase.  

[3] MODELING AND ANALYSIS 
With the increase in the complexity of a geotechnical problem 
it is preferable to use a numerical model. Partial differential 
equations are employed with a combination of different 
variables and the calculations are used to mould the model. 
The variables maybe material parameters, stresses, and 
strains etc, and have a complex correlation.  According to 
[12] the maximum horizontal wall displacement (δhm) lies 
between 0.5% H and 1.0 % H, on average at 0.87% H (Fig.3).  

 
The use of the sheet piles as temporary support system for the 
current problem of study satisfies the limits imposed by the 
design specifications and also addresses the constructability 
of the underground water tank. Finite element analysis is 
used, which is vital not only in the evaluation of the behavior 
and design of the support system for underground sump, but 
also in the evaluation of its impact on adjacent structures. The 
analysis is primarily based on the theory of earth pressure 
developed by Rankine, 1857. When designing sheet pile 
walls, the partial coefficient method is used, both in 
serviceability limit state and ultimate limit state. 
 
The finite element software PLAXIS [13] has been used to 
model the staged excavation of the underground sump. Fig 
4,5 show the excavation pit section details and plan with 
structural support system.  

 

 

 
Figure 3 Variation of maximum horizontal displacements with 

excavation depth [12] 
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Figure 4 Excavation section with support details 

 

 
Figure 5 Excavation Plan details with support system 

 

 
Figure 6 Geometry of the model with TSP III sheet pile for 12m 

The geometry of the sheet pile used is TSP III with 400 x 125 
x 13mm section piles (Fig. 6) with unit weight of 60kg/m 
from Hanwa Singapore is provided. In addition, soil 

properties from the geotechnical investigation reports were 
used.  Struts or braces are modeled as bar elements which 
have only axial forces and no resistance to bending. The 
connection between the wall and the strut is consequently 
analogous to a pin connection. Pre-loads are specified as part 
of the strut definition. ISMB 250 is used at two preferable 
levels at 1.0 and 4.0m below the EGL. 

[4] RESULTS AND CONCLUSIONS 
Understanding of the load transfer mechanism around the 
construction site, superior workmanship, soil properties 
information is required for deep excavations. Prediction of 
accurate design before the construction is necessary, 
especially when clay soils are being dealt. Catastrophic 
failures of the excavation and structural failure can be 
avoided by detailed deformation analysis and site inspection 
during construction process.  

 
In the current case, a temporary support system using sheet 
piles TSP III with 400 x 125 x 13mm has been adopted for 
adequacy of the lateral loads. Fig.7 details the deformed mesh 
of the sump after the analysis. The total displacements and 
vertical displacements at 14.6mm and horizontal 
displacements at 10.58mm are shown in Figs 8-10. 
 

 
Figure 7 Deformed mesh of sump 

 

 
Figure 8 Total displacement (14.66 mm) 
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Figure 9 Vertical displacements (14.66 mm) 

 
Figure 10 Horizontal displacements (10.58 mm) 

 
Figure 11 Effective stress (145.50 kN/m2) 

 
Figure 12 Total stress (208.66 kN/m2) 

 
The values of total and effective stress are derived to be 
145.5kN/m2 and 208.6 kN/m2 (Fig.11, 12) 
 

Finally, sheet piling has been designed to facilitate the 
excavation in the site blanketed with clay as sheet piling also 
does not require much expertise and time. However, skill is 
necessary to safely install walers and toms which support the 
piling. 
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1. INTRODUCTION 
A suction pile (also known as suction caisson) is a large 

cylinder, usually made of steel, with an open bottom and a 
closed top that is installed in the ground mainly by suction 
applied by pumping water out of the caisson interior. Suction 
piles have been widely used in offshore industries ranging 
from anchor for floating facilities to offshore foundations. 
Geometrically the suction piles are larger in diameter than 
typical piles used for foundation [1]. Fig. 1 shows some use of 
suction piles for various projects in the world. Suction piles 
could be installed both in clay and sand sea beds, although the 
mechanism during installation is different. Houlsby and 
Byrne (2005a, b) [2], [3] present the design procedure for 
installation of suction piles in sand, clay and other 
geomaterials.  

Suction piles are widely used in mooring system for deep 
water oil and gas development projects, where the pull-out 
capacity is one of main requirements. The piles are normally 
pulled by a chain connected to the pad eye on the side of the 
pile. The inclined pull-out capacity of suction pile depends on 
both horizontal and vertical load capacity. 

Yoshimi (1964) studied the behavior of rigid vertical and 
batter piles in a cohesionless soil subjected to inclined loading 
[4]. Broms (1965) also analyzed the Yoshimi (1964) 
experiments and proposed an equation for the pull out 
resistance [5]. Poulos and Davis (1980), based on the 
experiments of Yoshimi (1964) and the analysis of Broms 
(1965), proposed a simplified theoretical method to predict 
the ultimate resistance of vertical pile under oblique loading 
[6]. 
     Finite element analysis of a single pile under lateral and 
oblique pulling has also been conducted by some researchers.  
 

 

 
Erbrich (1994) conducted a series of finite element analysis to  
estimate the capacity of suction caissons used as foundations  
for fixed offshore steel platforms [7].   

 
 

 
Fig. 1. Suction piles used in various projects (Byrne 2005b) 

 
Bye et al. (1995) presented the design analyses of the 

Europe 16/11E and sleipner T foundation in dense sand [8].  
Sukumarn et al. (1999) and Sukumaran and McCarron (1999) 
showed the application of the finite element method to 
estimate the capacity of suction pile foundations installed in 
soft clays and subjected to axial and lateral loads under 
undrained conditions [9], [10]. Handayanu et al. (1999 and 
2000) used a quasi-three-dimensional finite element model to 
study the response of suction caissons subjected to vertical 
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Suction piles are widely used in mooring system for deep water oil and gas development projects. In this study 
three-dimensional finite element analyses are performed to estimate the pull-out capacity of a suction pile subjected to 
oblique loading. The numerical modeling is performed using ABAQUS finite element software. The effects of two key 
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Keywords: Suction pile, oblique load, finite element analysis, pull-out capacity. 
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uplift and inclined loads [11]. Deng and Carter (2000) 
presented finite element analyses using axisymmetric 
elements and proposed a simplified relationship for 
estimating inclined pull-out capacity under drained condition 
[12]. Zdravkovic et al. (2001) conducted finite element 
analyses to study effects of load inclination, caisson aspect 
ratio, soil adhesion, and soil anisotropy on behavior of suction 
piles [13]. Cho and Bang (2002) examined the application of 
the failure envelop developed by Bransby and Randolph 
(1999) from the observation in clay for estimating inclined 
load capacity of a suction pile in sand [14]. Bang et al. (2011) 
conducted a series of centrifuge tests to estimate the pullout 
capacity of a suction pile installed in sand [15]. 
     This paper presents three-dimensional finite element 
analysis of a steel suction pile embedded in sand subjected to 
oblique loading at different load inclination and mooring 
positions. A total of 25 cases are analyzed to evaluate the 
pull-out capacity of a suction pile. The finite element results 
are compared with centrifuge test results. The effects of 
loading angle and mooring positions on ultimate pull-out 
capacity, lateral displacement and soil reactions on suction 
piles are discussed. 

2. PROBLEM DEFINITION 
Finite element (FE) analyses are performed to calculate the 
pullout capacity of suction piles. A suction pile of diameter D 
and length L installed in sand is loaded for different mooring 
positions and loading angles. The notations used in this study 
are shown in Fig. 2. The load is applied at five pad-eye 
locations as shown by solid circles on the left.  
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig. 2. Problem definition 

3. NUMERICAL MODELLING 
In this study, numerical analyses are carried out using finite 
element software ABAQUS/standard 6.10-EF-1. A cuboid 
soil domain of 40 m length, 20 m width and 20 m height as 
shown in Fig. 3 is modeled. The size of the soil domain is 
sufficiently large compared to the size of the pile and 
therefore boundary effects are not expected on calculated 
load, displacement and deformation mechanism. The vertical 
plane of symmetry is restrained from any displacement 

perpendicular to it, while the other three vertical sides of the 
soil domain are restrained against lateral displacement using 
roller supports at the nodes. The bottom boundary is retrained 
from any vertical displacement, and the top boundary is free 
to displace. 

The finite element mesh used in this study is shown in Fig. 
3. The elements used are the solid homogeneous C3D8R 
element, which is an 8-noded linear brick, multi-material and 
reduced integration with hourglass control. 
 

 
 
Fig. 3. Finite element model with medium dense mesh 
 
       The numerical analysis consists of two major steps: 
gravity and loading step. In gravity step the soil domain is 
loaded up to in-situ stress condition, and in the loading step 
preselected lateral and oblique displacements are applied on 
the nodes at desired depth (pad-eye location) on the left side 
of the outer surface of the pile as shown in Fig. 2 and Fig. 3. 

3.1 Pile Modelling 
A steel pipe pile of 6 m length and 3 m diameter with 100 mm 
wall thickness is modeled in this study. The pile is modeled as 
an elastic material with modulus of elasticity (Ep) of 208×106 
kN/m2 and Poisson’s ratio (νp) of 0.3. 

3.2  Soil Modelling 
The sand is modeled by the Mohr-Coulomb constitutive 
model available in ABAQUS FE software using the 
following soil parameters: angle of internal friction, φ′=39°; 
dilation angle, ψ = 9°; modulus of elasticity, Es = 60,000 kPa; 
and Poisson’s ratio, νp=0.3.  
The location of the groundwater table is at the ground surface. 
Submerged unit weight of 8.2 kN/m3 is used for soil layers. 
Geometry and mechanical properties used in the analysis are 
shown in Table 1. Note that the geometry and soil parameters 
mentioned above and in Table 1 are very similar to Bang et al. 
(2011) as the numerical results presented in this study are 
verified using their test results [15]. 
     The soil/pile interaction has been modeled using Coulomb 
friction model, which defines the friction coefficient (µ) as 
µ=tan(φµ), where φµ is the pile/soil interface friction angle. 

6m 
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The value of φµ is assumed to be equal to 0.7φ′ in this 
analysis.      
Table 1.  Geometry and mechanical properties used in the 
analysis 

Pile: 
Length of the pile (L) 
Diameter of the pile (D) 
Wall thickness of the pile (t) 
Modulus of elasticity of pile (Ep) 
Poisson’s ratio (νp)  

 
6 m 
3 m 
100 mm 
208x106 kN/m2 

Soil (sand) 
Modulus of elasticity, Es 
Poisson’s ratio, ν s 
Submerged unit weight of soil, γ′ 
Angle of internal friction, φ′p 
Dilation angle, ψ  

 
60,000 kN/m2 
0.3 
8.2 kN/m3  
39° 
9° 

 

3.3 Mesh Sensitivity Analysis 
The size of the mesh has a significant effect on finite element 
modeling. Often finer mesh yields more accurate results but 
computational time is higher. For successful modeling of 
load-displacement behaviour of piles under oblique load 
denser mesh should be used near the pile. As shown in Fig. 4 
that smaller soil elements are used near the pile and the size of 
the elements are increased with radial distance from the 
centre of the pile. Also denser mesh is used in the top 6 m of 
soil where the pile is located. Below 6 m depth coarser mesh 
is used which does not have significant effect on calculation. 
  

 
Fig.  4.  Mesh sensitivity analysis 

 
     After several trial analyses with different mesh size, the 
optimum mesh is selected.  Fig. 4 shows the lateral load 
versus lateral displacement of the pile for three different types 
of mesh. In the coarse mesh, a total of 5,380 elements, in the 
medium dense mesh 7,300 elements and in the fine mesh 
11,140 elements are used. The distribution of mesh size is 
shown in Fig. 3. As shown in Fig. 4 that the number of 
elements has considerable effect on force-displacement 
behavior.  As for very fine mesh the computational time is 

high, the analyses presented in the following sections are 
conducted using medium mesh with 7,300 elements.  

3.4 Centrifuge Modeling 
Bang et al. (2011) conducted a series of centrifuge model test 
of a suction pile embedded in sand to evaluate its inclined 
pull-out capacity [15]. The effects of load inclination angle 
and the point of mooring line attachment are studied. The 
tests were conducted at 100g using geotechnical centrifuge. 
The test condition and geotechnical properties of sand are 
similar to those described in Section 3.1 and 3.2. 

4 NUMERICAL RESULTS 
Numerical modeling is carried out for a single pile applying 
the load at five mooring positions: 5%, 25%, 50%, 75% and 
95% distance from top of the pile. At each mooring position 
the load is also applied at five different angles of inclination 
with the horizontal axes: 0°, 22.5°, 45°, 67.5° and 90°. That 
means, a total of 25 (5×5) numerical modeling are conducted 
to show the effects of inclination angle and mooring position 
on pull-out capacity.  

4.1   Load-Displacement curves 
The variation of total load with total displacement of the 
suction pile for loading at 5% mooring position is shown in 
Fig. 5. The total load is calculated from the vertical and 
horizontal nodal force components at the point of loading.  
Bang et al. (2011) reported the pull-out capacity for similar 
condition from of number of centrifuge tests. The range of 
their pull-out capacity is shown by the arrows on the right 
vertical axis. As shown the numerical prediction in the 
present analyses reasonably match with the centrifuge test 
results [15]. 
     Various methods are available in the literature to estimate 
the pull-out capacity of a pile. In this study, the pull-out 
capacity is determined by the first peak load in 
load-displacement curve. In the absence of a clear peak, the 
load corresponding to the displacement of 10% pile diameter 
(i.e. 0.1× 3 =0.3 m) is considered as pull-out capacity of the 
pile [16]. The pull-out capacity is shown by the vertical 
arrows in Fig.5. 
     Fig. 6 shows the variation of the lateral load with lateral 
displacement for five different mooring positions. Again, the 
pull-out capacity obtained in centrifuge tests [15] is shown on 
the right vertical axis using horizontal arrows. The pull-out 
capacity (vertical arrows) in the present finite element 
analysis compares well with centrifuge test results. The 
pull-out capacity increases as the depth of mooring position 
increases. The maximum pull-out capacity is obtained for 
75% mooring position. After that, for example at 95% 
mooring position, the pull-out capacity decreases.  This is 
because of the displacement and rotation of the pile under 
mooring force, which will be further discussed in the 
following sections. 
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Fig. 5. Total load vs. total displacement for 5% mooring 
position 
    

 
Fig. 6. Lateral load vs. lateral displacement for different 
mooring positions. 

4.2 Pull-out Capacity 
As mentioned before that a total of 25 finite element analyses 
are presented in this paper. The load-displacement curves 
obtained are very similar to curves presented in Figs. 5 and 6. 
The pull-out capacity obtained for various conditions is 
plotted against load inclination angle for different mooring 
positions in Fig. 7. As shown, at 75% mooring position the 
maximum pull-out capacity is obtained. It is to be noted here 
that the pull-out capacity at zero inclination angle (horizontal 
loading) is highly dependent on mooring position. However, 
for inclination angle of 90° (vertical loading) the pull-out 
capacity is almost independent of mooring position.  

 
Fig. 7. Pull-out capacity for different loading angle and 
mooring position  

4.3 Plastic Strain and Displacement Vector Diagram  
Fig. 8 and Fig. 9 show the plastic strain and displacement 
vectors (total) for two cases. For 5% mooring position the 
plastic strain mainly developed on the left side of the pile.  
The bottom of the failed soil wedge on the left is almost 
linearly extent to the bottom of the pile.  On the other hand the 
shape of the plastic zone on the left side of the pile for 75% 
mooring position (Fig. 9) is different from the shape shown in 
Fig. 8. This is again because of rotation of the pile. As the 
deformation pattern is different, it should be considered in 
estimation of pull-out capacity. 
 

  
Fig. 8. Maximum principle plastic strain and displacement 
vector diagram for 5% mooring position and 0.5m 
displacement at 22.5 degree angle 
 

  
Fig. 9. Maximum principle plastic strain and displacement 
vector diagram for 75% mooring position and 0.5m 
displacement at 15 degree angle. 
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4.4 Lateral Displacement vs. Depth 

Fig. 10 shows the variation of lateral displacement along the 
centerline of the caisson against depth for different loading 
angle at 5% mooring position at 0.3 m displacement. The 
lateral displacement is obtained from the displacement of the 
center nodes of the pile.  As shown in this figure that the 
lateral displacement is almost linear. That means this short 
pile is rotated almost as a rigid body. The degree of rotation 
and also the center of rotation is dependent upon the angle of 
loading. The rotation has a significant effect on pull-out 
capacity. 

      
Fig. 10. Lateral displacement for different loading angle at 
5% mooring position 

 
Fig.  11. Lateral displacement for different mooring positions 
 
     Fig. 11 shows the variation of lateral displacement with 
depth for different mooring position under lateral loading for 
0.3 m lateral displacement. The suction pile is rotated toward 
the left when the mooring position is less than 50% while it 

rotated toward the right when it is at 95%. The minimum 
rotation is occurred for 75% mooring position. 

4.5 Mobilized Soil Reaction 
Fig. 12 shows the variation of mobilized soil reaction (load 
per unit length of the pile) with depth at 0.3 m displacement 
for different loading angle at 5% mooring position. In finite 
element analysis, the soil reaction is obtained from the sum of 
the lateral component of nodal force at a particular depth 
dividing by the vertical distance between two node sets at the 
point of interest. As noted, with increase in loading angle the 
soil reaction decreases because of less lateral deformation and 
interaction between horizontal and vertical movement. 

 
Fig. 12. Soil reaction for different loading angle at 5% 
mooring position 

 
     Fig. 13.  Soil reaction for different mooring positions  
 
     The effect of mooring position on mobilized soil reaction 
is shown in Fig. 13. As shown the mobilized soil reaction is 
dependent on mooring position. For mooring position less 
than 50% the pattern of mobilized soil reaction curve is 



 

457 
 

 

similar while after 50% mooring position it is different, which 
is because of the rotation of pile. 

5   CONCLUSION 
A total of 25 finite element analyses are conducted to evaluate 
the pull-out capacity of a suction pile. The effects of two key 
variables examined in this study are: loading angle and 
mooring position.  Finite element results have been compared 
with centrifuge test results. It is shown that the pull-out 
capacity of suction piles increases as the mooring position 
moves towards the pile tip and the 75% mooring line 
attachment gives the maximum pull-out capacity for the cases 
presented in this paper. Pull-out capacity also decreases with 
increase in loading angle. The shape of the soil failure wedge 
is dependent on mooring position and loading angle which 
has a significant effect on pull-out capacity. 
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ABSTRACT 
 
The main objective of this paper is to present a real case occurred in residual soils from the Peruvian Amazon plane, in 
order to show the positive effects of the stabilization with drainage and the pore pressures dissipation that previously 
had originated large landslides in the season of the annual water level decrease of the Amazon River. This happens in a 
very short time and decreases around 12 meters in a fast way. This effect decreases the shearing strength of the 
saprolitic soil underlying, producing instability in its banks and important damages in the works of civil engineering 
over the surface. The results of the practiced instrumentation allowed a better planing and distribution of the drains in 
the affected area as well as an interpretation of the registered movement with biaxial inclinometers and the water 
pressures with pneumatic piezometers. All of them were associated with the extensive rains of the area, the movement 
of the riverbed and the rapid drawdown of the water, minimizing the risk and creating better possibilities for future 
investments. 
 
Keywords: residual soils, slide stabilization 

 

1. INTRODUCTION 
The stability of the riverbanks in the Peruvian Amazon jungle 
present a great number of technical problems not existing in 
other places, since in very few regions of the world are 
present the atmospherical, environmental or hydrological 
conditions that prevail in this region, adding  to these factors 
the lack of conventional construction materials. The erosion 
and sedimentation phenomena that alternatively occur in both 
margins of the Amazon river, and the continuous course 
changes between the subsequent years, present additional 
problems and large challenges to the application of the 
knowledge of the geotechnical engineering. 
To offer some explanation to the movement of the meanders 
of the Amazon river, the reasons are: Soil with very low 
gradient and smootly sloped toward to the East, in the order of 
1: 20,000, that offers greater or smaller resistance to the water 
flow. The changes of water level between flood and ebb times, 
that reach fluctuations from 10 to 12 meters.  
The tectonic movements in the Amazon zone are small, 
however the surface of the land bark suffers level changes, 
originating possible displacement in the bed of the rivers. 
According to what is shown previously, the Amazon river has 
impacted strongly on the riverbank causing considerable 
landslides (Fig. 1), being produced phenomena of instability. 
Phenomena go advancing downstream initially as erosion to 
end afterwards as sedimentation and therefore stabilization of 
the slide critical area [1]. 
During more than 40 years they have been producing 
landslides that have considerably damaged different types of 

engineering works placed in the banks of the Amazon river in 
the region of Peru, when the river impacts directly on the 
critical border, and increasing gradually according to the river 
is going far. 

 
 
 

 
 

 
 

Fig, 1. Landslide at the Amazon Riverbanks. 

2. GEOLOGYCAL AND GEOTECHNICAL SETTING 
The general geology considers that a large part of the Amazon 
region has stayed covered during the interglacial periods of 
the quaternary by an interior sea of shallow water when the 
level of the oceans had 100 meters above of the existing now 
(330,000 years ago) it also to fluctuate during several glacial 
and interglacial periods forming terraces throughout the water 
courses, dropping to 100 meters below of the original level 
during  the last Glacial Era (17,000 years ago) and remaining 
in these deep channels the large rivers, between them the 
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3.  AMAZON RIVER MEANDERS Amazon river, raising afterwards to the current  level (6,000 
years ago).  Thre Amazon River is formed from the confluences of the 

Marañón y Ucayali Rivers nearby city of Nauta. This is 
located 74 miles from the city of Iquitos. It has a length of 
3,762 kilometers (2,031.3 nautic miles). 570 Km (307.7 
miles) correspond to Peruvian territory. Its course is 
predominantly to the east to the Atlantic Ocean with wide 
meanders and numerous islands; its stream bed varies from 
1,000 and 4,000 meters in the Peruvian territory with low 
river banks that have floodings in high water level seasons. 
Human settlements are located usually in high river banks 
areas. River bed is formed with muddy material and fine 
sands. Its main affluents are the Napo River, Putumayo River 
by the left side, Yavari by the right side to 41, 487, and 270 
miles respectively to the city of Iquitos. 

The accomplished studies establish that in the high jungle and 
in the limits of the low jungle are found so much igneous 
rocks as sedimentary, while in the low jungle prevail 
saprolitic soils originated by the sedimentary rocks of the 
terciary and quaternary and they are formed mainly by 
sandstones, shales and clays. The general description of the 
geomorphology of the Amazon region indicates that the low 
jungle is substantially flat and as said remain, its height varies 
between 80 to 400 meters above mean sea level. Due to this 
small difference of elevation the rivers flow slowly, getting in 
the dry station the appearance of lakes. This region of the 
Amazon plain, can be indicated as advanced erosion type (Fig, 
2). The Amazon plain is characterize by its great humidity 
and soil covered by a dense tropical vegetation. The river rise happens from November to May. Its peak 

occurs in April and May. Drawdown happens in the second 
half of the month of May until September. Maximum 
drawdown occurs in August and September. Drawdown 
happens faster than the rise. 

 

 

The Amazon River does not present a define bed. On contrary, 
it flows creating meanders over a tropical soft soil potentially 
variable. The meanders move downstream, originating 
erosion and sedimentation. Comparing information from 
1948 to 2009, it is observed great erosion that allowed the 
meanders advance upstream but no at the velocity that the 
river normally used to, causing its deformation upstream and 
downstream and creating landslides ant the river banks slopes 
[2]-[4]. 
According to this, the Amazon River has strongly impacted 
its stream bed, causing deformation of its meanders at the 
upstream area as well, modifying its stream and creating 
diverse problems related to slope stability. The first registered 
problem as a landslide was observed in June 1992. 
Afterwards, large landslides happened at the critical seasons 
of discharge in 1993, to collapse in its entirety in 1994.  

Fig. 2. Erosion Consequences at the Amazon River. 
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Fig.3. Behavior of the Amazon river in the area of landslides.
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4. SLOPE FAILURE MECHANISM 
The statistical analysis of Amazon River movements clearly 
established that the landslides have occurred during the stage 
of water level decrease in the river. This is completely 
different from other places around the world where rains at 
river high water levels season creates landslides. We consider 
that as a phenomenon of rapid drawdown that affects the bank, 
because of the water level decreases to an average of 12 
meters in a very short time [3].   
 
This rapid drawdown is interpreted as a process that increases 
the undrained deformation of the saturated zone in the 
affected banks. In other words, the reaction of the stability of 
the banks to the rapid movement when the water level 
decreases is similar to the response occurred in an open cut in 
which is produced a forced alleviation, due to material that 
previously was offered as lateral support and that was 
suddenly removed. In this case, as a consequence of the 
imbalance produced by the rapid drawdown of the river, there 
is water that remains within the porous structure of the soil,  
since its level does not decrease to the same speed that the 
water level (Fig. 4) This phenomenon causes an increase in 
the weight of the bank body, as in the pore pressure with the 
soil. This effect reduce the shearing strength of the soil, which, 
together with the effects of the river, causes the landslides (if 
it has not been possible to evacuate the water tricked within 
the soil of the bank). 
 

 
Fig, 4. Rapid drawdown when water level decrease 

5. LANDSLIDES CONTROL MEASURES 
The system of installed deep drainage is efficient and it has 
generated an adequate drainage during the critical stage of 
drawdown of the Amazon river in 1996, 1997 and 1998. In 
the better behavior area we put 31 horizontal drains of 
30.meters of length, spaced each 3 meters with a slope of 3o 
and diameter of 4". In the adjacent section we installed wells 
with radial drains that arrived to lengths understood between 
15 to 25 meters  
 
The measures analyzed indicate a small displacement in 
direction to the Amazon river in the stage of water level 
decrease, and backward displacement when the water level 
rose. The comparison of the results obtained demonstrate that 
the movements registered before have reduced considerably, 

probably due to the effective operation of the deep drainage 
system, and the additional effects produced by the 
sedimentation that originated due to movement of the 
riverbed of the Amazon river.  
 
The results of the final piezometrics measures indicate that, as 
a rule, the dissipation of the pore pressures in almost all cases 
has been effected in correspondence with the decrease and 
increase of the water level. So, we found a good behavior in 
the drainage system installed in the critical zones. The 
piezometers that were installed in the zone of the last 
landslide  from the beginning of their readings showed 
irregularities with respect to the dissipation of the accrued 
pore pressures after of the decrease of the river. It must be 
noted that in the location zone of these instruments was not 
practiced any deep drainage system or treatment for 
maintenance [5]. 

6. CONCLUSIONS 
The deep drainage system, installed in the studied area (by 
means of wells with radial drains as well as by horizontal 
drains) has contributed effectively in the stabilization of these 
banks, and the analysis of all the measures taken during the 
several months of work with the instruments, prove that there 
is a substantial improvement in the stability conditions of the 
platforms included in the study, conditions that can improve 
in the future due to more sedimentation that presumably could 
be produced in the place by effect of the change of the 
Amazons riverbed. 

The results shown in this paper provide a global vision of the 
stability problems of soils in the Peruvian wet tropic, 
generated by the changing morphology of the rivers that 
originate important risk situations in some cases, and 
increasingly growing stability in others that permits to 
establish the development of new behavior standards for the 
riverbanks of the  Peruvian Amazon that in the future can be 
predictable with certain aproximation considering their 
evolution in the geological time of hundreds of years, since 
now in certain areas it has already passed the danger, and 
maybe within 100 or more years, the problem return to be 
present and the safety factors of the banks decrease gradually 
until to become unstable and to produce large landslides as 
they occurred in sites and dates of study, considering finally 
that the Peruvian Amazon is located in a region of a very 
singular world in light of their geotechnical occurrences and 
of climate that create very difficult wet tropical soils to 
predict and handle in the construction of the earth works. 
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1. INTRODUCTION 
There has been a growing need for trenchless technology for 
the construction of various pipelines. This trend has been 
evidenced by its implementation in the installation of trunk 
sewers in Kuching, Sarawak. Sewer lines comprising of 
concrete pipes were installed using micro-tunnelling by 
pipe-jacking. This method was elected over conventional 
open trench methods due to the minimised socio-economic 
disruption and pollution. However, the technicalities of such 
tunnelling works required specialist expertise. During the 
jacking process, various components were necessary for the 
works to proceed. The capacity of the microtunnel boring 
machine (MTBM), the application of lubrication, the capacity 
of main jacks, the use of intermediate jacking stations, and the 
design of jacking pipes are constituents of the synchronous 
system for successful pipe-jacking. A key factor affecting the 
above components is the frictional jacking load. 

2. BACKGROUND 
Studies have been carried out to investigate the behaviour of 
jacking loads during the pipe-jacking process. Pioneering 
studies on pipe-jacking were carried out by researchers at 
Oxford University, U.K. Norris & Milligan [1] detailed drives 
entailing instrumented concrete jacked pipes were carried out. 
Instrumented pipes were outfitted with pore pressure probes, 
contact stress transducers, extensometers, and other 
monitoring equipment. Data on variations of normal stresses 
and pore pressures on the instrumented pipes provided 
valuable early insight into the effects of lubrication on jacking 

stresses [2, 3]. Pellet-Beaucour & Kastner [4] studied the 
influence of various parameters on the build-up of frictional 
forces for drives in varying soil conditions across France. The 
authors proposed two frictional force models in their analyses. 
Staheli [5] studied the behaviour of pipe-soil interface friction 
by conducting laboratory shear box tests. Sand specimens 
were applied normally on pipe crown segments of varying 
roughness. A similar test was carried out by Shou et al. [6], 
with the addition of lubrication. Interface frictional 
coefficients were derived from the shear box tests and 
verified using three-dimensional finite element modelling. 
The experiences and results reported by these researchers 
have been carefully reviewed and understood, so as to ensure 
that the methodologies reported in this paper are within 
acceptable conditions and practice. 

3. SHEAR BOX TESTING OF EXCAVATED SPOILS 

2.1 Direct shear test and geology 
Due to the weathered nature of the ‘young’ sedimentary and 
metamorphic rock of the Tuang Formation in the Kuching 
City area, intact and competent rock cores (≥100mm in 
length) are usually difficult to obtain during Soil 
Investigation works, thus making the strength parameters (c’ 
and φ’) for these weathered rocks rather elusive. Rock Quality 
Designation (RQD) may not be the best indication of rock 
strength as the values are usually zero or close to zero due to 
its friableness. However, this observation does not 
necessarily represent the in-situ strength of the rock mass as a 
whole. Hence, performing direct shear tests where excavation 
spoils  are  reconstituted   with  appropriate   confining   stress  
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during testing may be a worthwhile and feasible method.  
Direct shear test was conducted using the GeoComp 
ShearTrac-II direct shear system (Figure 1). The ShearTrac II 
system enables full automation of shear box testing. 
Automation of the test ensures repeatability of testing regime. 
 

 
Figure 1 ShearTrac II direct shear system 
 
Control of the ShearTrac II system is achieved through the 
use of the SHEAR software. Users are given control over the 
shear box testing regime by inputting the desired 
consolidation stresses and shear strain rates. Results from 
tests are generated regularly in terms of horizontal and 
vertical displacements, as well as shear stresses along the 
shear band. The ability of the user to obtain results at a 
high-resolution allows for close scrutiny of tests. The 
ShearTrac II system is also able to maintain the consolidation 
and confining pressures throughout the test, from the 
consolidation stage through to the shearing stage.  

 
 
 
 

2.2 Collection of excavated spoils 
Excavated spoils were collected from the slurry separation 
plant (also known as desander). The excavated spoils were 
transported from the MTBM face through suspension in a 
pressurized slurry transport system and discharged in the 
desander. The desander recycles the slurry through filtration 
and segregates the spoils from the slurry. The slurry is then 
pumped back through the slurry supply line, back to the TBM 
face. Figure 2 shows approximate chainages at which 
excavated spoils were collected for testing. 

2.3 Shearbox testing and results 
Test samples were prepared according to AS1289.6.2.2-1998 
[7]. Scalping of samples was carried out according to the 
allowances stated in the above-mentioned standard. The test 
samples consisted of grains passing the 2.36mm sieve, and 
retained by the 75μm sieve. Such scalping method has already 
been carried out by Bagherzadeh-Khalkhali & Mirghasemi 
[8]. Scalping was deemed necessary as preliminary shear box 
testing showed large fluctuations, particularly beyond the 
peak stress threshold. The consolidated drained shear box 
tests were conducted with samples placed in the reservoir 
filled with distilled water. Shearing was initially carried out at 
three confining pressures σ1, i.e. 170kPa, 180kPa, and 
190kPa. These were approximate in-situ stresses acting on the 
pipe. Two further sets of tests were conducted at confining 
pressures of 100kPa and 250kPa, for better data distribution 
when measuring the respective strength characteristics. 
 
Table 1 Results from shearbox testing on excavated spoils 

Sample 
number 

σ1  
(kPa) 

Peak strength 
characteristics 

Residual strength 
characteristics 

τpeak 
(kPa) 

ϕpeak 
(°) 

cpeak 
(kPa) 

τres  
(kPa) 

ϕ res  
(°) 

cres  
(kPa) 

Sample 1 

100 117 

36 49 

96 

28 37 
170 179 128 
180 171 128 
190 186 134 
250 227 178 

Sample 2 

100 183 

49 78 

112 

47 4 
170 282 201 
180 282 203 
190 282 204 
250 360 275 

 
Table 1 above tabulates the results from shear box tests on the 
spoils. Generally, higher confining pressures, σ1 resulted in 
larger shear strengths, τpeak and τres. Strength characteristics 
were interpreted according to the Mohr-Coulomb failure 
criterion. Sample 2 showed higher strength characteristics 
than Sample 1 at both peak and residual strains. This is 
attributed to the particle shapes of the respective samples, 
with Sample 2 exhibiting generally angular particles as 
compared to the rounded particles of Sample 1 (Figure 3). As 
expected, peak strength parameters were generally higher 
than the residual counterparts for both samples. This is 
particularly evident for Sample 1. For Sample 2, the decrease 
in strength from peak to residual states was significantly due 
to a loss of cohesion. There was minimal observed decrease in 
friction angle of Sample 2. The residual strength of the 
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Figure 2 Estimated locations where Sample 1 
(metagraywacke) and Sample 2 (sandstone) were 
collected as excavation spoils from slurry 
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samples is thought to mimic the excavation process better as 
the in-situ rock mass is expected to be crushed till failure by 
the roller cutter bits found at the face of the MTBM. Besides, 
the continuous jacking process involved in the installation of 
pipes is also analogous of a shearing process in large–strain 
condition. The test results obtained were subsequently 
utilized for the prediction of frictional jacking forces. 
 

  
Figure 3 (left) Sample 1 (spoils of metagraywacke); (right) 
Sample 2 (spoils ofsandstone) used for direct shear tests 

3. ANALYSIS OF FRICTIONAL JACKING FORCES 
In the pipe-jacking process, jacking forces comprise of soil 
pressures acting on the face of the MTBM and normal 
stresses accumulating along the outer peripheral surface of 
the pipeline. The frictional component nominally forms the 
major portion of the jacking loads as the pipe-soil contact area 
increases with jacking progress. 

3.1 Frictional jacking force equation 
Frictional forces have been the subject of much research. The 
work carried out by Pellet-Beaucour & Kastner [4] employed 
the model shown in Eq.(1), which is expressed as a function 
of vertical soil stress on the pipe crown, σEV as in Eq. (2). 
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L is the length of the pipe string, De is the outer diameter of 
pipe, γ is the soil unit weight of ground cover, h is the height 
of cover at the pipe crown, K is the coefficient of lateral soil 
pressure, δ is the angle of wall friction in the shear plane, b is 
the influencing width of soil above the pipe. μ is the 
coefficient of soil-pipe friction, expressed as 

δµ tan=  (3) 
Pellet-Beaucour & Kastner [4] suggested upper limit values δ 
= ϕ, and lower limit values of δ = ϕ⁄2 or ϕ⁄3 for soil-structure 
interaction calculations. They also reported values for b, δ 
and K by various organizations (Table 2). 
Staheli [5] and Pellet-Beaucour & Kastner [4] further 
reported the use of some values of friction coefficient, μ. 
These values were obtained from Stein et al. [9]. 

Table 2 Summary of various parameters for use with 
frictional model by Pellet-Beaucour & Kastner [4] 

b δ K 
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Table 3 Friction coefficient values for various friction 
states from Stein (as summarized in Ref. [4]) 

 Static 
friction 

Sliding 
friction 

Fluid friction 
(lubrication) 

Concrete on gravel 
or sand 0.5 – 0.6 0.3 – 0.4 

0.1 – 0.3 

Concrete on clay 0.3 – 0.4 0.2 – 0.3 
Asbestos or 
centrifuged 
concrete on gravel 
or sand 

0.3 – 0.4 0.2 – 0.3 

Asbestos or 
centrifuged 
concrete on clay 

0.2 – 0.3 0.1 – 0.2 

3.2 Case study for back-analysis 
A case study was considered for a drive negotiating through 
the geology of the Kuching inner city area. The pipeline lies 
embedded in rock, with the crown at a level 9.5m below 
ground surface. The 103m alignment of 1.2m diameter 
concrete pipes traversed metagraywacke (metamorphic) and 
sandstone synonymous with the Tuang formation. As 
reported by Tan [10], the metagraywacke encountered in the 
Tuang formation is characterised as weathered, with 
occurrences of quartz veins. This was consistent with findings 
from soil investigation works. Metagraywacke in the Tuang 
formation is often found interbedded with moderately 
weathered phyllite. 
The tunnel was excavated using an Iseki Unclemole Super 
TCS 1200. The closed-face MTBM had an outer diameter of 
1.472m, creating a theoretical overcut annulus of 19mm 
around jacking pipes of outer diameter 1.434m. As mentioned 
earlier, the MBTM used the slurry transport system for 
maintaining a stable tunnel face, as well as for the 
transportation of excavated spoils. A shield embodied the 
machinery in the MTBM, with a succeeding sleeve attached. 
The cutter face was outfitted with four roller cutters arranged 
on the face, and three roller cutters at the peripheral for 
formation of the overcut. 
Site data of measured jacking loads (Figure 4) from the earlier 
described site was used for benchmarking against predicted 
frictional forces. Site data could be generalised under two 
drive sections. The jacking forces within the initial drive 
portion (Section 1 – 0 to 60m) accumulated within a lower 
bound of 7kN/m and an upper bound of 12kN/m. The latter 
drive portion (Section 2 – 60m to 108m) exhibited gains in 
frictional loads of between 71kN/m (upper bound) and 
41kN/m (lower bound). The positions where the samples 
were collected from are entailed in Figure 4 below, including 
the respective shear box test results. 
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Figure 4 Back-analysed upper and lower bound jacking 
forces with respect to measured values including effect of 
stoppages in jacking in Section 2 only 
 
Using Eqs. (1), (2) & (3) together with the residual strength 
properties of the excavated spoils, the required frictional 
coefficients for back-analysis were determined and presented 
in Figure 4. 
The results were based on the Terzaghi set of parameters from 
Table 2. For the initial portion of the drive, the back-analysed 
frictional coefficients were 0.19 (lower-bound) and 0.21 
(upper-bound), while those for the latter portion of the drive 
were 0.30 (lower-bound) and 0.42 (upper-bound). With 
reference to Table 3, the lower-bound coefficients of friction 
lie within the range of values reported for lubricated drives. 
The upper-bound frictional coefficient lies beyond the range 
of acceptable values for lubricated drives. 

3.3 Effect of stoppage on jacking forces 
In Section 2 of the drive, the disparity between upper and 
lower bounds for the coefficients could be explained by the 
stoppages in jacking works. Jacking forces in this latter 
section have been segregated as shown in Figure 5, thus 
Figure 5 shows jacking forces associated with only on-going 
jacking works. Frictional coefficients for the lubricated 
Section 2 are seen to have reduced to 0.32 (lower-bound) and 
0.34 (upper-bound). These coefficient values were slightly 
above the upper limit of the corresponding values reported in 
Table 3 (under lubrication component). Figure 6 shows 
jacking forces, with forces attributed to stoppages presented 
for Section 2 of the drive. Frictional coefficients for Section 2 
are 0.36 (lower-bound) and 0.42 (upper-bound), which are 
generally higher as re-start of jacking works after periods of 
stoppages  are  known  to   induce   greater   static   frictional 

 
Figure 5 Back-analysed upper and lower bound jacking 
forces with respect to measured values, but with effect of 
stoppages excluded from Section 2 only 
 
resistance and effects of lubrication are usually mitigated at 
this initial stage of work. This is confirmed by the 
back-analysed coefficients, which are comparable to those for 
unlubricated sliding friction for concrete on gravel or sand as 
per Table 3. 

 
Figure 6 Back-analysed upper and lower bound jacking 
forces with respect to measured values, with only effect of 
stoppages in Section 2 only 

Sample 1 
ϕpeak = 36° 
cpeak = 49kPa 
 
ϕres = 28° 
cres = 37kPa Sample 2 

ϕpeak = 49° 
cpeak = 78kPa 
 
ϕres = 47° 
cres = 4kPa 
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Figure 8 Development of jacking force and elapsed time 
in relation to stoppages and volume of lubricant injected 
into tunnel overcut 
 
Figure 7 shows the ‘dynamic’ propagation of friction 
coefficients during different stages of work in the 

pipe-jacking process as had been described in detail earlier 
and interpreted from Figures 4, 5 and 6. 
Figure 8 illustrates the occurrences of extended stoppages, 
where sudden increments in jacking forces have been 
previously presented. These were not weekend stoppages as 
jacking was on-going through the weekends. Such stoppages 
in work could have been due to major maintenance works, 
possibly from the replacement of roller cutters. During such 
stoppages, lubricant injected into the overcut around the pipe 
peripheral could be lost through fissures in the surrounding 
geology as shown schematically in Figure 9.  
 

 
 
 
 
The pressure for lubricant injection would also be relieved, 
mitigating any buoyancy effect that may have reduced the 
frictional forces. The effect of loss of buoyancy supporting 
the weight of the pipe could result in higher pipe-soil contact 
area. There was an observed change of the lubricating regime 
in Section 2 of the drive, particularly upon the advent of the 
third major stoppage. This increase in the volume of lubricant 
(from 170 litres to 800 litres per metre run) was in reaction to 
the increased rate of frictional loads upon transition from 
Section 1 to Section 2 of the drive. However, this intensified 
effort had only been initiated after several spikes in the 
jacking load had been accrued. 

4. CONCLUSIONS 
This paper has highlighted the potential of using direct shear 
testing of excavation spoils to obtain residual strength values 
of geologically ‘young’ weathered rock to predict jacking 
forces. The main advantage of using reconstituted excavation 
spoils as specimens is the ability to obtain rock strength 
parameters which otherwise would be elusive as intact and 
competent rock cores (≥100mm in length) are usually 
difficult to obtain in such weathered and friable conditions. 
One of the main factors affecting the accuracy of the 
back-analysis of the lower and upper bound jacking forces is 
the ‘dynamic’ or fluctuation nature of the coefficients of 
friction as the pipes penetrate into differing geology within a 
similar drive and also due to its construction activity (whether 
jacking is on-going or stopped for maintenance). The 
back-analysed coefficient of friction seems to be also affected 
by the fact that whether the drive is fully or partially 

Jacking 
pipe 

Loss of lubricant 
into fissures 

Partial lubrication 
in overcut due to 
fissures 

Full lubrication in 
overcut  

0 0.2 0.3 0.4 0.5 0.6 0.1 

Fluid friction 
(lubrication) 

Concrete-clay 
(sliding) 

Concrete-clay 
(static) 

Concrete on 
gravel or sand 

(static) 

Concrete on 
gravel or sand 

(sliding) 

Section 1 (on-going) 
μ = 0.19 (lower) 

Section 1 (on-going) 
μ = 0.21 (upper) 

Section 2 (during jacking) 
μ = 0.32 (lower) 

Section 2 (during jacking) 
μ = 0.34 (upper) 

Section 2 (stoppages) 
μ = 0.36 (lower) 

Section 2 (stoppages) 
μ = 0.42 (upper) 

μ 

Figure 7 'Dynamic' behaviour of coefficient of friction 
during various stages of the pipe jacking process 

Figure 9 Schematic idealisation showing loss of 
lubrication through fissures in a rock mass 
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lubricated. Hence, soil-structure interaction is indeed an 
important consideration in any pipe-jacking work. 
Jacking forces have been observed to have increased during 
the re-start of jacking activities after periods of stoppages as 
more thrust is required to overcome static frictional resistance 
prior to the realisation of the positive benefits of lubrication. 
However, it is the intention of the Authors to carry out more 
tests to further verify the reliability of this method for a wider 
variety of local rock types, especially in geologically ‘young’ 
weathered rock. 
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1 CONCLUSION 
Soft soils are commonly tag  as ‘problematic’ due to its 
typical failure characteristic of having poor resistance to 
deformation, highly compressible, low shear strength, low 
permeability and limited bearing capacity [1]. Construction of 
any infrastructure over soft soils unsurprisingly causes the 
soil to undergo excessive settlements and possible bearing 
capacity failure. The common construction approach in soft 
soil is excavation and substitutes the soft soil with stronger 
and better quality materials. However, this effort will lead to 
uneconomical design due to the requirement of purchasing 
and transportation for large amount of good quality soil [2]. In 
such conditions, alteration of the weak properties of soft soil 
to meet the specified engineering requirement can be 
achieved by adopting soil stabilization. Soil stabilization can 
be defined as the permanent physical and chemical alteration 
of soils to enhance their physical properties. Stabilization can 
increase the shear strength of soil and control the shrink-swell 
properties of a soil, thus improving the load bearing capacity 
of a sub-grade to support pavements and foundations [3]. The 
techniques of soil stabilization can be classifies into a number 
of categories such as vibration, surcharge load, structural 
reinforcement improvement by structural fill, admixtures, 
grouting and etc. [4]. 
 

2 RESEARCH METHODOLOGY 
Hydrated lime Ca(OH)2 was used as the chemical additive 

for stabilization of this study. The quality and suitability of 
hydrated lime used has to be ensured before the stabilization 
process. Table 1 shows the soil properties and Table 2  

 
 

 

 
illustrates the chemical properties of the hydrated lime used in 
this study. A light storm given was reported to have occurred 
a day prior to sampling which influenced the moisture content 
as indicated in Table 1. 
 
Several physical properties testing were conducted on soil 
and hydrated lime in order to determine the suitability of 
these admixtures. It was also important to conduct these tests 
as a control set to compare the soil properties before and after 
soil stabilization. After verification of soil properties and 
suitability of the soil and lime admixtures, estimated lime 
content was added to the soil for stabilization.  
 

In this study, lime content of 7, 8, 9 and 10 percent by soil 
weight were used. Unconfined Compressive Strength test 
(UCS) and California Bearing Ratio test (CBR) were carried 
out on the 28 days air-cured samples to evaluate the 
effectiveness of lime stabilization with different 
concentration of lime solution. The Atterberg limit test and 
moisture content determination were then conducted as to 
investigate the effect of lime stabilization on plasticity 
behavior of the soil. 

 

2.1 Initial Consumption Lime 
A series of initial consumption lime tests (ICL) were 

carried out in which to determine the ICL value for the 
selected soil. The ICL value is indicating a minimum amount 
of lime required for soil modification in the early stage. 
Therefore, the lime used in the stabilization process is greater 
than the ICL value in order to establish soil stabilization. The 
ICL value was determined based on average pH of 12.4 in 
order to sustain the strength producing lime-soil pozzolanic 
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reactions. As a result, about 6% of lime was obtained from the 
test. 

 
Table 1 Properties of soil 

Physical properties  
Natural Moisture Content (%) before 
light storm 
Natural Moisture Content (%) after 
light storm 

32.78 
53.12 

Specific Gravity (Gs) 2.64 
Liquid Limit (%) 61.50 
Plastic Limit (%) 30.15 
Plasticity Index (%) 31.35 
Unconfined Compressive Strength 
(UCS) test (kPa) 
California Bearing ratio (CBR) (%) 
 

167.80 
 

10.08 

Particle size distribution  
Sand 
Silt 
Clay 
Clay activity (Ac) 
 

69.50 
16.70 
13.80 
2.27 

Soil Classification  
BSCS 
AASHTO 
 

SCH 
A-2-7 

 
 

Table 2 Chemical properties of hydrated lime 
Available Lime Content  
Ca(OH)2 85.71 
CaO 
 

64.86 

pH at corrected 25 ºC 
 

12.40 

 

2.2 Optimum Moisture Content 
Optimum moisture content determination is important as a 
condition to prepare a fully saturated condition for lime 
stabilization. The result of standard proctor compaction test is 
given in Table 4 and the compaction curves for various lime 
contents are plotted in Fig. 1.  
 

Table 4 Standard Proctor Compaction 
Lime Content  
(% of soil mass) 

Maximum Dry 
Density (Mg/m3) 

Optimum 
Moisture 
Content (%) 

Untreated 1.44 25.5 
7% 1.35 29.2 
8% 1.32 33.5 
9% 1.30 33.9 

10% 1.28 34.2 
 

 

 
Figure 1 Standard Proctor Compaction Curve 

 
 

As in Fig. 1, the compaction curves show that further 
addition of lime to the soil can decrease the dry density and at 
the same time increase the moisture content of the mixture. 
Moreover, the compaction curves move closer towards the 
zero air void line as the lime content is increased.   
 

3 RESULTS 
 

3.1 Unconfined Compressive Strength (UCS) 
Compressive strength of a soil is a significant factor to 

estimate the design criteria for the use as pavement and 
construction material. The result of the UCS test for the soil 
samples at different lime content are tabulated and shown in 
Fig. 2. The highest strength achieved is 1514.13 kPa with 9% 
of lime content cured for 28 days at room temperature of 27 ± 
2ºC. The reason for the strength development is due to the 
pozzolanic reactions between lime, water, soil silica, and 
alumina that form various cementing-type materials. The 
cementing products are calcium silicate hydrates and calcium 
aluminate hydrates which are the same hydrates formed 
during the hydration of Portland cement [6]. According to [7], 
the excessive lime can be detrimental in soil stabilization if 
the available silica in the soil is consumed. Fig. 2 shows the 
strength of soil-lime admixtures are considerably increased 
according to the increment of lime. Nevertheless, the 
compressive strength of the treated soil shows no further 
increase after optimum lime content was achieved. 
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Fig. 2 Unconfined Compressive Strength Test 

 
 

3.2 California Bearing Ratio (CBR) 
California Bearing Ratio (CBR) value is used as an index of 

soil strength and bearing capacity. It is a familiar indicator 
test used to evaluate the strength of soils which broadly 
applied in the design of the base and the sub-base material for 
pavement [8]. CBR test without soaking are conducted to 
characterize the strength and bearing capacity of the soil 
samples with different lime percentage compacted at 
optimum moisture content. Fig. 3 gives the summarized result 
of CBR value for the untreated and lime treated soil. The 
results of unsoaked CBR values for lime treated soil indicated 
that the highest CBR of 92.19 % is observed at 9% lime 
stabilization. The CBR values are increasing as the lime 
percentage is increasing up to 9% and thereafter the CBR 
values started to reduce. Thus, lime stabilization is 
recommended at 9 % lime content. 
 

 
Fig. 3 California Bearing Ratio 

 
The improvement of a cohesive material using hydrated 

lime changes the clay properties in plasticity index [9]. 
Atterberg limit test are conducted for lime treated soil as to 
compare the variation and differences with the untreated soil. 
Fig. 4 summarized the effect of the addition of lime on the 
plasticity of the soil sample. From the results, it is clearly 
shown that the addition of lime to the soil increases the plastic 
limit however decreases the liquid limit and linear shrinkage 

of the soil sample, which results in a significant reduction in 
the plasticity index. This reduction in plasticity index means a 
marked increase in workability. The effect of lime on liquid 
limit is much less marked compared to the plastic limit. As 
indicated by Fig. 4, addition of 7 % of lime content increases 
18.23 % of plastic limit while the liquid limit only decreases 
by 1.91%. 
 

 
Fig.4 Influence of the Addition of Lime on Atterberg Limit 

 

Fig. 5 presents the reduction of water moisture content of the 
untreated and lime treated soil after 28 days air-cured at room 
temperature of 27 ± 2ºC. From the result, the moisture content 
of the soil reduced 14 % at the lime content of 10 %. It shows 
that drying occurs only through the chemical changes in the 
soil that reduce the soil moisture holding capacity and 
increase its stability as for hydrated lime [10]. 
 
 

 
Fig. 5 Moisture Reduction of Lime Treated Soil 
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4 CONCLUSION 
In this study, it was found that the 28 days air-cured lime-soil 
admixtures contributed the highest strength at 1514.13 kPa 
with 9% of lime content. In addition, the unsoaked CBR 
values for lime treated soil also indicated the highest CBR of 
92.19 % at the same value of lime content.  Besides, there is 
no further increase of strength after the stabilization reaching 
9% of lime content. Therefore, the optimum concentration of 
lime used in this study is 9% of lime by weight of the soil.  
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     ABSTRACT: The paper contains a new solution of  the complex pile foundation including 

the base, made in the ground, and  the joining piles the base with the girt. This kind of  piles can 
be used for foundation under special geological conditions (proglacial stream valleys) for foundation  
reinforcement of the existing buildings and new foundations. The proposed solution may be applied 
in the swelling soils. . In the work possibilities of execution of joining  piles in different soils like 
fine sands, silts, clays, clay shale, sandstones, which can be foundation for the pales, have been 
considered. Application of the joining pile on swelling soils. 

 
 
    1 INTRODUCTION  
 
     So-called joining piles   represent a new idea 

of piling where the basic part of the pile 
(the base of the high-diameter pile) is located 
at the depth of the foundation occurrence.   
Depending on the ground conditions, in many 
pile structures the basic part of loading 
is carried by the pile base. The joining pile 
is an example of such piles. It is a combined 
foundation including the base made 
in the soil, and the post elements (a bundle 
of piles or micropiles) joining the base with 
the girt (see Fig.1).  

     Loading conveyance from the building object 
to the carrying ground zone takes place 
through the bundle of piles (posts) joined 
at the base with the solid of a big projection 
zone and volume. The solid is formed 
of the hardened soil-concrete generated from 
the deposited aggregate or the degraded rock 
with injections cement grout. Such a pile 
allows to distribute loading on a large 
surface; in a consequence load intensity 
becomes lower. It also allows to make a base 
increasing load capacity of the bundle 

of piles for improvement of soil capacity 
of the existing foundations located 
on the grounds of low load capacity and 
on swelling ground. In many cases, direct 
capacity of the considered pile can 
be compared with high-diameter piles  
because of their  base surfaces. 
The considered solution is very cheap 
and its realization does not require heavy 
equipment at the building site. It also 
eliminates a widely applied „forest” 
of prefabricated piles joined with a plate 
requiring much more reinforcement than 
beams joining the joining piles.  

       The joining pile is characterized 
by great ability to transfer horizontal loads, 
very important in bridge and industrial 
building (chimneys etc.).  It can be also 
applied as the anchor pile in small buildings. 
The considered piles are used for increase 
of capacity of the existing foundations 
in the case of a superstructure 
and deterioration of geotechnical parameters 
of the base.  

       The discussed way of foundation was 
realized in the soils where a layer of gravel-
sand soils occurred below the layers non-
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transferring loads. In such layers the pile base 
can be made with cement paste injection. 
Such geological conditions usually exist near 
proglacial valleys and valleys where there 
are interbeddings of aggradate mud, peat, soft 
plastic silts clay, dust especially sensitive 
to changes of humidity occurring e.g. while 
flood states 

 

             

                                                    

Fig. 1. A scheme of foundation reinforced with a 
bundle of piles joined by concrete base 

 

     In the cases realized so far, the pile bases 
were made in the gravel layer occurring 
at the depth of about 5 m below the site 
by means of an injection of cement paste.  
Such injection was performed through 
the holes in a bundle containing e.g. four 
posts (prefabricated piles with the holes 
inside).  

     There is another advantage of joining piles: 
they can be used at expansive soils. Such 
piles have relatively very small  lateral 
surface. Moreover, it allows to transfer some 
forces from swelling through anchors located 
in the holes used for injections. Foundation 
on traditional piles in swelling soils 
transferring loadings to non-swelling layers 
does not protect the structures against 
the swelling effects because of swelling 
influence on lateral surfaces of the piles. The 
joining pile is a verified solution 
for foundation reinforcement in the existing 
buildings, it can be applied for foundation 
capacity increase in dangerous situations, 
also in the case of new solutions 
of intermediate foundations[7].   
The calculations included possibilities 
of deviations in post elements 
with unintendend eccentricity of longitudinal 
force applying. For calculations parameters 
of the stratified base were assumed,  because 
such base usually occurs in proglacial 
valleys.  The base joining post elements can 
be done only under the condition of existence 
of suitable layer. Thus, the proposed idea can 
be realized only in proglacial valleys[6].  

Application of the joining piles under 
different conditions has been considered. 
Namely, it concerns the conditions where 
there is no layer of non-cohesive soil, 
and at the level of pile foundation there 
are shale clays, shales, sandstones, fine 
sands, silts, clays etc., being a base for 
the element joining the pile heads. It seems 
be possible to make an empty space 
necessary for generation of the pile base 
by explosion of an explosive material. 
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The formed volumes could be filled 
with cement grout[8].   

       In the considered solution, explosive 
materials are used while pile manufacturing. 
Ammonium saltpetre and potassic saltpetre 
are the proposed explosive materials, 
comparable amounts of trinitrotoluene are 
also considered. A possibility of such 
solution can be proved by an example from 
Shanghai, China. Ground anchors were 
located under the object of relatively large 
area . That object contains two underground 
storeys, and soft plastic swelling clays occur 
at the foundation level. The object is located 
on the plate mounted by means of 1100 
anchors 9 meters in length with a widened 
base. A necessary volume for the widened 
base of the anchor was obtained by means 
of explosion of the explosive material. 
In such a way, an empty area of a small 
diameter was obtained  at a proper depth 
in a soft rock. The area was filled with 
concrete. Ammonium saltpetre and potassic 
saltpetre were applied as explosive materials, 
and suitable detonators were used – 
application of professional procedures could 
eliminate accidents. Vibration and noise 
generating while explosion were less than 
permissible ones. Effects of explosion and 
generated shocks were analyzed. Noise 
measurements done in situ while explosions 
showed from 112 to 116 decibels.   

    In opinion of the scientists from China, 
the presented solution is a new method 
of foundation anchorage at expansive soils. 
The applied method of manufacturing 
is reliable and very good from 
the economical point of view, and it should 
be disseminated – the proposed design 
is safe, relatively cheap and its realization 
is easy[1]. 

     In the case of soft rocks at the level 
of pile location, it is also possible to make 
a head of soils occurring above the eluvia 
of soft rocks widely assumed as non-carrying 
subsoil.  The  author analyses 
the possibilities of utilization of earlier  
investigations  of application of the pales 

joining in cohesive soils and the soft rocks. 
For many pile constructions weathering 
is the foundation strata and it is very complex 
to learn its properties and geotechnical 
parameters considering the difficulty 
of taking samples of undisturbed structure 
and the depth which weathering occupies. 
The researches , given in the early papers , 
can be accepted as model ones 
in the estimation of geotechnical parameters 
of weathering which is very often 
the foundation strata for pile constructions 
[3,4,]. The obtained results of the researches 
of the  marl eluvium are ones of the standard 
laboratory tests of debris with disturbed 
structure, made successively , and also 
of model testing made on the samples 
of weathering with the smallest fractions 
of simulated variations of  moisture -content 
approximated to those occurring 
in the deposit. The papers presented 
the results of non-typical investigations“ 
in situ ‘’ to with the role of a verifier 
of numerical values of geotechnical 
characteristics has been attributed [5,10,]. 
They allow to determine the optimum 
bearing capacity of piles which brings about 
the possibility of the reduction of their 
number and greater safety of designed 
constructions. The determination of piles 
bearing capacity is based on test loads [2,9]. 

 
2  THE  COMPLEX PILE 

MANUFACTIURING  FOR NEW 
OBJECTS 

     In case of many pile solutions (high-diameter 
piles) the fundamental part of loadings 
is transferred by the pile base. The base 
manufacturing requires high-diameter bore-
holes made by means of heavy equipment. 
Such piles are rather expensive. In such 
cases, the joining pile can be an alternate 
solution.  In case of such a pile, at least three 
prefabricated piles are introduced 
in a traditional way (by means of a vibrating 
hammer or a pile driver) at the depth 
of occurrence of the water bearing layer 
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containing coarse sands and gravel 
on the surface  of min. 0.5m2. Next, injection  
is performed by the axial holes in piles, 
at least 20 in diameter; where the binding 
medium (for example cement grout) 
is introduced under pressure 3 – 150 bars. 
While injection into the first hole, 
the moment of occurrence of cement grout 
in the hole of the alternate pile is determined, 
and injection pressure treated as preliminary 
pressure is registered. . 

    The pile base formed after injection 
and cement grout binding, joined by piles 
with the girt (the plate the joining pile heads) 
is a complex pile foundation. For example, 
the joining pile manufactured by introduction 
of four prefabricated piles of dimensions 
80 x 80 and the spacing about 80 cm forms 
after injection the base joining pile heads 
of a diameter comparable with the high-
diameter pile 180 cm in diameter.  

   

 

Fig 2.  The computer simulation of the joining 
pale  

 

    3  APPLICATION OF THE PILE ON 
SWELLING SOILS 

       Usability of the pile  joining  
on the expansive soils is its important 
advantage. Conventional piles located 
in swelling soils transfer loadings to non-
swelling layers, but they do not protect 
the structure against effects of swelling 
because of action of forces from swelling 
on lateral surfaces of piles.  The joining pile 
has a relatively small lateral surface. 
Moreover, it allows to transfer some forces 
from swelling through anchors located 
in the holes for injections, diameters of which 
can be enlarged. This solution was 
successfully applied in two constructions.  

      Swelling soils are present on many areas 
of the hot and temperate zones, also in many 
enclaves of soils and rock eluvia containing  
minerals belonging to the groups 
of montmorillonite, illite etc. Identification 
of swelling ability and methods 
of its investigations were described 
in [11,13]. Losses caused by soil swelling 
in building industry are comparable to losses 
caused by environment.  

     In the case of swelling soils, the system 
of piles or micropiles with the base 
joining their heads plays the role 
of the anchoring pile. After the injection, 
the anchors made of steel ribbed bars 
are introduced through the holes 
at the depth providing a proper 
anchorage. The fronts of the piles 
are bonded with the foundation masonry 
or the structural post by the steel girts.  

       In the case of unfavourable soil 
and water conditions above the base, 
the micropiles are made by forcing the pipe 
into the base. At the pipe front there is a taper 
with a hole for injection. When a proper 
depth is obtained, injections of the hardening 
medium are performed into the base, next 
the pipe with the taper is removed. Concrete 
mix is introduced into the existing hole, 
and the micropiles are formed.  
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     4 JOINING PILES MANUFACTURING 
WHILE INCREASE OF LOAD-
CAPACITY OF THE   EXISTING 
FOUNDATIONS                                                                           

      In future it will be possible to apply 
the considered piles in modernized objects 
made of brick. It is proposed to make the 
joining   piles with the simultaneous 
introduction of the beams made of steel 
profiles into the masonry. The beams could 
transfer loadings from the masonry to the 
posts-piles. If a frogged storey  must 
be made, the piles could be built over. How 
to make such piles when load capacity 
of the existing foundations is increased. Here 
is an example.  As an example cracks 
occurred on the walls and floor cellars at the 
final phase of the major  overhaul of the 
building. Cracks occurred on the walls at the 
final phase of the adaptation repair of the 
building. Also non-uniform deformations 
caused by ground settlement under a part of 
the building, and the ground swelling were 
registered. It is caused by vertical cracks on 
the walls in the cellar in eighteen  reinforced 
concrete cores. The supporting structure of 
the higher storeys included reinforced 
concrete frames, combined as a monolith in 
reinforced concrete  finials of the ceilings of 
channel plates. After 25 years later of 
operating, the internal walls were damaged. 
During adaptation works the walls were 
replaced by new ones. The substrate below 
the building should be consolidated after so 
long time, and according to the geodetic 
measurements results a part of the object was 
settling, and another part was period rising.    

     Particular layers of the substrate were tested 
very precisely. All the tests proved 
a complicated structure of the ground below 
the building. The soil cooperating 
with the foundations below all the house 
is and it will remain the active substrate 
with variable geotechnical parameters 
because of swelling, mineralization of 
organic parts of the soils occurring above the 
variable level of the underground water. 

Under the foundation of the considered 
building, the heads were made – they joined 
the pile bases made by injection  in the gravel 
layer occurred at the depth about 5 m.  

     Injection of cement grout was done 
by the holes occurring in the bundle of four 
posts (prefabricated interval piles φ150 mm 
and with the internal holes φ42 mm 
and length  140 cm). .The prefabricated 
bundle of piles with the base was made under 
particular cores (hidden posts) 
in the foundation masonry every 3.0 m under 
posts of reinforced concrete frames. Such a 
high-diameter pile under each of 54 posts 
of the reinforced concrete frames  allows to 
join a bundle of 4 posts with the cores by 
means of a steel girt (2 piles at each side). 
The girt is an angle bar reinforced in three 
points and joined with the post by means of 4 
bolts φ50mm. . 

     Since swelling properties of the soils 
occurring along the posts (prefabricated 
piles) are variable, the piles play 
an additional role of the anchoring piles. . 

     After injections, the bars made of  ribbed 
steel, 20-40 mm in diameter, were introduced 
into the holes inside the pile to the length 
greater than 40 diameters. Injection 
was performed under pressure depending 
on density of the layer of coarse sands 
and gravel occurring in the subbase.  

     The joining pile should contain at least 
4 prefabricated piles allowing to make 
a symmetric injected  part of the pile. 
The prefabricated piles are introduced 
at the established depth.  Assembly 
was realized according to requirement 
of the adapted building. The prefabricated 
piles are interval piles of φ150 mm – 
it is the maximum diameter of the drill 
applied for hole drilling.  The ready holes 
were checked at the building site.  

     Introduction of the prefabricated element 
is preceded by making a hole φ150mm 
in the soil by means  

     of the tapered point chisel (see Fig.1. 3).   
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Fig 3.  Diagram of the micropile introduction 

      In this order, the assembly girt is mounted 
on the foundation masonry at the height 
dependent on the servo-motor 
and the element length.  Next, the point chisel 
was forced into the hole. 

     The  reinforced concrete  post elements 
were introduced into the hole by means 
of the same hydraulic servo-motor. The 
main hole is made to the required depth 
by means of joined sections of thick-
walled tubes ~φ100 - 140 mm, joined 
with the tapered point chisel which 
allows to make a preliminary hole where 
the pile is introduced.  When the taper 
is introduced to the required depth, 
the point chisel is removed by means 
of the hydraulic servo-motor. According 
to measurement of pressure, the force 
of the point chisel introduction was about  
80kN. 

     Application of the considered piles does 
not require special equipment for earth work, 
especially in the case of increase of load 
capacity of the existing foundations 
on the soils of low load capacity 
and on the swelling soils.  

    The load transfer from the building object 
to the carrying soil zone through 
the bundle of micropiles joined 
at the base by a block of a big projection 
surface formed by cement grout allows 
to distribute the load into a large surface, 

and in a consequence load intensity can 
be reduced. This method is much more 
efficient than other well-known and 
widely applied  methods  of increase of 
the soil load capacity.                                                                           
The connection butt-end micropiles it 
was how on Figure. 

 

  
  

 5  CONCLUSIONS 

 
1. The planned  works lead to the complex 

analysis of the presented problems and they 
should insist in tests in situ, model tests, 
numerical calculations. Determination 
of the injected zone of ground concrete is 
also provided.  Determination of injection 
parameters in fluvioglacial soils is also a very 
important problem.  

2. Application of the joining  piles seems 
to be advantageous as compared 
with foundation of new objects on the high-
diameter piles. Such piles are very expensive, 
and their manufacturing requires heavy 
boring rigs and much time, also application 
of special equipment.   . 

3. Application of the joining piles does 
not require special equipment for earth 
works, especially in the case of increase 
of load capacity of the existing foundations 
at the soils of low capacity and swelling soils.   

4.  A possibility of application of the joining pile 
at swelling soils is its very important 
advantage. Traditional piles applied 
at swelling soils can transfer loadings to non-
swelling soils, but they do not protect 
the structure against the swelling effects 
since swelling acts on the lateral surfaces of 
the piles.  
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ABSTRACT 
 
    Large superstructures such as tall buildings, important structures and bridges sometimes are founded on fluvial 
and alluvial soil deposits. The pile supported structures response subjected to earthquake events strongly affected by 
the dynamic behavior of the soil-pile interaction (SPI). The destruction of the pile-supported superstructures has 
raised the attention to the SSI underlying concerns. In this paper, an attempt is made to evaluate the influences of the 
laterally seismic excitations on the lateral response of flexible piles owing to the kinematic and the inertial 
interaction in the SPI. In the present approach, the nonlinear beam on Winkler foundation (BNWF) is incorporated 
into a finite element analyses program to calculate the piles response. The static p-y curves are implemented to 
simulate the soil reactions within the frame of Winkler method. The material damping was included in this method. 
The results obtained of the equivalent linear method of the site response analyses are utilized as the input motions.  
The computed responses have been shown that this approach can be used for estimating the soil-pile interaction 
effects on the system seismic behavior. 
 
Keywords: Soil-Pile Interaction, BNWF, Seismic Parameters, p-y Curve, Earthquake 
 
 
1.  INTRODUCTION 
 
  Significant damages of superstructures supported 
by deep foundations from major earthquakes (e.g. 
Cairo Earthquake, 1992; Loma Prieta 
Earthquake,1989; Alaska Earthquake,1964) have 
raised concerns of approaches implemented for the 
design of the deep foundations. As this complex 
phenomenon has received considerable attention [1-
2].In the past, the seismic motions have been used as 
the input ground motion at the base of the 
superstructure without considering the site effects 
and the soil-pile interaction.  
  The soil-pile-superstructure interaction (SPSI) is 
included of the two sources: Inertia and Kinematic 
Interaction. The kinematic interaction is due to the 
presence of pile foundation on or in the ground 
surface that causes the ground motions deviate from 
free-field notions[3]. Inertia interaction is due to the 
kinematic interaction transmitted to the 
superstructure. 

  
 Based on these observations, the several methods 
have been developed to evaluate the seismic 
parameters of structure with considering of the soil-
pile interaction such as finite element method 
(FEM)[4-5], boundary element method (BEM)[6-7], 
beam on nonlinear Winkler Foundation (BNWF) 
and simplified method. It is mentionable although 
FEM and BEM provide the powerful tools to verify 
the seismic behavior so that the soil is considered as 
the continuum medium but they are not commonly 
owing to the excessive computational costs used. 
Among these foregoing approaches, the BNWF is 
widely used in the design offices [8-9] because it is 
a versatile and economical method.  
  A BNWF analysis of the soil-pile-structure 
interaction is performed in the current paper to 
verify the seismic behavior of the superstructure 
using the general finite element analysis software. 
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2. SPSI   ANALYSIS WITH BNWF  

    BNWF approach is a simplified method that has 
been an old popular and widely used in professional 
design offices due to computationally time saving 
and accurate. The Winkler’ foundation assumptions 
are implemented in the Beam on Nonlinear Winkler 
Foundation (BNWF) method. The main assumption 
of this method is that the displacement of the each 
layer of soil profile is without dependence on the 
responses adjacent layers and consequently the 
shear stress between soil layers is ignored. The 
layered soil deposit can be estimated by this 
approach because the soil properties are allocated to 
determine the soil stiffness at the each level. In 
addition, the energy dissipation is considered 
through the material and the radiation damping. The 
Soil-Pile behavior can be modeled nonlinearity and 
linearity based on solutions envisaged in the time 
and the frequency domain. Moreover, the 
nonlinearity soil behavior, the radiation damping, 
the hysteretic damping and gapping can be 
considered in BNWF models. 
  As Fig.1 shown, in this method, the pile is discrete 
to a number of elastic finite beam-column segments 
so that the pile mass is modeled as the lumped mass 
in the nodal location. Each nodal is connected to the 
mechanical elements to represent the soil 
characteristics. Based on this simulation, the soil 
stiffness and the damping are simulated using spring 
(linear or non-linear) and the damper (radiation and 
material damping). The springs and dashpots are 
connected to nodal locations. There are several 
methods for calculation of the spring coefficients 
such as the p-y curves recommended by American 
Petroleum Institute (API). El Naggar et al. [8] used 
the static p-y curves recommended by O’Neill and 
Murchison [10] and Matlock [11] in sand and 
clay(Fig.2). 
  The variation of the soil parameters affect on the 
bending moment of the pile (Khari,ISFEHAN). As 
regard, the kinematic bending moment at the 
interface is affected by the soil nonlinearity behavior 
and the frequency content of the seismic motion 
even in absence superstructure. 
  Modeling radiation damping (represent energy loss 
due to wave propagation away) is obviously an 
important component of the soil-pile-superstructure 
interaction analysis so that it is most important in 
the far field. Gazetas and Dobry[12] developed a 
plane-strain model for the radiation damping of the 
soil. Based on their research, The radiation-damping 
coefficient can be calculated using the following 
equations: 

 

 
 

 
 

Fig.1: Schematic view of the proposed model 

  z>2.5b                                                               (2.7)         
    Cr=4BρsVs [1+ (3.4/ π(1-ν )5/4](π/4)0.75a-0.25      
  
 z≤2.5b                                                                (2.8)                
     Cr=8BρsVs(π/4)0.75a-0.25         

               
 Where ρs and Vs are the density and the shear wave 
velocity of the soil, respectively; a is the 
dimensionless frequency factor (a=2πfB/Vs  ; B=pile 
radius). 
  Material damping of the soil should be taken into 
account when the p-y curves are computed based on 
the backbone curve of a secant modulus approach. 
The material dashpot coefficient can be determined 
by the evaluation of hysteretic damping ratio (β) of 
the soil [13].  

3. METHODOLOGY AND NUMERICAL 
ANALYSIS 

  To model of the soil-pile-structure interaction of 
above mentioned, ANSYS code a general-purpose 
finite element analysis software was performed. To 
evaluate the seismic behavior of the superstructure a 
transient analysis was implemented under the 
dynamic loading shown in Fig.3. A group 3x3 of 
steel piles (diameter=670mm; thickness=19mm) 
was considered in this study. Each row of this group 
was simulated to a equal pile with the similar 
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stiffness.  The pile was divided into 13 elastoplastic 
elements  

 
 

Fig.2: Characteristic shape of p-y curves; 
 (1) sand (2) soft clay (3) stiff clay 

 
of “PIPE20” from elements library of above 
software. Mass of each part of the pile divided was 
lumped at the nodal location using of point element 
of “MASS21”. Also, each nodal was connected with 
a set of the nonlinear spring and the dashpots in 
parallel on each side of the pile. The soil stiffness 
was modeled using the nonlinear spring of 
“COMBIN39”.Newmark and full Newton-Raphson 
method were used to solve the non-linear equations 
in the software with amplitude decay factor of 0.005 
and to equilibrium convergence, respectively. 
  The input motion was determined at the pile tip 
level using the site response analysis. For this 
reason, the nonlinear site response analysis (NERA) 

was selected owing to the dynamic parameters of 
the soil and the intensity of the seismic excitation.    
 

.  

 
 
 
Figure 3- Acceleration time histories and response 

spectra at the bedrock roof 
 
  The soil profile proposed in the current paper, was 
included of the two horizontal layers of sand and 
clay. The upper layer was reconstituted clay(γ=6.68 
kN/m3), 6.39 m thick with the plasticity index and 
the liquid limit equal to 48% and 80%, respectively. 
The lower layer was the sand with 11.1 m thick and 
the dry density of 1.66 Mg/m3, D50 of 15 mm and 
Cu of 1.5. a mass lumped (49100 kg) was attached at 
3.8m above the ground surface.  

4. ANALYSIS RESULTS COMPUTED 

  To evaluate the seismic response of the structure, 
the acceleration and the displacement time histories 
of the structure and the pile kinematic bending 
moment within different soil layers can be 
considered. Based on suggestions of some building 
codes, the time histories recorded are directly 
entered into the fixed base of the structure without 
considering the soit effects and the soil-pile 
interaction on the time histories recorded. As Fig.4 
shown, this suggestion can not be used in the design 
and the evaluate of the dynamic response because 
the influences of the soil dynamic parameters and 



482 
 

the kinematic interaction are ignored because the 
value of the peak acceleration is difference with and 
without the site conditions. 
 
 

 
 

Fig.4: Acc. Time histories at 
 the fixed based structure 

 
   the fundamental frequency of the fixed base 
structure and the system based on the modal 
analysis were equal to 1.94 Hz and 1.32 Hz in the 
first mode as the predominate mode, respectively. 
However, the natural frequency of the soil deposit 
was calculated based on the one-dimensional wave 
equation 0.78 Hz. These frequencies illustrate that 
the soil deposit effects play a very important rule in 
the interaction. 
The acceleration and the displacement time histories 
at the three locations of the system are shown in 
Figs.5-6, respectively. A range of material damping 
ratios (0%, 5%, 10%) for the pile segments were 
considered in the numerical dynamic response. As 
regards the figures illustrated, with the increase of 
the material damping of the pile, the peak 
accelerations were decreased.  
The frequency content was decreased at the different 
levels. So that, the time histories calculated at the 
below ground level shows the maximum content. 
Also, the maximum acceleration was decreased 
along the system height that it can be owing to the 
energy dissipation.   
The maximum accelerations at the structure level 
were 0.0042g and 0.21g with note to the Fig.4 and 
Fig.5(1), respectively. It indicates the soil-pile 
interaction has the remarkable effects. In additional, 
the Fig. 5(1) shows that the existing of the damping 
affect the seismic responses but it is clear that its 
effectives is more less when the value of the 
material damping increase.   
 

 
 

 

 
 

Fig.5: Acc. Time histories with damping 
 (1) the structure level (2) the pile cap level 

 (3) the below ground  level  
 
The influence of the material damping of the pile 
segments were more effect on the movement of the 
system. As Fig.6 shown, the displacement time 
histories are more different for the damping 5% and 
10%. Point remarkable in this Fig. can be stated that 
the peak displacement are occurred in the higher 
time. The values of the maximum displacements at 
the pile cap and the structure level are not 
noteworthy. 
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Fig.6: Dis. Time histories with damping 
 (1) the structure level (2)  the pile cap level 

 (3)  the below ground level  

5. CONCLUSION 

The influence of the soil-pile interaction (so-called 
kinematic interaction) on the seismic response of the 
structure was investigated in the current paper. A 
BNWF method was developed so that the soil 
stiffness and the damping (radiation and material) 
were considered. A range of the material damping of 
the pile segments were carried out. The results of 
this paper are applicable to linear structure and the 

equivalent linear soil. Several aspects will affect the 
accuracy of the analysis such as the static p-y curve 
used to simulate the soil stiffness, not considering of 
the soil stiffness degradation, and decay factor in 
Newmark method. The results show that the peak 
acceleration is varied under the kinematic 
interaction. In additional, the material damping of 
the pile is more effective on the displacement time 
histories. However, the intensity of the seismic 
motion should be considered in this model.   
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1. INTRODUCTION 
Land scarcity near existing urban areas due to fast 
development and urbanization, often necessitates the use of 
some sites in which soil has low quality (such as soft clays). 
In this condition, the soil may be unsuitable for short or 
long-term construction activities. Hence, the soil properties 
must be improved. 
 

 

 
Fig. 1. Failure surface assumed by Barksdale and 

Bachus(1983) 
 

 
 
 
 
Several methods have been presented for soil improvement 
such as dewatering, compaction, preloading, grouting, deep 
mixing, stone columns, deep densification and soil  
reinforcement. Many of these techniques have been used for 
many years. The use of stone columns as a technique of soil  
reinforcement is frequently implemented in soft cohesive soil. 
Use of stone columns leads to increase in bearing capacity 
accompanied by significant reduction in settlement Using 
granular, freely drained material in stone columns, 
consolidation settlement is accelerated, and post construction 
settlement is minimized. 
Theoretical, experimental and field study on behavior of 
stone columns have been investigated in last decades. Hughes 
and Withers (1974) performed pioneering laboratory studies 
of sand columns within a cylindrical chamber containing 
clay. They used radiography to track the deformations 
occurring within and outside the column. They found that 
confining pressure of stone columns represented the 
measured column behavior very well. As a result of their 
researchs, they proposed the ultimate vertical stress (q) as a 
function of lateral effective stress of stone column. Barksdale 
and Bachus (1983) assumed a straight rupture surface for soil 
improved by group of stone columns, beneath the foundation. 
Their assumption made a triangular failure block, as shown in 
Fig. 1. They proposed ultimate bearing capacity of improved 
soil, considering straight failure surface.  
Priebe (1995) considered the effect of compressibility of the 
column material and the overburden. He developed design 
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ABSTRACT 
 
In recent years, stone columns have been widely used to increase load bearing capacity as well as settlement reduction 
of soft soils. 2D finite element methods are usually used for analysis of load-displacement in the soil reinforced by stone 
columns. Plain strain modeling of stone columns is frequently carried out by idealization of equivalent continuous stone 
strips. This might result in changing the failure modes of stone columns. For instance, bulging failure mode, one of the 
important failure modes in stone columns, is neglected in the stiff axe of equivalent stone strip. The usual method is 
used for defining the equivalent stone strip, does not consider the failure mode variations. In this paper a new method is 
purposed for 2D modeling of stone columns. Plaxis 2D is used and the analysis is carried out considering various 
diameters and spacing of stone columns. Floated and rigid based stone columns have been studied applying the 
proposed method. Comparing the results with those obtained by 3D modeling analysis shows the accuracy of the 
proposed method. 
 
Keywords: Stone Columns, Finite element, Plain Strain, Equivalent Stone Strip 

Investigation on Finite Element Modeling of Group of Stone 
Columns 
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charts to calculate the settlement of single and strip footing 
reinforced by a limit number of stone columns.  
Finite element method is recently used to determine the 
settlement of a soil improved by group of stone columns. 
Plaxis is a common Finite element package used for 
settlement determination. Results obtained by finite element 
modeling Plaxis have been verified with those obtained by 
empirical and field studies in several past studies. For 
example Ambily and Gandhi (2004) studied a laboratory 
model of single stone column in soil. In a case of static 
loading, they validated numerical results obtained by plaxis 
with the experimental results obtained by laboratory model. 
Barksdale and Bachus (1983) proposed idealized stone strip 
method to model group of stone columns as a plain strain 
situation. Idealized stone strip is shown in fig. 2.  

 
Fig. 2. Stone Column strip idealization presented by 

Barksdale and Bachus (1983) 
 

In this paper a new method is purposed for 2D modeling of 
stone columns. Plaxis 2D is used and the analysis is carried 
out considering various diameters and spacing of stone 
columns. The results are compared with those obtained by 3D 
modeling analysis. 
 
2. Modeling and analysis 
In order to study on the finite element modeling of stone 
columns plaxis package is used in this paper. Plaxis package 
is one of the most prominent software’s are operate with the 
finite element theoretical base. Plaxis package is widely used 
for stone columns modeling in the practical projects. Plaxis 
2D, version 8.2 is used in this paper and the results are 
compared with palxis 3D, version 1.1 in order to define more 
accurate method for 2D modeling of stone columns. 
 
3. Validation of plaxis 3D 
(PLAXIS 3D) is validated by modeling of a stone column over 
axial loading based on load test carried out by Thompson et al. 
(2009). The subsurface profile at the project site consists of soft, 
nonuniform clay classifying as sandy lean clay (CL) to a depthof 
approximately 4 to 5 m. Groundwater was encountered 
approximately 1 m below the ground surface. The clay and 
gravel properties are assumed exactly as same as which 
presented by Thompson et al. (2009). Fig 3. Exhibit a 
comparison between results of modeling in plaxis 3D and the 
results which obtained in full scale load test is carried out by 
Thompson et al. (2009). 

 
Fig. 3. Validation of Plaxis 3D 

 
As could be seen in Fig. 3. the differences between the results 
of plaxis 3D modeling and full scale load test, Thompson 
(2009), might be neglected. Hence plaxis 3D is validated and 
could be used for the verification and précising of plaxis 2D 
models. 
 
4.  Examples 
The Mohr-Coulomb criteria is used for soil and stone 
columns behavior. Also since in the most practical projects, 
gravel blanket is used above the stone columns, a gravel 
blanket is assumed beneath the load and above the stone 
columns. This gravel layer can distribute the stress between 
stone columns. In addition, it can dissipate excess pore water 
pressure. Thickness of this gravel blanket is 0.5 meter in this 
modeling. The columns are placed in square pattern and 
length of stone columns varies between 10 to 20 meter in 
different models. Geometry of model in plan and section are 
shown in Fig. 4 and Fig. 5. Stone columns diameter are 
between 0.8 to 1.2 meter in models. This range is most 
common diameters of stone columns in practical projects. 
The equivalent stone strip thickness is determined with 
barksdale and bachus method, as can be seen in Fig. 2.  
spacing of stone columns may vary between 2 and 3 meters. 
Geometrical parameters of modeling are shown in Table. I. 
Each column acts within a cylindrical cell with a radius of 
influence denoted by Re (Fig. 6). Balaam and Booker (1981), 
related the radius of influence to the actual column spacing by 
the relation Re = c.S, whereS is the actual spacing (from center 
to center of the columns) and c is a constant having values of 
0.525 and 0.564 for triangular and square patterns, 
respectively. Considering the radius of influence of stone 
columns in square pattern, the area replacement ratio(ρ), total 
area of stone columns over area of unreinforced soil, may be 
defined as : 
 

100
)13.1( 2

2

×=
S

dρ               (1) 

By using Eq. (1) the area replacement ratio in different 
models varies between 6% to 28%. This range of area 
replacement ration may represent different stone columns 
geometries.  
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Fig. 4. Plan of Stone Columns and The Gravel Blanket  

 
Fig. 5. Section of Stone Columns and the Gravel Blanket 

Modeled in Plaxis 2D  
 

 
Fig. 6. Definition of radius of influence in square pattern of 

stone columns, Balaam and Booker (1981) 
 
 
 
 
 
 

Table I. Geometrical properties of models 
Spacing of 

Stone 
Columns (m) 

Stone 
Columns 

Diameter (m) 

Length of 
Stone 

Columns 
(m) 

Thickness of 
Gravel 

Blanket (m) 

2 0.8 10 
0.5 2.5 1 15 

3 1.2 20 
 
 

In this modeling, site’s soil is defined purely cohesive and 
stone column’s material is defined purely frictional material. 
The soil is completely saturated and the water level is at the 
ground surface. Table. II indicates geotechnical parameters of 
soil and stone column’s material. 
 
Table. II. Site’s soil and Stone Columns specifications, used 

in 2D and 3D Modeling 

 
Distributed loading is assumed and the load acts in a 10*10 
meter surface above the gravelly blanket. In reality it can 
represent a liquid storage tank or embankment load.   
 
 
5. Results  
 
The results of presented modeling are shown as a 
load-displacement curve. Since in the practical projects 
maximum displacement beneath the foundation is used as 
absolute settlement, in this study maximum displacement is 
used in load-displacement curves. All modeling results are 
gathered and analyzed. Fig. 7. shows the resultant of this 
study as a load-displacement curve. 

 
Fig. 7. Load versus maximum settlement in the 2D and 3D 

models of soil improved with stone columns 
 
As might be seen the maximum displacement of soil in 3D 
models is higher than maximum displacement in 2D models 
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in light loads, and lower in heavy loads. In fact, however 3D 
displacements commence from a higher level, but the 
elasticity modulus of improved soil is higher in 3D models. 
So the displacement in 3D models are lower in heavy loads. It 
seems this difference occurs for the variation in failure mode 
of stone columns. For instance bulging failure mode can not 
occurs in the stiff axe of idealized stone strip in 2D modeling. 
Also the punching failure mode of stone columns happens 
harder in idealized stone strip. Table III shows some results 
too.  
 
Table III. Results of 2D and 3D modeling of group of stone 

columns 
Applied Load 

(kN/m2) 
Max Disp. 2D 

 (cm) 
Max Disp. 3D 

 (cm) 
10 1.46 3.1 
50 7.31 9.8 
100 21.24 20.4 
120 32 29.3 
150 56.1 50.5 
155 70 66.1 

 
Considering the results, it seems 2D modeling results can be 
improved using Eq. 2. 

5.0:9.0

5.0:3.1

23

23

>×=

≤×=

ultimate
DD

ultimate
DD

q
qSS

q
qSS

        (2) 

Which  
S2D and S3D, are the settlement in 2 and 3 dimensions 
q, is the available stress level 
and qultimate, is the bearing capacity of improved soil. 
The Eq. (2) may be used to precise 2D modeling results, 
where plain strain model is used. 
 
 
6. Conclusion 
 
In this paper, a more accurate method is proposed to 
determine maximum settlement of soil which is improved 
with stone columns. Stone columns with different spacing’s, 
diameters and lengths are modeled and the load-displacement 
curve is illustrated for the resultant of models. Differences 
between 2D and 3D results are seen and it seems that these 
differences have been occurred because of the changing in 
failure modes of stone columns. Finally by comparing 2D and 
3D models results 2 coefficients are proposed to precise 2D 
finite element modeling results.  
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1. INTRODUCTION 
Stress state variable, such as net normal stress and matric 
suction has been successfully governing behavior of 
unsaturated soils [1]. Those variables have significant 
influence on hydraulics and mechanics properties. Many 
researchers have been focusing study on determining shear 
strength [2]-[4], small strain stiffness [5]-[7], and soil water 
retention curve [8] –[9] of unsaturated soil through laboratory 
experimental. To obtain hydraulic and mechanical properties 
of unsaturated soil, an accurate control and measurement 
equipment is needed. Triaxial apparatus for unsaturated soil 
has been developed by many researchers [10]-[13]. 

Due to climate change, unsaturated soil prone to have 
hysteresis features and should no longer be ignored [14]. To 
investigate the hysteresis effect on unsaturated soil hydraulics 
and mechanics properties, an apparatus which able to control 
suction needs to be developed. This paper presents the 
development of suction controlled triaxial apparatus which 
can be used to conduct test on unsaturated soils as well as 
conventional saturated condition. The apparatus has 
independent control of cell pressure, pore air pressure and 
pore water pressure, equipped with Local Deformation 
Transducers (LDTs) to measure strain at small range and 
Pressure Differential Transducer to measure both drained 
water volume change and total volume change. With those 
equipment, it is possible to obtain both hydraulics and 
mechanics properties of unsaturated soil in a series of 
multistage test. Five centimeter diameter and ten centimeter 
height of silty sand specimen was used to conducted 
multistage triaxial test on different matric suction and stress 
path. Hydraulic and mechanical properties of the specimen 
are going to be presented and discussed. 
 
 

2. SUCTION CONTROLLED TRIAXIAL APPARATUS 
A suction controlled triaxial apparatus has been developed in 
Geotechnical Engineering Laboratory of Kyushu University 
collaborating with Geo-Research Institute, Kobe, shown in 
Fig. 1. This apparatus can be used to perform test under 
unsaturated condition by using axis translation technique 
controlling both pore water and air pressure to maintain 
matric suction within the specimen, as well as under saturated 
condition by providing a channel to apply back pressure. 

Many instruments for control /measurement purposes are 
equipped in the apparatus, such as: external and internal load 
cell to measure deviator load; pressure transducer to measure 
cell pressure, pore water pressure at bottom of the specimen 
and pore air pressure at the top of specimen; Pressure 
Differential Transducer to measure drained water volume 
changes and total volume changes, LVDT to measure axial 
large strain range externally, LDTs and Pi-gauges to measure 
axial and radial small strain range internally. 

 
Pressure control/measurement 
Air pressure is supplied at a constant value about 700kPa to 
the pressure regulator. From pressure regulator, it is divided 
into four channels for controlling cell pressure, air pressure 
and two channel of pore water pressure independently. 

Pore air pressure is applied at the top of the specimen 
through normal porous disk, while pore water pressure is 
applied at bottom through high air entry ceramic disk. The air 
entry value of ceramic disk is about 3 bars (300 kPa). High air 
entry ceramic disk was glued and completely sealed at the 
pedestal and connected with water channel at the bottom. At 
the middle of ceramic disk, metal porous disk is installed, 
mainly used during saturating the specimen or during 
saturated triaxial test. Fig. 2 shows the schematic diagram of 
pressure regulation in triaxial apparatus. 

ABSTRACT 
 
A suction controlled triaxial apparatus has been developed in Geotechnical Engineering Laboratory of Kyushu 
University. The apparatus has been designed to obtain mechanical properties of unsaturated soil such as shear strength 
and stiffness, as well as hydraulic properties of unsaturated soil, i.e. soil water retention curve by measuring drained 
water volume change during applied matric suction. Not only for unsaturated condition, this apparatus can be also used 
to conduct conventional test on saturated soil. This paper focuses on the performance of the apparatus, by performing a 
series of multistage test on unsaturated soil under drying and wetting path. The hydraulics and mechanical properties of 
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Fig. 1 Suction controlled triaxial apparatus, a) schematic 
diagram, b) photo, c) normal porous disk (top of specimen) 
and d) high air entry value disk and porous metal filter 
(bottom of specimen) 

Volume change measurement 
Total volume change and drained water volume change can 
be measured by using pressure differential technique [15]. 
Open ended inner cell is used to measure total volume change 
of soil. The fluctuation of water level inside the inner cell 
represents the change of total volume change. Drained water 
volume change is calculated by measuring the amount of 
water drained in or out of specimen. For complete description 
of pressure differential technique for measuring volume 
change please refer [15].  
 
Strain Measurement 
During shearing, strain of deformed specimen is measured 
externally and internally. Linear Variable Differential 
Transformer (LVDT) (range 0-20% strain) is placed outside 
the chamber to measure large strain range of specimen during 
shearing. Internally, LDTs [16] are attached at the specimen 
to measure axial strain, while other instruments so called 
pi-gauge are attached horizontally to measure lateral strain. 
The maximum displacement can be handled by LDT is about 
1.5 mm (1.5% of strain). These LDTs and Pi-gauges were 
produced by Geo-Research Institute, Kobe.  

3. TEST METHOD 

3.1 Materials 
Two types of soil were used in the tests; they are low 
plasticity silt called Red Soil from Okinawa Perfecture, Japan 
and sand soil called Toyoura sand. The grain size 
distributions are shown in Fig. 3 and the basic properties are 
shown in Table 1. Red soil was prepared to conduct soil water 
retention test, while Toyoura sand was prepared for shearing 
test. Specimen dimension prepared in the apparatus is 10 cm 
in height and 5 cm in diameter for shearing test. To reduce the 
time consumed in soil water retention test, specimen height 
was reduced to be 5 cm height, while the diameter is same. 

Fig. 2 Schematic diagram of pressure regulation 

a 

b c 

d 
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The specimen was prepared by using moist tamping 
method compacted at a split mold attached to the pedestal of 
triaxial apparatus [17]. Required amount of dry soil was 
mixed with predetermined amount of de-aired water and then 
kept about 16 hours before used. Internal split mold was used 
to make the specimen, attached at the base pedestal of the 
apparatus. The specimen was compacted by 5 equal layers for 
soil water retention test and 10 equal layers for shearing test. 

 

 
Fig. 3 Grain size distribution of Red soil and Toyoura sand 
 
Table 1. Basic properties of Toyoura sand 
Soil type Gs e w (%) γd 

(kN/m
3

) 
γb(kN/m

3
) 

Red soil 2.64 0.63 10.6 16.23 17.95 
Toyoura 2.65 0.68 10 15.8 17.38 

3.2 Test Procedures 
Reference [18] explained the multistage testing procedure in 
triaxial apparatus by increasing soil suction of unsaturated 
soil. This procedure is mainly used to provide unsaturated soil 
properties of different applied matric suction and different 
path by using single soil specimen. Even though it is possible 
to obtain hydraulics and mechanics properties by using single 
soil specimen, in this test, two different tests were conducted 
to evaluate the performance of the apparatus. Water retention 
test and shearing test were conducted using the apparatus.  

For water retention test, the specimen test was started from 
saturated condition. Pore air pressure and cell pressure was 
increased in the same value to maintain destined matric 
suction and to keep constant of net normal stress. Pore water 
pressure was set constant about 25kPa. Net normal stress was 
also set constant about 50kPa. Matric suction was varied to 
3kPa, 10 kPa, 30kPa, 100kPa, 170kPa, 250kPa, 100kPa and 
30kPa. 

For shearing test, consolidated drained condition was 
chosen with shear rate about 0.01 mm per minutes. The 
specimen was tested initially from saturated condition. After 
being saturated, the specimen was sheared until reaching peak 
value and then unloading. After shear loading and unloading 
was finished, consolidation for next stage predetermined 
matric suction started, and then sheared again after reaching 
equilibrium state. This condition was repeated for next stage. 
A typical set of stresses for each stages are given in Table 2. 

Net normal stress variable was set to constant value at 20kPa.   
Table 2. Applied stress and stress state variable 
Stages ua (kPa) uw (kPa) uc (kPa) ua-uw (kP) 
I 25 25 45 0 
II 30 25 50 5 
III 40 25 60 15 
IV 30 25 50 5 

2 RESULT AND DISCUSSION 
Among of equipment mentioned above, LDTs performance 
may change with their use, so calibration is needed after used 
few times. For use in multistage test, LDTs will experience 
loading and unloading of deviatoric stress for many times in 
one series of test. This equipment needs to be calibrated 
properly before used by using digital micrometer as shown in 
Fig. 4. 
 

  
Fig. 4 LDT calibration techniques 
 

Calibration for LDT is polynomial order two, while pi 
gauges follows linear curve. Fig. 5 shows the repeated 
calibration by loading and unloading for 2 times. It shows that 
LDT and pi gauges are still in good calibration due to 
repeated loading. The calibration curve does not change so 
much, and expected to work properly during multistage test. 

 

 
a)                                          b) 
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Fig. 5 Repeated calibration for a) LDT and b) pi-gauges 
Soil Water Retention Test 
Fig. 6 shows the drained water evolution versus time. It 
shows that drained water volume change can be monitored 
well. The result shows that red soil reaches equilibrium time 
about 8-10 days. After finish all consolidation step, water 
content of specimen was measured, and then recalculating 
water content for each applied matric suction by back 
calculation. As the result, SWRC of red soil can be drawn in 
Fig. 7. This figure shows the hydraulic hysteresis of red soil. 
At the same matric suction, wetting process will give lower 
water content than drying process. Environmental condition 
of specimen during soil water retention test is more similar 
with field condition by applying radial pressure (cell 
pressure) at the specimen. This is one of the advantages of 
using triaxial apparatus to measure soil water retention curve. 
 

 
Fig. 6 Monitored drained water volume change 
 

 
Fig. 7 SWRC experiment data fitted with Van Genuchten 
fitting curve 
 
Shearing test 
The stress-strain relationships for 4-stages (different matric 
suction) shearing test is shown in Fig. 8. It shows that the 
strength of soil increases as the increasing matric suction. 
And also, the curve is steeper as the increasing matric suction, 
means that stiffness is also increasing. At the early shearing 
test (matric suction = 0kPa), the graph seems to be incorrect. 
This problem may occur when the LDT was not attached 
properly. In this test, the LDT were attached manually by 

using hand, and may unstable. Reference [16] suggests a 
fixing device to attach the LDT, so it can be aligned properly. 
Expected correct line is drawn in red line. Smaller strain 
range (below 0.01%) of stress-strain diagram and related 
elastic moduli at small strain are presented in Fig. 9 and Fig. 
10. These figure more clearly show the stiffness of soil at 
small strain range. It shows that in small strain range, the 
stress-strain relationship can be represented by linear line.  
Elastic moduli of soil changes depend on the matric suction 
applied. 
 

 
Fig. 8 Stress strain relationship of 4-stages multistage triaxial 
test 
 
 

 
Fig. 9 Stress-strain diagram in small strain range of each stage 
 
 

 

Stage I 

Stage II 

Stage III Stage IV 

Expected 
correct 
line 
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Fig. 10 Elastic moduli of each stage 

3 CONCLUSION 
A suction controlled triaxial apparatus has been developed in 
Geotechincal Engineering Laboratory of Kyushu University 
collaborating with Geo-Research Institute, Kobe. The 
apparatus has an automatic system to collect and store the 
data. It can be used to conduct multistage test to obtain 
hydraulic (SWRC) and mechanics (shear strength and 
stiffness) properties of soil. Two different series of multistage 
test has been conducted to evaluate the performance of the 
apparatus. From the experimental test result, it can be 
conclude that: 
 the developed suction control apparatus is able to provide 

good monitoring and storing data automatically,  
 the apparatus equipped with LDTs is to measure small 

strain range and works well based on the test result, 
 unsaturated soil is having hysteresis features due to 

different process (drying and wetting). This apparatus is 
able to observe this phenomenon. It can be shown 
clearly in the hydraulic properties (SWRC) test result.  
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1. INTRODUCTION 
A number of ground surface subsidence in the form of 
sinkholes of various sizes had been occurring in a 
residential suburb in State of Kuwait [1].  The first sinkhole 
of April 1989 (SH-1) was immediately backfilled with  
gravel, sand, and concrete.  The occurrence of the second 
and third sinkholes during the same months led to the 
decision to evacuate more than 130 surrounding houses [2].   
Extensive investigation studies had been conducted in this 
affected residential suburb in order to understand the causes 
of those sinkholes and recommend appropriate treatment 
methods [2]-[4].  The studies that included topographic and 
geophysical surveys, geological, and geotechnical 
investigations revealed the existence of underground Karst 
cavities within the Limestone bedrock underlying the 
overburden soil caused the sinkholes.   
The studies also reported that the geological profile of this 
residential suburb consists of 35 to 40 m thick overburden 
soil comprising dense to very dense predominantly quartz 
sand, overlying the Karst limestone bedrock.  The cause of 
the sinkholes had been attributed to the dissolution of the 
limestone bedrock and subsequent raveling of the 
overburden soil cover into the underlying Karst cavities.   
Accordingly, treatment methods were recommended to 
minimize the recurrence of the sinkholes composing of 
filling the underground cavities by injecting cement grout 
at depths varying between 32 to 60 m in a pilot area and by 

 
 

eliminating the possibilities of collapse of the upper level 
Karst cavities within the limestone bedrock [5].   
The pilot area located in Sector A1 of the residential area 
classified as the evacuated area (Fig. 1), was divided into  
six treatment zones, TA1 to TA6, for sequential injection of 
grout according to these zones.  In general terms, the 
grouting program work required performing dilapidation 
survey, drilling exploratory holes with in situ testing and 
sampling; designing a grout mix, and developing quality 
assessment program; filling in of deep limestone cavities 
using cement-based mortar; permeation grouting of 
remaining deep voids and fractured rocks using 
cement-based grout; drilling control holes at the end of 
grouting and overburden treatment.     
In this paper, the monitoring program used during the 
treatment implementation methods is described.  The 
continuous monitoring program focused on the impact of 
the treatment drilling and grouting works on the existing 
structures on the site, ground surface movement and 
fluctuation of water-table levels.  The results are presented 
and discussed and conclusions are illustrated.    
 

2. METHODOLOGY OF MONITORING PROGRAM 
The purpose of the monitoring program is to monitor the 
potential impacts of drilling and grouting works for the 
implemented treatment methods on the existing structures 
and ground surface condition.  
The monitoring program focused on the sinkholes and their 
behavior during and after the period of treatment 

ABSTRACT 
 
A total of eight ground-surface subsidence were detected in a residential suburb.  The subsurface failure cases in the 
suburb were investigated in detail after their development.  Results of the investigations indicated that the geological 
profile in this suburb consists of overburden soil which is underlain by limestone bedrock.  It was concluded that 
raveling of the overburden soil into the underlying Karst cavities was the main cause of ground-surface subsidence 
development.  Filling the Karst cavities with cementatious grout was chosen as a treatment measure for the cavity 
problems.  Before and during the grout works for filling the Karst cavities, continuous monitoring of elevations in some 
selected points at critical locations were considered an essential tool to detect any slight movement or change that may 
be evaluated and considered a warning for larger movements or cavity and ground-surface subsidence formations.  The 
continuous monitoring program was based on two major elements; dilapidation survey of selected high risk locations 
and the measurement of water levels for determining water fluctuations.  Dilapidation was achieved through 
topographical site surveys including houses, utilities and general surveys along with a set of pictures illustrating 
important features.  Station points were set all over the site and their elevations were checked regularly.  Regular 
periodic evaluation of elevations, water-table levels and crack-meter readings were used as tools to evaluate the impact 
of the grouting works.  Status of existing structures was checked regularly using crack-meters along with water-table 
levels through available piezometers.  This paper contains description of the conducted dilapidation and topographical 
survey.  Results of the monitoring program of the grouting works and their impact on the ground-surface subsidence is 
also presented in this paper. 
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implementation works to detect impacts resulted from the 
treatment campaign.  The following subsections describe 
the methods used for monitoring the treatment effects in the 
area under study.  
 

 
 

Fig. 1  The six treatment zones, TA1-TA6, in the pilot area.  
 

2.1 Dilapidation Survey  
Dilapidation survey is a detailed record of land and 
buildings at a specific point in time. The survey started 
before implementing the treatment methods by describing 
the condition of the existing structures, indentifying any 
defects, and a schedule of pictures for existed defects. 
Large numbers of pictures were taken including general 
views of the area, description and close up photos of some 
parts of the structures and utilities (Fig. 2).  Detailed 
identification of location, date of picture taken, image 
number, and location on key map were also recorded for 
each photo.   
 

 
 

Fig. 2.  Dilapidation picture in area TA1. 
 

2.2 Topographical Site Survey   
At the beginning of the monitoring program, a site survey 
of the area under study was carried out.  The output results 
of this part were drawings for locations of all existing 
buildings and facilities such as structures, fences, walls, 
roads, sidewalks, over and under-passes, gardens, open 
yards, trees, ditches, cannels, culverts and wells, services 
and related structures (both above and below ground) such 
as water mains, sewers and electricity and telephone poles. 
They were considered as the “As-Built” drawings. 

The topographical survey concentrated mostly on regular 
recording of elevations inside and around the treated areas.  
Elevation points were distributed on the ground surface 
forming a grid of less than 50 m spacing, in addition to 
points selected in each housing unit.  The readings were 
evaluated and recorded using a total-station surveying 
instrument.  Any signs of undesired ground movement were 
detected and projected into maps and tables.   
 

2.3  Crack Propagation  
Crack-meters of an accuracy of 0.001 mm were used to 
record movements of selected elements (Fig. 3).  Crack 
meters were located on site mostly on structures, around 
sinkholes and other sensitive areas suspected with 
occurring movement.  A number of crack-meters were set 
on columns, slabs, and on structural joints on ground and 
upper floors.  One crack meter was set on the asphalt close 
to the progressing sinkhole SH-1.  Each crack-meter was 
identified by a label with all necessary information on the 
location and the structure on which it is set.   

 

 
 

Fig. 3.  A crack-meter sample used to monitor movements. 
 

2.4 Water-Table Fluctuation  
Evaluation and monitoring of groundwater and water-table 
levels is essential for detecting changes or risks, as the 
water content affects the soil behavior and stability.  Three 
piezometers were drilled and were used to evaluate 
water-table levels since 2002.  These holes were 
unfortunately blocked during the heavy work on site. 
Three new holes were drilled and are currently being used 
to evaluate water-table levels and detect groundwater 
fluctuations.  The locations of those new piezometers are 
shown in Fig. 4.   
 

 
 

Fig. 4.  Location of the piezometers. 
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2.5 Visual Inspection  
A visual inspection was performed to document the 
common defects, whether they are due to demolishing, 
aging, construction etc.  A sample picture of those defects is 
shown in Fig. 5.  Those cases pictures reflect the general 
status and condition of the site and structures.    

 

 
 

Fig. 5.  Exposed corroded reinforcement and expelled 
concrete at the bottom of a ground floor column. 

 

3 RESULTS AND DISCUSSION 
In the monitoring program, effects of drilling and grouting 
on ground surface and existing structures were considered.  
The drilling is carried out with a drilling fluid, either water 
with polymer or air alone.  The fluid has an ability to 
permeate more easily in the underground channel because it 
is light and not loaded with too much particles.  Two types 
of grouting treatment were used which included mortar 
filling and permeation grouting.   
Cavity filling with mortar was carried out as specified by 
the gravity process and, consequently, the pressure exerted 
during the process was not very high (~ 5 bars).  Therefore, 
there was no change was recorded in any elevation 
consecutive to the cavity filling.  
A higher pressure of 30 bars was applied during the 
permeation grouting stage.  No perceivable changes in the 
elevation of the surveyed points were recorded as a result of 
the permeation grouting.  This indicates that there was 
sufficient room for the voids to redistribute in the ground 
without impacting the surface.  
Dilapidation pictures show general views of the area, 
description and close up photos of some parts of the villas, 
utilities, etc.  Detailed identification of location, date of 
picture taken, image number, and location on key map are 
presented as well on each photo. 
For the topographical survey , appraisal of the readings 
recorded for elevation points by a total station was 
monitored through any sign of ground undesired 
movement.  Safety of the housing units is the most 
important issue before and after treatment implementation, 

therefore; points are concentrated on the houses and around 
the old sinkhole locations. Fig. 6 shows the selected 
monitoring points and their elevations, and Fig. 7 shows 
sample records for selected points in zone TA3 which 
indicates no significant changes in the elevation of those 
points during the treatment implementation period.   

 

 
 

Fig. 6. Coordinates and elevations of selected points. 
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Fig. 7. Display of elevations for area TA3.   
 
For crack propagation monitoring, a number of 
crack-meters were mounted at different locations and 
readings were taken periodically.  Fig. 8 is a plan view of 
the treated area where the rectangular red marks and 
numbers show the locations of the mounted crack meters. 
Table 1 is a summary of the accumulated readings of a 
sample of crack-meters.   
The amplitude recorded varies from 0 to 0.5 mm for the 
typical cracks and 0-3 mm for the dilatation joints.  It may 
be said that these recorded data are expected and could be 
attributed exclusively to the thermal effect.  The readings 
showing the more significant displacements are recorded 
along the dilatation joints at upper floor during the 
wintertime when thermal effect is measured.  The crack 
meters have confirmed the fact that there was no impact 
recorded from the general survey. 
For the water-table level monitoring, the ground water and 
its effect on the soil is of real importance in evaluating the 
treatment method.  The water-table level was targeted since 
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few years before the treatment implementation.  Table 2 
lists sample reading for the water-table level for the new 
piezometers.  In general, slight rise in the water-table level 
was observed during the treatment implementation 
campaign.  

 

 
 

Fig. 8. Locations of crack meters.  
 

Table 1.  Summary of Crack-Meter Readings 
No. 

 

Min. 

(mm) 

Max. 

(mm) 

Difference 

(mm) 

Location 

Zone 

(TA) 
Unit Floor 

Unit 

Adjacent 

1 0.50 2.70 2.20 3 9 1st 11 

2 -3.00 1.00 4.00 3 9 1st 11 

3 1.50 1.50 0.00 1 19 GF - 

4 0.00 1.50 1.50 1 19 1st 17 

5 2.00 2.00 0.00 1 23 1st 25 

6 0.50 1.00 0.50 1 23 1st - 

7 0.00 0.00 0.00 3 Asphalt - - 

8 0.00 0.00 0.00 3 A2 1st - 

9 0.50 0.50 0.00 3 8 1st - 

10 0.00 0.00 0.00 3 11B 1st 13 

11 0.00 0.00 0.00 2 35 1st 36 

12 0.00 0.00 0.00 4 63 GF 65 

13 -0.50 -0.50 0.00 4 3B 1st - 

14 0.00 0.00 0.00 4 5 1st 7 

15 -0.50 -0.50 0.00 1 40 1st 42 

  
 

Table 2: Sample records for the water-table level 

 

4 CONCLUSION 
The outputs of the pilot area under study mainly depends on 
the geological profile encountered and the type of the works, 
the porosity of the sand. The thickness of the overburden is 
of 30 meters which here is sufficient to allow redistribution 
of the porosity during the grouting and the rock grouting 
took place with a rather limited pressure. 
The monitoring and surveying campaign represented an 
important essential component of the treatment 
implementation process of underground cavities in the area 
under study.  The area was intensively treated using two 
different types of rock treatments; cavity filling and 
permeation grouting.   
Regular periodic evaluation of elevations, water-table 
levels and crack-meter readings were used as tools to 
evaluate the impact of the drilling and grouting works of the 
treatment implementation program.  During the treatment 
implementation using low and high pressure grouting, no 
alarming signs or significant move or settlement was 
observed due to the grouting works.  It signify that 
sufficient space for the voids were available to redistribute 
in underground level without impacting the surface. 
Continuous monitoring was recommended to be achieved 
by regular evaluation of elevations in selected higher risk 
locations reporting any alarming changes, along with 
monitoring water-table levels through available 
piezometers in order to assure the safety of the area and its 
occupants. 
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1. Introduction 
The behaviour of soil nail walls is the function of soil and nail 
strength parameters, geometry of wall, etc. Numerous 
investigations are carried out to demonstrate the static and 
seismic behaviour of soil nail walls. However, with respect to 
different parameters that influence on the behaviour of these 
systems, more investigations about soil nail walls are 
necessary. In this research, deferent geometry parameters of 
soil nail walls are mentioned in static and dynamic behaviour 
of soil nail systems. The strength function of the wall under 
Manjil earthquake acceleration (Iran 1990) loading condition 
is mentioned by wall deformation and vibration of soil nail 
forces.  
Mohr-Coulomb constitutive model is selected for numerical 
study in this research. The strength function of nail and 
shotcrete is considered as elastic. The finite deference 
software called FLAC is used for numerical study. FLAC can 
model the interaction between nail and soil properly as static 
and dynamic analysis in the soil medium. 
 
2. Verification of the finite deference model 
Thompson and Miller (1990) investigated the Seattle’s first 
nailed walls. For this vertical soil nail wall, nails were mostly 
installed at 1.8m spacing horizontally and vertically. The nail 
length is 10.7m, except for the length of the top row which is 
9.8m. The diameter of the drilled holes is 203mm. Nail bars 
are installed at an inclination of 15 degrees, though the first 
row on the high wall was installed at 20 degrees to avoid 
utilities. A typical section of the high wall is shown in Fig. 1, 
[1]. In this research, the stability of this soil nailed vertical cut 
is analysed by FLAC. 
 

Thompson and Miller measured the highest nail forces by 
inclinometer and calculated the values by the finite-element 
method. A comparison of maximum nail forces in measured 
values and finite-element calculations in each row is shown in 
Fig. 2 with the values that gain from finite deference method, 
FLAC. The results show reliable convergence among 
calculated values, FEM and FDM. Fig. 3 shows the reliable 
convergence of the places that maximum tensile loads occur 
through the nail lengths. 

 
Fig. 1) Typical section of Seattle’s wall 

 

 
Fig. 2) Comparison of maximum nail forces 
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Fig. 3) The places that maximum tensile loads occur through 

the nail lengths. 
 
3. Numerical modeling considerations 
In this study, a 9 meters soil nail wall is considered. 9 rows of 
nails with the length of 9 meters are selected for stabilizing 
the wall. The selection of the first geometry is based on the 
FHWA design booklet. Nail inclination in the first model is 
10 degrees, and the horizontal and vertical space between 
nails is 1 meter.  
 Static equilibrium of the wall is obtained with step by step 
excavations. Soil mass is modelled in the software by popular 
constitutive model, Mohr-Coulomb. Elastic modulus of soil is 
20 Mpa; Poisson's ratio is 0.3; unit weight is 17.6 kN/m3; 
internal friction angle is 31 degree and cohesion strength is 20 
Mpa.  
Cable structural element is used to modeling the nail. Also 
beam structural element is used to simulate shotcrete in 
numerical models. 
According to some researchers like Wei and Cheng, a thin 
layer of material with a thickness of 4.0 mm surrounding the 
nail is used to model the shearing zone between the nail and 
the soil that is shown in Fig. 4. [2] 
The shear stiffness of the shear zone (grout), Kg, can be 
estimated in Eq. (1). 

2
10ln(1 2 )

GKg
tD

π
=

+                                                         (1)
 

Where G is shear modulus of the shear zone and identical to 
shear modulus of soil. D is drilled hole diameter and t is 
annulus thickness of the shear zone and is considered equal to 
0.004 m. The shear zone cohesive strength (slider) per unit 
length can be estimated as Eq. (2). 

 
                                                      (2)  

 
Where c is cohesion of soil. Shear zone friction angle is 
nearly equal to friction angle of surrounding soil. 
The properties of cable and beam elements for nail and 
shotcrete is shown in Table 1. 
Earthquake loading is based on shear stress history that is 
applied to the base of the model. Quiet boundary should 
adjust for bottom boundary of the model. To avoid rejection 
of the earthquake wave to the model, free field boundary is 
used for left and right side of the model. 
 
 

 
Fig. 4) Idealization of the soil nail system. 

 
Table 1) Cable parameters for simulation of nail 

parameter value unit  
Nail diameter  mm 
Drill hole diameter 100 mm 
Young’s modulus of nail 200 GPa 
Young’s modulus of grout 22 GPa 
Young’s modulus of grouted nail 29.12 GPa 
Annulus thickness 0.004 m 
Nail shear zone cohesive strength 6.28 kPa 
Nail shear zone friction angle 31 degree 
Nail shear stiffness of the shear zone 219.6 MPa 
Compressive yield strength of the grouted 
nail 

30 MPa 

Tensile yield strength of the grouted nail 30 MPa 
density of grouted nail 2200 kg/m3 
Young’s modulus of shotcrete 24.5 Gpa 
Poisson’s ration of shotcrete 0.3  
Density of shotcrete 2200 kg/m3 
 
Rayleigh damping is used in the seismic analysis of soil nail 
walls. Rayleigh damping is specified in FLAC with the 
parameters fmin in Hertz (cycles per second) and ξmin. For 
geological materials, damping (ξmin) commonly falls in the 
range of 2 to 5% of critical; for structural systems, 2 to 10% is 
representative.  [3]  
The idea in the dynamic analysis is to adjust fmin of the 
Rayleigh damping so that it is 3:1 range coincides with the 
range of predominant frequencies in the problem. The 
“predominant frequencies” are neither the input frequencies 
nor the natural modes of the system, but a combination of 
both. The idea is to try to get the right damping for the 
important frequencies in the problem. [4] 
Numerical distortion of the propagating wave can occur in a 
dynamic analysis as a function of the modeling conditions. 
Both the frequency content of the input wave and the 
wave-speed characteristics of the system will affect the 
numerical accuracy of wave transmission. Kuhlemeyer and 
Lysmer (1973) show that for accurate representation of wave 
transmission through a model, the spatial element size, l, must 
be smaller than approximately one-tenth to one-eighth of the 
wavelength associated with the highest frequency component 
of the input wave [5].  In this research, finite element mesh 
size is considered for accuracy of wave transmission. 
 
4. Influence of nail length in static and dynamic analysis 

( 2 )π= +cg c D t
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The numerical model that is described in part 3 is used to 
investigate the influence of nail length during static and 
dynamic analysis. The only exception is the variation in nail 
length that is varied in 5, 7, 9 and 11 meters. The dynamic 
analysis is carried out by Manjil velocity history. Fig. 5 shows 
lateral displacement of the wall during static and dynamic 
analysis. As shown in Fig. 5 displacement behaviour defers in 
the static and dynamic analysis. The maximum displacement 
of the wall in the dynamic analysis happens on the top of the 
wall. Other than the displacement of the wall in the static 
analysis happens on the one-third height of the wall. The 
variation of nail length effects on the stability of the wall in 
the dynamic analysis more than static stability of the wall.  
Fig. 6 shows maximum normalized axial force of the nails 
during static and dynamic analysis. As shown in Fig. 6 
mobilized axial force behaviour nearly is same in the static 
and dynamic analysis. 
 

 
Fig. 5) Lateral displacement of the wall in static and dynamic 

analysis 
 

 
Fig. 6) Maximum normalized axial force of the wall in static 
and dynamic analysis 
 
6. Influence of nail inclination angle in static and dynamic 
analysis 
The same numerical model is used to investigate the influence 
of nail inclination angle during static and dynamic analysis. 
The only exception is the variation in nail inclination angle 
that is varied in 0, 10, 20 and 30 degrees. The dynamic 
analysis is carried out by Manjil velocity history. Fig. 7 shows 
lateral displacement of the wall during static and dynamic 

analysis. As shown in Fig. 7 displacement behaviour defers in 
the static and dynamic analysis. The maximum displacement 
of the wall in the dynamic analysis happens on the top of the 
wall. Other than the displacement of the wall in the static 
analysis happens on the one-third height of the wall. As 
shown in Fig. 7 minimum displacement of the wall occurs in 
the models with 10 and 20 degrees of inclination angle. 
Otherwise walls with 0 and 30 degrees of inclination angle 
have larger displacement. This situation shows that there is an 
optimum inclination angle in both static and dynamic 
manners between 10 and 20 degrees.  
Fig. 8 shows maximum normalized axial force of the nails 
during static and dynamic analysis. As shown in Fig. 8 there 
is similar function of nail axial force in both dynamic and 
static analysis. In the upper nails, lower inclination of nails 
causes lower axial force. Otherwise in the downer nails, lower 
inclination of nails causes higher axial force. 
 

 
Fig. 7) lateral displacement of the wall during static and 

dynamic analysis 
 

 
Fig. 8) Maximum normalized axial force of the nails during 

static and dynamic analysis. 
 
7. Conclusion 
In this paper static and dynamic analysis is carried out on a 
soil nail model. Manjil earthquake acceleration is selected for 
the dynamic analysis. Two main geometry parameters of soil 
nail walls are considered for comparison between dynamic 
and static behaviour of soil nail walls: nail length and nail 
inclination angle. The results are gained by lateral 
displacement of the wall and maximum axial nail force. 
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These two parameters can explain the external and internal 
response of the system respectively.  
The results show that the maximum displacement of the wall 
in the dynamic analysis happens on the top of the wall. Other 
than the displacement of the wall in the static analysis 
happens on the one-third height of the wall. The variation of 
nail length effects on the stability of the wall in the dynamic 
analysis more than static stability of the wall. In the upper 
nails, lower inclination of nails causes lower axial force. 
Otherwise in the downer nails, lower inclination of nails 
causes higher axial force. 
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1. INTRODUCTION 
 
Initial stability of construction on peat is the most critical 
problem due to low undrained shear strength of peat in 
normally consolidated state and hence low bearing capacity 
of foundation soil. Conventional solution is to replace the 
poor soil by suitable imported fill materials. This practice is 
naturally very expensive.  In addition, there must be an 
environmentally acceptable location to waste excavated soil 
within an economically acceptable haul distance [1]. This 
method also need maintenance work related to long term 
settlement and horizontal movement [2]. The fill induces a 
consolidation pressure, thus increases the shear strength of 
the peat.  Laboratory compression tests have to be performed 
in order to estimate and take into account the rate of increase 
of undrained shear strength as a function of consolidation and 
subsequent densification of peat. The undrained shear 
strength of peat is typically determined by vane shear in the 
field and undrained triaxial compression test in the 
laboratory. The ratio of increase can be applied to the in-situ 
shear strength obtained from vane shear test. Therefore the 
thickness of fill for each stage can be increased as a 
consequence of the increase in shear strength.  

 
Based on his study, Magnan [2] suggested a ratio of shear 
strength increase due to increase in overburden pressure of 
0.5 for peat soil. Furthermore, Edil and Wang [3] collected   
normalized undrained strength (cu/σ’3c or cu/σ’1c) as a 
function of organic content for all peat and organic soil. The 
study showed that fibrous and amorphous peat presents no 
perceptible differences and gives an average   

 
 

normalized undrained strength to consolidation pressure of 
0.59 with most of the data falling between 0.5 and 0.7. These 
cu /σ’v values appear unusually high compared to the typical 
values for inorganic clays that lay between 0.2 and 0.25. Chen 
and Tan [4] found that the ratio of shear strength increase due 
to consolidation for clay obtained from Klang, Malaysia is 
0.25. However, there is no published data for the ratio of 
shear strength increase for peat found in Malaysia.  
 

2. EXPERIMENTAL PROGRAM 
 

2.1 Physical and Chemical Properties 
 
The peat sample for this study was obtained from Pontian, 
Johor. Observation made in the location showed that the peat 
is categorized as deep peat with thickness of more than 5 m. 
Ground water table exists at depth less than 1 m at the time of 
sampling, thus samples were taken from depth of 1 to 2 m 
from ground surface. The samples were taken below water 
table; thus it is expected to be in fully saturated condition. 
Visual identification showed that the peat is dark brown, very 
soft, and contains a large amount of fiber. Plant structures 
such as roots are easily recognizable from the soil. Long, 
slender roots, and rootlets are identified as the remaining of 
forest vegetation. The texture is coarse and may results in 
large permeability.  
 
In-situ  measurement of water content was not possible. Thus, 
sufficient care was taken during the sampling of the peat in 
order to maintain the natural water content. The preliminary 
identification of the soil was made based on the index 
properties and classification tests. Index properties include 
the determination of water content, specific gravity, bulk unit 

ABSTRACT 
 
A major problem related to construction on peat deposit is the low shear strength of the soil. However previous researches 
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weight, and the initial void ratio. The summary of index 
properties is presented in Table 1. 
 
Table 1.The summary of index properties of peat soil in West 
Malaysia peat [5] 
 

Parameters Results Published data 
(ranges) 

Natural moisture content (%) 
Specific Gravity (Gs) 
Bulk unit weight (kN/m3) 
Dry unit weight(kN/m3) 
Initial void ratio (e0) 
Acidity (pH) 

608 
1.47 

10.02 
1.4 
8.92 
3.24 

200-700 
1.30-1.90 
8.30-11.50 
1.00-1.65 
3.00-15 
3.00-4.5 

[6] 
[6] 
[6] 
[7] 
[6] 
[8] 

 
The average natural water content obtained from laboratory 
tests is 608 %which indicates that the peat has a high  
water-holding capacity. This value is within the range 
obtained by previous researches for peat soil in West  
Malaysia. The average specific gravity obtained using 
kerosene on pycnometer test is 1.47 and it is within the range 
for fibrous peat. The initial void ratio is 8.92 which is within 
the range given by Huat [6]. The average unit weight of the 
peat is 10.02 kN/m3 which give a bulk density of 1.002 
Mg/m3 which is also within the range given in Table 1. The 
dry unit weight of the peat is 1.40 kN/m3 and it is slightly less 
than predicted by Al-Raziqi et al. [7]. From the information 
indicated above, the unit weight of the peat in this study is 
close to the unit weight of water; hence in-situ effective stress 
is very low and the void ratio of the peat is very large.  
 
The void ratio also includes the volume of gas generated 
during decomposition process. The average void ratio for the 
51 fibrous peat obtained in Pontian is 8.92 and this is within 
the range given for West Malaysian peat (3 -15) presented by 
Huat [6]. Peat in Malaysian Peninsular is known to have low 
pH value and the acidity tends to decrease with depths. The 
test results showed that the average pH value of the fibrous 
peat used in this study is 3.24 which is in the lower side of the 
rangepublished for Malaysia peat (3.0 - 4.5) presented by 
Muttalib et al. [8]. 
 
2.2. Classification 
 
The peat in this study was classified based on the degree of 
humification [9] and the organic and the fiber content. The 
von Post scale is based on the appearance of soil water that is 
extruded when a sample of the soil is squeezed in the hand 
and the soil is classified based on Table 2. When the test was 
performed on the samples used in this study, brown water 
comes out from the soil and the soil left in hand has a large 
amount of fiber; thus the peat can be classified as fibrous peat 
with H4 degree of decomposition according to von Post scale. 
The organic content the peat is 97 % which is quite high but 
within the range of published data on peat soil found in 
Malaysia. 
 
 

The ash content is 3 %. The fiber within the range of 
published data on peat soil content of 90 % is considered very 
high as compared to published data around the world (Table 
2) but this is a typical fibrous peat obtained in West coast of 
Peninsular Malaysia [6],[8]. The average percentage of 
particle passing from 0.063 mm sieve is 2.37 % which show 
that the soil contain a large amount of fiber. The summary of 
the classification tests results is presented in Table 2. 
 
Table 2.The summary classification test results in West 
Malaysia peat [5] 
 

Parameters Results Published data 
(ranges) 

Von Post humification 
of peat  
Organic content (%) 
Ash content (%) 
Fiber content (%) 

H4 
 

97 
3 

90 

H1-H4 
 

> 90 
< 10 
> 20 

[9] 
 
[6] 
[6] 
[10] 

 
2.3 In-situ Shear Strength 
 
The in-situ shear strength was obtained by field vane test 
conducted at depth of 1 and 2 m in the site. The average initial 
undrained shear strength of peat obtained by the field vane 
shear test is 10.10 kPa which is comparable to the range of the 
undrained shear strength of peat in West Malaysia (3-15 kPa) 
and Sarawak (10 kPa) as indicated by Huat [6]. The peat is 
identified as very sensitive to disturbance with sensitivity of 
5.64, which is also within the range of published data 4-12 
[7]. 
 
2.4 Remoulded Sample Preparation 

 
Remolded sampler preparation equipment was used for soil 
sample preparation. The remolded sampler was designed as 
shown in Fig 1. Soil sample was put into the remolded 
sampler equipment. The plate with some holes was placed at 
the bottom of the sampler to drain water from the sample. The 
soil sample was then loaded using steel load platen. Pressure 
was applied on the steel load platen by compressed air. The 
air pressure supply was from the centralized air compressor 
and pressure panel system in the geotechnical engineering 
laboratory, Universiti Teknologi Malaysia (UTM). Air 
pressure applied to the soil sample was based on the 
maximum applied pressure needed for remolded sample 
preparation. The pressure for the remolded sample was 
adjusted from the dial gauge attached on the top of the load 
platen. Samples were placed into 152 mm diameter remolded 
sampler equipment under various consolidation pressure; 
consist of 50 kPa, 100 kPa, 150 kPa and 200kPa. The 
consolidation was assumed completed when there is no more 
water draining out from the bottom of the remolded sample 
equipment. 
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Fig. 1: Remoulded sampler preparation equipment 
 
3. RESULT AND DISCUSSION 
 
3.1 Shear Strength Obtained from Triaxial Test 
 
Twelve sets of test containing three soil samples were 
conducted on Triaxial test apparatus under Unconsolidated 
Undrained (UU) condition [11]. In this project the tests were 
carried out in the triaxial apparatus on the specimens of 
diameter 38 mm and height 76 mm and were subjected to cell 
pressures of 50 kPa, 100 kPa, 150 kPa, and 200 kPa. The 
results obtained from the triaxial test were used to analyze the 
shear strength parameters of fibrous peat soil from Pontian by 
determining the undrained cohesion (cu) and the angle of 
internal friction (φu). The test results were used to evaluate 
the increase of shear strength due to consolidation pressure. 
 

 
Fig. 2:Typical curve for deviator stress versus axial strain for 

set 1 
 
 
 
 
 

Fig.2 shows the relationship between principal stress 
difference (σ1-σ3) and the axial strain from triaxial test under 
UU condition and cell pressures 50 kPa, 100 kPa and 150 kPa 
.The results show the increase in shear strength up to a peak 
value and then the reduction in shear strength. The maximum 
deviator stress for sample A1 with cell pressure of 50 kPa is 
26.7 kPa, for sample B1 with cell pressure 100 kPa is 28.10 
kPa and for sample C1 with cell pressure 150 kPa is 40.6 kPa. 
Axial strain at maximum deviator stress is less than 5 % 
which shows that the sample is of high quality. 

0 20 40 60 80 100 120 140 160 180 200

20

40

60

Set 1
cu = 9.23 kPa
φu= 3.87°

Sh
ea

r 
st

re
ss

 (k
Pa

)

Normal stress (kPa)

Mohr Circle

Fig.3: Shear stress at failure (τf) versus normal stress (σn) 
 
Fig.3 shows the typical Mohr circle obtained from set 1 
sample for each specimen. The shear stress at failure (τf) is 
plotted against the corresponding normal stress (σn). A line 
that the best fit through the corresponding points of the graph 
is drawn and results in the cohesion of 9.23 kPa and the angle 
of internal friction (φu) of the failure envelope is 3.87o. The 
angle of internal friction obtained from the test is very close to 
0. 
 
The angle of internal friction (φu) for undrained cohesion is 
theoretically equal to zero but the range of 0o-5o is acceptable 
due to the presence of air in the specimen resulted in perfect 
undrained condition is maintained during the test [12]. 
Shearing induced by unconfined compression, 
unconsolidated undrained compression and consolidated 
undrained compression did not result in the formation of a 
plane of failure. The shear strength obtained from unconfined 
compression tests increased from a negligible value to about 
25 kPa, while the envelope of Mohr circles of total stress for 
consolidated undrained tests was inclined at an angle of 5o 
[13]. Air being highly compressible and reduces air voids 
proportionally with higher lateral pressures, thereby reduce 
the total volume of the specimen under testing. 
 
Table.3 shows the summary of triaxial compression test 
results for each test set under unconsolidated undrained 
condition in terms of undrained cohesion and undrained angle 
of internal friction. The average cohesion is 10.44 kPa and the 
average angle of internal friction is 3.60o. 
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Table 3. Result of Triaxial Compression Test 
 

Test 
Parameter of Shear Strength 

Cohesion cu (kPa) Angle of friction φu
o 

Set 1 
Set 2 
Set 3 
Set 4 
Set 5 
Set 6 

9.23 
6.36 

10.84 
12.5 

15.74 
8.98 

3.87 
4.11 
3.91 
3.21 
2.2 
4.34 

Average 10.44 3.6 
 
 
3.2 Effect Consolidation on Strength 
 
The effect of consolidation pressure on the shear strength of 
peat is studied by performing triaxial compression test under 
UU condition on samples prepared under different 
consolidation pressure. In this study, consolidation pressure 
of 50 kPa, 100kPa, 150 kPa and 200 kPa were used. The 
results are shown in Table 4. The average undrained shear 
strength from test results from four different consolidation 
pressures are 13 kPa, 15.66 kPa, 21 kPa and 21.66 kPa. 
 

Table 4.Result summary of shear strength under 
consolidation pressure 

Consolidation 
Pressure 

(kPa) 
Sample 

Initial 
cell 

pressure 
cu 

cu 
Average 

(kPa) 

50 
A1 

50 
11 

13 A2 13 
A3 15 

100 
B1 

100 
11 

15.66 B2 16 
B3 20 

150 
C1 

150 
19 

21 C2 21 
C3 23 

200 
D1 

200 
19 

21.66 D2 21 
D3 25 

 
 
It can be seen from Table 4 that the undrained cohesion (cu) 
increases as the consolidation pressure increases. These data, 
together with the in-situ shear strength obtained by vane shear 
test were used to develop the correlation between the shear 
strength and the consolidation pressure. The relationship 
between the strength of peat under consolidation pressure and 
initial shear strength and the effective consolidation pressure 
can be expressed in the following form: 
 

cu(mod) = cu(initial)+λσvc                                   (1) 
 
where: 
cu(mod)= Shear strength under consolidation pressure, 

cu(initial) = Initial shear strength obtained from vane shear test, 
λ          = Ratio of strength increase, and 
σvc           = Consolidation pressure. 
 
This relationship is illustrated in Fig 4. It can be observed that 
there is not much scattered of data obtained from the test 
indicated by R squared value of 0.93 which gives a strong 
relationship between undrained shear strength and 
consolidation pressure. 
 

 
 

Fig 4. Undrained shear stress cu versus vertical consolidation 
pressure σvc 

 
 
The equation relating the shear strength and the effective 
consolidation pressure for fibrous peat used in this study is: 
 

Cu(mod) = 10.10 +0.06 σvc                                  (2) 
 

It can be seen from Eq.(1) that the initial undrained shear 
strength of the peat soil predicted by the equation agrees with 
average undrained shear strength obtained by field vane shear 
test. The initial value of undrained shear strength from vane 
shear in the field (cu mod) is 10.10 kPa. The increase in 
undrained shear strength is small, however, very small as 
compared to the published data may be due to the anisotropy 
of the fiber in the soil. The relationship shown in Eq.(2) 
allows the estimation of strength allows a means of estimation 
strength gain due to consolidation pressure and to get the 
modified shear strength cu (mod) of the peat. The result proves 
that the shear strength value can be improved when subjected 
to consolidation pressure; eventhough the increase is small. 
 
 
4. SUMMARY AND CONCLUSION 
 
The study on the shear strength improvement of peat due to 
application of consolidation pressure was conducted on this 
project for fibrous peat sampled from Pontian, Johor. The 
objective was to find the ratio of strength increase with the 
increase in consolidation pressure. Consolidation pressure 
applied to the soil prior to Triaxial Compression Test under 
Undrained Unconsolidated condition have the effect of 
increasing the shear strength obtained from the test. The 
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average value of undrained shear strength from test results are 
13 kPa, 15.66 kPa, 21 kPa and 21.66 kPa under consolidation 
pressure of 50 kPa, 100kPa, 150 kPa, and 200 kPa 
respectively. The relationship derived from the Triaxial test 
results shows an initial undrained shear strength equal to that 
obtained from field vane shear test (cu= 10.10 kPa).  
However, the ratio of strength increase is only 0.06 which is 
much lower compared to previously published data may be 
due to high fiber content. 
 
 
NOTATION 
 
The following symbols are used in this paper: 
 
c  Cohesion value of soil 
c’     Apparent cohesion in terms of effective stress 
cu  Undrained shear stress 
cu(mod)   Undrained shear stress modify 
cu(initial)   Undrained shear stress initial 
φ     Angle of internal friction soil 
φu     Undrained angle of internal friction soil 
τ f     Shear stress at failure of soil 
τ     Shear stress of soil 
ε     Strain 
σn     Normal stress due to applied vertical load 
σ’v    Effective vertical consolidation pressure 
σv c    Vertical consolidation pressure 
σ1     Major principal stresses 
σ2     Intermediate principal stresses 
σ3     Minor principal stresses 
σ’1c    Effective major principal stresses 
σ’ 3c    Effective minor principal stresses 
σ1-σ3   Principal total stress difference 
σ1

’-σ3
’   Principal effective stress difference 

σ1/σ3    Principal effective stress ratio 
σ1’/σ3’   Principal total stress ratio 
λcu    Coefficient ratio of undrained shear strength 
λ     Coefficient ratio of shear strength 
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1. INTRODUCTION 
Rapid drawdown of storage water level is a critical design 
mechanism for most reservoirs particularly in situations such 
as post earthquake damage or piping events. Rapid 
drawdown of water levels in reservoirs with earth dams can 
lead to failure of the upstream slope. A number of such 
failures are listed by Morgenstern [8]. 
  
Prior to reservoir drawdown, steady-state seepage conditions 
can be assumed within the dam materials and the hydrostatic 
pressure resulting from the reservoir water helps to partially 
stabilize the upstream dam slope. The reservoir drawdown 
could establish undrained conditions and development of 
excess pore-water pressures that could dissipate with time 
(transient seepage). These scenarios could cause instability 
and consequently lead to failure of the slope. The instability 
of the slope during a reservoir drawdown can be affected by 
a range of factors including drawdown rates, slope 
inclinations and soil properties of earth dam materials [1], 
[2], [7], [8], [11]. Transient seepage and the instability of the 
earth dam slope induced by rapid drawdown can be affected 
by the unsaturated properties of dam materials such as 
hydraulic conductivity functions and unsaturated shear 
strength.  
 
This paper presents the analytical outcomes of an earth dam 
during a drawdown regime. The analysis undertaken 

                                                         
 

considered the effects of the saturated and unsaturated 
properties of dam materials, the saturated hydraulic 
conductivity of the dam embankment soil, and the 
drawdown rate of the reservoir on the upstream slope 
stability of the dam. The influences of pore-water pressures 
or transient seepage on the slope stability were analysed by 
coupling SEEP/W [5] with a stability analysis tool, 
SLOPE/W [6]. The outcomes generated from this analysis 
could form the basis for determining a safe drawdown rate 
and a safe drawdown level for some Queensland earth dams.  

2. MODEL DAM AND MATERIAL PROPERTIES 
The dam configuration shown in Fig. 1 and material 
properties listed in Table 1 were used in this study. The 
dimensions, material zones and soil properties of the dam 
cross section were chosen to be generic representatives of 
existing earth dams in Queensland, Australia. For this, 
geometries and material properties of a range of earth dams 
were studied based on the data provided by the Queensland 
Bulk Water Supply Authority (Seqwater); the dam owner in 
South East Queensland. 
 
Apart from basic geometry and material properties, the soil 
water characteristic curves (SWCCs) form a critical part in 
the analysis of the earth dam with unsaturated material 
conditions. Since the measured SWCCs for the dam 
materials were not available, SWCCs (see in Fig. 2) assigned 
for the clay core, embankment soil and sand filter were 
estimated from their grain-size data [4]. 
 

ABSTRACT 
 
The drawdown of reservoirs can significantly affect the stability of upstream slopes of earth dams. This is due to the 
removal of the balancing hydraulic forces acting on the dams and the undrained condition within the upstream slope 
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slope inclination and soil properties. This paper investigates the effects of drawdown rate, saturated hydraulic 
conductivity and unsaturated shear strength of dam materials on the stability of the upstream slope of an earth dam. In 
this study, the analysis of pore-water pressure changes within the upstream slope during reservoir drawdown was 
coupled with the slope stability analysis using the general limit equilibrium method. The results of the analysis 
suggested that a decrease in the reservoir water level caused the stability of the upstream slope to decrease. The dam 
embankment constructed with highly permeable soil was found to be more stable during drawdown scenarios, 
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than that calculated using unsaturated shear strength properties. In general, for all the scenarios analysed, the lowest 
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Fig. 2. SWCCs for dam materials 

 
 

3. MODELLING AND ANALYSIS 
The analysis undertaken includes transient seepage analysis 
to determine pore-water pressures during drawdown and 
stability analysis of the upstream dam slope. Both analyses 
were conducted in automatic coupled mode. For the analysis, 
each material zone was assumed to be homogeneous and 
isotropic. 
 
 

3.1 Seepage Analysis 
The finite element (FE) method available in SEEP/W was 
employed to simulate 2-D steady-state and transient seepage 
in the earth dam before and during the rapid drawdown, 
respectively. This program solves the general governing 
differential equation for two-dimensional seepage shown in 
Eq. (1) using FE method. 
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where H = total head, kx = hydraulic conductivity in the x-
direction; ky = hydraulic conductivity in y-direction; Q = 
applied boundary flux; θ = volumetric water content; and t = 
time.  
 
The FE mesh shown in Fig. 3 was used to replicate the dam 
structure. The mesh was defined as an unstructured pattern 
of quadrilateral and triangular elements with 3 and 4 nodes 
respectively. Prior to drawdown simulation, the dam was 
analysed for steady-state seepage conditions, assuming the 
reservoir water level at the dam crest (elevation of 25.4 m) is 
a critical situation. For this, the boundaries ABC and DE in 
Fig. 3 were defined as constant total head boundaries with 
the values of 25.4 m and 9.2 m respectively. The 
corresponding saturated hydraulic conductivity values 
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Fig. 1. Geometry and material zones of the earth dam 

 
Table 1. Properties of the earth dam materials 

Material properties Symbol Unit Value 
Clay core  Embankment Sand filter  Foundation 

Saturated hydraulic conductivity ksat  m/sec 1.2x10-10 3x10-7 4.9x10-3 3.9x10-6 
Saturated unit weight γsat kN/m3 20 20.5 20.5 19.2 
Effective cohesion c’ kPa 7 18 0 21 
Effective friction angle φ’ degree 29 30.8 34 32.3 
Volume compressibility coefficient Mv m2/kN 18x10-5 12 x10-6 0 12x10-6 
Volumetric  water content θw m3/m3 0.4 0.35 0.31 0.33 
Diameter at 10% passing on  
a grain–size curve D10 mm 0 0.06 0.3 0.05 

Diameter at 30% passing on  
a grain–size curve D30 mm 0.004 0.6 1 0.5 

Diameter at 60% passing on  
a grain–size curve D60 mm 0.07 0.8 1.6 1.2 

Liquid limit LL percent 51 30 0 31 
Plastic limit PL percent 20 16 0 13 
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tabulated in Table 1 were assigned for the defined material 
zones in the dam. 
 
Outcomes of the steady-state seepage analysis were then 
used to define the initial pore-water pressure distribution for 
the transient seepage analysis. To simulate the reservoir 
drawdown numerically, the upstream boundary (ABC) 
condition was defined by a total head function. This type of 
boundary will allow the user to define the change in total 
head as a function of time. For transient seepage analysis, 
the total head of the upstream boundary was decreased 
linearly from 25.4 m to 9.2 m at different rates of the 
reservoir drawdown. During the drawdown, the conditions 
of the dam materials could change from saturated to 
unsaturated and thereafter the saturated hydraulic 
conductivity of each dam material should be defined as a 
function of suction. Since the laboratory measured hydraulic 
conductivity functions of the dam materials were not 
available, Fredlund and Xing’s method [3] was used to 
estimate the hydraulic conductivity function of each material 
using its SWCC and saturated hydraulic conductivity. The 
transient seepage analysis of the dam during reservoir 
drawdown will give the variation of pore-water pressures 
with drawdown time throughout the FE mesh. 
 

3.2 Stability Analysis 
 To analyse the stability of upstream slope of the dam during 
drawdown, the GLE method available in SLOPE/W was 
employed. In this study, the entry (DEFG) and exit (ABC) 
method was used to define trial failure surfaces (as shown in 
Fig. 4) for each simulation scenario. The software analyses 
all the trial surfaces to obtain a critical surface with a 
minimum safety factor for each drawdown scenario. 
 

Since the drawdown of reservoir produces unsaturated 
conditions in the dam materials such as clay core, 
embankment and sand filter, the unsaturated shear strengths 
of the materials were taken into account. In this analysis, Eq. 
(2) proposed by Vanapalli et al. [10] was used to estimate 
the unsaturated shear strength of the materials. Therein, 
effective shear strength parameters and SWCCs were needed 
to estimate the unsaturated shear strength of the materials.  
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where τ = shear strength of saturated/unsaturated soil; c’= 
effective cohesion of unsaturated soil; σn = total normal 
stress on the failure plane of the soil; φ’ = effective friction 
angle; (ua– uw) = matric suction in the failure plane of the 
soil; ua = pore-air pressure in unsaturated soil; uw = pore-
water pressure; θw = volumetric water content; θs = saturated 
volumetric water content; and θr = residual volumetric water 
content which can be assumed to be equal to 10% of θs. 
 
In this study, pore-water pressure changes obtained from the 
transient seepage analysis were used for the stability analysis 
of the upstream dam slope at different stages of drawdown.  
  

4. RESULTS AND DISCUSSIONS 

4.1 Effects of Saturated Hydraulic Conductivity of 
Embankment Soil on the Slope Stability 

To investigate the effects of saturated hydraulic conductivity 
(ksat) of embankment soil on the stability of the upstream 
dam slope in terms of safety factor (FOS), the analysis 

Fig. 3. Finite element mesh of the earth dam used in SEEP/W 
 
 
 

Fig. 4. Model dam and some of trial failure surfaces used in stability analysis in SLOPE/W 
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described in section 3 was repeated for different ksat values 
of embankment soil (e.g., 3x10-3, 3x10-5, 3x10-7, 3x10-9 
m/s). For this, the reservoir drawdown rate of 1 m/day was 
used. It is reported that the common range of drawdown rate 
is from 0.5 to 1 m/day in dam engineering applications [9]. 
The SWCCs of the dam materials were used for the entire 
analyses. The results of the analyses are shown in Fig. 5. 
 
 

 
Fig. 5. Variation of FOS of upstream dam slope with 

reservoir drawdown and unsaturated soils. 
 
 
As shown in Fig. 5, for a given ksat of embankment soil, the 
FOS of the upstream slope of the earth dam decreases with 
the reservoir drawdown and reaches the lowest value when 
the reservoir is lowered about 1/2 to 2/3 of the adopted 
drawdown regime (16.2 m). The removal of the balancing 
hydraulic forces acting on the upstream slope due to the 
reservoir drawdown is the main reason for a decrease in the 
FOS of the slope. The temporary undrained condition within 
the dam created by the drawdown leads to a decrease in the 
shear strengths of the dam materials which, in turn, cause the 
FOS of the slope to decrease. As shown in Eq. (2), an 
increase in pore-water pressures causes a decrease in the 
shear strengths of the dam materials. The FOS of the slope 
increases slowly from its minimum value as the reservoir 
water is further drawn. When the reservoir level is reduced 
from 1/2 to 2/3 to the end of the drawdown regime, the shear 
strengths of the dam materials increase due to the pore-water 
dissipation. This has positive effects on the stability of the 
slope.  
 
Saturated hydraulic conductivity (ksat) of the embankment 
soil exerts a significant influence on the upstream slope 
stability during reservoir drawdown. It can be seen from Fig. 
5 that during the early stages of drawdown (0 to 1/4 of 
drawdown regime) the upstream slope of the dam 
embankment constructed with low ksat soil is more stable 
than that constructed with high ksat soil. However, as the 
reservoir level decreases further, this behaviour changes by 
making the high ksat embankment soil more stable than the 
low ksat embankment soil. It was noted that the saturated 
zone (area below the phreatic surface) under the steady–state 

seepage conditions is larger for the high ksat embankment 
soil than the low ksat soil. Since a high ksat embankment soil 
allows water to penetrate deeper into the dam, the production 
of a larger saturated zone would be the primary reason for 
having the low FOS during the early stages of drawdown for 
the high ksat embankment soil. The pore-water pressures in a 
smaller saturated area within the low ksat soil may dissipate 
faster than that of a larger saturated area within the high ksat  
soil and so an embankment slope with less excess pore-water 
pressures is more stable than that with more excess pore-
water pressure or a larger saturated area. When the reservoir 
water level is decreased further (about 1/4 to the end of the 
drawdown regime), the difference between the areas of the 
saturated zone within the dam constructed with the low ksat 
embankment soil and that within the high ksat soil is of no 
consequence. Also, the pore-water pressure within the high 
ksat embankment soil can dissipate faster than that within the 
low ksat soil. As a result, at the given drawdown level, the 
shear strength of the high ksat soil is larger than that of the 
low ksat soil. 
 
In this study, the effects of using saturated and unsaturated 
shear strength properties for the stability of the upstream 
slope during rapid drawdown of the reservoir were 
investigated. The pore-water pressures obtained from the 
transient seepage analyses conducted at the reservoir 
drawdown rate of 1m/day for different saturated hydraulic 
conductivity values of the embankment soil (e.g., 3x10-3 and 
3x10-7 m/s) were used for stability analysis with saturated 
shear strength (τsat) and unsaturated shear strength (τunsat) 
properties of dam materials. Hydraulic conductivity 
functions and SWCCs were not considered for the 
calculations of saturated shear strengths of the dam 
materials. 
 
 

 
Fig. 6. Variation of FOS of upstream dam slope with 

unsaturated and saturated soils. 
 

 
The results shown in Fig. 6 depict that the trend of the FOS 
variation of the upstream dam slope with saturated shear 
strength is similar to that observed for the dam materials 
with unsaturated shear strength. During the drawdown, the 
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slope stability calculated using saturated shear strength is 
slightly higher than that calculated using unsaturated shear 
strength. It is noted that the saturated (wetting) zone under 
the steady–state seepage is larger in the dam with 
unsaturated materials than that with saturated soils. Since the 
unsaturated materials allow water to penetrate deeper into 
the dam due to soil suction, the production of a larger 
wetting zone would be a primary reason for having the low 
FOS for the dam with unsaturated materials. The pore-water 
pressures in a smaller wetting zone within the dam with 
saturated materials may dissipate faster than that in a larger 
wetting zone within the unsaturated dam materials and so a 
dam with low pore-water pressures or smaller wetting zone 
is more stable than that with high pore-water pressures and 
larger wetting area. As a result, the upstream slope of 
saturated dam materials is more stable than that of 
unsaturated dam. However, it is noted that defining saturated 
conditions for the dam materials may lead to inaccurate 
results. In the real situation earth dam materials such as clay 
core, embankment and sand filter are not fully saturated even 
though the reservoir level is level to the dam crest. 
 

4.2 Effects of Drawdown Rate on the Slope Stability 
To investigate the effects of drawdown rate (R) on the 
stability of the upstream slope during the reservoir 
drawdown, the method of analysis described in section 3 was 
repeated for various drawdown rates (e.g., 8 m/day, 6 m/day 
2 m/day and 0.5 m/day). The results of the analysis are 
shown in Fig. 7. 
 
 

 
Fig. 7. Variation of FOS of upstream dam slope with 

different drawdown rates 
 
 
As shown in Fig. 7, the FOS of the upstream slope of the 
dam increases as the drawdown rate decreases. The low 
drawdown rate allows more time for the pore-water pressure 
dissipation from the saturated zone within the dam. 
According to Eq. (2), the dissipation of pore-water pressure 
increases the shear strength of the dam materials. The pore-
water pressure within the materials can reduce to a negative 
value (suction) during the dissipation process, and 

consequently the slope stability increases. By contrast, the 
higher drawdown rate or rapid drawdown (e.g., 8 m/day) 
will not allow enough time for pore-water pressure 
dissipation. Therefore, the shear strength increase of the dam 
materials subjected to a higher drawdown rate is less than 
that of the materials at a lower drawdown rate.  
 

5. CONCLUSION 
The effects of saturated hydraulic conductivity of 
embankment soil and the drawdown rate of the reservoir on 
the stability of the upstream slope of an earth dam subjected 
to reservoir drawdown were investigated incorporating 
unsaturated soil properties. The following conclusions were 
drawn from this analysis: 
  
• Stability (FOS) of the upstream slope of an earth dam 

decreases with the drawdown of the reservoir and 
reaches the minimum FOS at a reservoir water level of 
about 2/3 of the total drawdown height. Further decrease 
in the reservoir water level induces a gradual increase in 
the FOS of the upstream slope. 

• During the drawdown of reservoir, the upstream slope of 
the earth dam constructed with highly permeable 
embankment soil is more stable than that of the dam with 
low permeable embankment soil. 

• A low rate of reservoir drawdown increases the stability 
of the upstream slope of the earth dam. 

• Throughout the drawdown regime, the stability of the 
upstream slope calculated using the saturated shear 
strength of the dam materials is slightly higher than that 
calculated using unsaturated shear strength. 
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ABSTRACT 
A two-dimensional (2-D) lateral stress was modeled as a result of matric suction change 
caused by vegetative induced moisture transfer. The negative pore-water pressures are 
estimated through governing partial differential equations for unsaturated soils. The results of 
the of simulated root water uptake are used as an input for the prediction of 2-D lateral stress 
in a stress-deformation analysis in an uncoupled manner. The soil is allow to expand and 
contract free laterally, as the as water is being abstracted from the soil. A mature Lime tree 
located on a Boulder clay sub-soil for period covering a full spring/summer drying period was 
used as a case study. The result shows interdependence of lateral and vertical stress generated 
resulting from root water-uptake. 

 
Key words: Unsaturated soils, numerical, water-uptake, simulation, stress-deformation, experimental. 
 
1. INTRODUCTION 
When a material is compressed in one direction, it 
usually tends to expand in the other two directions 
perpendicular to the direction of compression, this 
phenomenon is known as the Poisson effect. The 
coefficient of lateral stress is a measure of the 
magnitude of the Poisson effect. In general soil 
mechanics, the deformation of soil matrix is 
analyzed as a result of increase in applied load, 
whereas in groundwater field, the soil deformation 
is studied due to extraction of groundwater. In both 
cases, a soil displacement takes place, because pore 
volume decreased [1]. Withdrawal of water by 
plant roots results in change in water pressures and 
moisture content in the soil. Soil settlement occurs 
whenever there is an increase in effective confining 
stress. In prediction of soil movement two 
fundamental stages are generally involved; an 
assessment of the changes in moisture conditions 
and the knowledge of the volumetric strains 
induced by these change. A horizontal and vertical 
distribution of roots determines the dispersal of 
root water-uptake [1]-[2] 
This paper employed two-dimensional axi-
symmetrical finite element approach to solve the 
transient partial coupled flow and stress-
deformation equations. The study was based on 
case study of mature single lime tree on a Boulder 
Clay as reported by [3], with the following 
objectives; to employ two-dimensional axi-
symmetrical finite element approach to solve the 
transient partial coupled flow and deformation 
equations and to simulate the water-uptake and 
deformation. The capillary potential was estimate 
as a result of the root water-uptake was partial 
coupled to estimate the lateral and vertical 

displacements as a result of vegetative induced 
matric suction changes.  
 
2. THEORETICAL FORMULATIONS SOIL 

MOISTURE MOVEMENT 
The first step is dealt with through the use of 
modified Richard equation [4]; two-dimensional 
axi-symmetric governing equation for unsaturated 
soils with sinks term: 
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Where K(ψ) is the unsaturated hydraulic 
conductivity, t is the time, r and z are the 
coordinate, θ is the volumetric moisture content 
and ψ is the capillary potential, S(r, z) is the root 
water extraction function and r is the radial 
coordinate. 

The root water-uptake extraction function is the 
sink term S(ψ, z, r)  in the Equation 1; for water-
uptake in two-dimensional axi-symmetric form [5].  
Comprising of vertical and radial components 
incorporating water stress function when soil 
moisture is limiting: 









−








−=

rrrr r
r

z
z

rz
TrzS 11)(4),,( ψαψ   (2)                                                       

mailto:muazu@ic.utm.my
mailto:nazriali@utm.my
http://en.wikipedia.org/wiki/Materials


514 
 

Where ( )ψα  (dimensionless) is a prescribed 
function of the capillary potential referred to as 
water-stress function.  

The numerical solution of Equation 1 was achieved 
via the finite element spatial discretization 
procedure and a finite-difference time-stepping 
scheme adopting particular Galerkin weighted 
residual approach. The parabolic shape functions 
and eight-node isoperimetric elements are 
employed [6]. 
 
3 GROUND DISPLACEMENT 

THEORETICAL FORMULATION 
The second step is tackled through stress-
deformation formulation considering unsaturated 
soil mechanics concept using ground water field 
concept. Constitutive relationships are to 
compliment governing flow equation, thus, 
providing additional relationship between 
deformation and stress state variables. A change in 
the negative pore-water pressure occurs as a result 
of root water-uptake and can be related to changes 
in soil volume through the use of constitutive 
relations. Swelling in the field occurs along the 
rebound curve at an overburden pressure. 
Shrinkage occurs along either a recompression 
curve or the virgin compression curve. While the 
soil is a normally consolidated clay with a 
consolidation behavior that can be described by; 
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Where de is the change of void ratio in the element, 
Cr is the re-compression index, σv is the vertical 
total stress, Δσv is the change in the total vertical 
stresses, uwf is the final pore water pressure, and 
(ua-uw)e is the matric suction equivalent [7]. 
 
4 DISCRETIZATION, BOUNDARY AND 

INITIAL CONDITIONS 
The mesh consists of 8-noded isoperimetric linear 
strain quadrilateral elements. The entire finite 
element mesh consists of 1281 nodes and 400 
elements; the axi-symmetric domain is shown in 
Figure 1. The mesh was configured to offer some 
refinement within the root zone area, since this is 
the region where the most significant moisture 
content variations were expected to occur.. Spatial 
discretisation has been achieved via the finite 
element mesh shown in Figure 1.  

Mature Tree

1281 nodes
400 elements

10 m

10 m

 

Figure 1 Finite element mesh (10 m x 10 m) 
 
The simulation employs a time-step size of 21600 
seconds, which was held constant for the entire 
period considered. The lower boundary of the 
domain and the far-field vertical and horizontal 
boundaries remained unconstrained (natural) 
throughout the simulation. The soil parameters are 
shown in Table 1 for Boulder clay. Based on the 
field observations provided by [3], the root zone of 
matured Lime tree is assumed to extend to a depth 
of 2.0 m and a radial distance of 5.0  
 
Table 1 Parameters used in the analysis for Case I 

Parameters Values References 
ks 10-6 m/s [3] 
Ta 5 mm/day [3] 
ψd 1500 kPa [8] 
γ 19.65 kN/m3 [9] 
e0 1.25 [10] 
Cr 0.023 [11] 
µ 0.30 [12] 
θr 0.1 [5] 
θs 0.55 [5] 
α 0.028 [5] 
m 0.29 [5] 
n 1.4 [5] 
l 0.5 [5] 

 
Where  Ks is saturated hydraulic conductivity, Ta 
is actual transpiration rate, Ψw is suction at wilting 
point, γ is unit weight of soil, e0 is initial void ratio, 
Cr is re-compression index, µ is Poisson’s ratio, θr 
is residual water content, θs is saturated water 
content, α is water stress, m is empirical shape 
fitting parameters, n is empirical shape fitting 
parameters and l is soil specific parameter 
generally assumed to be 0.5. The required soil 
moisture retention characteristics and unsaturated 
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hydraulic conductivity was simulated from the 
closed form equation developed by [13]. 
 
5 CASE STUDY ON MATURE LIME TREE 

ON BOULDER CLAY 
The particular experimental data is based on the 
field measurements undertaken at a site located at 
Stacey Hall, Wolverton, England [14].  The case 
considered here relates to a single mature Lime 
tree, 15 m in height, located on a Boulder clay sub-
soil. A uniform initial value of capillary potential 
of -17 cm was applied throughout the domain; 
representing an initial volumetric water content of 
37.5 % which corresponds to a degree of saturation 
of approximately 93.75 % was used as an initial 
value of capillary potential. The initial value of 
capillary potential would be in steady state and the 
subsequent steady state value is applied to the 
simulation. The drying phase was represented via 
the application of the transpiration rate.  
 
6 Results and Discussions 
The graphs of variation of lateral and vertical 
ground displacement with depth at various lateral 
distances from Lime tree after 30 days are shown in 
Figs. 2 and 3. Lateral ground displacements are 
denoted with positive signs while the vertical 
ground displacements are denoted with negatives 
signs.   
 

 
Fig. 2 Variation of lateral ground displacement 
with depth at various lateral distances from Lime 
tree after 30 days. 
 
The vertical displacements seem to be lager in 
magnitude than the lateral displacements. For 30 
days simulation 7.13 mm vertical ground 
displacement at zero lateral distance from the Lime 
tree was achieved compared to zero lateral ground 
displacement at the same lateral away from the 
lime tree.  The result shows that there is no lateral 
ground displacement beneath the Lime tree.  

 
Fig. 3 Variation of vertical ground displacement 
with depth at various lateral distances from Lime 
tree after 30 days. 
 
The variations of lateral and vertical ground 
displacement with depth at various lateral distances 
from Lime tree after 190 days are shown in Figs. 4 
and 5.  Fig. 4 show lateral ground displacement for 
190 days simulation, a zero lateral displacement 
was recorded at zero lateral distance from the Lime 
tree. 18.67 mm, 19.34 mm and 6.76 mm lateral 
ground displacements at 1.4 m, 3.0 m and 4.9 m 
away from the lime tree respectively are simulated. 
At distance of 7.5 m and 10.0m away from Lime 
tree, -12.23 mm and -15.11 mm lateral ground 
displacements are simulated.  This means at the 
distance of 7.5 m and 10.0 m away from the lime 
tree the effect of root water uptake is negligible. 
This shows that there is likely expansion instead of 
lateral shrinkage of the Boulder Clay. 
 

 
Fig. 4 Variation of lateral ground displacement 
with depth at various lateral distances from Lime 
tree after 190 days. 
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The vertical ground displacements are shown in 
Fig. 5. Vertical ground displacements -79.16 mm, -
48.70 mm, -29.64 mm and -6.58 mm at 0.0 m 1.4 
m, 3.0 m and 4.9 m away from the lime tree 
respectively are shown in Fig. 5. At distance of 7.5 
m and 10.0m away from Lime tree, 6.70 mm and 
6.11 mm vertical ground displacements are 
simulated.  Similarly, its means at the distance of 
7.5 m and 10.0 m away from the lime tree the 
effect of root water uptake is negligible. This 
shows that there is likely heave instead of vertical 
ground displacement of the Boulder Clay. 
  

 
Fig. 5 Variation of vertical ground displacement 
with depth at various lateral distances from Lime 
tree after 190days. 
 

 
Fig. 6 Variation of lateral ground displacement 
with depth at various lateral distances from Lime 
tree after 270 days 
 

 
Fig. 7 Variation of vertical ground displacement 
with depth at various lateral distances from Lime 
tree after 270 days 

Lateral and vertical ground displacements with 
depth at various lateral distances from Lime tree 
after 270 days are shown in Figs. 6 and 7.  The 
sequence is the same with Figs. 2, 3, 4 and 5, both 
vertical and lateral displacement increase with an 
increase in elapse time and decreases with depth.   
 

7. CONCLUSIONS  
The approach proposed utilizes radial symmetry 
and a linear distribution of water extraction rate 
with both depth and radius. The results of the root 
water-uptake analysis are then used as an input for 
the prediction of displacements in a stress-
deformation analysis in an uncoupled manner. A 
mature Lime tree located on Boulder clay sub-soil 
covering a full spring/summer drying period was 
considered for the case study. The majority of the 
moisture extraction occurred near the surface; 
likewise, the ground displacement occurred mostly 
near the ground surface. Ground displacement 
reduced significantly when the distance from the 
tree increased. Both lateral and vertical 
displacements are time and space dependent. The 
accuracy of the lateral ground displacement 
simulation depends on accurate determination of 
the magnitude of the Poisson effect.  
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1. INTRODUCTION 
When a roadway is introduced in a rock mass, its natural state 
of stress is disturbed locally as the rock mass attains a new 
state of equilibrium. These redistributed or induced stresses 
have a definite zone of effect within which rock failure may 
occur, creating a zone of disturbed or failed rock which 
should be supported [1]. In urban subway, rock bolts have 
been introduced in recent years and the mechanism of rock 
bolting has been studied by a great many scientists [2]. 
Consideration of earthquake ground motions, the way they 
propagate through the earth, their characteristics description 
at a certain location and methods for incorporating this 
information into engineering designs have been the subject of 
considerable research and interest so far. The energy released 
from a source mechanism will travel in the form of seismic 
waves through the rock formation where some energy 
absorption takes place. The seismic waves will be reflected 
and refracted as they approach the zone of special interest. 
Numerous studies on different earthquakes where site 
amplification caused substantial damage and collapse of 
many buildings are available (Romo and Seed 1986). 
Observations made after the destructive earthquakes have 
shown a correlation between damage and local geology, with 
the destruction being larger on soft soil than hard soil or rock 
(Duck 1958; Medvedev 1965; Seed, 1986) [3]. Dynamic 
effects on underground structures have often been neglected 
based on the assumption that their response to earthquake 
loading is relatively safe as compared to that of surface 
structures. Nevertheless, several examples of recorded  

 
 
 

 
 
damage to underground structures for which seismic forces 
were not considered in the original design can be quoted. For 
example, Hashash et al. [1] describe the collapse of the 
Daikai subway station in Kobe during the 1995 Hyogoken-
Nambu earthquake, the damages to highway tunnels in 
Central Taiwan during the 1999 Chi-Chi earthquake and the 
collapse of the Bolu tunnel in Turkey during the 1999 
Koceali earthquake.  Another example is the south-Hyogo 
earthquake of 17th Jan 1995 did serious damage to subway 
stations in Kobe. So investigating the effects of earthquakes 
on underground structures and their behavior during 
earthquakes has been the subject of many studies so far 
(Konagai 1998, Hashash et al 2001). In this study the 
analysis performed by considering three actual ground 
motion records representing seismic motions with low, 
intermediate and high frequency content of a/v (pick ground 
acceleration in g to pick ground velocity in m/s) so as to 
discuss the effect of frequency content on seismic response 
of pre-stress rock bolt on displacement and force on the 
urban subway tunnel. The principal object of rock bolting is 
to help the rock mass to support itself. Bolts often act to 
increase the stress and the frictional strength across joints, 
encouraging loose blocks or thinly stratified beds to bang 
together and act as a composite beam [4]. Rock bolts are 
always installed with tension and the pre-tensioned effect 
has been studied by a number of researchers and most results 
are reported to be positive. Firth and Thomas argued that 
active preloads modify roof behavior by dramatically 
reducing bed separation and delimitations in the immediate 
0.5–0.8 m of the roof [5]. Peng stated that resin-assisted 
point-anchor tensioned bolts can be used to clamp thinly 
laminated roof beds into a thick beam that is more resistant 
to bending [6]. Stankus and Peng added that by “increasing 
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frictional resistance along bedding planes, roof sag and 
defection is minimized and the lateral movement due to 
horizontal stress is unlikely to occur” [7]. Kang and Zhang 
also stated positive attribudes on the pre-tensioned rock bolts 
 [4]. Generally, pre-tensioned rock bolts are said to be more 
efficient than bolts without pre-tension, because a stronger 
beam can be built with the same bolt by utilizing a larger 
installed load. But in these all investigations researcher 
consider only the static behavior of rock bolt and therefore 
seismic behavior of pre stressed rock bolt is less or not taken 
into consideration. Therefore in this study we tend to describe 
the effect of pre-tensioned rock bolt in three different  of 
frequency content and three pre-tensioned force on the 
seismic behavior of urban tunnels.  
 

2   GENERAL PROPERTIES OF THE SIMULATED 
MODEL AND OTHERS 

A circular tunnel is considered with 6 (m) interior diameter 
and the 30 (cm) thickness the center of model is located 16 
(m) below the ground surface, is selected as the reference 
underground structure for the present case study. The lining 
is assumed to be composed by 0.35m thick precast concrete 
segments characterized by the following linear visco-elastic 
parameters  as shown in table [2]. 

In the analyses, first, the primary state (static analyses) is 
defined then the dynamic analysis is performed. soil and the 
concrete body of the tunnel are both modelled using visco-
elastic constitutive model with consideration of Rayleigh 
damping coefficients of the materials in general, when 
linear-elastic or linear-visco-elastic models are employed to 
describe the soil behavior, particular effort should be put in 
the selection of the stiffness and damping parameters 
compatible with the effective deformation level expected 
during the earthquake. The physical properties and 
mechanical parameters of both materials are reported in 
Table [1]. The assumed profile of the small-strain shear 
stiffness G0 with depth (Fig [1]) was calculated adopting the 
relationship proposed by Viggiani and Atkinson used in this 
study [8]. 
 

 
 

Fig [1]. Profile of small-strain shear stiffness G0 

In the present study, all of the models are subjected to three 
different natural ground motion records with different 
frequency contents representing seismic motions with high 
intermediate and low magnitude of a/v (pick ground 
acceleration in g to pick ground velocity in m/s) classified as 
Hav, Iav and Lav, respectively, as shown in figures [2],[3] 
and [4]. The earthquakes' properties are presented in Table [1] 
including their magnitude, maximum acceleration, velocity, 
time duration, their classification, and location of their 
occurrence. In order to investigate the effect of pre-tensioned 
rock bolts on the seismic behavior around the roadway tunnel, 
five similar models were constructed in our present study. All 
model parameters, except the tunnel support patterns, were 
similar in the five models. The first model was unsupported 
and the second model was supported with no pre-tensioned 
force, other three models were supported by pre-tensioned 
rock bolts with pre-tensioned forces (20-60-100) kN/m, 
respectively.  On the other hand, the number of bolts used in 
this study is 4 and 8 that have been used as a symmetric and 
spacing from each other in Z direction is selected 1 m. 
 

Table [1].Earthquakes properties 

 
 

 
Fig [2]. Selected accelerogram for hav earthquake 

 

 
Fig [3]. Selected accelerogram for Iav earthquake 
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Fig [4]. Selected accelerogram for Lav earthquake.  

 
 

Table [2]. Material properties used in this analysis. 

 

3   FINITE ELEMENT MODELING 
The length, width and height of the model were 150 m, 1 m 
and 60 m respectively. A circular roadway (internal diameter 
6 meter) was placed in the center of model is located 16 (m) 
below the ground. The coupled numerical analyses were 
performed with the finite element code PLAXIS2D [9], a 
two-dimensional (plane strain and axi-symmetric) FE code 
that implements the coupled Biot dynamic equations [10], 
adopting the so-called u–p simplification (where u is the 
skeleton displacement and p the pore pressure), assuming as 
negligible the fluid acceleration relative to the solid skeleton. 
The code adopts the Generalised Newmark method [11] for 
the time integration under dynamic conditions. In this study, 
the following standard values of the Newmark’s constants 
were selected in all the analyses illustrated in this 
paper:αN=0.3025 and ßN=0.6. Those values ensure that the 
algorithm is unconditionally stable, while being dissipative 
only for the high- frequency modes. In the dynamic solution, 
the code allows to introduce frequency-dependent viscous 
damping by means of the Rayleigh formulation, the damping 
matrix being defined as follows: 
 
 [C]= αR[M]+ ßR[K]                                                          (1) 
 

Where M and K are the mass and the stiffness matrix of the 
system, respectively. The coefficients αR and ßR are obtained 
considering the following relationship with the damping ratio 
D [12]: 

  
Where wn and wm are the angular frequencies related to the 
frequency interval fn/fm in which the viscous damping is 
equal to or lower than D. 

The boundary conditions adopted for the static stages of the 
analyses were the standard ones: nodes at the bottom of the 
mesh were fixed in both vertical and horizontal directions, 
while those along the lateral sides were only fixed in the 
horizontal direction. In the dynamic analyses, the bottom of 
the model was assumed to be rigid and the lateral sides were 
characterised by the viscous boundaries proposed by Lysmer 
and Kuhlmeyer with parameters a=1 and b=0.25  

Suitable constitutive elasto-plastic relations were chosen 
to represent the mechanical behavior of the soil and concrete 
body of the tunnel using the Mohr-Coulomb failure criterion 
which has been adopted throughout the PLAXIS2D analysis. 
In addition to its robust constitutive models, PLAXIS2D also 
includes various structural support elements. The structural 
element called ‘node to node anchor’ represents rock and 
soil support as an axial force along a line and this approach 
suffices for most soil and cable bolts under practical 
conditions. In this study the length bolts are selected 3 
meter. The grout around the node to node anchor is modeled 
with geogrid that can be tolerated only tension. Impervious 
interface elements were also introduced to model the 
interaction between the lining and the soil, soil and node to 
node anchor according to the formulation summarised in the 
manual of the code. In particular, the interface was 
characterised by values of the shear strength parameters 
equal to 0.7 those of the surrounding soil. The mesh 
employed in the present study is reported in Fig [5]: it is 
characterised by a width equal to eight times its height, in 
order to minimise the influence of boundary conditions on 
the computed results. The domain was discretised in a total 
number of 1580, 15-node plane strain triangular elements. In 
the central part of the mesh, where the tunnel is located, the 
characteristic dimension of the elements h always satisfies 
the condition:  
      
h≤hRmaxR = VRsR/0.857fRmax 
 

Where VRsR is the shear wave velocity and fRmaxR is the 
maximum frequency of the seismic signal. 
In this study in order to demonstrate displacements and 
lateral forces, two nodes A and B are selected located on the 
lateral and top of tunnel, respectively.  

 
Fig [5]  Mesh geometry in the FE analyses and location of nodes A and B 
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4    RESULTS AND DISCUSION  
First, for example, we show the deformed mesh and 
changing in the position of the tunnel for (Iav) earthquake. 
 

 
Fig [6].   Final deformed mesh and change the position of the tunnel for Iav      

earthquake 
 

As shown in Fig [6], in the seismic analysis and 
occurrences of earthquake due to more stiffness of tunnel to 
soil, the deformation shape of the tunnel ground top surface 
is shown as lump. In addition, by comparing figures 2 and 3 
it can be said that the position of tunnel has changed and the 
shape of the tunnel, due to earthquake load, is an ellipse as 
shown in Fig [6]. In order to consider the effect of pre-stress 
force, three different rock bolt forces (20, 60 and 100 KN/m) 
have been modeled representing pre-tensioned. On the other 
hand, influence of earthquake's frequency content has been 
investigated on seismic behavior (displacement and lateral 
force on specified points  that located on right and top of the 
tunnel as shown in Fig [5]) of urban tunnels by consideration 
of forenamed ground motion records. Analyses are 
performed in two separate parts: the free field analysis which 
considers only the soil medium without the tunnel for 
generating insitu stresses and soil-tunnel-rock bolt analysis 
which includes the tunnel structure and rock bolt in the soil 
medium. The results of these analyses are summarized into a 
series of charts shown in Figures [7] – [24]. It should be 
noted that in all figures shown in this study, we consider 
only effect of pre-tensioned rock bolts on seismic behavior 
of urban tunnels. This means that, after generating the initial 
stress, the total displacement sets to zero. All displacement 
and lateral forces shown in all figures related to seismic 
analysis. 

The total displacement of node A and B in low frequency 
content earthquake in no bolt mode is minimum and in with 
bolt mode (number of bolt 4), the total displacement of node 
A is increased. On the other hand with increasing in pre-
stress force the total displacement of node A and B 
decreased. But the total displacement into with bolt mode is 
more yet. With increasing in pre-stress force particularly in 
100 KN/m, the applied lateral force on the node A decreases. 
A little difference exists between two pre-stress forces 20, 
60 KN/m. 

In with bolt mode and number of bolt 8, in low frequency 
content earthquake, the result is the same with the number of 
bolt 4 but there is difference among different pre-stress 
forces on the total displacement in prescribe nodes. Note that 
in this mode (number of bolt 8) increases in pre-stress force 
have a minor effect on the reduction of occurred lateral force 

on the tunnel. In intermediate frequency content earthquake 
and with number of bolt 4, the pre-stress force don't effect 
on the displacement on prescribe nodes and have a minor 
effect on the applied lateral force but with increasing in pre- 
stress force, it is reduced.  But in high frequency content 
earthquake the obtained results is differ from other two type 
of earthquake. In other words the effective of pre-stress rock 
bolt is appearing in high frequency content earthquake. With 
comparison between Fig [15] and Fig [21] can be said that in 
high frequency content earthquake, the applied lateral force 
extremely decreased than intermediate frequency content 
earthquake. Also in high frequency content earthquake due 
to low period the behavior of model will be somewhat close 
to static mode.  
 

 
Fig [7]. Total displacement of node A in (lav) with number of bolt 4 

 

 
Fig [8]. Total displacement of node B in (lav) with number of bolt 4 

 

 
Fig [9]. Lateral force of node A in (lav) with number of bolt 4. 

 

 
Fig [10]. Total displacement of node A in (lav) with number of bolt 8 
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Fig [11]. Total displacement of node B in (lav) with number of bolt 8 

 

 
Fig [12].lateral force of node A in (lav) with number of bolt 8  

 

 
Fig [13]. Total displacement of node A in ( Iav) with number of bolt 4 

 

 
Fig [14]. Total displacement of node B in (Iav) with number of bolt 4 

 

 
Fig [15]. Lateral force of node A in (Iav) with number of bolt 4 

 

 
Fig [16]. Total displacement of node A in (Iav) with number of bolt 8 

 

 
Fig [17]. Total displacement of node B in (Iav) with number of bolt 8 

 

 
Fig [18].Lateral force of node A in ( Iav) with number of bolt 8  

 

 
Fig [19]. Total displacement of node A in (Hav) with number of bolt 4 

 

 
Fig [20]. Total displacement of node B in (Hav) with number of bolt 4 
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Fig [21].lateral force of node A in ( Hav) with number of bolt 4  

 

 
Fig [22]. Total displacement of node A in (Hav) with number of bolt 8 

 

 
Fig [23]. Total displacement of node B in (Hav) with number of bolt 8 

 

 
Fig [24].Lateral force of node A in ( Hav) with number of bolt 8  

 

5   CONCLUSION 
In this paper, effect of pre-tensioned rock bolts on seismic 
behavior of urban tunnels on total displacement and lateral 
forces of the tunnel lining have been evaluated by using finite 
element method with PLAXIS software. For this purpose, the 
tunnel is considered with 6 (m) diameter and the center of 
which is located 16 (m) below the ground surface. Then the 
effect of dynamic loading with various frequencies content 
earthquakes (high, intermediate, low) on the variations of 
displacement and forces in described nodes in the tunnel 
lining have been assessed. In the modeling, the visco-elastic 

constitutive model is used to consider the behavior of soil and 
the concrete body of the tunnel with consideration of 
Rayleigh damping coefficients of these materials. According 
to this assessment, the results show that the pre-tensioned 
rock bolts have a minor effect on decreasing the total 
displacement on the urban tunnels in all low and intermediate 
(lav and iav) seismic content. But in high frequency content 
(hav), the result of total displacement between the different 
forces pre-tensioned rock bolts model and with bolt model 
differ from each other considerably. In other words in (hav) 
earthquake use of pre-tensioned rock bolt increases the total 
displacement. But does not mean that the use of pre-tensioned 
have a negative effect on tunnel displacement. The applied 
lateral force in low and high frequency content earthquake is 
less than the intermediate earthquake. Therefore, the use of 
pre-tensioned rock bolts is efficient in (lav) and (hav) 
earthquake for decreasing lateral force that applied on the 
urban tunnel. Also the use of model with the number of bolt 8 
than the model with number of bolt 4 is more efficient. 
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1  INTRODUCTION 
In recent years, researchers have performed extensive and 
comprehensive studies on clean sand, determined different 
aspects of its behaviour in terms of its structure, and have 
made several general conclusions. However, the behaviour of 
clean sand containing silt is associated with several 
complications that make it difficult to understand. 
Extensive studies have focused on the effects of inherent and 
induced anisotropy on the behaviour of clean sand 
[14]-[17]-[19] ]-[34]. 

Yamamuro and Lade (1998) extensively investigated 
the behaviours of sands containing small amounts of silt 
(7%)[30]. They concluded that when a small amount of silt 
is added to the host sand, the obtained sand-silt mixture 
exhibits the opposite behavior of that of pure sand. The sand 
under low confining pressure (25 kPa) is completely 
liquefied, and the strength of sand reaches zero. As the 
confining stress increases, the sand with 7% silt has more 
stable behaviour than that of pure sand with no liquefaction 
under high confining pressures. According to Yamamure 
and Covrt (2001), the behaviours of silt-sand mixtures with 
high amounts of silt (40%) are different from those of pure 
sand and those of silt-sand mixtures with small amounts of 
fine particles [31]. In these mixtures, like the sands with 7% 
silt, liquefaction occurs completely under 25 and 50 kPa 
confining stresses; however, as the confining stress 
increases, the behavior tends to be more stable. Such 
behaviours are similar to that of sand with 7% silt content 
but are still different from those of pure sand [31].  
 
 
 

 

Parameter α  (the inclination of major principal stress with 
respect to the depositional (vertical) direction) is used to 
denote the rotation of principal stresses and 
parameter ( ) ( )3132 / σσσσ −−=′b  indicates intermediate 
stresses. Different principal stress directions and b′  values 
can cause changes in soil behaviour. Thus, α  and b′  are 
selected as the key parameters for studying the anisotropy of 
sands. In this regard, Hollow Cylindrical Torsional Shear 
(HCTS) is the best apparatus for studying these parameters 
[1]. HCTS has been used in several tests conducted on sands 
by different researchers to study the effects of parameters α  
and b′  more accurately. They generally came to the 
conclusion that sandy samples had softer behaviour as the 
values of α and b′ increased in undrained tests [34]. 
According to Symes et al. (1985), sandy samples exhibit 
more contractive behaviour as the  α  and b′   values 
increased[14]-[25]. 
Despite extensive studies conducted on the anisotropy effects 
of clean sand, there are few studies that have investigated its 
effects on the behaviour of sand-silt mixtures. Among recent 
relevant studies, Bahadori and Ghalandarzade (2008) studied 
the inherent anisotropic effects on the undrained behaviour of 
sands using HCTS[4]. 
In this research, the anisotropic behaviour of Tehran sand 
with different silt contents in 400 kPa initial effective 
confining stress are studied. A total of 12 tests are conducted 
on Tehran sand with silt contents of 0%, 15%, 30% and 50%. 
In these tests, the effects of the inclination angle of major 
stress and silt content are investigated.  
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2 Material and Methods 
2.1  Material properties  
 
Tehran sand, which is produced by crushing plants, This sand 
with greenish gray color. The physical characteristics and 
grading curves of this sands are shown in Fig. 1 and Table 1. 
The plasticity index of silt is less than 5% and can be 
addressed as non-plastic soil (see Table 2). 
 
2.2 Maximum and minimum void ratios of sand-silt 
mixtures 
An effective factor in the general behaviour of saturated 
sands in monotonic loading is soil relative density, which is a 
parameter that shows the sample’s specifications at the end of 
consolidation stage. The samples prepared at low densities 
showed contractive behaviours in the drained tests; this 
behaviour causes excess pore water pressure in undrained 
tests, which reduces the effective confined stress. The change 
of stress-strain from the softening to hardening states is 
generally related mostly to the relative density, which is 
observed and reported by several researchers 
[5]-[7]-[8]-[16].  
It is clear that adding silt to the host sand changes the 
maximum and minimum void ratios. The parameters related 
to soil density are needed to compare the test results; 
therefore, minimum and maximum void ratios should be 
obtained for different percentages of silt. In this research, 
ASTM 4253 and ASTM 4254 are used to measure the 
minimum void ratio ( mine ) (densest state) and maximum 
void ratio ( maxe ) (loosest state), respectively. The obtained 
values are plotted in Fig. 2. For host sand, the minimum void 
ratios decrease as the silt content of the samples increases. 
This trend continues up 28 percentage fine content (FC); 
then, the void ratio increases as the silt content increases. The 
minimum achieved void ratio takes place in the fine contents, 
which will be called the threshold fines content. 
 
2.3 Testing apparatus and method 
In order to study the inherent anisotropy, a hollow cylinder 
torsional shear (HCTS) device was used. For better 
investigation of post peak response the device can perform 
both stress and strain controls. 
A closed loop control was applied to the machine to handle 
any type of desired stress history including major principal 
stress rotation and intermediate stress ratio. Four 
Electrical/Pneumatic [E/P] transducers were used to exert 
required pressure for the inner and outer cell pressure in 
addition to the torsion and axial load pneumatic actuators. An 
alternative DC motor for torsional strain control test was 
prepared in order to study the post peak behaviour. In the 
case of our tests, the motor was utilized since the strain 
control was adopted in order to study the softening response. 
The motor speed in all the tests remained constant and equal  

 
 
to 4 degree per minute. Eleven transducers were adjusted in 
order to measure different parameters continuously .Three 
water pressure sensors, two for inner and outer cell pressures  
and one for pore pressure, one vertical displacement sensor to 
measure axial strain, and one rotation angel sensor to 
measure torsional strain, two differential pressure sensors, 
two axial and torsional stress sensors and finally two limit 
switch sensors were set up. A computer program was utilized 
to control all test procedures by means of a PID control 
algorithm. Data logging device was the last part of the 
control system. The sample dimensions were 12 cm in height, 
6 cm in inner diameter and10 cm in outer diameter. 
   The maximum inclination of principal stress ( α ) and 
intermediate stress ratio ( b′ ) are considered the critical 
parameters in this research. Because the torsion sensor 
measures the torque (T) at any moment, the θσ Z (shear 
stress) value can be obtained using Eq (3), where ir and or  
are the inner and outer radiuses of the samples, respectively. 
The value of Zσ (vertical normal stress) must be kept 
constant, and therefore, the values of θσ  and 

rσ (circumferential and radial normal stress respectively) 
obtained through Eqs (1) and (2), respectively, are also kept 
constant. Furthermore, iP  and oP (inner and outer water 
pressures) are computed using Eq (5), νF (vertical force) is 
found using Eq (4) and principle stress can be  measured by 
equation 6 to 8 [15].  
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2.4 Experimental Program 
Sample preparation method used in this study was dry 
deposition method. That may alter the real anisotropy fabric; 
water sedimentation method was not used. Dry deposition 
method is able to create more uniform silty sand samples 
according to Miura and Toki (1982) suggestion which says 
pluviation methods create the most significant anisotropy 
[12].The sand was deposited into the frame through a funnel 
with a long tube. Carbon dioxide ( 2CO ) and deaired water  

Second International Conference on Geotechnique, Construction Materials and Environment, 
Kuala Lumpur, Malaysia, Nov. 14-16, 2012, ISBN: 978-4-9905958-1-4 C3051 



 

526 
 

 

 
 
are passed through the samples in their saturated states. The 
circulating time for the 2CO  considered in the tests 
conducted by Zlatovic and Ishihara (1997) were 30 minutes  
for clean sand and 8 hours for pure silt [35]. In the present 
study, the minimum and maximum times were 30 and 135 
minutes for clean sand and the 50% silt mixture, 
respectively. After circulation of 2CO , the deaired water 
entered from the bottom similar to 2CO  but in the opposite 
direction of gravity and was seeped into all the voids in the 
sample. The saturation procedure continues as the confining 
pressure increased, and the pore water pressure was 
measured in several steps. If the B-value would exceed 0.95, 
then the sample is assumed to be completely saturated. At 
this time the saturation stage was completed and the sample 
should be consolidated. Because all the tests conducted in 
this research were of the Consolidated Undrained (CU) type, 
all drainage valves must be opened during consolidation and 
connected to the system. The amount of water discharged 
from the sample during consolidation could be measured by 
reading the burette numbers at the beginning and end of this 
stage. After consolidation the shear stage started at which 
the shear speed was four degrees per minute, the lowest 
speed that can be applied to the system. At the end of the test 
the porosity of the samples was measured.         

                             
        
3. Results 
The goal of this research was to study the influence of the 
amount of silt upon anisotropy features in sand-silt mixtures. 
For this purpose, sand were tested using 400-kPa initial 
confining stress and a silt content range of 0-50%.Also the 
Intermediate stresses parameter  ( )b′  in all tests was 0.5, 
Some information on these tests are given in Table 3. 
All test results are presented in the form of stress-strain and 
effective stress path curves. According to these curves, the 
sample behaviours are similar to those of dense sands based on 
the classification of undrained sand behaviour in most 
conducted tests, according to Yoshimine et al. (1998) [34]. 
The significance of the strength of the deviator stressing phase 
transformation point is evident in this figure. According to 
Figs. 3 through 6, the sample strengths (deviator stressing 
phase transformation and failure points) decrease as α  
increase, which indicate that the soil becomes softer. 
Increasing the silt content up to the threshold level will cause 
the strengths to decrease, and this reduction is more obvious 
for the 50% silt case (Figs. 6). In these samples, the test 
conditions were the same, and the silt percentage increased as 
the density increased, but unexpectedly, strength did not 
increase. For example, in test No.7, the value of rD is 76, but 
in test No.28, which contains 50% silt, its value is 99, 6.  
 
4. Discussing and studying the stress paths  
 

 

 

4.1  Effect of inclination angle ( α ) on the sand’s 
behaviours 

In Figs. 3 through 6, the strength of samples (deviator 
stressing phase transformation and failure strength) is 
reduced as α  increase, which indicates that the soil 
becomes softer. This behaviour has been described by 
Yoshimine and Ishihara (1998) for Toyoura sand and by 
Bahadori and Ghalandarzadeh (2008) for a Firoozkuh sand-
silt mixture[4]-[34]. It seems regardless of type of sand, 
similar behaviour can be observed in all studied cases here. 
 
4.2 Effect of non-plastic fines content on the sand’s mixture 

behaviours 

The effect of nonplastic fines on the behaviour of saturated 
sand has been studied by many researchers [6]-[13]-[23]-
[29]-[32]. Adding different amounts of nonplastic silt 
considerably changes the sand behaviour, and these changes 
are difficult to describe. Pitman et al. (1994) concluded that 
when silt was added to Ottawa sand, it became less 
collapsible in undrained triaxial compression tests. 
However, others found that nonplastic silt may decrease the 
strength (Troncoso and Verdugo, 1985; Sladen et al., 1985) 
[18]- [24]. Ishihara (1993) and Verdugo and Ishihara (1996) 
showed that the increased silt content increased the potential 
for sand to exist in nature in a contractive state, which 
includes the possibility of flow failure or liquefaction[9]- 
[28]. Yamamuro and Lade (1997, 1998) and Lade and 
Yamamuro (1997) observed that increasing the amount of 
nonplastic silt in Nevada sand increased the volumetric 
contractive character in both drained and undrained triaxial 
tests, even when the overall density increased[30]. Among 
the problems involved in these studies is the impossibility 
of fixing at least one of the parameters in sand-silt mixtures. 
In the present study, the method proposed by Bahadori and 
Ghalandarzadeh (2008) [4]  was applied to address this 
problem. Based on this method, if the same conditions are 
considered in sampling and testing, then increasing the silt 
increases the density and decreases the strength. Thus, while 
the sample densities are equal, the sample with higher silt 
content has lower strength.  
The sample strengths decreased in the silt-sand mixtures as 
the silt content increased (Fig. 7). The decreasing strength as 
silt is added to the host sand can be explained by 
Tavanayagan’s classification (1999) (Fig. 8) [21]. According 
to Fig. 9, the void ratios of host sands are tested in the range 
of Tavanayagam’s classification case (i); however, with 15% 
silt content, the intergranular void ratio ( )ce  approached 

HSemax,  (Fig. 9), which is more similar to that observed in 
Tavanayagam’s classification case (ii). In this latter case, the 
finer grains may support a coarser grain skeleton that is 
otherwise unstable. These grains act as a load transfer vehicle  
between some of the coarse grain particles in the soil matrix, 
while the remaining fine particles fill in the voids. In this 
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case, the shear strength is derived from a combination of 
friction along coarse grain contacts and fine particles. In this  
 
structure, ce increased, which decreased the strength of the 
samples. This behaviour is evident as the silt percentage in 
the mixtures increases and leads to an increase in relative 
density. Increasing the amount of silt content to 30% caused 
the intergrain void ratio increased, the relative density does 
not increase because its threshold percentage was 28%. Thus, 
an inter-fine-particle void ratio is used to explain its 
behaviour, which is similar to case (iv-2) and shown in Fig. 
9. Moreover, the inter-fine-particle void ratio in the mixture 
with 30% silt content is greater than that of a sample with 
15% fine particle content. When the silt content is increased 
to 50% in all mixtures, fe is smaller than ( HFemax, ) , and 

( FCFCth < ); thus, their behaviours are similar to 
Tavanayagan’s classification case (iv-2). In this case, the fine 
particles carry the contact and shear forces, while the coarse 
grains act as reinforcing elements embedded within the finer 
grain matrix. In this situation, the main bearing structure 
changes from sand to silt, and because the strength of silt is 
less than that of sand, increasing the silt up to 50% decreases 
the strength of the mixture.  
    
 
5. Conclusions  
1) As α  increases, the strengths of the samples of host sand 
and silt-sand mixtures decrease, i.e., the soil becomes softer. 
Such behaviours have also been observed by Yoshimine et 
al. (1998) and Bahadori and Ghalandarzadeh (2008) [34]-[4]. 
2) As the silt content in mixtures increases, the relative 
density also increases, but this increase does not increase the 
mixture strength. An increase in relative density is one of the 
most marked phenomena that indicate that the index of the 
relative density (or void) is not a suitable index for 
evaluating the behaviour of silt-sand mixtures. 
3) In all mixtures, increasing the silt content up to 50% 
causes the strength to decrease. This decline in strength may 
be justified by parameters ( )fc ee , , which are defined by 
Tavanayagam (1999) [21]. 
 
Notation 
 
The following symbols are used in this paper: 
α : the inclination of the major principal tress with respect to 
the vertical direction 
 b′ : Intermediate stresses 
 b  : Portion of fine grains that contribute to active intergrain 
contacts 
 D : Diameter of coarse grains     

cC : Coefficient of curvature 
 
 

uC : Coefficient of uniformity 

50D : Medium grain size 

  d : Diameter of fine grains 
   

ce : intergranular void ratio 

fe : Inter-fine-particle void ratio 

minmax , ee : Maximum and minimum void ratios, respectively 

HFHF ee min,max, , : Maximum and minimum void ratios of host 
fine particles, respectively 
FC : Fine particle content (%)   

Lth FCFC , : Threshold and limiting fine particle content, 
respectively   
( ) 2/31 ee −  : deviatoric axial strain 

cp′  : initial effective confining stress 

oi pp ,  : inner and outer water pressures, respectively 

 oi rr ,  : inner and outer radius, respectively 
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Table 1: Physical characteristics of sands 

( )mmD50  ( )%FC  uC  cC  Sand type 

0.106 0.03 2.55 0.59 Tehran sand 

 

Table 2: Physical properties of silt 

Plasticity index 

(%) 

Liquid limit 

(%) 

Plastic limit 

(%) 

                        22               24                2 

 

Table 3. Characteristics of the tests  

Test 

No. 

Sand 

type 

FC 

(%) 
α   e  ( )%rD  ( )fe  ( )ce  

7 T 0 15 0.711 76.0 1.83 0.71 

8 T 0 30 0.712 75.8 1.83 0.71 

9 T 0 60 0.718 74.3 1.85 0.72 

16 T 15 15 0.600 83.0 1.25 0.84 

17 T 15 30 0.610 80.7 1.27 0.85 

18 T 15 60 0.606 81.6 1.26 0.84 

25 T 30 15 0.560 89.3 0.98 0.92 

26 T 30 30 0.563 88.6 0.98 0.93 

27 T 30 60 0.567 87.7 0.99 0.93 

28 T 50 15 0.530 99.6 0.76 0.88 

29 T 50 30 0.534 98.8 0.77 0.88 

30 T 50 60 0.537 98.2 0.77 0.89 
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Fig. 1. Grain size distribution curves of Tehran sand 

 

 
Fig. 2. Minimum and maximum void ratios for the Tehran 
sand-silt mixtures 
 

Fig. 3. Stress path and stress-strain curves in Tehran sand 

subjected to an initial effective stress of 400 kPa (FC=0%). 

 
Fig. 4. Stress path and stress-strain curves in Tehran sand 

subjected to an initial effective stress of 400 kPa (FC=15%). 

 
Fig. 5. Stress path and stress-strain curves in Tehran sand 

subjected to an initial effective stress of 400 kPa (FC=30%). 



 

530 
 

 

 
Fig. 6. Stress path and stress-strain curves in Tehran sand 

subjected to an initial effective stress of 400 kPa (FC=50%). 

 

 

 
Fig. 7. Stress path and stress-strain curves in Tehran sands 

with different silt contents at α = 15.  

 

 
Fig. 8.Intergranular and Interfine Matrix Phase Diagram 

(Thevanayagam,1999) [18] 
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Fig. 9. Intergranular matrix phase diagram for Tehran Sand 
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1. INTRODUCTION 
Concrete, a composite material consisting of aggregates 
enclosed in a matrix of cement paste including possible 
pozzolans, has two major components, cement paste and 
aggregates. The strength of concrete depends upon the 
strength of these components, their deformation properties, 
and the adhesion between the paste and aggregate surface [1]. 

In recent years, the construction industry has shown 
significant interest in the use of high strength concrete 
(HSC), in applications such as dams, bridges and high rise 
buildings. This is due to significant structural, economic   and 
architectural advantages that HSC can provide compared to 
conventional, normal strength concrete (NSC). 
Although high strength concrete is often considered a 
relatively new material, its developed has been gradual over 
many years. Definition of the minimum strength value for 
high – strength concrete varies with time and geographical 
location depending on the availability of raw material and the 
technical Know-how, and the demand form the industry [2]. 
Starting form a value of 34 MPa in the 1950s in the United 
States moving to upper values, the ACI 363, 1999 [4] on high 
strength concrete defines a value of 51 MPa (cube strength) 
as a minimum value for high for high strength concrete.   

Production of HSC may or may not require special materials, 
but it definitely requires materials of highest quality and their 
optimum properties [3]. The production of HSC that 
consistently meets the requirements for workability and 
strength development places more stringent requirements on 
material selection than that for lower strength concrete (ACI 

 
 

363R, 1999) [4]. However, many trial batches are often 
required to generate the data that enables the researchers and 
professionals to identify the optimum mix proportions for 
HSC [3]. 
 
2. GENERAL DESCRIPTION OF ROSEIRES DAM 

 

 Roseires Dam is located in Damazin city in the Blue Nile 
State, about 520Km south-east of Khartoum.The Dam was 
originally designed to be constructed in two phases, the first 
phase was completed in 1966 to maximum water level of 
Alexandria Datum (AD) 483 m with allowance for it to be 
raised to AD 493 m at a future date. 

The Dam is a composite dam with a central 1000 m long 
concrete buttress dam section that contains the deep level 
sluices, gated spillways, power intakes for a service power 
station and head works for future irrigation canals on either 
side of the river. The maximum height of the existing 
concrete section is 68 m. It embodies specialized section for 
deep sluices, spillway, west and east bank irrigation canal 
head works, main power station (280 MW) and service 
power station (2 MW). The Embankment Dam is 8500 m 
long on the left (west) bank and 4000 m long on the right 
(east) bank. The maximum height of Embankment Dam is 30 
m and the maximum width 230 m. Once raised, Roseires 
Dam will have a combined length of 25 Km (Fig. 1). Table 1 
shows the main features and important numbers of the 
different components of the dam before and after the 
heightening. As one of the major development projects in 
Sudan, this project was given a top priority in the strategic 
planning of the Sudanese government in the last ten years. 
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Fig. (1): General Layout of Dam site 

Table 1: Main Features of the Dam 
Description Existing Dam After Heightening 
Reservoir   
Volume (without siltation) 3,000 million m3 7,400 million m3 
Area 290 Km2 627 Km2 
Maximum Water Level 
(FSL) 

AD 483.02m AD 493.02m 

Overtopping Level (Concre  
Dam)  

AD 485.22m AD 495.22m 

Overtopping Level 
(Embankment) 

AD 485.52m AD 495.52m 

Minimum Draw down 
level  

AD 438.52m AD 438.52m 

Tailwater    
Maximum Water Level AD 459.02m 

(PMF) 
AD 459.02m (PMF  

Nominal Wet Season 
Tailwater level 

AD 451.02m AD 451.02m 

Minimum Tailwater level AD 443.02m AD 443.02m 
Contract Dam   
Roadway level AD 484.22m AD 494.22m 
Maximum level above 
Foundation  

68.0m 78.0m 

Crest Length  1,000m 1,000m 
Concrete Volume  850,000 m3 155,000 m3 
Embankment Dam   
Crest Length (east) 4,000 m 8,500 m 
Crest Length (west) 8,500m 15,500m 
Fill Volume  5 million m3 17 million m3 
 
SMEC International in association with Coyne et Bellier of 
France undertook a review of the tender design and tender 
documents which were prepared during the early 1990,s and 
has updated the design as necessary, including preparation of 
new tender documents. 

In January 2009, Lahmeyer International (LI) of Germany 
substituted Coyne et Bellier as sub-consultant to SMEC.  The 
main contractor of the project was CCMD Joint Venture of 
SINOHYDRO and CWE (two Chinese companies).  

The Accepted Contract Amount for Roseires Dam 
Heightening was around three hundred and ninety-six million 
United States Dollars (USD 396,000). 

Time required for Completion of the Works is 1308 days, 
making October 2012 as the completion date for the whole of 
the works. All concrete works are expected to finish by the 
end of May 2012, while the rest of other electromechanical 
and earth embankments works are expected to finish by 
October 2012. 

1.2 Main Concrete Works 

The major concrete works in the project included the 
heightening of the existing concrete dam by ten meters above 
the existing concrete level (483.02 m AD) which will 
accordingly increases the crest levels of both eastern and 
western embankments from 4000 m to 8,500 m and from 
8,500 to 15,500 m respectively.  The heightening of the 
concrete dam will increase the volume of the reservoir from 
3,000 million m3 to 7,400 million m3 of water per year. A 
total of 155,000 cubic meters of high strength concrete were 
properly prepared, mixed, casted and cured using locally 
Sudanese aggregates, flay ash and locally produced ordinary 
Portland cement. 

Heightening of the existing concrete dam required extension, 
web thickening and strengthening of buttress and 
enlargement of the deep sluices (Fig. 2). In order to pour the 
new high strength concrete on the existing old concrete, 
anchor bars and high tensile strength epoxy resin was used as 
a grout after demolishing and roughening the surfaces of 
existing concrete. Table 2 below shows the details of anchor 
bars. Fig. 3 shows a general view of the dam when most of 
concrete works were finished. 
 

 

Fig. 2: Thickening and Strengthening of buttresses  
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Table 2: Details of anchor bars 
 
 

Anchor 
Bars 

Diameter        
(mm) 

Anchor 
Bars 

Length                 
(mm) 

Diameter 
of Drilled 
hole (mm) 

Length of 
Drilled 

hole (mm) 

Spacing at 
site 

staggered 
(mm) 

16 1400 25 700 1000 
32 2800 45 1400 1500 

 
3. EXPERIMANTAL PROGRAM 

The following subsections present the details of the materials 
used in the production of HSC and the related testing and 
specifications. 

 
3.1Concrete Ingredients 
 Cement 
In this research, a locally produced ordinary Portland cement 
type I, conforming to ASTM C150 (OPC 42.5N) [5] which is 
extensively used in Sudan, was used in the trial batches 
production. The specific gravity of cement used was 3.15,  
initial and final  setting time were 3:17 and 4:38, other 
physical and mechanical properties test for cement are shown 
in Table 3. 

Table 3: Physical and Mechanical Properties of Cement 
Test Result 

Normal Consistency  29% 

Setting Time   

 Initial 

Setting Time 

3:17 hrs 

 Final Setting 

Time 

4:38 hrs 

Loss on ignition  2.29% 

Compressive Strength   

 2 Days  20.8 Mpa 

 28 Days 56.4 Mpa 

 

 

 

 

 

 

 
Aggregates: 

The coarse and fine aggregates used in this study were 
crushed marble processed from the local quarries around 
Damazin City, the quarry for Roseires Dam Heightening 
Project. The maximum aggregate size was 20 mm, the 
grading of the coarse and fine aggregates is shown in Figure 
4. The specific gravity and absorption of the coarse 
aggregates, determined in according with ASTM C127 [8] 
were 2.84 and 0.25respectively, whereas those of fine 
aggregates, determined in accordance with ASTM C128 [9] 
were 2.839 and 0.45 respectively. All the sand samples were 
tested for their absorption percentage in saturated surface dry 
(SSD) condition. Organic impurities in sand were tested in 
accordance with ASTM C-40 [10]. The water-cement ration 
of all trial mixes were based on saturated surface dry 
condition (SSD) of the aggregates. For the mix HSC6, 
different type of aggregates from another quarry was used. 
To compare with marble, granite aggregates from Merwei 
Dam (recently constructed another concrete dam in the north 
of Sudan) location were used. 

 
Fig. 4: Gradation of Fine & Coarse Aggregates 

Chemical Admixtures (Superplasticizer) 

   The superplasticizer used in this study has the trade name 
of “PCA-(I)” from Jiangsu Bote New Materials 
Company-China. PCA-(I) is a polycarboxylate 
polymer-based composite admixture. It is a liquid which has 
the performance of high range water reduction, excellent 
slump retention and strengthening. The specific gravity of the 

Fig. 3: General View of Concrete Dam Almost Finished 
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superplasticizer was 1.085 and the PH was 8.11 with nil 
chloride content percentage by weight. It is specially adapted 
for the production of high durability concrete, 
self-compacting concrete, high compressive strength 
concrete, and high workability concrete. PCA-(I) 
superplasticizer is formulated to comply with the ASTM 
specifications for concrete admixture: ASTM494, Type G 
[11]. 

Mineral Admixtures (Silica Fume and Fly ash)  

Silica Fume 

   Silica fume (SF) is a by-product of the manufacture of 
silicon metal and ferro-silicon alloys. The process involves 
the reduction of high purity quartz (SiO2) in electric arc 
furnaces at temperatures in excess of 2000̊̊C. SF is a very fine 
powder consisting mainly of spherical particles or 
microspheres of mean diameter about 0.15 microns, with a 
very high specific surface area (15,000-25,000 m²/Kg). Each 
microsphere is on average 100 times smaller than an average 
cement grain. At a typical dosage of 10% by mass of cement, 
there will be 50,000-100,000 SF particles per cement grain.  
In bulk, SF is generally dark grey to black or off-white in 
colour and can be supplied as a densified powder or slurry 
depending on the application and the available handling 
facilities. SF is available globally. There is no health hazard 
associated with the use of SF as non-crystalline silica is 
non-hazardous. The dense microstructure of concrete 
containing SF leads to major improvements in mechanical 
performance and resistance to chemicals (such as acids, fuel 
oil, chlorides and sulfates). SF is ideally suited to the most 
demanding applications, such as concrete slipways, dam 
spillways and hard standings, where chloride, chemical or 
abrasion resistance are required. SF concretes have 
performed well under these circumstances, as they are 
chemically stable and have very low permeability. The SF 
used in this study was in accordance with the most 
international standards such the European BS EN 13263 
Silica fume for concrete, Part 1:2005 Definitions, 
requirements and conformity criteria Part 2:2005 Conformity 
evaluation, and the American ASTM C1240-97b Standard 
specification for silica fume for use as a mineral admixture in 
hydraulic- cement concrete, mortar and grout. The specific 
gravity of the silica fume silica fume used in this study was 
2.373. SF the pozzolanic high activity, which can be filled 
the gap between cement, increase the density of the system, 
so as enhance strength, impermeability, wear proof, 
anti-corrosion, anti-scour, antifreeze, and strong early 
performance.  

Table 4: Physical Properties of Silica Fume   

Moisture 
Content 

% 

Loss on 
ignition 

% 

Fineness 
Retain 
0.045 
mm 

Expansion 
(mm) 

Water 
Requirement 

% 

0.22 0.48 6.67 1 88.9 

Fly ash: 
  Fly ash used in this study was manufacture by Shandong 
Zouxian-China.the specific gravity of the fly ash is 2.4, loss 
on ignition 0.48, the other properties of fly ash are presented 
in Table 5. ASTM C618; the requirement for Class F and 
Class C fly ashes, and the raw or calcined natural pozzolans, 
Class N, for use in concrete. Fly ash properties may vary 
considerably in different areas and from different sources 
within the same area. The preferred fly ashes for use in high 
strength concrete have a loss on ignition not greater than 3 
percent, have a high fineness, and come from a source with a 
uniformity meeting ASTM C 618 requirements [12]. 
 
Table 5: Physical Properties of Fly Ash    
 

Moisture 
Content % 

Loss on 
ignition % 

Fineness Retain 
0.045 mm % 

Density 
Kg/m³ 

0.67 2.7 0.23 2373 

 
3.2 Proportioning, Mixing and Casting of Specimens 

There is no empirical method available for proportioning 
high strength concrete. The procedure to get the proportions 
in this study is the approach that recommended the in ACI 
211.4R-08[13], by starting with mixture proportion that has 
been used successfully on other projects with similar 
requirements. Given this starting point, trial mixtures were 
made in the laboratory and under field conditions to verify 
performance with actual project materials. Hundreds of trial 
batches were performed in the laboratory and several 
adjustments were carried out in order to identify the optimum 
proportions. The final optimum and best trials used in the 
construction of the concrete dam are shown presented in 
Table 6. A concrete fixed mixer with capacity of 0.125 
m3was used, the mixes from Table 6 were scaled down 
depending on number of molds for different tests, and the 
mixer was buttered by mixing amount of cement, sand with 
water because it is difficult to recover all the mortar from the 
mixer. The mortar adhering to the mixer after discharging is 
intended to compensate for loss of mortar from the test batch. 
The following steps were to mix each batch; all the mixing 
ingredients, including the mixtures, were scaled down and 
weight out. The coarse and fine aggregates, cement and other 
cementitous materials were added to the mixer. The mixer 
rotated for 2 minutes (dry mixing). Superplasticizer was 
dispersed in about 2/3 of water before added to the mixer and 
started rotated the mixer again for 2 minutes. The mixer was 
shut off about 1 minute to let the aggregate absorb some of 
the paste, the aggregates were approximately  in saturated 
surface dry condition (SSD) at the time the batch was 
prepared. The aggregates were sprayed with water and 
covered by burlaps for at least 24 hours. 

 
3.3 Curing and Testing of Specimens 

Two different curing methods were used in this study; lime 
saturated-water curing and the curing compound methods. 
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The effect of different curing method was studied and 
commented on. After mixing, a portion of the fresh concrete 
was placed aside for plastic properties determination. Slump 
of fresh concrete was measured according to ASTM C143. 
Precautions were taken to keep the slump between 150-200 
mm to obtain pumpable concrete for dam construction. 
Concrete casting was performed according to ASTM C192. 
Molds were covered to prevent loss of water from 
evaporation. Specimens were kept for 24 hours in molds at a 
temperature of about 23 C in casting room, and then cured for 
the specified time at approximately 23 C ± 2 C. The 
specimens were tested in dry state for compressive, flexural, 
and splitting strengths tests in accordance with BS EN 
12390-2:2000[12], ASTM C78 or ASTM C29, and ASTM 
C496 respectively. 
 
4. RESULTS AND DESCUSSION 
 

4.1 Optimum Proportions 
 

Table 6 presents the optimum mix proportions for the 
different grades used in the dam construction project. From 
the table it is clear that five different grades of high strength 
concrete (60, 70, 80, 90, 100MPa) were successfully 
produced using local Sudanese aggregates and fly ash. Three 
w/c ratios 0.22, 0.32, and 0.35 were found to produce the 
maximum values of strength in the different grades of 
concrete. SF and FA replacements in the range of 10 to 15% 
for each one were found in the optimum combinations of 
ingredients to produce high strength concrete. Cement 
content between 390 and 560 Kg/m3 for the five grades. 
 
 
 
 
 
 
 
 
 
 
 
 
  
4.2 Compressive Strength 
Fig. 6 shows the variation of strength concrete for the 
different grades with time. Starting form three days up to 28 
days, it is clear that it was possible to produce high strength 
concrete (up to 110 MPa) with stable and acceptable rate of 
strength gain. Considering the type of cement used in this 
study (ordinary Portland cement) and the relatively small 
ration of SF, it is also clear that it was possible to produce 
high strength concrete with very high rates of early strength 
using the same local materials. Different relations were 
obtained from data accumulated from the tests results. High 
strength concrete shows a higher rate of strength gain with 
age than normal strength. Parrott reported typical ration of 7 

days to 28 days strength of 0.8 ~ 0.9 for high strength and 0.7 
~ 0.75for normal strength (ACI). The high strength gain with 
age in this study of 3 to 28 and 7 to 28 days are 0.5~ 0.64 and 
0.75 ~ 0.86 respectively. 

 

Fig. 6: Variation of Compressive Strength with Time for 
Different Grads    

 

Fig. 7 shows the variation of the compressive with the 
water-cementitious materials ratio. Non-linear regression 
analysis performed for the tow parameters concluded that an 
exponential formula strongly related the compressive 
strength and the water-cementitious materials ratio. The 
exponential formula is shown in the figure. Fig. 8 shows the 
effect of san content on the compressive strength of HSC. 
Non-linear regression analyses performed have shown that a 
quadratic formula strongly relates these two parameters. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 

Fig. 7: Effect of Water-Cementitious Ratio on 
Comperssive Strengh 

Table 6: Optimum Mix Proportion for Different Grades of HSC 

Mix 
Design 

Concrete 
Class 

W/C Sand 
% 

Cement 
(Kg/m3) 

Water 
(Kg/m3) 

Fly ash 
(Kg/m3) 

Silica 
Fume 

(Kg/m3) 

Admixture 
(Kg/m3) 

Crushed 
Sand 

(Kg/m3) 

Aggregate 
(5-20) 

(Kg/m3) 

Unit 
Weight 
(Kg/m3) 

HSC1 50 MPa 0.46 42 390 179 0 0 3.21 798 1102 2473 
HSC2 60 MPa 0.35 40 419 163 47 0 3.72 746 1119 2496 
HSC3 70 MPa 0.32 38 486 173 0 54 6.48 667 1089 2475 
HSC4 80 MPa 0.3 38 500 167 0 56 8.896 665 1086 2483 
HSC5 90 MPa 0.22 36 585 143 0 65 10.4 621 1104 2528 
HSC6 100 MPa 0.22 34 560 154 70 70 12.6 522 1014 2403 
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Fig. 8: Effect of Sand Content on Compersive Strength  
 
 
4.3 Flexural Strength 
Fig. 9 shows an exponential correlation between flexural 
strength and compressive strength of HSC. This correlation 
obtained from the non-linear regression analysis performed 
for data collected during the experimental program. A simple 
linear relationship was found between the flexural strength 
and the water-cementitious materials ratio and  shown 
presented in Fig. 10. 
 

 

Fig. 9: Variation of Flexural strength with Compressive 
Strength 

 

 

Fig. 10: Variation of Flexural strength with 
Water-Cementitious Ratio 

 
 
 

4.4 Tensile Splitting Strength 
 
Fig.11 shows the non-linear exponential relation between the 
splitting tensile strength and the compressive strength of 
HSC. A non-linear quadratic relation was found to describe 
the effect of water-cementitious materials ratio on the 
splitting tensile strength. This relation is shown presented in 
Fig. 12. 
 

 

Fig. 11: Variation of Spliting strength with Compressive 
Strength 

 

 

Fig. 12: Variation of Spliting strength with 
Water-Cementitious Ratio 

 
5. CONCLUSIONS 

Based on the findings of this study the following conclusions 
were made: 

i. When carefully mixed and cured, locally produced 
concrete materials (aggregates, fly ash and ordinary 
Portland cement) of good quality and with their 
optimum proportioning can be successfully used with 
other chemical and mineral admixtures to produce high 
strength concrete of excellent properties. 

ii. It is essential to optimize the doses of mineral and 
chemical at admixtures (silica fume, fly ash, and supper 
plasticizer) when producing mass high strength concrete 
in order to control the cost of materials. 

iii. With other mix proportioning parameters held constant, 
the results of the present investigation indicated that the 
maximum compressive and flexural strength occurred at 
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about 10 to 15% Silica fume content and 20% fly ash 
content. 

iv. The present study shows that the maximum values of 
compressive strength for different grades were obtained 
at water-cementitious materials ratios between 0.22 and 
0.35. 

v. Both compressive and flexural strengths of concrete   
continue to increase as the percentage of silica fume 
increases. 

vi. Non-linear regression analysis was used to correlate 
different parameters involved in the characterization of 
high strength concrete produced from local Sudanese 
aggregates, such as compressive, tensile, and flexural 
strengths, water-cementitious ratio, sand content, and 
cementitious content. 
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1. INTRODUCTION 
Folded plate is one of the most practical structures used in 
civil engineering applications since it has many merits such as 
lightweight, easy to form, low cost and high resistance for 
loads. It is used in many applications such as roofs, sandwich 
plate cores and cooling towers. As the use of folded plates has 
many merits compared to flat plates, it is essential to 
investigate their behavior with openings and without 
openings under different load conditions. Subsequently, there 
are several methods available to analysis this type of structure 
(1 to 8). Conventional analysis methods are simple and easy 
while they have some limitations of generality of application 
and precision.  
Early researchers solved folded plate problems 
approximately with the use of beam method or the theory 
that neglected the relative joint displacement (2). However, 
these two methods met difficulties in dealing with the 
generalized folded plate problems. Both computational 
approaches and numerical methods for the analysis of the 
folded plates offer more precise solutions compared to 
 
 

Conventional analysis methods. The methods of interest are 
including finite strip methods, one of the earliest work 
presented based on this method was introduced by Cheung 
(1969) through the work presented by Golley and Grice 
(1989) along with the work presented in the same year by 
Eterovic and Godoy (1989). The combined boundary 
element-transfer matrix method [Ohga et al., 1991] and 
finite element method (FEM) which was a topic of research 
for many previous researchers [Liu and Huang, 1992; Perry 
et al., 1992; Duan, 2002]. From these methods, the FEM is 
the most convenient method because it can be applied to 
analyze large complex structures as well as all kinds of 
boundary conditions and loadings can be easily 
implemented. Subsequently, most of commercial software 
used for structural analysis used FEM method. 
Quadratic folded plate Q.F.P roofs are one of the most 
common types used for roofing systems and that is why it 
was selected in this study. The presented parametric study 
on the effect of openings locations on folded plate behavior 
were examined by using Finite Elements analysis and Linear 
Static Three Dimensional F.E. analysis. The effects of 
openings locations and folded plate rise on slab deflection, 
intermediate beam moments, and stress distribution on slab, 
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This paper investigates the effect of openings locations on the structural behavior of quadratic folded plate (Q.F.P) roofs 
by using different geometric configurations for the main elements of the system. Furthermore, the impact of such 
variance on the behavior of the structure system under both static and dynamic conditions is investigated in this study. 
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adopted to examine the suggested variables to meet the target of this study. Linear static analysis was performed to 
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Quadratic folded plate Q.F.P slabs with rise varying from 90 to 180 cm were studied. Results indicated that the difference 
in the rise reduced the roof deflection by 72%. Moreover, the behavior of the folded plate with openings at different 
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Also, results indicated that the maximum bending moment for intermediate beams increased by 69% in case of center 
openings locations at beam center. The maximum bending moment at 0.57 L (intermediate beam length) for quarter 
openings locations was increased by 64%. The edge openings locations had a slight effect on the diaphragm bending 
moment and the intermediate beam fixed end moment.  
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maximum stress were executed. 
In some cases, Quadratic folded plate Q.F.P slabs system 
should include openings. They may have small dimensions, 
like those needed to accommodate heating, plumbing, and 
ventilating risers, floor and roof drains, and access hatches 
but in some cases openings may be larger than the code 
limitation in size and position. The large openings presence 
in slab system reduces the stiffness and increases the 
deflection and then there are previous studies investigated 
the openings on the behavior of flat plate structure. 
Based on the output of models, design charts for this 
particular system will be presented to select the best openings 
locations and also the parameters effect on the behavior of the 
structural system will be evaluated. Recommendations will 
be given in accordance with the impact of openings locations 
on the behavior of structural system. 
 
2. FINITE ELEMENTS ANALYSIS 

2.1 Geometry and Dimensions of the Investigated Systems 
Q.F.P. panels of 7.8 ms width were studied as presented in 
Figure 1. This width was kept constant throughout the 
analysis, while the three different spans of 14, 20, and 26 m 
were changed to investigate their effect on the behavior of 
structural system. A constant openings size of (3m×2m) 
which is located in the top surface of the folded plate slab at 
different positions (center- quarter – edge) were considered 
for each panels. Models heights are varying from 90 to 180 
cm. A 3-D F.E. analysis was performed and the roof was 
modeled using 3-D quadratic shell elements which are 
presented in Figure 2. While intermediate beams, end 
diaphragms, and columns were modeled as 3-D frame 
elements as shown in Figure 2.  
 

 

 
Figure 1: Cross section dimensions of investigated models 

 
Figure 2: 3-D model of investigated folded plates panels 

and center openings locations. 
2.2 Static Analysis of Q.F.P System 

3-D Static linear F.E. analysis was performed by applying 
each of the parameters under study separately as openings 
locations and folded plate rise. An imposed static load of 150 
kg/cm2 was applied on all the models, as a make up for 
flooring and service load. Throughout the analysis, the 
following straining actions and deformations are monitored 
and compared. Deflections and stresses of the folded plate are 
checked and the maximum bending moments at the 
intermediate beams and diaphragm are reported. The effect of 
the tested parameters will be presented in details later. 
 

2.2.1 Effect of Openings Locations on the Q.F.P. System 

Maximum Deflection for the Constant Rise 

The first investigated parameter was the effect of the folded 
plate openings locations on the maximum deflection at the 
center of the folded plate. There are three different spans of 
14, 20, and 26 meters were studied.  Figure 3 shows the 
maximum deflection for the folded plate slabs at the center 
point in the case of different lengths used versus openings 
locations for folded plate. In case of center openings 
locations, it is obvious that the maximum deflections for the 
span length of 26 m and 0.9 m rise is increased from 47.6 mm 
to 58.2 mm, with a percentage increase of 22%. The increase 
of the central deflection in the case of quarter openings 
locations was found 51.8 mm, with a percentage increase of 9 
%. The central deflection was found 47.6 mm in case of edge 
openings locations, which has minor, effect on the center 
deflection point. The measured deflection value in these cases 
is approximately the same as in the case of control model. 
For the 20 m Q.F.P span when the rise of folded plate equals 
0.9 m, the central deflection was found 15.7 mm as presented 
in Figure 3. The openings locations have a significant effect 
on the increase of the central deflection in the most 
investigated cases. For example, the deflection increased to 
19.3 mm and 17 mm, which equals 23% and 8% in case of 
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center and quarter openings locations respectively, in some 
investigated points compared to the control case.  
The central deflection for the folded plate with 14 m span was 
found 3.73 mm and this case is considered as a control model. 
The effect of the openings locations on the central deflection 
were 4.45 mm (increasing by 19 %), 3.89 mm (increasing by 
4 %), and 3.77 mm which corresponding to center, quarter, 
and edge openings locations, respectively.  
 

 
 
 

Figure 3: Q.F.P. slabs maximum deflection versus 
different opening locations for different rise. 

 
 
2.2.2 Effect of Folded Plate Rise to the Maximum 
Deflection  
The investigated folded plate rise in this study was varying 
from 90 cm to 180 cm. The folded plate rise has a significant 
effect on decreasing the central deflection as shown in Figure 
3. For the longest investigated span of 26m, the increase of 
the folded plate depth (rise) from 0.9 m to 1.8 m with center 
openings locations results in the reduction of deflection from 
58.2 mm to 16.5 mm. While, the deflection induced at the 
quarter openings locations reduced from 51.8 mm to 14.8 mm 
in the case of the folded plate rise 0.9 m to 1.8 m.  
The case of 20 m model doubling, the folded plate rise from 
0.9 m to 1.8m reduced the central deflection from 19.3 mm to 
5.62 mm at the center openings locations while at the quarter 
openings locations reduced the center point deflection from 
17 mm to 5 mm. 
In the case of 14 m folded plate span, the reduction percent on 
the central deflection was found 65 % at both center and 
quarter opening locations as presented in Figure 3. The Q.F.P 
slab rise is reduced the effect of openings locations on the 
maximum deflection. 
 
2.2.3 Effect of Folded Plate Openings Locations on the 
Intermediate Beam Moments. 
 
Three trials for the openings locations of Q.F.P. slabs were 
considered in this study; center, quarter and edge. These 
openings have a significant effect on the increase of the 
maximum bending moment of the intermediate beam and the 
value of moment is depending on the opening positions. In the 
case of 26 m length without openings, the maximum bending 
moment at the center of the intermediate beam was found 
16.8 m.t, while at the center openings locations the bending 

moment was found 28.37 meter ton (increasing by 67 %). For 
the 20 m and 14 m folded plate lengths, the maximum 
bending moments increased by 60% and 42 % respectively. 
The effect of opening locations at quarter or edge has no 
effect on the maximum moment at the center and this result 
close to the control model result as shown in (Fig.6). The 
maximum moment was found at the quarter of the 
intermediate beam at the openings locations and it increased 
by 64 %, 46% and 30% which corresponding to different 
model lengths of 26 m, 20 m and 14m respectively as shown 
in Figure 5. The edge openings locations have a limited 
significant effect on the intermediate beam bending moment 
as shown in Figure 4.  
Figure 4-6 gathers the effect of both opening locations and 
Q.F.P. rise on the bending moment of the intermediate beam. 
It is obvious from these Figures that for all investigated 
models, the increase of the folded plate rise from 0.9 to1.8 m 
results in a reduction for moment of the intermediate beam at 
different locations.  
 

 
 

Figure 4: intermediate beam fixed end moment versus 
different opening locations. 

 
 

 
 
Figure 5: intermediate beam moment at quarter versus 

different openings locations. 
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Figure 6: maximum moment of intermediate beam versus 

different openings locations. 
 
2.3 FREE VIBRATIONS ANALYSIS 

The investigated systems were subjected to free vibrations 
analysis. Eigen values analysis was adopted in the linear 
dynamic analysis. For the investigated spans, with different 
parameters arrangement of mode shapes was consistent. 
Columns sway dominates the first three modes and then the 
roof deformations is controlled the next ones. Figure 7 
displays the roof modes and it can be seen from this Figure 
that the dominating mode for the Q.F.P. slab is intermediate 
symmetric bending mode. The second mode was 
anti-symmetric bending, followed by symmetric bending of 
the external spans and then followed by alternative modes of 
anti-symmetric and symmetric plate bending.  
In Figure 8, the fundamental frequencies of the system were 
given for Q.F.P. slabs with spans of 14, 20 and 26 meters. It is 
noticed from this Figure that the first three modes were 
columns lateral displacements. Fundamental modes for the 
folded plate roof started from the fourth mode. The frequency 
of three fundamental modes for the roof of 14 and 20 meters 
spans were found very close, while the 26 meters frequencies 
was found 27% lower than the 14, and 20 meters spans. 
Figure 9 presents the effect of the roof rise on the fundamental 
frequencies of the system with includes span of 20 meters. 
Two rises were investigated which were 90, and 180 cm. It is 
observed that the system with higher rise of (180 cm) has 
higher fundamental frequencies by 20%. This result is 
probably attributed to the higher stiffness of the used roof. 
The change in the openings locations has no effect on the roof 
modes as well as the fundamental frequencies when free 
vibration analysis is subjected.  

 
            Q.F.P.slab First  mode shape 

 

 
 

Q.F.P.slab second  mode shape 

 
 

Q.F.P.slab third mode shape 
 

 
 

Q.F.P.slab fourth mode shape 

 
Q.F.P.slab fifth mode shape 
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Q.F.P. slab with edge opening third mode shape 

 
Q.F.P.slab with edge opening fourth mode shape 

 
Q.F.P.slab with edge opening fifth mode shape 
Figure 7: Fundamental mode shapes of Q.F.P.slab 
 
 
 

 
 

Figure 8: Fundamental modes frequencies for folded 

plate roofs with different spans. 

 

 
 

Figure 9: Effect of folded plate rise on fundamental 

frequencies under free vibrations. 

3. DISCUSSION OF RESULTS 
For the tested models edge openings locations has a limited 
effect on the Q.F.P roofs central deflection, maximum 
bending moment, edge moment of intermediate beam and the 
diaphragm bending moment. This effect did not exceed more 
than 3% as shown in Figure 10. The center openings locations 
have a clear effect on the central deflection compared to the 
defections induced in both quarter and edge openings 
locations. The center openings locations increased deflection 
by 14 % more than quarter opening effect for 14 m and 20 m 
but in Case of 26 m this percentage was 12%. 
Doubling the height of the investigated folded plate from 0.9 
meters to 1.8 meters is associated with a reduction in 
deflection by an average value of 72% as shown in Figure 12. 
From the same figure it is shown that there is no variation in 
the increase of the percentage of central deflection for the 
different spans used from 26 m to 20 m, while the effect of the 
opening locations at 14 m folded plate length was found 
lower than the induced in the cases of 20 m and 26 m folded 
plate spans.  
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Figure 10: Q.F.P. slabs maximum deflection versus 

different opening locations for different length. 

 

 
 

Figure 11: Q.F.P. slabs maximum deflection versus 

different opening locations for different length. 

 
The maximum moment location was found at the 
intermediate beam center in the case of the control model and 
center openings locations model. In the case of quarter 
openings locations, the maximum moment's position was 
found at a length of 0.75(at openings locations) for the 
intermediate beam length. The maximum moment in case of 
edge openings locations was found close to the maximum 
moment of control model as presented in Figure 12. 
Varying the openings locations has a significant effect on the 
maximum moment of intermediate beam. The center 
openings locations increased the maximum moment by 67%, 
60% and 42% which corresponding spans of 26 m, 20 m, and 
14 m, respectively. The maximum moment is located at the 
quarter of the intermediate beam at openings locations and it 
increased by 64 %, 46% and 30% which corresponding to 
different model lengths of 26 m, 20 m and 14m, respectively 
as reported in Figure 12. The openings locations have a 
limited effect on the edge moment and diaphragm bending 
moment, which did not exceed more than 3%. At the quarter 
openings locations there is no effect on the maximum 

moment at intermediate beam center and edge moment 
observed. 
 

 
 
Figure 12: Intermediate beam moment versus different 

openings locations. 

 
 
The variations of openings locations have minor effect on the 
maximum tensile stress. This effect do not exceed than 4%. 
These openings have a great effect on the compression stress, 
which increased by 174%, 170%, 120% for the different 
spans of 26 m, 20m and 14m respectively. The quarter 
openings locations increased the compression stress by 56%, 
30%, and 5% for different spans 26 m, 20m, and 14m 
respectively.  
The openings locations from center to edge have a limited 
effect on the fundamental frequency of the Q.F.P slab. Mode 
shapes patterns arrangement was not affected by the variation 
in the openings locations from center to the edge. In other 
words, it can say that the mode shapes came in the same order 
for all the investigated spans. 
 

4. CONCLUSION 
• The propose approximate static solutions for the fixed 

boundary conditions at the end diaphragms for the 
Q.F.P slab ends (9, 10, and 11) are not reliable for 
the longer spans, especially for spans higher than  20 
meters. Subsequently, the stiffness should be 
recommended in the numerical modeling. 

• Increasing folded plate rise was the most significant 
factor in improvement the static analysis for 
deflection control, on the other hand increasing the 
roof rise lead to an increase in the fundamental 
frequencies of the system. 

• Rise effect was most effective in shorter spans. 
• Increasing folded plate rise enhanced the structural 

behavior of the overall Q.F.P. system. 
• Edge openings locations have a limited effect on the 

Q.F.P roofs static and dynamic behavior. 
• Center and quarter openings locations have an effect 

on the change in static deflections, or straining 
actions of the system. 



 

544 
 

 

• Spans from 14 to 20 meters for the investigated Q.F.P. 
slabs had very close fundamental frequencies, this 
effect widens noticeably on analyzing longer spans. 

• Center openings locations has a great effect on the  
Q.F.P. slabs deflection greater than quarter openings 
locations by 14%. 

• The variation of the openings locations has a 
significant effect on the maximum moment of 
intermediate beam, while the center openings 
locations increased the maximum moment by 67%, 
60% and 42% which corresponding spans of 26 m, 
20 m, 14 m, respectively.  

• The openings locations has a limited effect on the 
edge moment and diaphragm bending moment, 
which did not exceed more than 5%  

• At the quarter openings locations there is no effect on 
the maximum moment at intermediate beam center 
and edge moment observed. The maximum moment 
is located at the quarter of the intermediate beam at 
openings locations and it increased by 64 %, 46% 
and 30% which corresponding to different model 
lengths of 26 m , 20 m and 14m, respectively. 

• The openings locations from center to edge have a 
limited effect on the fundamental frequency of the 
Q.F.P slab.  

• Mode shapes patterns arrangement was not affected 
by the variation in the openings locations from 
center to the edge. In other words, it can say that the 
mode shapes came in the same order for all the 
investigated spans. 
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ABSTRACT  
 
Construction material quality is one of the important issues for eliminating any types of problems may face civil 
engineering structures. For improving concrete quality and reducing construction cost a simple procedure has been 
evaluated. Thermally treated bentonite of 6% quantity of cement content in concrete mixture design is used as a 
concrete additive to assess concrete compressive strength. The XRD experimental for studying crystal structure of 
modified bentonite has been conducted. The result indicated acceptable improving concrete compressive strength. 
And in compare to the natural additive cost the method has economic effective, and can be produced at any 
situation, and helps to reduce construction cost especially for low cost construction.   
 

Keyword: Bentonite; crystal structure; compressive strength; natural additive; low cost construction 
 
1. Introduction 
The mineral additives could have different effects on the 
properties of concrete due to different mineralogical and 
chemical process [1]. The mineral admixture has 
different effect on high strength concrete. And full loads 
apply to concrete structure on early age is important to a 
construction programme [2]. There is an investigation on 
natural mixed minerals to analyze compressive concrete 
strength through effect of natural mixed minerals on 
composition of the gel phase and its structure [3]. It has 
been instructed that the mineral admixture in concrete 
mixed design decreased both unit weight and 
compressive strength [4]. From this point of view 
European Standards (EN 206-1) restrict the use of 
mineral additions to low proportions during the 
manufacture of concrete [5]. It is due to some mineral 
addition in high percentages as a replacement for cement 
can result in a concrete with lower compressive strength. 
From other hand using proper combination of minerals 
results in produce economical concrete and CO2 
emissions reductions for sustainable development [6]. 
To enhancement of concrete strength using mineral 
mixture technique some empirical relations has been 
investigated [7]. The rational methods have also been 
proposed to analysis mineral additives effect on concrete 
strength in specific age [8]. There is reported an artificial 
neural networks study for predicting the core 
compressive strength of self-compacting concrete (SCC) 
mixtures with mineral additives [9]. In view of 
sustainable development, mineral admixture commonly 
is used to replace part of cement in concrete as 
supplementary cementitious materials [10], [11]. One of 
method is performance of steam cured concrete by 
adding mineral admixtures to determined concrete 
compressive strength in short and long term tests [12]. 

The mineral admixtures to partially replace cement 
preserve the non-renewable resources required for the 
production of cement [13-15]. In attention to the mineral 
admixture is utilized for many years either as 
supplementary cementitious materials in Portland 
cement concretes or as a component in blended cement 
[16]-[20], the objective of this study is to asses best heat 
level in  modify bentonite to develop appropriate mineral 
under laboratory condition for enhancement concrete 
compressive strength in early age, produce low cost 
concrete, reducing chemical additive and cement 
consumption in concrete mixture design which decreases 
environment pollution. 
 
2. Methodology and Experiments 
In this research work the bentonite has been selected for 
improve concrete compressive strength. The bentonite 
was subjected to the heat for 1 hour for 200 ºC, 400 ºC, 
600 ºC and 800 ºC. The concrete mixed design is made 
to reach acceptable compressive strength. The unheated 
and heated bentonite hais mixed in concrete mixture 
design in 6% quantity of consumed cement. The 
concrete compressive strength for 7 days, 14 days and 28 
days have been tested. To study macro properties of 
bentonite-cement mixture X-ray is used. 
 
3. Result and discussion 
In an experimental investigation on Pakistani bentonite 
(from Jehangira, Swabi District) is treated by heat at 500 
°C and 900 °C and the cement in mortar and concrete 
was replaced with the bentonite at 0%, 20%, 30%, 40% 
and 50% by cement mass. And used as a cement 
replacement material in mortar and concrete, it was 
reported that Pakistani bentonite can be used to replace 
up to 30% of cement to produce concrete with sufficient 
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compressive strength for low-cost construction resistant 
to sulphate attack [21]. The proportion of bentonite, 
(3%, 6%, 9%, 12%, 15%, 18% and 21% by weight of 
cement) is used as replacement.  And has been found 
that the workability, fresh concrete density and water 
absorption decreased as bentonite usage is increased. 
The comparative compressive strength analysis indicated 
that at 3 days of testing, the mixes containing bentonite 
showed lower strength than control mix while at 56 days 
of testing, the bentonite mixes showed higher strength 
than the control mix [22].  When bentonite is thermally 
treated by heat for one hour under 200 ºC the 
Montmorillonite-15A has been developed, this mineral 
has strong negative effect on concrete compressive 
strength (table 1 and figure 1). In second part of 
experiment in thermally treated of bentonite, 400 ºC, 
heat for one hour has been used to observe new 

modification in bentonite. In this stage Rectorite is 
created. The Rectorite mineral has reduced concrete 
compressive strength significantly. Up to this level of 
research thermally treating bentonite is presented 
disappointing results. The 600 ºC heat is submitted to the 
bentonite for one hour, several minerals have been 
developed (figure 2 and table 2), these minerals improve 
concrete compressive strength due to number of 
minerals it is difficult to conclude effect of them on 
improving concrete compressive strength. In continuing 
investigation 800 ºC heat has been applied to the 
bentonite for one hour and quantity of 6 % new 
developed minerals is added to concrete mixed design. 
The concrete compressive strength test had shown that in 
improving around 8% concrete compressive strength in 
early age of 7 days and also 13% in 28 days. 
 

 
 

Table. 1. Concrete compressive strength  

Concrete type % of 
Bentonite 

7days 14 days 28 days 
Stress 

(N/mm2) 
Stress 

(N/mm2) 
Stress 

(N/mm2) 
Unmixed 
bentonite - 25.77 30.86 34.42 

Unheated 
bentonite 6 23.13 27.76 31.24 

bentonite 200 ºC 6 15.5 18.46 27.77 
bentonite 400 ºC 6 11.8 14.71 23.33 

bentonite 
600 ºC 6 27 30.36 31.5 

bentonite 
800 ºC 6 27.95 35.65 38.95 

 
Table. 2. Minerals is developed in bentonite thermally treated 

Bentonite type Name of minerals 
Unheated alpha-Si O2, quartz low high HP, syn 

200 ºC Montmorillonite-15A, 
alpha-Si O2, quartz low, 

400 ºC Rectorite,  
alpha-Si O2, quartz low, 

600 ºC 

Zinc aluminum succinate dihydrate,  
3-Amino-4-nitro-6-methyl-8-oxopyrazolo(1,5-

a)pyrimidine, 
 Sodium Aluminum Silicon Oxide,  

Zircon, 
Quartz alpha, alpha-Si O2, 

Cobalt Sulfide, 

800 ºC cyclo undecasulfur, 
Quartz, syn, 
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Fig. 1. Concrete compressive strength in 7, 14 and 28 days  

 

 
Fig. 2. XRD pattern of thermally modifying bentonite 

 
5. Conclusion 
The mineral mixture in concrete mixed design has 
significant effect on setting time and final strength in 
concrete. The quantity of used thermally treated 
bentonite is very less and it made this product economic 
and also helps in reducing CO2 producing in the 
environment.   

 
Rectorite and Montmorillonite-15A have strong negative 
effect on concrete compressive strength. The low cost 
concrete with better compressive strength is main 
product of this research work. 
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1. INTRODUCTION 
In railway tracks, due to repeated heavy train loads, fine 
materials mix with ballasts. The fine materials come mainly 
from the underneath layers and to a lesser extent due to 
particle crushing as well [1]. Changes in deformation 
properties of ballasts due to sand intrusions have been 
identified as a major problem in railway engineering. In 
many cases, ballasts containing sands shows large 
settlements, which is induced mainly by railway traffic 
loading. However, degree of settlement depends not only 
on traffic volume but also on physical and mechanical 
properties of the ballasts. Though there had been various 
researches conducted on pure materials of ballasts and fines 
[2]-[3], there had not been sufficient researches conducted 
on deformation characteristics of fine-ballast mixtures 
simulating actual field rail-track conditions. Perhaps, 
difficulties in simulating multi-size particles in numerical 
simulations would have been the main issue behind less 
number of researches on fine-ballast mixtures. However, it 
is very important to understand effects of fine materials 
mixing on deformation characteristics of ballast to 
understand degradation of ballast layers and to propose 
maintenance works for degraded ballast layers.  
 After development of DEM [4], DEM simulations 
became the most widely used numerical method to study 
deformation characteristics of granular materials. As 
laboratory experiments are complicated and expensive for 
various types of field conditions, nowadays, numerical 
simulations are preferred in many research works. 
However, laboratory experiments are still required to verify 
the accuracy of the numerical simulations. In this research, 
deformation characteristics of granular materials including 
sand-gravel mixtures were studied using triaxial 
compression tests in Yade [5] as the numerical method in 
addition to laboratory triaxial compression tests. 
 

 
 

1.1 Yade 
Yade is an extensible open-source framework for discrete 
numerical models, focused on Discrete Element Method. 
Yade is a 3-D numerical method. The original code was 
modified to obtain particle size distribution of sand-gravel 
mixture since the original code does not allow gap graded 
particle size distribution curves like in sand-gravel 
mixtures. Widulinski et al. (2009) [6] and Sayeed et al. 
(2011) [7] have also conducted triaxial compression tests 
using sphere particles in Yade recently. They found good 
agreement with experimental results. 

2. METHODOLOGY 
In this research, since size of ballast (i.e., 10-60mm) is too 
large to use in triaxial compression test (specimen size is 
100x200mm), gravel with the size of 1/5 of actual ballast, 
was selected. Medium size sand was used as the fine 
material. At the initial stage, void ratio characteristics of 
sand-gravel mixtures were evaluated using laboratory 
density tests and DEM triaxial simulations. Density tests 
were conducted according to JIS A 1204-2009 [8]. In the 
next stage, deformation characteristics of sand-gravel 
mixtures were evaluated on the specimens prepared with 
50% and 80% of relative densities. Deformation 
characteristics were evaluated using both laboratory and 
DEM simulated triaxial compression tests. 

2.1 Laboratory Triaxial Compression Tests 
Laboratory triaxial compression tests were conducted 
according to JGS 0527 [9]. Triaxial compression tests were 
conducted using the apparatus shown in Fig. 1. Axial 
deformations were measured by an external displacement 
transducer and a pair of LDTs [10]. However, the 
measurements of LDTs used to determine small strain 
deformation properties, are not included in this paper. 
Triaxial compression tests were conducted under 80kPa of 
confining pressure. 

ABSTRACT 
 
In railway tracks, ballast fouling due to fine materials mixing with ballast has been identified as a challenging issue 
nowadays. In this research, deformation characteristics of sand-gravel mixtures, repressing fine-ballast mixtures, were 
studied using laboratory and DEM simulated triaxial compression tests. DEM simulations were done in Yade, an open 
source developed based on DEM. Initially, void ratio characteristics of sand-gravel mixtures were studied. After void 
ratio results were obtained, triaxial compression tests were conducted on specimens with 50% and 80% of relative 
densities. Void ratio results indicated that the specimen with 30% sand showed the smallest void ratios (i.e., the densest 
packing) in DEM simulations. Triaxial test results indicated that the specimens with 30% sand experienced the highest 
deviator stress in both 50% and 80% of relative density cases, showing clear relation of void ratio and deviator stress. 
 
Keywords: DEM Simulations, Laboratory Tests, Mechanical Properties, Physical Properties, Sand-Gravel Mixtures 

DEM Simulations and Laboratory Experiments on Physical and Mechanical 
Properties of Sand-Gravel Mixtures 

Janaka J. Kumara1, Kimitoshi Hayano2, Yuuki Shigekuni2 and Kota Sasaki2 
1 Dept. of Civil Engineering, 2 Dept. of Urban Innovation, Yokohama National University, Japan 

 

 



 

550 
 

 

Specimen

Load cell

 
Fig. 1: Triaxial apparatus 

2.2 DEM Simulations 
In triaxial test simulations, void ratio is determined by 
friction angle, φc, during isotropic compression. After 
maximum and minimum void ratios, emax and emin, of the 
specimens were determined, void ratios related to 50% and 
80% of relative densities, e50 and e80, were obtained using 
Eq. (1). Then, the values of φc related to e50 and e80 were 
determined. In DEM simulations, particle size was 
simulated as 100 times larger than the size of laboratory 
specimens to reduce simulation time. DEM simulations 
were done using sphere particles. The input parameters 
used in DEM simulations are given in Table 1. Though 
5m/s of Vw was used for gravel specimens, smaller values 
of Vw (1m/s used here) were required for the specimens of 
small size particles to stabilize the simulations. 
 
Table 1: Input parameters of DEM triaxial simulations 

Parameter Value Remarks 

Stability criterion 0.01 Help to stabilize 
system 

Friction angle of spheres 
during isotropic 
compression, φc 

See 
Table 2 

φc  determines 
void ratio 

Coefficient of Cundal 
non-viscous damping 0.2 Default value 

Max. time step, ∆t (s) 0.000658 Default value 
Density of spheres, 
ρs (kg/m3) 2600  

Max. velocity of walls, 
Vw (m/s) 1.0/5.0* Help to stabilize 

the system 
Number of particles, N 10000  
Confining pressure, 
σc (kPa) 80  

Friction angle of spheres 
just before shearing, φs 
(degree) 

30  

Ratio of shear and normal 
contact stiffness for 
spheres, Ks/Kn 

0.5  

Stiffness of spheres, 
Es (MPa) 15  

Strain rate (s-1) 0.1  
Note: * Used for gravel specimen 

( )%100
minmax

max ×
−

−
=

ee
ee

Dr                 (1) 

2.3 Sample Preparation 
Six specimens each were prepared with different amount of 
fines as given in Table 2 for both laboratory experiments 
and DEM simulations. Two specimens were prepared with 
sand and gravel separately to compare the results with those 
of sand-gravel specimens.  
 
Table 2: Details of friction angle and void ratio 

Fines 
(%) 

Friction angle, 
φc (degree) Void ratio, e 

Dr = 50% Dr = 80% Dr = 50% Dr = 80% 
0 16.5 4.5 0.632 0.566 

15 11.8 3.8 0.485 0.429 
30 16.3 4.2 0.403 0.342 
50 20.0 5.0 0.450 0.396 
70 17.15 4.4 0.519 0.460 

100 16.4 3.5 0.646 0.574 

3. RESULTS AND DISCUSSIONS 
Fig. 2 shows particle size distribution of laboratory 
specimens. Particle size distribution of soil samples was 
evaluated using sieve analysis test according to JIS A 1204 
[11]. Fig. 3 shows particle size distribution of DEM 
simulations. As shown in Fig. 3, particle size of DEM 
simulated specimens is 100 times larger than that of 
laboratory specimens.  
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Fig. 2: Particle size distribution of laboratory specimens 
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Fig. 3: Particle size distribution of DEM simulated 
specimens 
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3.1 Void Ratio Characteristics 
Fig. 4 shows relation of void ratio of the specimens with % 
sands. In Fig. 4, emax,exp and emax,DEM represent maximum 
void ratios of experimental and DEM simulated specimens 
respectively. In Fig. 4, e50 and e80 represent void ratios of 
the specimens with 50% and 80% of relative densities 
respectively. As shown in Fig. 4, void ratios (both emax and 
emin) reduce with sands at initial level, then, after certain 
amount of sands, increase with sands. Minimum value of 
void ratios (both emax and emin) reached at 50% and 30% of 
sands for laboratory and DEM simulated specimens 
respectively. The difference in amount of sands to reach 
minimum value of void ratios would be attribute to particle 
shape as DEM simulations were done using sphere particles 
whereas laboratory specimens consist of irregular shape 
particles. Lade et al. (1998) [12] also showed similar results 
for binary mixtures of sphere particles where minimum 
values of void ratios were observed mainly at 20% - 40% 
fines depending on diameter ratio of two mixtures.  
 
The results also showed that void ratios of DEM simulated 
specimens are smaller than laboratory specimens for the 
specimens with larger particles (e.g., gravel specimen). It 
should be, however, noted that void ratio of DEM simulated 
specimens were measured at the end of isotropic 
compression (under 80kPa) whereas in laboratory 
specimens, void ratios were measured before the isotropic 
compression. As shown in Fig. 4, the difference in void 
ratios of laboratory and DEM simulated specimens become 
small for the specimens with more sands than those with 
more gravel particles. The large difference in void ratios for 
the specimens with larger particles should be attribute to 
different particle shapes in laboratory specimens and DEM 
simulations. Fig. 4 also shows that DEM simulations can 
give same void ratios as laboratory results for sands (i.e., 
for specimens with small particles). Fig. 5 shows relation of 
emax and emin for both laboratory and DEM simulated 
specimens. Fig. 5 clearly shows that both relations are 
linear with a same gradient (i.e., increasing rate) though 
experimental data shows higher void ratios. As explained, 
smaller void ratios in DEM simulations should be attribute 
to change in particle shapes in the two methods. 
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Fig. 4: Void ratio of laboratory and DEM simulated 

specimens 
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3.2 Triaxial Test Results 
Fig. 6 shows a DEM triaxial test simulation at different 
steps. Specimens were prepared in a box as shown in Fig. 6. 
As shown in Fig. 6 (a), at the beginning of particle 
generation, packing is very loose. At the end of isotropic 
compression (i.e., Fig. 6 (b)), void ratios were obtained to 
compare with those of laboratory specimens. Fig 7 shows 
deviator stress vs. axial strain for laboratory specimens of 
50% of relative density. Fig. 8 shows deviator stress vs. 
axial strain for DEM simulated specimens of 50% of 
relative density. As shown in Fig. 7, the specimen with 30% 
sands experienced the highest deviator stress, followed by 
the specimen with 15% sands. The results also showed that 
gravel specimen experienced higher deviator stress than 
that of sand specimen. In DEM simulations too, as shown in 
Fig. 8, the specimen with 30% sands experienced the 
highest deviator stress, followed by the specimen with 15% 
sands. In DEM simulations too, gravel specimen 
experienced higher deviator stress than that of sand 
specimen. However, it should be noted that laboratory 
specimens experienced higher deviator stress compared to 
DEM simulated specimens. The difference in deviator 
stresses between the two methods should be attribute to 
different particle shapes as DEM specimens consist of 
sphere particles while laboratory specimens consist of 
irregular shape particles. Lin and Ng (1997) [13] also 
showed that irregular shape particles give higher devistor 
stress than that of sphere particles. He compared deviator 
stress for the samples made of ellipsoid and sphere particles. 
Yan et al. (2009) [14] also studied effects of particle shapes 
on strength characteristics and found that sphere particles 
give smaller stress ratio compared to clump particles. He 
also observed that DEM simulations (using PFC3D) give 
smaller stress ratio than that of experimental specimens. 
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a
 

 

b
 

 

c
 

Fig. 6: A DEM triaxial test simulation (a) at the particle 
generation, (b) after isotropic compression and (c) at the 

end of simulation (a sample with 30% sands) 
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Fig. 7: Deviator stress vs. axial strain from laboratory 
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Fig. 8: Deviator stress vs. axial strain from DEM 

simulations with 50% of Dr 
 

Fig. 9 shows deviator stress vs. axial strain for laboratory 
specimens of 80% of relative density. Fig. 10 shows 
deviator stress vs. axial strain for DEM simulated 
specimens of 80% of relative density. As shown in Fig. 9, 
some specimens (i.e., the specimens with 30%, 50% and 
70% sands) reached a peak value in deviator stress and then 
reduced deviators stress same as a dense specimen. Out of 
these three specimens, the specimen with 30% sands 
experienced the highest deviator stress. However, gravel 
specimen experienced the highest deviator stress showing 
stress-strain behaviour of a loose specimen where there is 
no any clear peak value in deviator stress. As shown in Fig. 
10 for DEM simulations, the specimen with 30% sands 
experienced the highest deviator stress, followed by the 
specimens with 50% and 70% sands until 4% axial strain. 
However, after 4% axial strain, gravel specimen 
experienced higher deviator stress than the specimens of 
50% and 70% sands. In 80% of relative density case too, 
gravel specimens experienced higher deviator stress than 
those of sand specimens. The triaxial test results show that 
sand-gravel specimens with 30% sands experienced the 
highest deviator stress showing the densest packing. 
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Fig. 9: Deviator stress vs. axial strain from laboratory 

specimens with 80% of Dr 
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Fig. 10: Deviator stress vs. axial strain from DEM 
simulations with 80% of Dr 

 
Figs. 11 and 12 show comparisons of deviator stress vs. 
axial strain between laboratory tests and DEM triaxial test 
simulations for 50% and 70% of relative densities 
respectively. Though Figs. 11 and 12 do not show a very 
clear relation of different deviator stresses for the two 
specimens (i.e., gravel and 30% sands specimens) for both 
cases, Fig. 11 showed that the specimen with 30% sands 
experienced higher deviator stress than the gravel specimen 
in laboratory tests while Fig. 12 showed that the specimen 
with 30% sands experienced higher deviator stress than the 
gravel specimen in DEM simulations. 
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Fig. 11: Comparison of deviator stress vs. axial strain for 
the specimens with 50% of Dr 
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Fig. 12: Comparison of deviator stress vs. axial strain for 

the specimens with 80% of Dr 
 

Fig. 13 shows failure friction angle, φf, vs. dry density, ρd, 
of sand-gravel specimens from laboratory triaxial 
compression tests. As shown in Fig. 13, the highest ρd was 
observed for the specimen with 50% sands in both 50% and 
80% of relative densities. In case of 80% of relative density, 
the gravel specimen has the largest φf, which gradually 
reduced until the sand specimen. In case of 50% of relative 
density, φf increases until the specimen with 30% sands, 
then reduced until the sand specimen. Fig. 14 shows failure 
friction angle, φf, vs. dry density for DEM simulated 
specimens. As shown in Fig. 14, both dry density and 
failure friction angle increased with sands (up to 30% 
sands) and reached peak values for the specimens with 30% 
sands in 80% of relative density. In case of 50% of relative 
density, φf remains same for the specimens with 0% - 30% 
sands, then, reduced for the specimen with 50% sands and 
then remains same until the sand specimen same as 80% of 
relative case. As an overall finding, it is clear the specimen 
with 30% sands showed densest behaviour, particularly, in 
case of 50% of Dr in laboratory experiments and 80% of Dr 
in DEM simulations. The results showed that mixing of 
sands in gravel (i.e., mixing of fines in ballast) change 
failure frictional angle of the mixtures. 
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Fig. 13: Change of failure friction angle of sand-gravel 
specimens with sands from laboratory experiments 
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Fig. 14: Change of failure friction angle of sand-gravel 
specimens with sands from DEM simulations 

4. CONCLUSION 
Triaxial compression tests were conducted on sand-gravel 
mixtures to study effects of fine material mixings in ballast 
in railway tracks. Triaxial tests were conducted in the 
laboratory and using Yade, a DEM application as the 
numerical simulations. Triaxial compression tests were 
conducted on specimens having 50% and 80% of relative 
densities. The following conclusions were made, 
 
  Void ratios (both emax and emin) reduced with initial 

addition of sands. After reaching a minimum value, 
void ratios increase with sands. Minimum value of 
void ratios in DEM simulations were observed on the 
specimens with 30% sands while it was 50% sands for 
laboratory specimens. 

  Void ratios observed in DEM simulations were smaller 
than those of laboratory specimens. The difference in 
void ratios can be attribute to difference in particle 
shapes in DEM simulations and laboratory 
experiments. However, relations of void ratio change 
with sands were approximately same in DEM 
simulations and laboratory specimens.  

  The results also showed that void ratios can be simulated 
in DEM simulations same as in laboratory experiments 
for specimens with small particles (e.g., sands). 

  As an overall finding, in both laboratory experiments 
and DEM simulations, the highest deviator stress was 
observed on the specimens with 30% sands. The results 
indicated that specimens with smaller void ratios 
experienced higher deviator stress.  

  However, there is difference in deviator stresses 
between the two methods, experimental specimens 
showing higher deviator stresses. The difference in 
deviator stress should be due to difference in particle 
shapes in the two methods. However, the results 
showed similar patterns in a qualitative manner. 

  The specimens with 30% sands achieved the highest dry 
density and maximum friction angle in DEM 
simulations. In experimental specimens, it was quite 
same for 50% of relative density. 
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1. INTRODUCTION 

Tamborine Mountain, located in south of Brisbane and  
inland from the Gold Coast, is a plateau formed on 
sub-horizontal basalt lavas of Tertiary age[1]. It is covered by 
forest. The basalt plateaux of southeast Queensland 
potentially has hazard of landsliding[1], and often faces rock 
slope failures during rainy seasons. 
 
Many of residences in Tamborine Mountain are located near 
the rock slopes which have potential hazard of movement and 
instability. Failure of these rock slopes can lead to damaging 
results and will have a deep economic and social impact on 
the society of this area. Also the slope failure can be very 
harmful for infrastructures located in Tamborine Mountain 
such as roads. Every year during the rainy seasons, many of 
access roads are closed by failed slopes. 
The objective of this study is to investigate some cut slopes 
through the main roads and analyze them with using 
kinematic approach Slope Mass Rating (SMR) to identify the 
potential failure modes of them and to determine the 
condition of slopes located along roads. 
The investigation field was located along Beaudesert – 
Nerang Road, immediately south-east of the Beaudesert – 
Nerang Road / Arunta Drive intersection, on the Gold Coast 
(Fig.1). The approximate length of the existing cut slope is 
200m and with the height of approximately 7m. (Fig.2) 
 

 
 

 
Figure 1 - Location on investigated slopes 

 

 
Figure 2 - One of investigated slopes 
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2. Geology and landslides types 

The regional geological structure of the Tamborine Mountain 
and detailed geology of the basalt lavas forming the plateau 
surface area have been described by Willmott[1], Cranfield et 
al [2], and Green [3]. 
The investigation field was located on the eastern part of 
Tamborine Mountain and made of metasediments of 
Neranleigh-Fernvale Beds. Based on investigation performed 
by [1], this sequence of mainly sedimentary rocks was 
deposited in Devonian to Carboniferous times. These rocks 
have been deformed, indurated and slightly metamorphosed, 
probably in the Carboniferous; they now can be termed 
metasediments. The main rock types present are argillite 
(derived from siltstone and shale), greywacke dark sandstone 
with abundant rock fragments), quartzite (derived from chert) 
and greenstone (metamorphosed submarine basalt lavas). 
Conglomerate horizons are known in a few areas. In some 
places, the argillite is sheared and has the appearance of 
phyllite. 
 
 In 1981 a slope stability investigation performed by [1], on 
Tamborine Mountain, his investigation showed that few 
landslides are known on the plateau surface of the mountain, 
but numerous slides, some very large, have occurred on the 
cliff lines and benches below, and on the fans of colluvial 
debris along the lower western flanks of the mountain. Based 
on his investigation, amongst different types of slope 
instability, four main types of landslides can occur in 
Tamborine mountain including: Rock falls, Debris flows, 
small rotational slides and complex multiple rotational slides. 
 
3. Field survey 

To assess the impacts of formed discontinuity and weathering 
on the rock slopes located in Tamborine Mountain,  site 
investigations were performed in 2012 to collect the relevant 
and required data such as: Geometric properties of 
discontinuities such as: dip, dip direction, spacing, etc., 
compressive strength by using Schmitt hammer and types of 
rocks. 
Three locations were selected along the rock slope located in 
the side of main road for these investigations. 
The following data were collected: 
 
Table I- Collected data 

Location 1 

Set # Dip 
Dip 

direction 

Aperture 

(mm) 

Compressive 

Strength of 

rocks (Mpa) 

1 55 220 0.5 27 
2 50 135 0.5 27 
3 55 50 2 27 

Location 2 

Set # Dip 
Dip 

direction 

Aperture 

(mm) 

Compressive 

Strength of 

rocks (Mpa) 

1 61 70 1-2 40 
2 73 170 1-2 27 

 

 
Location 3 

Set # Dip 
Dip 

direction 

Aperture 

(mm) 

Compressive 

Strength of 

rocks (Mpa) 

1 40 40 0.5 45 
2 73 170 1-2 27 
3 25 240 3-5 27 

 
 
4. Data analyses 

The collected data were analyzed by Dips computer software 
to identify the potential failure modes of the investigated 
slopes. The results from kinematic analysis indicate that at 
location 1, there is only one potential failure mode. Planar 
sliding is the most likely failure mode that may occur at this 
location (Fig.3). As can be seen in Fig3 some of the 
discontinuities are located in gray shade that shows the 
potential planar sliding area. Toppling and wedge failure 
analyses show, there are no toppling and wedge potential 
failure at location 1.  

 
Figure 3 - Planar sliding of location 1 

 
In location 2, the results produced by kinematic analysis 
suggest that there may be a potential toppling failure (Fig.4). 
In Fig.4, a part of the contour lines fall within the toppling 
failure zone that indicates the potential toppling failure. 
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Figure 4 – Toppling failure of location 2 

 
The results of kinematic analysis show that the rock slope at 
location 3 has two potential failure modes, planar sliding and 
wedge sliding. In Fig. 5, the discontinuity set #3 falls within 
the failure zone (grey shaded area) for planar sliding analysis. 
This means that planar sliding may occur along this failure 
plane. 

 
Figure 5 – Toppling failure for location 3 
 
Fig.6 shows that there is a mean joint set orientation 
intersection (shown by black dots) that falls within the wedge 
failure zone (grey shaded area). This indicates that a wedge 
failure may potentially occur at location 3. 
 

 
Figure 6 - Wedge failure of location 3 

 
Besides the kinematic analysis a SMR (Slope Mass Rating) 
analysis was also conducted to assess the slopes. Following 
table indicates the results of SMR analyses. 
 

Table II- SMR results 

Location SMR Slope Mass Class 
1 40 IV, Poor 
2 83 I, Very good 
3 14 V, Very poor 

 
The results from SMR analyses consistently show that 

location 2 has the best rock mass condition out of the three 
locations, followed by location 1, and location 3 has the 
worst. These results reflect the evidence that there was a 
significant recent rock fall at location 3. At location 1, the 
rock fall was deemed to be minor, however, small fragments 
of rock blocks were found along the toe of the rock slope. 

 
5. Concluding remarks 

The results of kinematic analyses show that at location 1, 
the rock is unstable under current conditions. However, in an 
event of a rock slope failure, it will only be a minor one. At 
location 2 of the rock slope, the geometry condition and high 
strength of rock duo to less weathering lead to a better 
condition than the other two locations. The SMR analysis 
result of this location indicates that the rock slope is class ‘I’, 
which means that the slope is completely stable. However, the 
results from kinematic analysis suggest that there may be a 
possibility that the rock slope at this location will fail in 
toppling. 

All the analysis done on the rock slope at location 3, point 
out that this section of the slope is the least stable out of the 
three. 

 
The following table illustrates the comparison of results 
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between these two different approaches (Kinematic and 
SMR). 

 
Table III- Comparison of results 

Set # SMR Kinematic approach 
SMR Grade Toppling Planar Wedge 

1 40 IV, Poor - + - 
2 83 I, Very good + - - 
3 14 V, Very poor + - + 
 
 
It can be deducted from the above table that, the results of 

both analyses have a good concordance with each other and in 
term of stability both show same outcomes. 
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1. ABSTRACT: 
 
 It is known that cement production 
releases high amount of CO2 to the atmosphere. 
The cement is used for civil construction 
purposes including the structures like railway 
sleepers, electric power poles, fencing and waste 
containments, etc. In the present project 
geopolymer concrete is developed by using fly 
ash, mixing with the alkaline material and 
hardening the structure by polymerization using 
alkaline solutions like NaOH/KOH. A waste 
material such as rice husk ash which contains 
silica is utilized. 
 

 In the case of bamboo, a separate 
treatment technology is developed to increase the 
rigidity and flexibility in order to increase the 
life span and eliminate its bio-degradability. This 
is done by using certain metal ions in the freshly 
harvested bamboo. For making pre-fabricated 
structure, the bamboo is split into two halves 
equally and geopolymer concrete is embedded 
and the bamboo halves are united. The entire 
pre-fabricated structure is cured over a period of 
time.  

 
 
2. INTRODUCTION: 
 
Many concrete structures have life span of two to 
three decades. These structures deteriorate after 
specific period. Many buildings are also 
demolished after a period of 40 years. This 
indicates that the raw materials used for 
construction last only for a specific period. 
Under these circumstances, the cement 
production increases. 
 
One ton of cement production releases equally 
one ton of CO2 thus contributing 7% of world 
CO2 emission that leads to global warming. 
Cement is also known as most energy intensive 
material.  

 

In most countries, concrete is widely used as the 
foundation for the infrastructure. Concrete is 
used largely because its ability to support large 
compressive loads. However, the use of concrete 
is limited because it has low tensile strength. For 
this reason, it is reinforced, and one of the more 
popular reinforcing bars (rebar) is steel. 

 
Steel is available and is affordable in most 
developed countries but unfortunately not all 
parts of the world. In many countries, none or 
very little steel reinforcement is used in 
construction. In some parts of the world many 
buildings are constructed only with concrete or 
mud-bricks. This is dangerous in case of seismic 
activity. These buildings have little hope of 
standing in the case of an earthquake. Steel 
reinforcement would be an ideal solution, but 
cost is a considerable problem. 

 
 

3. MATERIALS AND METHODS: 
 
The cement is a mixture of magnesium oxide 
(burnt magnesia) with magnesium chloride  with        
 chemical formula Mg4Cl2(OH)6(H2O)8, 
corresponding to a weight ratio of 2.5–3.5 parts 
MgO to one part MgCl2. It has the capacity to 
withstand about 10,000 to 12,000psi whereas the 
Ordinary Portland Cement has a capacity to 
withstand only around 2,000psi. MgCl2 is the 
most effective chemical which acts as dust 
suppressant. The requirement of MgO and 
MgCl2 are made available from the bittern, an 
inexhaustible resource from the salt field and it is 
cost effective. 
 
Nearly 250 million tonnes of fly ash is being 
dumped in developing and developed countries 
each and every year. Developed countries 
allocate high financial resource for dumping 
these wastes. Since developing countries find it 
difficult to allocate this high financial resource 
this poses problems in the form of land use, 
health hazards, and environmental dangers both 
in disposal and in utilization. The other problems 
are as contamination of ground water as it can 
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leach into the subsoil, lowering of soil fertility, 
siltation and clogging the system, reduction in 
the pH balance, interference in the process of 
photosynthesis of aquatic plants and thus 
disturbs the food chain, corroding exposed 
metallic structures in its vicinity [1]. Fly ash 
which has self-cementing properties is produced 
in bulk quantity from thermal power plants. It is 
known to be useful for road construction and at 
the same time, it is a good material that blends 
with concrete [1]. 
 
It contains about 50% of silica and around 14% 
of ferric oxide which are some of the source 
materials that imparts strength to concrete. 
Ordinary Portland Cement contains only about 
21% of Silica and 4% of Ferric Oxide. Fly ash 
not only increases the strength but also increases 
the volume since it acts as a dead weight material 
[2]. Class C fly ash which consists of about 20% 
of CaO is used here. It has the property of 
gaining strength over time. 
 
The other source material used in the present 
study is the ash of rice husk which contains high 
silica content. It provides excellent thermal 
insulation property which helps maintaining a 
pleasant and cool environment. 
 
The process of using fly ash is to be evolved by 
mixing with alkaline material which is also 
considered as waste material which will form a 
good product as cementious paste. This material 
is hardened by adding chemical agents for 
polymerization. The temperature for 
polymerization is around 60°C to 90°C. A 
combination of NaOH or KOH with other 
chemical components in the raw material gets 
hardened like concrete. In addition, another 
biological waste material such as rice husk is 
used.  
In the process of polymerization, the alkaline 
solution induces the Silica atoms especially in 
the source  materials like fly ash and/or husk ash. 
In this process a gel is formed when it is applied 
with heat. This gel binds the aggregates of the 
unreacted  source material and this source 
material due to polymerization at high 
temperature forms a product known as 
geopolymer concrete. This is used for mould 
preparation.  

 
 
 

 

4. BAMBOO AS A RE-INFORCING 
MATERIAL: 
 
Bamboo reaches its full growth in just a few 
months and reaches its maximum mechanical 
strength in just few years [3]. Its abundance in 
tropical and subtropical regions makes it an 
economically advantageous material. Some of 
the positive aspects such as a lightweight design, 
better flexibility, and toughness due to its thin 
walls with discretely distributed nodes and its 
great strength make it a good reinforcing 
material. Bamboo is used as structural material 
for scaffolding at construction sites in India, 
China and other countries as it is a tough, 
flexible, light weight and low cost material. In 
nature when bamboo is covered with heavy 
snow, it will bend until it touches the ground 
without breaking. This implies that bamboo has 
greater flexibility than wood. The tensile strength 
of bamboo is very high and can reach 380 
N/mm2 [2]  

 
It is estimated that one billion people live in 
bamboo houses. In India and China bamboo is 
used in construction of temporary suspension 
bridges. 

 
 
4.1 BAMBOO CHARACTERISTICS: 
 
Bamboo culms are a cylindrical shell divided by 
solid transversal diaphragms at nodes and have 
some intriguing properties such as high strength 
in the direction parallel to the fibers, which run 
longitudinally along the length of the culm, and 
low strength in a direction perpendicular to the 
fibers. The density of fibers in cross-section of a 
bamboo shell varies with thickness as well as 
height. Fiber distribution is more uniform at the 
base than at the top or the middle. This is 
because bamboo is subjected to maximum 
bending stress due to wind at the top portion of 
the culm. The strength of bamboo is greater than 
most of the timber products.  
 
The mechanical properties vary with height and 
age of the bamboo culm. Research findings 
indicate that the strength of bamboo increases 
with age. The optimum strength value occurs 
between 2.5 and 4 years. The strength decreases 
at a later age. The function of the nodes is to 
prevent buckling and they play a role of axial 
crack arresters.  
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One of the amazing aspects of bamboo is the 
way it interacts with the environment. It has been 
discovered that bamboo can prevent pollution by 
absorbing large amounts of nitrogen from waste 
water and reducing the amount of carbon dioxide 
in the air. 

 
4.2 COMPARISION OF BAMBOO AND 
STEEL: 
 
One of the properties that would make bamboo a 
good substitute to steel in reinforced concrete is 
its strength. The strength of bamboo is greater 
than most timber products which are 
advantageous. Bamboo is easily accessible as it 
grows in almost every tropical and subtropical 
region; this lowers the cost of construction and 
increases the strength of the buildings that would 
otherwise be unreinforced.  

 
One major problem with bamboo is that it 
attracts living organism such as fungi and 
insects. Bamboo is more prone to insects than 
other trees and grasses because it has a high 
content of nutrients. In order to combat this 
problem, it becomes necessary to treat bamboo 
to protect it from bio-degradation. Steel does not 
have this problem but it also needs to be coated 
in order to protect it from rusting. 
 
 
4.3 BAMBOO TREATMENT: 
 
The physical structure of bamboo makes it very 
strong. Like reinforced cement concrete bamboo 
represents a composite material. A a result of 
structural pecularities bamboo is very strong in 
spite of being light. Bamboo poles are treated to 
reduce their bio-degradability using 400gms of 

Sodium dichromate, 300gms of Copper Sulphate 
and 150gms of Boric Acid in 10 litres of water. 
The outer surface of the bamboo culms is hard 
and impermeous. Therefore the solution is not 
absorbed. It is the inner surface of the culms 
through which the solution is absorbed. 
 
Bamboo culms can also be treated with 
Potassium Dichromate which makes it more 
rigid like steel rod. It can be used as a steel rod 
and such structures are reinforced in geopolymer 
concrete. 
 
The bamboo strips are also to be placed in a tank 
filled with above solution. Soaking is done for 
about 48 hours to make the treatment effective. 
However, it is proposed to use electrically driven 
compressor to impregnate the solution into the 
bamboo for future studies.the complete process 
has been explained in Fig.1. 
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4.3.1 PROCESS PLANNING: 
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5.1 PRODUCTION ADVANTAGES: 
 
The Polymerization temperature is only about 
90°C, hence furnaces with high refractoriness are 
not required, thereby reduces the production cost 
further. Geopolymer concrete is more resistant to 
corrosion and fire, has high compressive and 
tensile strengths, and it gains its full strength 
quickly (cures fully faster).  It also shrinks less 
than standard concrete. 
 
5.2 SOCIAL IMPACT: 
 
CO2 emission reduces significantly thereby 
reducing global warming. The local NGO and 
Self Help Groups can be trained to fabricate their 
own fencing poles.  
 
 
 
6. DISCUSSION: 
 
Sorel Cement of Magnesium Oxide and 
Magnesium Chloride can withstand a 
compressive force of about 10,000 to 12,000psi 
whereas the Ordinary Portland Cement can 
withstand a pressure of only about 2,000psi. Fly 
ash consists of about 50% of Silica and 14% of 
Ferric Oxide which adds strength to the concrete 
whereas it is only about 21% of Silica and 4% of 
Ferric Oxide. 
 
The load required to cause the failure of concrete 
beams reinforced with bamboo was from 4 to 5 
times greater than that required for concrete 
members having equal dimensions and with no 
reinforcement. Fabricated product is fire-proof 
with low permeability, eco-friendly with 

excellent properties in both acid and base 
environment. When curing period in oven is 
prolonged and polymerization temperature is 
increased, good structural property can be 
achieved. Life of structures made of geopolymer 
concrete lasts for more than 6 decades. 
 
 
Concrete beams reinforced with unseasoned 
bamboo showed slightly greater load capacities 
than that with seasoned untreated bamboo. High 
early strength, low shrinkage, sulphate resistance 
and corrosion resistance are some of the 
characteristics. Bamboo reduces the intensity of 
damage to buildings due to earthquake. Such 
treated bamboo is free from termite attack and 
acts as a biological steel rod. 
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ABSTRACT 
 
This paper presents some results, and discusses the feasibility of adding recycled steel fibre from scrap tires as 
reinforcement in concrete. A number of tests were conducted to investigate fresh and hardened state properties like 
slump, Ve-be time, ultrasonic pulse velocity, compressive, tensile and flexural strength of recycled steel fibre 
reinforced concrete (RSFRC). The effect of incorporation of recycled steel fibre on various aspect ratios (l/d) of 45, 
67 and 89, and volume fraction (Vf) of 1, 1.5 and 2% were experimentally investigated. Test specimens comprising 
of cube, cylinder and prism were prepared and tested after 1, 7 and 28 days of water curing. It has been found that 
the workability of RSFRC, in general, was reduced as the volume fraction of the fibre increased. The compressive 
strength and splitting tensile strength of RSFRC reached a maximum at l/d ratio of 67. In terms of volume, the 
compressive strength of RSFRC was not significantly increased by incorporation of recycled steel fibre. However, 
the tensile and flexural strength of RSFRC was remarkably improved with the increase of fibre content. The results 
obtained and the observation made in this study suggests that recycled steel from waste tires can successfully be 
used as fibre reinforcing material in concrete.  
 
Keywords: Fibre reinforced concrete, scrap tire, steel fibre, workability and strength. 

 
 

1. INTRODUCTION 

The technology of concrete reinforcement is not new, and 
fibres have been used for reinforcement since ancient times. 
Fibre reinforced concrete is a type of concrete that includes 
fibrous substances homogeneously dispersed and oriented in 
the concrete matrix. Fibres commonly used in concrete are 
steel fibers, synthetic fibres, glass fibres, and natural fibres. 
Since the advent of fibre reinforcing of concrete, a great deal 
of testing has been conducted on various fibrous materials to 
determine the actual characteristics and advantages for each 
product. Over the decades different types of steel fibres have 
been successfully used to reinforce concrete.  
Steel fibres may be produced either cutting wire, by shearing 
sheets or from a hot-melt extract. The first generation of 
steel fibres was smooth so they did not develop sufficient 
bond with the cementitious matrix. Major efforts have been 
made in recent years to optimize the shape and size of the 
steel fibres to achieve improved fibre-matrix bond 
characteristics [1],[2]. It was found that steel fibre reinforced 
concrete (SFRC) containing hook-ended stainless steel wires 
has better physical properties than those containing straight 
fibres. This is attributed to the better anchorage provide and 
higher effective aspect ratio than that for the equivalent 
length of straight fibre [3]. The addition of steel fibres to 
concrete necessitate an alteration to the mix design to 
compensate for the loss of workability due to the extra paste 
required for coating the surface of the added steel fibres. 
The utilization of SFRC over the past years has been so 
varied and widespread. The most common applications are 
pavements, tunnel linings, bridge deck slab repairs, and so 
on. Unfortunately the fibres themselves are relatively 
expensive. A 1% steel fibre addition, for instance, will 

approximately double the material cost of the concrete, and 
this has tended to limit the use of SFRC to special 
applications. In recent years, there has been an increased 
interest in using the recycled steel waste especially from tire 
products. In all parts of the world large quantities of scrap 
tires are generated each year resulting in environmental 
hazards.  It has been estimated that over 8 million units of 
scrap tire have been generated in Malaysia, and 60% of the 
scrap tires are disposed via unknown route [4]. These scrap 
tires are dangerous not only due to potential environmental 
threat, but also from fire hazards and provide breeding 
grounds for rats, mice, and mosquitoes. Today, scrap tire 
disposal has become a serious issue and research works have 
been devoted to the use of steel fibres recovered from waste 
tires in concrete. Concrete obtained by adding recycled steel 
fibres has evidenced a satisfactory improvement of the 
fragile matrix, mostly in terms of toughness and post-
cracking behavior [5],[6]. This paper highlights the use of 
recycled steel fibre from scrap tires as reinforcement of 
normal concrete and discusses various fresh and hardened 
state properties of concrete containing the fibre. 
 
2. MATERIALS AND TEST METHODS 

The aim of this study as mentioned above, is to investigate 
the properties of concrete reinforced with recycled steel 
fibre recovered from waste tires. The fresh properties of 
recycled steel fibre reinforced concrete (RSFRC) were 
slump and Vebe times while the hardened properties of were 
compressive strength, splitting tensile strength, flexural 
strength and ultrasonic pulse velocity. The materials used 
and the methods followed for conducting the tests are given 
in the following sections. 
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2.1 Materials 
 
Cement corresponding to ASTM Type I from a single source 
was used throughout the experimental work. The coarse 
aggregate was crushed granite with a maximum size of 
20mm. Natural river sand with fineness modules of 2.5 was 
used as a fine aggregate. Both coarse and fine aggregates 
were batched in a saturated surface dry condition. Supplied 
tap water was used throughout the study in mixing, curing 
and other purposes. 
A commercial polynaphthalene sulfonate type super-
plasticizer conforming to ASTM C494-92 was utilized as 
high range water reducing agent in the concrete. The dosage 
of superplasticizer was kept constant for all concrete mixes 
in order to eliminate any probable effect of this parameter on 
the properties of hardened concrete. 
 
2.2 Preparation of Recycled Steel Fibre 

Steel fibres used in this research were recovered by a 
shredding process of waste tires. The steel was successively 
separated from rubber by a pyrolysis process. The steel 
fibres shown in Fig.1 are characterized by different 
diameters and length. The average fibre length was 30mm 
with an average tensile strength of 1033 MPa. 
A preliminary characterization was carried out by a 
statistical analysis in order to evaluate the variability of the 
geometric properties after the shredding process without any 
further treatment. The characterization is fundamental to 
eventually defining the opportune treatments for improving 
the final properties of the concrete. A sample of about 200 
steel fibres, extracted randomly after the shredding process, 
was analysed. The diameter of each fibre was recorded by a 
micrometer and determined averaging three measures, 
namely at the two extremities of the fibre and at the 
midpoint. 
2.3 Concrete Mix and Sample Preparation 

The recycled steel fibres were added at different aspect ratio 
(l/d) and volume fraction (Vf) to determine the applicability 
of the fibre as reinforcement in concrete. The steel fibre 
recovered from waste tyre was employed to concrete 
mixtures with aspect ratios (l/d) of 45, 67 and 89 followed 
by volume fractions of 0.5%, 1.0%, 1.5% and 2.0%. A total  
 
 

 
Fig. 1: Recycled steel fibre before and after shredding. 
 
of    63    cubic    specimens,  21  cylindrical  specimens  and 
21 prismatic specimens was fabricated and cured in water 
until testing. Water to cement ratio was settled to 0.4 
according to ACI Committee such as to provide good 
mechanical strength and adequate workability of the 
mixtures. The mix proportion of recycled steel fibre 
reinforced concrete is shown in Table 1. 
The mixing procedure was divided into three stages. In the  
first stage cement, fine and coarse aggregates were weighed 
and mixed by hand until all the constituents are mixed 
uniformly. In the second stage, the recycled steel fibres were 
added slowly and uniformly to eliminate the recycled steel 
fibres clumped together. In the final stage, measured water 
and superplasticizer were added and mixed thoroughly until 
a homogeneous mix is obtained. 
 
2.4 Tests on Fresh and Hardened Concrete 

Slump test, following ASTM C143 standard was carried out 
to measure the consistency of a concrete which has a close 
indication to workability. Along with slump test, the Vebe 
test was conducted conforming to ASTM C 1170. In order to 
investigate the compressive strength of concrete, uniaxial 
compression test was carried out on 100 mm cube specimen 
following BS 1881-127:1990. The splitting tensile test was, 
however, performed on the standard test cylinders 
measuring 100x200mm conforming ASTM C496/C496M-
04. The flexural strength test was conducted using 
100x100x500mm beams under third point loading following  
 
 

Mixture 
code l/d ratio Vr (%) Cement 

 (kg/m3) 
Water  
(L/m3) 

Coarse 
aggregate 
(kg/m3) 

Fine 
aggregate 
(kg/m3) 

Fibre  
(kg/m3) 

SP  
(kg/m3) 

PC - - 562 225 925 670 - 5.63 
RSFRC -1 45 0.5 562 225 925 670 12.5 5.63 
RSFRC -2 67 0.5 562 225 925 670 12.5 5.63 
RSFRC -3 89 0.5 562 225 925 670 12.5 5.63 
RSFRC -4 67 1.0 562 225 925 670 25.0 5.63 
RSFRC -5 67 1.5 562 225 925 670 50.0 5.63 
RSFRC -6 67 2.0 562 225 925 670 70.0 5.63 

Table 1: Mix design of recycled steel fiber reinforced concrete. 
 

After shredding Before shredding 
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the ATSM C1609/C1609M -10. 
In addition to compressive, tensile and flexural strength 
tests, an ultrasonic pulse velocity test (conforming ASTM 
C597) was also conducted to measure the uniformity of 
concrete, and to investigate the relationship between 
compressive strength and ultrasonic pulse velocity of 
concrete cubes with different fibre volume fractions. 
 
3. RESULT AND DISCUSSION 

3.1 Properties of Fresh Concrete 
 
Both the slump and Vebe time tests were conducted to 
investigate workability of concrete. The slump value and the 
Vebe time of all the concrete mixes for different aspect ratio 
(l/d) and fibre volume fraction (Vf) are tabulated in Table 2. 
As shown in the Table 2, slump values of concrete decreased 
as the l/d ratio and Vf increased. Meanwhile, Vebe time of 
concrete increased as the l/d ratio and Vf increased. For fibre 
volume of 1% and above the workability of concrete is 
dramatically decreased. The interlocking of fibres resists the 
flow of fresh concrete affecting the workability of concrete. 
The result on unit weight of concrete, presented in the same 
table   reveals that the unit weight of concrete increased 
uniformly with the increase in fibre volume fraction. This is 
obvious as the specific gravity of recycled steel fibres are 
higher than those of other components of concrete. 
Regardless of fibre volume, it was further observed that the 
unit weight of RSFRC decreased by the increase of fibre 
aspect ratio because of air content in the concrete by 
orientation and distribution of long fibres. 
Aspect ratio (l/d) of recycled steel fiber has a predominant 
effect on the workability concrete mixtures. The slump value 
has been found to decrease in concrete mixture realized with 
fiber aspect ratio of 45 and 67. A significant drop from 
50mm to 30mm for concrete mixture was realized with fiber 
aspect ratio of 89. Table 2 reveals that higher the aspect ratio 
higher was the Vebe time for the same fibre content. This is 
due to the fact that long fibres tend to mat together while 
short fibres does not interlock and can be dispersed easily by 
vibration.  
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

The experimental results obtained in this study are in close 
agreement with the research findings from Yazici et al. [8]. 
It has been shown that slump of concrete decreased as the l/d 
ratio of steel fibre increased. Like that of slump value, the 
Vebe time also found to be influenced by the aspect ratio of 
recycled steel fibers. 
Like aspect ratio, the amount of fibre i.e. the volume fration 
(Vf) significantly influenced the workability of fibre 
reinforced concrete. Higher the amount of fibre lower was 
the slump value. With an increase in the amount of fibre for 
1 to 2 percent, the Vebe time of the SFRC has been found to 
be almost double. This is to be expected because lower 
amount of fibre can easily disperse in the concrete matrix.  
With further addition the fibres start to clump together 
showing a balling effect (Fig. 2) Furthermore, the 
interlocking and entangled around aggregate particles and 
considerably reduce the workability. A similar observation 
has been made by Uygunoglu [7] who found that the unit 
weight of SFRC increased with the increase in fibre content 
for both 30mm and 60mm steel fibre. 

 
Fig. 2: Fresh concrete showing fibre concentration and 
balling effect. 
 
3.2 Hardened Properties of Concrete 
 
The mechanical properties of recycled steel fibre reinforced 
concrete investigated in this study are compressive strength, 
splitting  tensile  strength  and  flexural  strength. The results  
 
 

 
 
 
 
 
 
 
 
 
 
 
 
 
 

Mixture 
code 

l/d ratio Vf (%) Slump 
(mm) 

Vebe time 
(s) 

Unit weight 
(kg/m3) 

        PC - - 50 3.05 2

 

RSFRC-1 45 0.5 45 3.88 2

 

RSFRC-2 67 0.5 40 4.06 2

 

RSFRC-3 89 0.5 30 5.62 2

 

RSFRC-4 67 1 25 6.35 2

 

RSFRC-5 67 1.5 20 7.85 2

 

RSFRC-6 67 2 10    12.32 
 

2

 

Fibre Balling Fibre Concentration 

Table 2: Slump, Vebe time and unit weight of concrete mixtures. 
 

Fibre Balling Fibre Concentration 
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obtained for all categories of strength investigation are 
presented in Table 3. Along with strength, ultrasonic pulse 
velocity of the concrete specimen was also studied to 
examine the relationship. 
 
3.2.1 Compressive Strength 
 
The 28-days compressive strength values are 57.15, 58.50 
and 57.85MPa respectively. Among the three aspect ratios, 
the l/d ratio of 67 (RSFRC-2) exhibited the maximum 
compressive strength value. It can be seen that on average, 
compressive strength of RSFRC are about 2-6% higher than 
that of control mixture. RSFRC with fibre volume of 1.5% 
showed the highest compressive strength for aspect ratio of 
67. A close observation has been made by Modtrifi et al. [9] 
who reported that an addition of 0.7% recycled steel fibres 
in concrete resulted in an increase of approximately 12% in 
compressive strength.  
Although the compressive strength of SFRC was much 
affected by the presence of fibre, the failure mode, however, 
exhibited a considerable change from fragile to ductile state.  
Due to bridging effect of the fibre, the cubic specimens did 
not crush but held their integrity up to the end of the test. 
Fig. 3 illustrates the typical failure mode of plain concrete 
and recycled steel fibre reinforced concrete. 

 
Fig. 3: Typical failure mode of normal and recycled steel 
fibre reinforced (RSFR) concrete cube. 
 
 

There appears to be a good correlation between compressive 
strength and ultrasonic pulse velocity containing recycled 
steel fibre. The relationship shown in Fig. 4 suggests that 
higher the compressive strength higher was the ultrasonic 
pulse velocity. This is in agreement with the research 
findings in concrete containing recycled aluminium can fibre 
[10] and the relationship demonstrated by Neville and 
Brooks [11]. 
 

 
 
Fig. 4: Relationship between compressive strength and 
ultrasonic pulse velocity of concrete with different amount 
of fibre. 

3.2.2 Splitting Tensile Strength 
 
In general, the tensile strength of RSFRS was found to 
increase with increasing amount of fibre. But in all mixes, 
concrete with fibres volume fraction of 0.5%, l/d ratio of 67 
(RSFRC-2) showed the maximum strength gain. The 
relative splitting tensile strength values of RSFRC according 
to Vf and l/d ratio are also given in Table 3. The test results 
indicated that splitting tensile strength of RSFRCs is  about  
 
 

0

10

20

30

40

50

60

70

2100 2200 2300 2400 2500 2600
C

om
pr

es
si

ve
 S

tre
ng

th
 (M

Pa
) 

Ultrasonic Pulse Velocity (m/s) 

0%

0.50%

1.00%

1.50%

2.00%
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 code l/d ratio Vf 

(%) 
Compressive 
strength, fc 

(MPa) 
Relative , fc 

(%) 

Splitting 
tensile 

strength, fst 
(MPa) 

Relative, fst 
(%) 

Flexural 
Strength, ff  

(MPa) 

Relative, 
ff 

(%) 

PC - - 55.85 100 3.80 100 4.60 100 

RSFRC-1 45 0.5 57.15 102 6.50 172 5.20 113 

RSFRC-2 67 0.5 58.50 105 6.90 181 5.45 118 

RSFRC-3 89 0.5 57.85 104 6.65 175 5.65 123 

RSFRC-4 67 1 58.20 104 7.10 187 5.75 125 

RSFRC-5 67 1.5 59.00 106 8.15 215 6.15 134 

RSFRC-6 67 2 58.70 105 9.45 249 6.95 151 

Table 3: Mechanical properties of concrete mixtures. 
 

RSFR concrete Normal concrete 
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70-149% higher than the control mixture. Indeed, recycled 
steel fibres significantly improved the splitting tensile 
strength of concrete as compared to compressive strength. 
The results obtained in this study are consistent with 
previous studies [9], [10], [12]. 
During the splitting tensile test, the effect of the recycled  
steel fibres was apparent. The recycled steel fibres appear to 
control the cracking of RSFRC and alter the post cracking 
behaviour. The recycled steel fibres seem to provide a load 
redistribution mechanism after initial cracking. Unlike in 
normal concrete, it was difficult to separate the fractured 
specimens because the recycled steel fibres were bridging 
the gap that kept the two concrete parts together, as shown 
in Fig. 5. 

 
Fig. 5: Concrete cylinder after splitting tensile test. 
 
3.2.3 Flexural Strength 
 
Data shown in Table 3 reveals that flexural strength of 
RSFRC are about 14-52% higher than the control sample. 
The flexural strength of control specimen, for example, is 
4.60MPa. For l/d ratio of 45 (RSFRC-1), 67 (RSFRC-2) and 
89 (RSFRC-3) the flexural strength values are 5.20, 5.65 and 
5.45MPa respectively. The relative flexural strength values 
of RSFRC according to Vf and l/d ratio also given in Table 
3. Evidently the flexural strength of concrete has 
significantly been improved by incorporating recycled steel 
fibres. Higher the aspect ratio and volume fraction higher 
was the strength gain.  
An important aspect that can be outlined from experimental 
results is the ductility and tenacity of RSFRC increase when 
fibre content volume is increased, and for the same fibre 
content, when fibre length is increased. This phenomenon 
could be due to the higher deformability and energy 
absorption of RSFRC during the cracking phase.   
Interestingly the RSFRC shows a higher bending stiffness 
and a different cracking pattern than the normal concrete. 
Most cracks showed a reduced width and they appeared 
from casting surface due to the presence of recycled steel 
fibres, which tend to move to the lower portion of the 
specimen. The differences in the failure mode of plain and 
RSFRC are illustrated in Fig. 6 and Fig. 7. 
 
 

 

 
Fig. 6: Failure mode of plain concrete beam in flexure. 
 

 
Fig. 7: Failure mode of RSFRC beam in flexure. 
 
4 CONCLUSION 

 
The experimental works carried out in this research draw 
some conclusions. These are: 
 
1) The inclusion of recycled steel fibre significantly 

affected the workability of concrete. It has been found 
that the workability of concrete mixes decreased with 
the increase in the aspect ratio (l/d) and the volume 
fraction (Vf) of fibre.  

 
2) Recycled steel fibre has been found to improve the 

overall strength of concrete. This improvement has been 
shown to be prominent in case of splitting tensile and 
flexural strength as compared to that of compressive 
strength. Generally, higher the l/d and V/f, higher was 
the strength development.  
 

3) There has been a good co-relation between compressive 
strength and ultrasonic pulse velocity of concrete. The 
ultrasonic pulse velocity of concrete was found to 
increase with the increase of compressive strength.  
 

4) The result obtained and the observations made in this 
study suggest that the recycled steel fibre from waste 
tire has a good potential as reinforcing material. Long-
term research work including deformation behavior and 
durability aspects of concrete, however, has been put 
forward for future study to obtain better understanding 
of this material in concrete.  
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ABSTRACT 
 
Various sand deposits of varying gradation are available in different regions of Pakistan. The gradation of different 
sands was compared with the ASTM specifications. It was revealed that only two sands satisfy the ASTM 
gradation limits. The same was also confirmed by the results of workability and compressive strength. For 
betterment of the construction industry, optimization of sand was carried out. The grading curves of optimized 
sands became compatible with the ASTM specifications and the concrete made with improved sands showed up to 
39% increase in compressive strength. The optimized sands were cost effective also. 
 
Keywords: sand, concrete, Pakistan, Lawrencepur, stone dust, compressive strength 
 
 

1.  INTRODUCTION 

Since up to 30 percent of the total volume of concrete 
consists of sand/fine aggregate consequently fine 
aggregate characteristics significantly affect the 
performance of fresh and hardened concrete and have an 
impact on the cost effectiveness of concrete [1]. 
Gradation or particle size distribution of sand affects the 
properties of concrete like packing density, voids content, 
workability and strength [2]. Uniformly distributed 
mixtures generally lead to higher packing resulting in 
concrete with higher density and less permeability, and 
improved abrasion resistance. Consequently, uniformly 
distributed mixtures require less paste, thus decreasing 
bleeding, creep, and shrinkage [3]-[4]. The fine aggregate 
should be uniformly graded. If fine aggregate is too 
coarse it will produce bleeding, segregation and 
harshness, but if it is too fine, the demand for water will 
be increased [5].  
Various sand deposits of varying gradation are available 
in different regions of Pakistan. The existence of large 
water reservoirs usually transports finer sands towards 
downstream; consequently the sand in the Northern 
region is coarser as compared to the sand from Central 
and Southern regions. There is a general trend in the 
country to use coarser sand from Lawrencepur, a site 
located in the Northern region. Transportation cost of 
sand from this place to far flung areas in Centre and South 
makes any project cost intensive. This study was aimed at 
evaluating the grain size distribution and absorption of 
various types of sands in the light of ASTM standards and 
to contrast the effects of gradation on the strength and 
workability of concrete. Finally devising a technique for 
optimizing the gradation of fine sands by sieving the 
stone dust and mixing different fractions of stone dust 

with the natural sand to get optimized sand gradation and 
evaluating its effects on strength of hardened concrete. 
 
2. IDENTIFICATION OF SAND DEPOSITS 
 
Various well known material suppliers and construction 
firms were approached for identification of major sand 
deposits of the country. The locations of identified sand 
deposits are shown in Fig 1. 

3.  EXPERIMENTAL PROGRAM 

3.1  Sieve Analysis and Classification 

All the sand samples were classified by sieve analysis, 
carried out according to ASTM C-136-96 [6] and the 
classification of sand was done according to ASTM D-
2487-93 [7]. ASTM C-33-03 specifies the gradation limits 
for sands to be used as fine aggregate in concreting [8]. 
The gradation curves of all the sands were compared with 
the ASTM gradation limits to contrast the variations. 

3.2  Absorption Percentage 

All the sand samples were tested for their absorption 
percentage in saturated surface dry (SSD) condition 
according to ASTM C-128. 

3.3  Organic Impurities in Sands 

This test was conducted for all the sands according to 
ASTM C-40 [9]. The test procedure consisted of making a 
reference standard colour solution by dissolving reagent 
grade potassium dichromate in concentrated sulfuric acid 
at the rate of 0.25 gram per 100 ml of acid. The sand 
sample was filled in a glass bottle up to 130 ml mark and 
sodium hydro oxide solution (3% by mass in 97% water)  
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Fig 1. Locations of Identified Sand Deposits 

was added up to 200 ml mark. The bottle was shaken 
vigorously and allowed to stand for 24 hours. After 24 
hours the colour of the sand solution was compared 
with freshly made reference colour solution. The darker 
colour than reference colour indicates the possibility of 
sand containing injurious organic impurities and 
requires further testing for sand before use in 
concreting. The lighter or equal colour means that the 
sand does not contain injurious organic impurities and 
no further testing is required. 

3.4 Evaluation of Sands in Concreting  

3.4.1  Concrete Mix 

The concrete mixes were prepared using sand / fine 
aggregate from eight different sources and remaining 
variables as constant with the cement: sand: coarse 
aggregate ratio of 1: 2: 4 (by weight) respectively, 
cement content (201.7 kg/cum) and water cement ratio 
of 0.5 with constant slump value. The course and fine 
aggregates were used in SSD condition. The course 
aggregate used was taken from Margallah quarry 
located in the Northern region. The cement used was 
Fauji cement (type 1, portland cement). The water used 
was normal tap water without any undesired colour. 

3.4.2 Workability of Fresh Concrete 

The workability was evaluated by measuring the slump 
of fresh concrete according to ASTM C-143. The 
concrete was filled in the slump cone in 3 equal layers 
with 25 blows of tamping rod each. After leveling the 

top layer, the cone was lifted and slump was measured 
as reduction in original height. 

3.4.3  Compressive Strength of Hardened Concrete 

The test was conducted on 4x4 inches cubes (as per BS-
1881) and 4x8 inches cylinders (as per ASTM C-39). 
The compressive strength was determined at the age of 
3, 7, 14 and 28 days [10]-[11]. 

4. TEST RESULTS AND DISCUSSIONS 
 
4.1  Sieve Analysis and Classification 
 
All the sand types are poorly graded sands classified as 
SP, except the Wadd sand which contains silt as well 
and classified as SP-SM. The Percentage of micro fines 
(material passing No. 200 sieve) is below 5% in all 
sands except Wadd sand which contains 9% micro 
fines. According to ASTM C-33, the allowable limit of 
micro fines in sand for concreting is up to 5% so all the 
sands satisfy the ASTM criteria except the Wadd sand. 
 
4.2  Comparison of Gradation with ASTM 
Gradation Limits 
 
The comparative results of all the sands with the ASTM 
gradation limits are shown graphically in Fig 2. All the 
sands are finer than ASTM gradation limits except the 
Qiblabandi and Bollari sand. The Qiblabandi sand is the 
best match to ASTM gradation limits while Bollari sand 
is little finer than Qiblabandi sand. 
 



 
Fig 2. Sand Gradation versus ASTM Gradation 
Limits 
 
4.3  Absorption Percentage 

All the sands have absorption less than 3 % so they are 
within range of the limiting range as per BS-8007. The 
Qiblabandi sand has the lowest absorption percentage 
i.e. 1.75% being the coarsest sand of all types while the 
Bollari sand has the highest absorption percentage of 
2.11% but it is also within range of the acceptable limit. 
 
4.4   Organic Impurities in Sands 

All the sand sample solutions have the colour lighter 
than the reference standard colour solution so all the 
sands do not contain injurious organic impurities and no 
further testing is required for the organic impurities 
(according to ASTM C-40). Consequently all the sands 
are suitable for concreting as per the results of this test. 
 
4.5   Workability of Fresh Concrete 

The slump values of the concrete made with different 
types of sands are ranging between 1.1 to 1.2 inches 
with same water cement ratio. This slump value was 
taken as constant for further compressive strength 
testing of hardened concrete. According to 
specifications, hand tamping was resorted in the 
preparation of cubes while vibrator insertions were used 
in preparation of cylinders [12]-[13].    

4.6   Compressive Strength of Concrete Cylinders 
and Cubes 

The compressive strengths of both of concrete cubes 
and cylinders follow the same trend line thus 
confirming the results. The comparative results of 
compressive strength of concrete cylinders are 
graphically shown in Fig 3. The Qiblabandi sand 
proved to be the best fine aggregate giving highest 
compressive strength of 3463 psi. Gradation meeting 
the ASTM specifications, lowest percentage of micro 
fines and within range fineness modulus of Qiblabandi 
sand are the supporting factors for the highest 
compressive strength. The trend of gradation of 
different sands as compared with the ASTM gradation 
limits is also confirmed by the results of the 
compressive strength. The Ghazi, Ravi and Chanab 
sands are below 3000 psi which is not desirable for 
concreting works. 
 

5.   OPTIMIZATION OF SAND GRADATION 

Having observed the gradation of various sands, an 
endeavor was made to bring them within the specified 
limits of ASTM by adding a fraction of coarse material. 
The stone dust from Margallah, crusher site was taken 
and various fractions of stone dust were produced by 
sieving the stone dust on Number 4, 8, 16, 30 and 50 
sieves (stone dust can be taken from any crusher site as 
the lab tests showed compatible results on use of stone 
dust from various crusher sites). Different percentages 
of various fractions of stone dust were added to the sand 
samples and optimized samples were produced. The 
optimized samples were than tested for their gradation 
to check the compatibility with ASTM limits. The 
optimized samples were then used for making concrete 
cubes and cylinders thus determining the improvement 
in the compressive strength of concrete specimens. 
 

 

Fig 3. Comparison of Compressive Strength of 

Concrete Cylinders (psi) 

This resulted in significant improvement of sand 
gradation as well as the compressive strength of 
concrete. Six sands which were out of range of ASTM 
standards were optimized. Various different 
combinations were tried for making the improved sand 
samples to attain the best mix. 
 
5.1   Gradation of Optimized Sands 

The gradation curves of optimized sands were 
compared with the gradation curves of original sands in 
the light of ASTM gradation limits to determine the 
effects on the gradation curves. The comparison clearly 
shows that the gradation curves of optimized sands are 
satisfying the ASTM gradation limits where as the 
original ones were out of the limits. The comparison of 
original and optimized gradation curves is shown in Fig 
4. 
 
5.2   Compressive Strength of Concrete  

The optimized sand samples were tested by making 
concrete cubes and cylinders with the cement: sand: 
coarse aggregate mix of 1: 2: 4 (by weight) and the 
variables like cement (201 kg/cum), water-cement ratio 
(0.5), curing conditions and course aggregate 
(Margallah) as constant. The concrete specimens were 
than tested for compressive strength at the age of 3, 7, 
14 and 28 days to get the improved compressive 



strengths. These improved strengths were than 
compared with the original compressive strength values 
to get the percentage improvement. 
 

 
 
Fig 4. Comparison of Optimized Gradation Curves 

with ASTM Limits 

 

5.3   Results of Compressive Strength of Optimized 
Sands 

The compressive strengths of both cubes and cylinders 
follow the same trend line thus confirming the results. 
The comparative results of compressive strength of 
concrete cylinders are graphically shown in Fig 5. The 
results show that there is significant improvement in the 
compressive strengths and all the improved sands are 
above 3000 psi which is the foremost requirement for a 
sand to be used in concreting works. The improved 
Lawrencepur sand and Durrani sand (with fineness 
modulus of 2.62 and 2.58) respectively are giving the 
highest strength of 3441 psi and 3547 psi respectively. 
 
6. COMPARISON OF ORIGINAL AND 

OPTIMIZED SAND PROPERTIES 
BASED ON COMPRESSIVE STRENGTH 
OF CONCRETE 

 
The cylindrical compressive strengths of optimized 
sands at the age of 28 days were than compared with 
the cylindrical compressive strength values of original 
sands to get the percentage improvement. 
 
 
 

 
Fig 5. Comparison of Improved Compressive 
strength of Cylinders (psi) 

6.1   Comparative Results of Cylinder Strength 

The comparative summary is shown graphically in Fig 
6. The comparison of percentage improvement of 
optimized sands in comparison to original sands is 
shown in Fig 7. The results show that all the optimized 
sands gave increased compressive strength. The 
optimized Ravi and Chanab sands show the most 
significant increase of 37% to 39% in the compressive 
strength when compared with original sands. 
 
7.   CONCLUDING REMARKS 

Based on laboratory investigations and data analyses, 
following conclusions are drawn: 
 

• Local sands can be utilized in the construction 
projects by optimizing the gradation using 
stone dust to avoid high costs of transportation. 

• Even the best considered sand deposit requires 
fractions of stone dust to maximize its 
potential in concreting. 

• The optimized Ravi and Chanab sands show 
the most significant improvement of 37% to 
39% in the compressive strength while the 
optimized Lawrencepur, Ghazi, Wadd and 
Durrani sands also show greater strength than 
original sands with percentage improvement of 
8% to 16%. 

• The optimized Ghazi, Ravi and Chanab sands 
can be utilized in concreting works where as 
they were not suitable for concreting in their 
original form. 

• All the optimized sands show higher 
compressive strength than the original sands in 
concrete cubes and cylinders both and are 
above 3000 psi which is the minimum criteria 
for any sand to be used as fine aggregate in 
concreting works. 

• The improved performance of optimized sands 
can be directly related to various factors out of 
which, improved sand gradation is a major 
factor as per the analysis of this study. 

 
 

 
 
Fig  6. Comparison of Original versus Improved 
Cylinder Strength 



 
 
Fig 7. Comparison of Percentage Improvement of 

Optimized Sands 
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1. INTRODUCTION 

 
 Demolished materials are becoming more popular to recycle 
and reuse due to shortage of natural mineral resources, 
increasing waste disposal cost, and increasing the demand of 
materials. Conversely supplying the conventional aggregates 
for construction purposes make impact on resource depletion, 
environmental degradation, and energy consumption. 
Therefore reusing the recycled materials creates many 
economical and environmental benefits.  
Crushed concrete can be considered and promoted as an 
alternative and a sustainable source of aggregate for 
construction industry. Successful studies have been revealed 
that recycled concrete aggregates can be applied as a partial 
or complete substitution of natural aggregates in the 
production of ordinary concrete [1], [2], [3]. However Hansen 
in 1992 [4] has proven that fine portion of RCA makes 
detrimental effects on the harden properties of concrete and 
the coarse RCA are the best use.  
The studies on RCA as pavement materials are widely 
reported in last decades. Reference [5] shows the evaluation 
of  the performance of RCA using as a base material under hot 
mix asphalts and as an aggregate in Portland cement concrete 
pavement while [6] reported that the performance of the 
subbase materials prepared with both course and fine RCA 
was comparable to that of conventional subbsase materials. 
Reference [7] introduced RCA as base and subbase material 
for supporting a concrete pavement while [8] concluded the 
feasibility of using RCA and crushed clay bricks as blended 
materials for un-bound granular subbases. Although these 
research findings have demonstrated the feasibility of using 
RCA as  
 

 
 

subbase material as well as for base course of the concrete 
pavements, a detailed investigation of RCA as base and 
subbase material for unbound pavements is required 
including classifications considering the variability of RCA 
compositions, performance characteristics under repeated 
loading, and evaluation of the performance of a granular 
pavement constructed using RCA and subjected to real traffic 
loading. As the first step of such a detailed investigation of 
RCA, this paper presents the results of classification tests of 
six different RCA samples to analyze the feasibility of using 
them in unbound granular pavement constructions comparing 
their classification properties with those of the conventional 
unbound granular materials used in Queensland. 
 

2. MATERIALS USED  
For this investigation, two main commercially available RCA 
products, namely RM001 and RM003, obtained from a 
leading concrete recycling plant in Queensland were utilized. 
Material sources are demolished building (slabs, floors, 
columns and foundations), bridge supports, airport runways 
and concrete road beds. The collected materials are 
undergone specified crushing process to produce RM 001 and 
RM 003. Table 1 shows the maximum percentages of the 
constituents that can be consisted in RM001 and RM003 at 
the plant output. These two materials were blended in 
different percentages by weight to form another four samples 
to represent various combinations of constituents. New 
sample types with their blending percentages are showing in 
Table 2.  
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Table 1:  Percentage limits of constituents of two main 
RCAmaterials. 

Recycled 
Material 
Type  

Maximum Limit of each Constituent 
(Percentage by mass)  

Reclaimed 
Concrete  

*RAP Brick  

RM 001 100  - -  

RM 003 100  20 15  

*RAP – Reclaimed Asphalt Pavement 
 
 
Table 2. New RCA samples with blending percentages  

Material name Mixing percentages by mass (%) 
RM001 RM003 

RM1-100/RM3-0 100 0 
RM1-80/RM3-20 80 20 
RM1-60/RM3-40 60 40 
RM1-40/RM3-60 40 60 
RM1-20/RM3-80 20 80 
RM1-0/RM3-100 0 100 

3. LABORATORY TESTING, RESULTS AND 
DISCUSSION 

Usually RCAs are highly heterogeneous and consist in 
different amounts of impurities and their quantities are not 
steady. This makes RCA to have inconsistent classification 
properties. Therefore it is essential to characterize the 
properties of RCAs through classification tests such as sieve 
analysis test, atterburg limits test, proctor compaction test and 
California bearing ratio (CBR) to investigate the possible 
range of variation of classification parameters. The results 
were compared with the specifications of base and subbase 
materials of Department of Main Roads in Queensland. 
 

3.1 Grain Size Distribution  
Particle size distribution of a particular pavement aggregate 
type affects its compressibility, permeability, density...etc [9]  
. Grain size distribution curves of all six testing RCA samples 
obtained from sieve analyses are shown in Fig 1. Further the 
maximum and minimum grading curves of material subtype 
2.1 have been drawn in same figure. Material subtype 2.1 is 
applied for base layers by Department of Main Roads, 
Queensland and its gradation curves are drawn as their 
specifications. These demarcating lines are showing that fine 
content of the six samples are within required range but close 
to the minimum curve, while the course particles have 
exceeded the maximum gradation curve at the top. But all the 
curves show that a greater fraction of their curves are laid 
within the specified range. 
According to the unified soil classification system (USCS), 
except ‘RM1-0/RM3-100’, other five samples are categorized 
as ‘well graded gravel’. The ‘RM1-0/RM3-100’ present 

approximately half of sand and half of gravel with slightly 
susceptible to gravel. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig 1. Gradation curves for six samples and maximum & 
minimum curves of subtype 2.1 materials 
 
 
Table 3. Plasticity Index of two main materials 

Fine Sample RM1-100/RM3-0 RM1-0/RM3-100 
LL 21 27 
PL 15.6 20 
PI 5.4 7 

 

3.2 Plasticity 
Cone-penetrometer method was followed to deter-mine the 
liquid limit (LL) as well as plastic limit test was done for 
plastic limit (PL) for the sample of fines passing 0.475 mm 
sieve. Fines of only ‘RM1-100/RM3-0’ and 
‘RM1-0/RM3-100’ were tested since other four samples are 
blended of these two. The LL values and mean values of 
plastic limit (PL) test (Atterberg limit test) were summarized 
in Table 3. According to the Department of Main Roads 
specifications the maximum plasticity index (PI) is 6 for 
material subtype 2.1(See section 3.1). ‘RM1-100/RM3-0’ is 
within that range but ‘RM1-0/RM3-100’having PI of material 
subtype 2.3 which is given maximum PI as 8. The subtype 2.3 
is applied for upper subbase layers by Main Roads. 
 

3.3 Compaction  
The moisture density curve (compaction curve) of a soil is an 
indicator of the sensitivity of the density with respect to the 
variation of moisture content in the materials [10]. Materials 
with flat curves can tolerate a greater amount of variations in 
the moisture content without compromising much of the 
achieved density from compaction. In contrast, materials with 
sharp curves are extremely sensitive to the optimum value 
during compaction. 
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Fig 2. Compaction curves for Six Samples 

 

Table 4. Optimum Moisture Content and Maximum Dry 
Density for Six Samples 

Sample Type  Optimum 
Moisture Content 
%  

Maximum Dry 
density (g/cm3)  

RM1-100/RM3-0 13.2 1.748 

RM1-80/RM3-20 13.2 1.768 

RM1-60/RM3-40 13.3 1.822 

RM1-40/RM3-60 13.5 1.856 

RM1-20/RM3-80 14.0 1.836 

RM1-0/RM3-100 14.2 1.846 

 
Standard proctor compaction test in accordance with 
Australian Standards [11] was performed on each testing 
sample and the results are shown in Fig 2. Optimum Moisture 
Content (OMC) and Maximum Dry Density (MDD) values of 
each material obtained from Fig. 2 are tabulated in Table 4. 
The range of the variation of MDD and OMC are relatively 
small as 1.748-1.846 g/cm3 and 13.2-14.2%, respectively. It 
can be seen that with the increase in fines contents of a 
material, both OMC and MDD increase as fines can absorb 
more water and can reduce the void volume by filling the 
voids between larger particles.  
Furthermore, with the increase in fine in the samples the 
curves are more pointed showing the sensitivity of mixture of 
water. And it is also interesting to note that all the samples are 
more sensitive to the moisture variation on the dry side of the 
OMC curves than the wet side of the OMC. 

 
Table 5. Variation of CBR values with different moisture 
homogenization periods 

  
 

CBR % 
 

Sample Type No 
moisture 
homogeni
zation 
period 

3 hrs 
moisture 
homogeniz
ation period 

*8 hrs 
moisture 
homogeni
zation 
period 

RM1-100/RM3-0 61 74 55 

RM1-80/RM3-20 56 63 - 

RM1-60/RM3-40 55 66 - 

RM1-40/RM3-60 50 61 - 

RM1-20/RM3-80 48 60 - 

RM1-0/RM3-100 46 50 53 

*CBR was conducted only for two samples to observe the 
strength gaining pattern 
 

3.4 CBR tests  
CBR characterization is widely used in pavement industry to 
provide a relative measure of strength, elastic modulus and 
moisture durability across various road materials for 
structural design purposes [9]. CBR tests were performed as 
specified in AS 1289.6.1.1 – 1998 [12]on the six samples 
compacted at their corresponding OMCs. 
In order to find out the optimum moisture homogenization 
period (time between material mixing with water and 
compaction), a series of CBR tests were performed on RCA 
samples prepared allowing different moisture 
homogenization periods (e.g. 0, 3, 8 hours) since the main 
components of crushed concrete; aggregates, cement motar, 
sand need specific time period for uniformly moisture 
distribution. The results of these CBR tests are tabulated in 
Table 5. 
The samples under ‘No moisture homogenization period’ 
have given the lowest CBR values since they did not have 
enough time for homogenization of moisture and therefore 
lower the compaction and CBR values. 3 hours curing period 
showed higher CBR values since the materials have taken 
sufficient time for uniformly moisture distribution which 
helps for properly compaction of the samples. But 
RM1-100/RM3-0 showed lower CBR values for 8 hours 
curing period while RM1-0/RM3-100 had its highest CBR 
value than previous conditions. RM1-0/RM3-100 consists on 
more fines, clay bricks, and RAP particles which need more 
time and 3 hours insufficient for uniformly moisture 
distribution. In the RM1-100/RM3-0 neither clay bricks nor 
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RAP, but when higher the curing time (8 hours) the cement 
motar separately harden themselves and the inter particle 
connection between those the harden cement motar and 
recycled aggregates caused poor compaction as well as poor 
load transfer through materials under loading. Therefore 3 
hours moisture homogenization was followed for the next 
CBR test series. 
 

3.4.1 CBR test for unsoaked samples  
Next CBR test series were conducted to investigate the effects 
of unsoaked curing periods of the compacted samples on 
CBR values. Each sample was prepared following the 3 hours 
curing period and followed standard compaction procedure. 
The sample compacted into the mould was cured (unsoaked) 
in a sealed container for different periods (e.g. 4 and 8 days) 
with 4.5kg surcharged load before testing. The variations of 
CBR values with curing periods for each RCA are shown in 
Table 6. 4 days curing for compacted samples were followed 
since it is followed for standard aggregates by the Department 
of Main Roads. 8 days curing period for compacted samples 
were applied to observe the strength gaining with time. 
RM1-100/RM3-0 and RM1-80/RM3-20 had slightly lower 
values of their CBR after 8 days curing of the compacted 
samples. The fine particles of these compacted samples were 
settled themselves under 4.5 kg surcharge load for 8 days. 
This caused to form little voids between irregular shapes 
recycled aggregates since these two sample types have very 
low amount of fines comparatively other samples. This makes 
weak inter connection in the upper part of the compacted 
sample while load transferring and caused for low CBR 
values. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

oaked results 

Table 6. CBR Values for Different Curing Period of 
Compacted Samples 

 CBR % 
 

Sample Type Mixture-3 hrs 
curing &  
compacted 
sample cured 
4days 

Mixture-3 hrs 
curing &  
compacted 
sample cured 
8days 

RM1-100/RM3-0 81 78 

RM1-80/RM3-20 77 75 

RM1-60/RM3-40 74 75 

RM1-40/RM3-60 63 64 

RM1-20/RM3-80 60 60 

RM1-0/RM3-100 58 41 

 
RM1-60/RM3-40, RM1-40/RM3-60, RM1-20/RM3-80 had 
almost same but slightly higher CBR values respectively. 
Higher compactability due to the high fine fraction and high 
water absorption for cement motar strength gaining affect 
their greater load bearing strength.  
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RM1-0/RM3-100 had its lowest CBR values and this is due to 
the lower intrinsic particle strength of crushed bricks and 
reclaimed asphalts (RAP) which led to lower overall bearing 
strength of RCA [13]. Also the poor interlocking system due 
to the crushed clay brick and sand decrease the load transfer 
capacity of the compacted samples. 
 

3.4.2 CBR test for soaked samples  
Testing the CBR values of pavement materials after soaking 
is more significant to observe the strength of materials under 
fully saturated condition. This is highly applicable for flood 
risk areas in material selecting and pavement designing. The 
Department of Main Roads in Queensland has introduced 
minimum required soaked CBR value as 80 for base layers. 
The soaked CBR results and the best CBR values which were 
shown by the mixture cured 3 hours and compacted samples 
cured 4 days are shown in Fig 3. For the soaked test, materials 
were cured 3 hours prior to compaction and the compacted 
samples also cured for 4 days with 4.5kg surcharged load 
prior to testing. It shows that soaked CBR values are slightly 
less than the unsoaked values which has the same curing 
times but not reached the minimum requirement of the Main 
Road’s specifications. 
 

4 CONCLUSION  
 RCAs have fewer fines but higher percentage of coarse 

fraction. The six curves are shown minimum required 
particles size distribution of material subtype 2.1.  

 The proctor compaction test gave relatively higher water 
absorption for maximum dry density. Cement, rock dust 
and clay bricks cause for higher compaction with 
increase the RM 003 portion but lower the density. 
However the density varied in a small range giving the 
lowest value for ‘RM1-100/RM3-0’ which represents 
only crushed concrete aggregate. 

 ‘RM1-100/RM3-0’sample has certainly very 
appreciable results at CBR test at the both soaked and 
unsoaked. ‘RM1-80/RM3-20’sample also has come 
close to ‘RM1-100/RM3-0’ with CBR results but lesser 
values. However, this improvement is laid in the margin 
of the minimum requirement of the pavement 
aggregates’ CBR values which employ for base layer 
(CBR 80 for soaked condition, [14]) as introduced by 
Main Roads in Queensland. But it is possible to 
conclude that six sample types are showing appropriate 
strength for employing as a subbase aggregate as well as 
being able to be reusing in base for low or average 
traffic pavements. 
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1. INTRODUCTION 

Many man-made islands such as Kansai International Airport, 
Port Island, Yumeshima Island et al have been constructed in 
the Osaka Bay. In addition, the construction of some 
man-made islands is planned presently. Man-made islands are 
usually constructed for a long term, because man-made 
islands are very large. On construction of man-made islands, 
they are usually divided into some construction of sections. 
The construction histories are different in each construction 
of section, differential settlement of man-made islands occurs 
necessarily. Therefore, the prediction of differential 
settlement must be required to control the construction work 
of man-made islands. 
Holocene clays more than 20m, which is under almost 
normally consolidated condition, accumulate in Osaka Bay. 
The differential settlement of man-made islands in Osaka Bay 
is dependent on mainly the consolidation behavior of 
Holocene clay layer. The spatial distribution of consolidation 
properties, such as compression index, coefficient of 
permeability et al, in Holocene clay layer must be elucidated 
to predict the differential settlement of man-made islands 
accurately. However, it is difficult to estimate the spatial 
distribution of consolidation properties from limited number 
of soil investigations. 
By the way, an artificial neural network is one of the 
information processing systems which have been advanced 
recently.  This technique has been applied to data mining. 
Data mining is the process of discovering new patterns from 
large number of data sets. That is, locations at which soil 
investigations were carried out and geotechnical information 
obtained from soil investigations can be chosen as data sets. 
The connection between the locations at soil investigations 

 
 

and geotechnical information could be given through 
applying an artificial neural network. The authors have 
studied about the spatial interpolation of soil properties by 
artificial neural network [1]-[3]. Consequently, the artificial 
neural network was applied to estimate the soil properties at 
an arbitrary position in the ground. That is, the spatial 
interpolation of soil properties was carried out through an 
artificial neural network. 
In this study, the spatial distribution of soil properties, which 
are used to predict the differential settlement of man-made 
islands, is carried out through an artificial neural network. 
That is, an artificial neural network is applied to estimate the 
soil properties at an arbitrary position in Holocene clay layer. 
The accuracy of estimation to the soil properties is judged 
through various statistical indices. Also, the spatial 
distribution of soil properties in Holocene clay layer is 
visualized. The availability of artificial neural network to 
spatial interpolation of soil properties is discussed based on 
the accuracies. 

2. ARTIFICAIL NEURAL NETWORK 

An artificial neural network is an information processing 
systems, in which the nerve cells (neurons) in human brain 
are mimicked mathematically. Fig. 1 illustrates the 
architecture of artificial neural network used in this study. 
This type of artificial neural network is called back 
propagation neural network, which has been most popularly 
used. The back propagation neural network is consists of the 
input-layer, one or more hidden-layer, and the output-layer. 
Each layer is connected by neurons. In this study, the soil 
properties at an arbitrary position in the ground should be 
estimated. Then, the latitude, longitude, and altitude at target 
position at which the soil properties should be estimated were 
corresponded to items of the input-layer. Further, the 
consolidation pressures in the oedometer tests were added to 
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items of the input layer provided that one dimensional 
compression curves were estimated. On the other hand, 
estimated soil properties were corresponded to items of the 
output-layer. 

3. ANALYSIS 

3.1 Subject Area for Spatial Interpolation 

There are large amounts of geotechnical information obtained 
from soil investigations in many construction projects in 
Kansai area and they have been accumulated into 
geo-informatics database, called GIbase [4]. Figure 2(a) 
shows locations at soil investigations included in GIbase. The 
red dots in Fig. 2 denote the locations at which soil 
investigations were carried out. Over 25,000 boring 
investigations in Kansai Area is accumulated into GIbase. In 
this study, the spatial interpolation of soil properties in 
Holocene clay (Ma13) in Kobe Airport in Osaka bay was 
carried out. Figure 2(b) shows the locations at soil 
investigation in the subject area of this study. 99 boring 

investigations were applied to determine the optimum 
architecture of artificial neural network. 

3.2 Analysis Procedure 

The architecture of artificial neural network must be 
determined to estimate optimally the soil properties at an 
arbitrary position in the ground. The determination process of 
the architecture is called as “Training”. A large number of 
pairs of the input and output items is required in “Training” 
process. The method of “Training” to the artificial neural 
network is the following. Firstly, the initial network has 
randomly assigned weights. When input data are given to 
input-layer of this network, they are propagated through the 
hidden-layer to output-layer, and then output data can be 
obtained. However, there are differences between the 
estimated output values and real values. Then, the network 
and weights are updated automatically to minimize the errors. 
“Training” is repeated until the repetition reaches 
preliminarily given number. The optimal network structure is 
determined in this way. 

3.3 Indexes for judging Optimum 

The following four indexes, R2, G, MARE and SR, were used 
to choose the optimum architecture of artificial neural 
network. 
R2 (coefficient of correlation) is popularly used in statistics 
for in a liner regression between estimated value and target 
one. It is defined as follows: 
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where N number of pair of samples, ix  value of each sample, 

x  mean value of samples. Also, superscripts o and p denote 
estimated value and target value, respectively. 
G (prediction accuracy) is defined as follows [5]. 
 

Kobe Airport Island

Kobe Airport

Kansai International Airport

 
Fig. 2(a). Locations at soil investigation in GIbase.     Fig. 2(b) Locations of boring investigation for subject area 

Soil property

North latitude (°)

Output items

1. Liquid limit (%) 2. Natural water content (%)

3. Void ratio (at each load on standard consolidation test)

Input items

1. North latitude (°) 2. East longitude (°) 3. Altitude (m)

4. Consolidation pressure* (kPa) (*only use for output-item”3”)

East longitude (°)

Altitude  (m)

Input-layer Hidden-layer Output-layer

 
 
Fig. 1. Architecture of artificial neural network 
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where RMSE (root mean squared error) and RMS (root mean 
squared) are defined respectively, as follows: 
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The higher the estimation accuracy is, the higher both R2 and 
G is. MARE (mean absolute relative error) is defined as 
follows: 
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The higher the estimation accuracy is, the lower MARE is. 
Also, both G and MARE are indexes to judge the estimation 
accuracy to a set of estimated values. On the other hand, SR 
(success rates) is used to judge the accuracy of each estimated 
value. It is based on an absolute error r at each estimated value. 

ir  is defined as follows: 
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In this study, in the judgment of the estimation accuracy, 
three different ranges of SR (%) were used with ir <10%, with 

ir  between 10% and 15% and with ir >15% [6]. 

4. ESTIMATION ACCURACY 

4.1 Natural Water Content 

Table 1 shows the estimation accuracy in natural water 
content. In each case, the value of R2 is over 0.9, the value of 
G is almost 80% and the value of MARE is less than 12%, so 
that natural water content could be estimated through 
artificial neural network. Especially, in WN-1, G is highest 
and MARE is lowest. Also, SR with r<10% is highest. It was 
considered that the estimation accuracy in WN-1 is highest in 
the four cases. The artificial neural network could reproduce 
the distribution of natural water content. 
Fig. 3 shows the 3-dimensional distribution of natural water 
content. The natural water content in Fig. 3 was estimated by 
WN-1. Firstly, the subject area was divided into about 67,000 
regions.  Secondary, the latitude, longitude and altitude in 
each region were calculated. Finally, the natural water 
content in each region was estimated by applying the latitude, 
longitude and altitude to the artificial neural network in WN-1. 
It is very easy to recognize visually the distribution of natural 
water contents in Fig. 3. The natural water content decreases 
in east to west direction. The natural water content at 
southeast corner of sea bed surface in the subject area is 
highest. It is over 100%. The natural water content is about 
90% at northwest corner of sea bed surface in the subject area. 
Also, the natural water content decrease in the direction to 
depth. The natural water content in bottom layer in Holocene 
clay is about 50%. The natural water content hardly varies in 
north to south direction. 

4.2 Void ratio 

Table 2 shows the estimation accuracy of void ratio. In each 
case, the value of R2 is over 0.9, the value of G is more than 
93% and the value of MARE is only slightly over 5%, so that 
void ratio could be estimated through artificial neural 
network. The artificial neural network in VR-3 can be 

Table 2. Estimation accuracy in void ratio 

Case 
Repetition 
Number 

R2 G 
(%) 

MARE 
(%) 

SR (%) 

r<10 10<r<15 r>15 

VR-1 5000 0.912  93.46  5.29  89.2  6.7  4.1  

VR-2 10000 0.911  93.36  5.21  90.2  5.7  4.1  

VR-3 15000 0.908  93.16  5.45  88.1  6.2  5.7  

VR-4 20000 0.911  93.49  5.20  88.7  7.2  4.1  

 

Table 1. Estimation accuracy in natural water content 

Case 
Repetition 
Number 

R2 G 
(%) 

MARE 
(%) 

SR (%) 

r<10 10<r<15 r>15 

WN-1 5000  0.934  87.10  11.56  80.9  6.6  12.6  

WN-2 10000  0.935  87.13 11.63 79.9  6.8  13.3  

WN-3 15000  0.936  87.15 11.60 80.7  7.2  12.2  

WN-4 20000  0.936 87.16 11.58 79.3  8.9  11.8  
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estimated most accurately in the four cases, judging from SR. 
Fig. 4 shows the 3-dimensional distribution of void ratio. The 
void ratio in Fig. 4 was estimated by the artificial neural 
network in VR-3. The same way for estimating the natural 
water contents was applied to make Fig. 4. The void ratio 
decreases in east to west direction. The void ratio at southeast 
corner of sea bed surface in the subject area is highest. It is 
about 3.0. It is about 2.5 at northwest corner of sea bed 
surface in the subject area. Also, the void ratio decreases in 
the direction to depth. The void ratio in bottom layer in 
Holocene clay is about 1.5. The void ratio hardly varies in 
north to south direction. 
The distribution of void ratio corresponds to that of natural 
water content as shown in Fig. 3. The Holocene clay layer in 
east side of Kobe airport is thicker than that of the west side. 

Also, both natural water content and void ratio in east side of 
the airport are higher than that of the west. It was predicted 
that the settlement in east side of the Kobe airport is larger 
than that in the west side in the construction. The construction 
work of the Kobe airport was controlled in consideration of 
occurrence of differential settlement. 

4.3 Plastic index 

Table 3 shows the estimation accuracy of plastic index. In 
each case, the value of R2 is almost 0.94, the value of G is 
almost 90% and the value of MARE is about 8%, so that 
plastic index could be estimated through artificial neural 
network.  
Fig. 5 shows the 3-dimensional distribution of plastic index. 
The plastic index in Fig. 5 was estimated by the artificial 
neural network in IP-1. The same way for estimating the 
natural water contents and void ratio was applied to make Fig. 
5. The plastic index decreases in east to west direction in the 
same way as the natural water content and void ratio. The 
plastic index at southeast corner of sea bed surface in the 
subject area is highest. The plastic index is lowest at the 
northwest corner of sea bed surface in the subject area. Also, 
the plastic index decrease in the direction to depth. Especially, 
the variation of plastic index around both surface and bottom 
is significant. The void ratio hardly varies in north to south 
direction. 

4.4 Compression index 

Table 4 shows the estimation accuracy of compression index. 
In each case, the value of R2 is over 0.8. This value is lower 

 
Fig. 4. 3-dimensional distribution of void ratio (VR-3) 

 
Fig. 5. 3-dimensional distribution of plastic index (IP-1) 

Table 3. Estimation accuracy in plastic index 

Case 
Repetition 
Number 

R2 G 
(%) 

MARE 
(%) 

SR (%) 

r<10 10<r<15 r>15 

IP-1 5000 0.934  90.31  7.67  72.3  12.3  15.4  

IP-2 10000 0.935  89.84  7.78  68.7  14.4  16.9  

IP-3 15000 0.936  89.61  8.09  71.3  12.3  16.4  

IP-4 20000 0.936  90.12  7.79  72.8  11.3  15.9  

 
Fig. 3. 3-dimensional distribution of natural water content 
(WN-1) 
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than that in natural water content, void ratio and plastic index. 
The value of G is almost 87% and the value of MARE is 
almost 10%. The estimation accuracy in compression index is 
slightly lower than that in natural water content, void ratio 
and plastic index. The artificial neural network in CC-3 can 
be estimated most accurately in the four cases, judging from 
all four indices for judging optimum. 
Fig. 6 shows the 3-dimensional distribution of compression 
index. The compression index in Fig. 6 was estimated by the 
artificial neural network in CC-2. The same way for 
estimating the other soil properties was applied to make Fig. 6. 
The compression index in upper and middle part of Holocene 
clay layer is almost 0.9. It slightly decreases in east to west 
direction. However, its variation is extremely little. The 
compression index in lower part increases in the direction to 
depth. It decreases significantly in bottom part of Holocene 
clay layer. The maximum of compression index in lower part 
in the east side of the subject area is greater. That decrease in 

east to west direction.  

4.5 Pre-consolidation pressure 

Table 5 shows the estimation accuracy of pre-consolidation 
pressure. In each case, the value of R2 is over 0.95, the value 
of G is more than 87% and the value of MARE is almost 12%. 
However, SR with r<10% is about 53% to 61%. Also, SR with 
r>15% is about 24% to 27%. It is implied that estimation 
value with errors less than 10% is made up about 53% to 61% 
of the total and that with errors greater than 15% is made up 
about 24% to 27%. The artificial neural network in PC-4 can 
be estimated most accurately in the four cases, judging from 
SR. 
Fig. 7 shows the 3-dimensional distribution of 
pre-consolidation pressure. The pre-consolidation pressure in 
Fig. 7 was estimated by the artificial neural network in PC-4. 
The same way for estimating the other soil properties was 
applied to make Fig. 7. The pre-consolidation pressure 

Table 4. Estimation accuracy (compression index) 

Case 
Repetition 
Number 

R2 G 
(%) 

MARE 
(%) 

SR (%) 

r<10 10<r<15 r>15 

CI-1 5000 0.832  87.10  10.48  60.3  20.6  19.1  

CI-2 10000 0.852  87.80  10.23  67.0  16.0  17.0  

CI-3 15000 0.848  87.55  10.44  62.9  17.5  19.6  

CI-4 20000 0.813  86.49  11.09  63.9  19.1  17.0  

Table 5. Estimation accuracy (pre-consolidation pressure) 

Case 
Repetition 
Number 

R2 G 
(%) 

MARE 
(%) 

SR (%) 

r<10 10<r<15 r>15 

PC-1 5000 0.963  87.33  12.74  52.6  20.1  27.3  

PC-2 10000 0.964  87.67  12.35  53.6  20.1  26.3  

PC-3 15000 0.962  87.38  12.21  56.2  19.1  24.7  

PC-4 20000 0.964  87.66  12.06  60.8  14.9  24.2  

 
Fig. 7. 3-dimensional distribution of pre-consolidation 
pressure (PC-1) 

 
Fig. 6. 3-dimensional distribution of compression index 
(CC -2) 
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increases in the direction to depth. There are hardly 
distinguishing spatial variation in the subject area. 

5 CONCLUSION 

In this study, the spatial interpolation of consolidation 
properties in Holocene clay in Kobe Airport was carried out 
through artificial neural network. Main conclusions are 
summarized as follows: 
 
1. An artificial neural network could be applied to estimate 

the consolidation properties at an arbitrary position in 
Holocene clay layer in Osaka Bay. 

2. The estimation accuracy in consolidation properties by an 
artificial neural network was high. Especially, the 
estimation accuracy in natural water content, void ratio 
and plastic index was excellent. 

3. The spatial interpolation of consolidation properties could 
be carried out through an artificial neural network. 

4. The consolidation properties interpolated spatially could 
be visualized three dimensionally, so that it is very easy 
to recognize the distribution of consolidation properties. 
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ABSTRACT 
 
The purpose of this study is to develop a measurement technique for crack deformation monitoring by using the 
digital image-processing. In the measurement technique proposed here, reflective targets are established at the 
measurement points on both sides of the crack as a gauge and the two dimensional displacement of the crack is 
calculated based on the coordinates of targets. In this paper, experiments were performed to verify the accuracy 
and precision of the measurement and the results showed that the changes of the tensile and shear displacement of 
the crack we could measure were found to be about 20μm by using the image taken 1m away from the crack. This 
paper also presents the actual tunnel measurement results to demonstrate that the cracks on the tunnel wall can be 
identified through simple measurements. After the regular measurements through a year, we found that the 
tendency of crack deformation and that of slide movement were in close agreement. 
 
Keywords: photgrammetry, image processing, crack displacement, tunnel 

 
 
 
1.  INTRODUCTION 

In Japan, many infrastructures have been constructed 
during the rapid economic growth period in 1960s, and 
moreover, Japan often suffers natural disasters such as 
earthquakes and typhoons. One of the most challenging 
issues in Japan is to know whether these old infrastructures 
are safe or not, and the inspection to evaluate their 
soundness will play an important role for countermeasure 
such as reinforcement, repair and reconstruction. In 
infrastructures consisted of concrete such as bridges and 
tunnels, width and patterns of cracks which occur on 
surfaces of the infrastructures are one of the most 
important signs to estimate their soundness [1]. The 
prediction of the change of the crack width and length and 
the prevention of resultant damages require the 
establishment of crack behavior monitoring technology. 
Generally, vernier caliper and crack gage are usually used 
as measurement tools, but these methods heavily depend 
on human efforts, which cause nonobjective evaluation [2].   
Considering this situation, this paper presents a study on 
the application of a measurement technique using digital 
image processing and photogrametry to the development 
of a new measurement system for crack monitoring. In the 
measurement technique proposed here, the deformation of 
the crack is calculated based on the image taken from an 
arbitrary camera position. This system has the following 
advantages. 
・Measurement can be carried out only by taking an image 
and does not need human skill, knowledge and experience 
[3]. 
・The necessary measurement hardware consists of a digital 
camera and a PC, which holds measurement cost in very 
low level. [4] 

・Digital photogrammetric measurement is superior to 
conventional measurement in objectivity and 
reproducibility [5]. 
・It is possible to make a database including also the 
number of cracks and the crack length by using a digital 
image [6]. 
The study aims to develop the measurement method of the 
crack displacement on the digital image. In our developed 
method, reflective targets are established at the 
measurement points around the crack as gauges and the 
two dimensional displacement of the crack, which are 
tensile and shear displacement, is calculated based on the 
coordinates of the targets on an image taken from arbitrary 
position. In this paper, experiments were performed to 
verify the accuracy and precision of the measurement. In 
the experiments, we measure the relation between the 
distance and angle of photographic positions from targets 
and the accuracy and precision of the measurement results. 
This paper also presents the measurement results of the 
crack displacements in the actual tunnel damaged by 
landslide in order to demonstrate that the soundness of the 
infrastructure can be identified through simple 
measurements. 
 

2.  PRINCIPLE OF CRACK MEASUREMENT 

This section explains techniques and principle for 
measuring cracks on digital images taken.  

2.1 The process of the measurement 

We measure the width and length of the crack as follows. 
1) Reflective targets shown in Fig.1 were attached 
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around the crack as gauges. These targets were 
designed with glass beads arranged in circles to 
induce a strong diffuse reflection of incident light. 
There are four circles on each target. The distance of 
one pair of circles on both sides of the crack is 
measured and the change of the distance means the 
displacement. The circles on the target also act as 
marks for the perspective projection.   

2) A digital image of the targets is taken from an 
arbitrary camera position and camera angle. The 
picture of the condition of measuring is shown in 
Fig.2. The digital image taken at an arbitrary camera 
angle is converted to the image facing the target by 
the perspective projection. 

3) The 2-dimensional coordinate values of the centroids 
of the circles on the image are measured by using the 
image processing. 

4) The distances between the circles of the targets on 
the both sides of the crack indicate the tensile and 
shear displacements. 

The measurement procedure we developed has the 
following characteristics [7]: 
-Measurement involves photographing can eliminate the 
need for human skill to improve accuracy as in 
conventional measurement. 

-The necessary measurement hardware consists of a 
digital camera and a PC. That’s why this measurement 
system brings down measurement cost. 
 

2.2 Basic principles of coordinate measurement of 
target 

Image processing is used to make it easier to identify 
centroids of circles taken on the images. The measurement 
precision/accuracy in our measurement system is strongly 
dependent on the measurement precision/accuracy of 
2-dimensional coordinates of centroids of the circles on the 
targets as measurement points. Thus, to improve this 
2-dimensional measurement precision/accuracy in the 
present study, reflective targets that consist of garranged in 
circles were established at the measurement points. The 
glass beads can induce a strong diffuse reflection of light. 
The digital imageries are categorized into gauge imageries 
in white and other areas in black through binarization by a 
threshold of intensity value. The 2-dimensional 
coordinates of the centroids are obtained by calculating the 
center of mass of white areas for each circle [8].  
Assuming the x- and y-coordinates are x=1~n and y=1~m 
in the image coordinate system, the coordinate values (x,y) 
of the gauge imageries are calculated by using the 
following equation. In other words, the coordinates of 
centroids of the circles on the images are obtained by 
calculating the center of mass of a particular imagery’s 
gauge. 
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where, x0 and y0 are the origin of the image coordinate 
system, ax and ay are the pixel size, q(i, j) is the intensity 
value of the pixel (i,j). 

 
Fig.1 Reflective targets are established on both sides of 
crack.  

50mm

 
Fig.3 Measurement point means a circle of the reflective 
targets. 

(1) 

(2) 
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Next, the image seen from the front view of the targets are 
calculated using the the perspective projection [9]. The 
perspective projection is based on the collinearity 
condition, which means that a measurement point, the 
camera and the measurement point’s imagery appearing on 
the image taken can be connected by a straight line [10]. 
The concept of collinearity condition is shown in Fig.3. 
The Eq.(3)&(4) show the relation between the coordinates 
(x, y) in the original image coordinate system and the 
coordinates (x’,y’) in the image coordinate system seen 
from the front view of the targets (see Fig.4). There are 8 
unknowns in total, namely b i (i = 1~8).  Because Eq.(3)& 
(4) are established for one known point, 4 or more known 
points are required to solve the equation. The xy 
coordinates of the reflective target is illustrated in Fig.5.  
 

𝑥′ =
𝑏1𝑥 + 𝑏2𝑦 + 𝑏3
𝑏7x + 𝑏8𝑦 + 1  

 

𝑦′ =
𝑏4𝑥 + 𝑏5𝑦 + 𝑏6
𝑏7𝑥 + 𝑏8𝑦 + 1  

 
These xy coordinates of centers of four circles are 

substituted for (x’,y’) in Eq.(3)&(4) and unknown b i is 
calculated. In practice, unknown b i is obtained by the 
least-squares method [11]. 

Finally, the distance between the pair of circles on both 
sides of the crack is calculated and the change of the 
distance is evaluated as that of crack width and crack 
length. 
 

3.  EXPERIMENTS AND DISCUSSION 

Experiments were performed to evaluate the accuracy and 
precision of the measurement system we developed. The 
measurement errors of the coordinates of the centroids 
affect the accuracy and precision of the measurement 
system. The imagery of target appearing on the image 

 
Fig.4 The image L’ seen from the front view of target is 
calculated by this perspective projection. 

 
Fig.6 One target is fixed and another target is displaced 
by a micrometer. 

 
Fig.5 The origin of the coordinate axes is at an arbitrary 
point. It is just important to substitute the precise distance 
of four centers for (x’,y’) in Eq.(3)&(4). 

 
Fig.2 A digital image is taken from an arbitrary position. 

(3) 

(4) 



589 
 

taken becomes small with an increase of the distance 
between photographic position and the target. The 
measurement errors of the coordinates of the centroids 
depend on the size of the imagery of the target, and 
increasing of camera angle also causes an increase of the 
measurement errors of the coordinates of the centroids. 
That’s why we measured the relation between the accuracy 
and precision of the displacement measurement and 
camera positions and camera angle. All of images were 
taken with the digital camera of 13 million pixels.  
To verify the measurement accuracy and precision, a 
reflective target is placed at a fix position and another 
reflective target was attached to a micrometer, and the 
digital images were taken at different camera positions and 
camera angles. The distance of the micrometer’s artificial 
movement D0 and measured displacement D using the 
images taken were obtained to calculate the differences 
between the two. Accuracy is defined as the average of 
difference between D0 and measured displacement D, and 
precision is defined as measurement value’s dispersion. 
Fig.6 shows the camera positions L and camera angles α in 
the experiments. 
Fig.7 and Table 1 show the relation between the distance 
of the micrometer’s artificial movement Do and measured 
displacement D. All images were taken at the camera angle 

of 0°. The focal length was 50mm. Increasing L caused the 
deterioration of accuracy and precision of the measurement 
value, but we can measure the displacement with accuracy/ 
precision of less than 0.02mm when we taken images up to 
1m away from targets. Table 2 shows the relation between 
the camera angle α and the accuracy and precision. The 
images were taken at camera position of 0.36m. At 

different camera angles α, when we take images at less 
than 20°, we can measure the displacements with good 
accuracy/precision of 0.01mm. Increasing camera angle α 
caused the deterioration of accuracy and precision of the 
measurement value. When camera angle α was 60°, 
accuracy deteriorated by 0.05mm, and precision 
deteriorated by 0.01mm 
In general, visual inspection using a venier caliper can 
measure only tensile displacement as the change of crack 
width. When displacement of 16mm occurs, we cannot 
know whether only tensile displacement or not in case of 
using conventional method. The feature of our 
measurement system used is to measure tensile and shear 
displacement respectively shown in Fig.8. Another 
experiment were performed to verify the accuracy and 
precision of measured tensile and shear displacement. 
Table 3 shows the accuracy and precision of measured 
shear displacement comparing with those of measured 
tensile displacement. All images were taken at the camera 
angle α was 0° and at the photogrammetric position L was 
0.5m. This figure demonstrated that we can measure the 
shear displacement and the tensile displacement 

 
Fig.7 Points are the relation between the displacement of 
targets and the measured value. The values of distance in 
the figure mean camera length L. 
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Table 1 Relation between the accuracy/precision and L 
(unit: mm) Target size is 50mm by 50mm and focal 
length is 50mm. 

 

 
Fig.8 Upper figure shows that only tensile displacement 
occurs, whereas lower figure shows that shear 
displacement occurs simultaneously. The measurements 
of displacement need to be recognized whether only 
tensile displacement occurs or not. 

one direction movement

two directions movement

Table 3 Accuracy/precision of measured displacement 
x means tensile displacement and y means shear 
displacement. (unit: mm) 
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simultaneously with high degree of accuracy and 
precision. 

In the experiments mentioned above, all images were taken 

within 1.5m from targets. In actual measurements, it can be 
considered that we have to take images more than 1.5m 
away from targets. It can be estimated from Table 1 that 
the accuracy/precision is in proportion to the camera 
length L. We are able to assume easily that the 
accuracy/precision of measurement become worth more 
when camera length L is more than 1.5m. Therefore, two 
types of the bigger targets were used in the further 
experiments. One was the twice size and another was the 
eight times size of the conventional target. Furthermore, 
the lens which focal length was 300mm was used. Table 4 
shows the relation between the accuracy/precision and L 

(5m, 7m, 10m, 15m, 20m). Twice size of targets (100mm 
by 100mm) and the lens which focal length was 300mm 
were used. Table 5 shows the results when L was more 
than 25m and eight times size of targets (400mm by 
400mm) were used. From these results, increasing L 
caused the deterioration of the accuracy/precision, in the 
same way the experiment described above revealed. Table1, 
4, and 5 are summarized in Fig.8. In three experiments, not 
only camera length L but also the target size and focal 
length were varied. This is why the x-axis of Fig.8 is not 
camera length L but the diameter of circles in images. 
Fig.8 shows that the accuracy/precision of measurement is 
agree with the diameter of circles in images. 
 

4. 
EXA
MPLE 
OF 
MEAS
URE
MENT 
IN AN 
ACTU
AL 
TUNN
EL 

 
Table 2 Relation between the accuracy/precision and α 
(unit: mm) 

 

 
 
Fig11 The values of the change of cracks’ width are 
plotted. +5.80mm means that the crack displaced in 
5.80mm in the tensile direction. (Tensile is plus.)  

Table 5 Relation between the accuracy/precision and L 
(unit: mm). Target size is 400mm by 400mm and focal 
length is 300mm. 
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We applied the proposed method to the crack 
measurement in the actual tunnel. This tunnel was 
constructed 20 years ago to prevent the occurrence of the 
landslide by draining groundwater in the slope. The 
measurements of extensometers indicate the movement of 
2-3mm per year in the slope. Fig.9 shows the diagram of 
the slope and the tunnel. The existence of two slide planes 
were revealed by the records of boring. The track curves 
to the left at a point about 50m from the entrance and goes 
straight on parallel to the slide A and B. At a point about 
280m from the entrance, two tracks diverge; one track 
keeps straight on and another track turns at right angles. In 
other words, this track crosses the both slide plane A and 
B. The picture of this tunnel is shown in Fig.10. Diameter 
of the tunnel is 2m, and there are more than 300 cracks 
caused by landslide in the tunnel. In order to investigate 
the soundness of the tunnel quantitatively, we tried to 
apply our crack measurement system to this tunnel and 
investigated the relation between the effect of slide and 
the displacement crack. Targets were placed on 30 
locations, and measurement of crack behaviors were 
performed per every two month. In this paper, we report 
three examples of the results of the measurements of 
cracks. Target No.1 is located on the vertical crack at a 
point 15m from the entrance. This area is in the slide plane 
A, therefore about 100 vertical cracks occur from a point 
0-50m. Target No.2 is also established on the vertical crack 
in the branch tunnel at a point 300m. This target is directly 
under the slide B, so that there are more than 100 cracks 
around target No.2. Last, Target No.3 was placed on the 
horizontal crack at a point 100m. The track around target 
No.2 is parallel to slide A and B, so this area is difficult to 
be affected by the landslide and there are hardly any cracks 
around here. Fig.11 shows the three examples of the results 
of the change of crack width measured by our system. It 
can be seen from Fig.11 that the targets No.1 and No.2 
have displaced at a constant pace for a year. On the other 
hand, target No.3 has hardly displaced for a year. From this 
result, it can be concluded that cracks in or under the slide 
plane have displaced and cracks which are not under the 
slide plane have hardly moved. This conclusion suggest 
that it is not necessary to monitor all more than 300 cracks 

but to focus on only 10-20 cracks under the slide plane. 
With regard to the values of the displacement of targets, 
the tensile displacement of target No.1 is 5.3mm/year and 
that of the target No.2 is 1.8mm/year. These results of the 
change of crack width and the result of the measurements 
of extensometers described above are in close agreement. 
 

5. CONCLUSIONS 

In this study, we developed a measurement technique for 
crack deformation monitoring by using a digital camera 
image. In this measurement, reflective targets are 
established at the measurement points around the crack as 
gauges and the digital camera image of the targets is 
subjected to a process that consists of photogrammetry and 
image processing. Experiments were performed to verify 
the accuracy and precision of the measurement and the 
results showed that the changes of the tensile and shear 
displacement of the crack we could measure were found to 
be about 20μm by using the image taken 1m away from 

 
Fig.9 The sectional diagram of the mountain is illustrated 
along the branch tunnel which was drilled from the 
diverging point. Slide A and B are parallel to the tunnel 
and cross the tunnel around the target No.1.  

slide A

slide B

ground-water level

50m

tunnel

No.1

No.2

No.3

 
Fig.10 Due to the thin diameter of the tunnel, we were 
able to take the digital images of targets less than 0.5m 
away from targets.  

2m

2m

Table 4 Relation between the accuracy/precision and L (unit: 
mm). Target size is 100mm by 100mm and focal length is 
300mm. 

 

 
Fig.8 Points are the relation between the diameter of 
circles in an image and the accuracy/precision. Diamond 
points mean the accuracy and square points mean the 
precision. 

0

0.1

0.2

0.3

0.4

0.5

0.6

0 20 40 60 80 100 120 140

ac
cu

ra
cy

/p
re

si
ci

on
 (m

m
)

diameter of circles in an image (pixel)



592 
 

the crack. We also present the actual tunnel measurement 
results to demonstrate that the cracks on the tunnel wall 
can be identified through simple measurements. 
Measurements through a year revealed that the tendency of 
the displacement of cracks is consistent with the results of 
the measurements of extensometers. This conclusion 
shows that it is enable to measure only cracks in the slide 
plane. This may make us decrease much labor and time of 
measurements. We plan to do further research response to 
the requirement of actual site with the aim to complete our 
measurement. 
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1. INTRODUCTION 
The increasing densification of constructions in urban area 
and development of transport network creates new challenges 
for civil engineers. Soils, which used to be classified as 
inappropriate for construction purposes, need to be redefined 
because of the economical reasons. Renovations of existing 
buildings, which usually lead to an additional loading 
transferred to the foundations, require foundations’ support. 
One of the major difficulties is to balance efficiency and cost 
of a method. Up to now many reinforcement methods have 
been developed. Some of the most common techniques are: 
pre-fabricated vertical drains, preloading, jet-grouting 
columns, geosynthetics, light-weight fill, vertical rigid 
inclusions (concrete piles, stone columns), Soil-Mixing 
method (known also as Deep Mixing), etc. 
The objective of this paper is to present results of Finite 
Element Method (FEM) numerical simulation, of a small 
scale shallow foundation reinforced by the Soil-Mixing (SM) 
technique. The parametric study leads to investigate the 
influence of soil constitutive law on the foundation bearing 
capacity. The axisymmetric analysis of the homogeneous soil 
layer is conducted with elastic perfectly plastic constitutive 
model with two failure criterions: the Drucker-Prager and the 
Modified Drucker-Prager with cap. The study takes into 
account the effect of cap parameters such as eccentricity, its 
location and evolution and transition surface radius. Results 
are compared with the experimental measurements. 

1.1 The Soil-Mixing method 
The SM method is frequently applied as a soil improvement, 
since 1960s, when it was created in Japan, USA and 
Scandinavian countries [14]. Originally the technique was 
dedicated to soils reinforcement but presently it is also used in 
other geotechnical applications. The major areas of 
 
 

application are: foundation engineering, excavation control, 
ground improvement, hydraulic cut-off walls, liquefaction 
mitigation, environmental remediation and as a reinforcement 
of the existing foundations. The technique is able to fulfill 
cost-efficiency criteria while being environmental friendly. 
The SM method consists in the creation of elements of 
mixed-in-place soil with a cementitious material in order to 
create composite stiff elements (Fig. 1). 

 
Fig. 1 The Soil-Mixing column production process [12]. 

The shape of the SM element and its appliance depend on its 
production method. The SM technique classification, 
proposed in the Federal Highway Administration Report [4], 
is presented in Fig. 2. The improvement patterns of the SM 
columns can be classified into four categories: single, wall 
type, block type and grid type. All the plane layout patterns of 
these improvement modes are shown in Fig. 3. In this study 
behavior of the single SM column has been analyzed. Until 
now, no specific algorithm for designers has been created. 
Therefore, the investigation by field loading tests is 
necessary. However, this type of measurements increases the 
project costs. In this context, it seems that numerical approach 
can be complementary or even an alternative solution. Many 
experimental ([3], [7], [8]) and numerical ([2], [4], [7], [11]) 
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studies have been performed to investigate the behavior of 
soil reinforced by the SM method. 

 
Fig. 2 The Soil-Mixing technique classification proposed in 

the Federal Highway Administration Report [4]. 

 
Fig. 3 The improvement patterns of SM method [7]. 

2. CONSTITUTIVE MODELS 
Soils are heterogeneous materials, whose behavior is strongly 
dependent on factors like: grain size, mineralogy, structure, 
initial stress state etc. Various models and criteria have been 
proposed [15] (Mohr-Coulomb, Drucker-Prager, Duncan 
Chang, Cam Clay) to describe accurately different aspects of 
soil behavior. Some of them have been also apply in the finite 
element modeling for geotechnical engineering applications. 
Decision, which constitutive law is the most suitable to 
describe behavior of analyzed material, has a significant 
influence on the final result. The choice of using one or 
another constitutive law depends on: soil type, geotechnical 
problem and, most of the time, the possibilities of estimating 
constitutive parameters. 
The elastic perfectly plastic model with the Mohr-Coulomb 
failure criterion is one of the most commonly used strength 
theories in geotechnical analysis. Apart of its advantages, 
user needs to deal with some limitations. Firstly, the 
intermediate principal stress σ2 has no influence on the yield. 
Only the major and the minor principal stresses, σ1 and σ3 
respectively, are taken into consideration. It leads to 
underestimation the yield strength of soil and discrepancy 
with experimental evidence. Secondly, an irregular hexagonal 
section of the yield cone in deviator plane induces the 

convergence problems in flow theory, due to six sharp 
corners [10]. 

2.1 The Drucker-Prager criterion 
The criterion proposed by Drucker and Prager in 1952 [6], 
also known as the Extended von Mises criterion, is widely 
used in engineering. The yield function of the linear 
Drucker-Prager criterion can be expressed by Eq. (1). Where 
J2 is the second stress invariant, I1 is the first stress invariant, 
α and k are material constants.  

kIJF −−= 12 α                                                                         (1) 
In ABAQUS [1], the linear Drucker-Prager criterion is 
written as Eq. (2) and can be illustrated in p-t plane (Fig. 4) 
and in deviator plane (Fig. 5). The p parameter is the 
equivalent pressure stress, β and d are the friction angle and 
cohesion respectively and t is defined by Eq. (3). 

dptFs −−= βtan                                                                      (2) 
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Where q is the von Mises equivalent stress, r is the third 
invariant of the deviator stress and K is a ratio between the 
yield stress in triaxial compression and tension. The K 
parameter controls the dependency of the yield surface on the 
value of the intermediate principal stress. When the triaxial 
tension is equal to the triaxial compression K = 1 and t = q 
(Fig. 5). It is required that 0.778 ≤ K ≤ 1 to ensure that surface 
is convex. The Mohr-Coulomb parameters, cohesion c and 
friction angle ϕ, can be converted to the Drucker-Prager 
parameters as follows: 
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Fig. 4 The Drucker-Prager yield surface in p-t plane [1]. 

2.2 The Modified Drucker-Prager with cap 
The modification added to the model with the Drucker-Prager 
criterion allows taking into account effect of the soil 
hardening. Moreover, the cap model is able to consider the 
effect of stress history, stress path and compaction [1]. The 
yield surface of this constitutive law consists of three parts 
(Fig. 6): a Drucker-Prager shear failure surface, defined 
previously, an elliptical cap, which intersects p axis at a right 
angle, Eq. (7), and a smooth transition region between the 
shear failure surface and the cap, Eq. (8). 
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Fig. 5 The Drucker-Prager yield surface in deviator plane [1]. 

 
Fig. 6 The Modified Drucker-Prager with cap model yield 

surfaces [1]. 

Where R is cap eccentricity (controls the shape of the cap), α 
is a parameter use to define a smooth transition region (small 
number, typically 0.01-0.05) and pa is an evolution parameter 
that represents the volumetric plastic strain driven hardening 
or softening, which is defined by Eq. (9). The cap model uses 
associated flow (ψ = β) in the cap surface and non-associated 
flow (ψ ≠ β) in the shear failure and transition region. 
The hardening/softening phenomenon is described as a 
function that associates the hydrostatic compression yields 
stress pb and the volumetric plastic strain εpl

vol, as it is 
illustrated in Eq. (10). εpl

vol|0 is the initial cap yield surface 
position. The hardening curve is obtained from isotropic 
consolidation test. 
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3 NUMERICAL MODEL 
The numerical analysis of the small scale shallow foundation 
without and reinforced by a centrally situated SM column 
have been carried out to reproduce physical test. The model 
parameters are obtained according to the reduced scale (1:10) 
laboratory model which consists of a vertically loaded 
rectangular foundation, laying centrally on the surface of 1m3 
of fine Hostun sand [5]. Two SM columns, the 7 days old and 
the 14 days old, have been analyzed. In this research, the 
solutions are obtained using the finite element method code 
ABAQUS. 

3.1 Model geometry and material properties 
The shallow foundation bearing capacity has been analyzed 
by axisymmetric model. Hence, rectangular rigid foundation 
requires to be modeled as a circular one. The equivalent 
radius, req = 130 mm, is calculated according to Eq. (11), 
where Sm is the foundation cross section. 

π
m

eq
Sr 45.0=                                                                              (11) 

The behavior of sand is simulated using the elastic perfectly 
plastic model with the Drucker-Prager criterion (DP) and the 
Modified Drucker-Prager with cap (DPC) with parameters 
computed from the classical Mohr-Coulomb (MC). The SM 
column is characterized by model with the Mohr-Coulomb 
criterion. Properties of the sand for different constitutive laws 
are presented in Table I. The cap parameters used in 
calculations are R = 1.2, α = 0.05 and εpl

vol|0 = 0. The 
properties of the 7 days old and the 14 days old columns are 
given in Table II. Figure 8 shows dimensions and mesh used 
in the analysis. The mesh consists of 6-node modified 
quadratic axisymmetric triangle elements (CAX6M). In order 
to simulate contact between the SM column and soil, 
interface elements with zero initial thickness with the 
Coulomb failure criterion are used. The friction coefficient is 
taken as tangent of 2/3 of the soil friction angle, μ f = 0.4.  

Parameter Unit DP / DPC MC 
Density ρ  [kg/m3] 1450 1450 

Young’s modulus E  [MPa] 50 50 
Poisson’s ratio ν  [-] 0.3 0.3 
Friction angle β, ϕ [°] 52 32 

Cohesion d, c [kPa] 1.24 0.2 
Yield stress ratio K  [-] 1 - 

Table I Sand properties. 

3.2 Loading and boundary conditions 
The numerical model boundary conditions are no horizontal 
displacement at the two lateral vertical sides. In the bottom 
boundary, displacements are restricted in direction (Fig. 8). 
The rigid shallow foundation is modeled by imposed 
displacement to the surface, with previously presented 
equivalent radius. 
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Fig. 8 Finite element mesh and boundary conditions used in 

numerical modeling. 

4 RESULTS 

4.1 Preliminary calculation 
Preliminary calculation has been carried out for the case of 
unreinforced foundation with soil characterized by a model 
with the Drucker-Prager criterion (Table I). In Fig. 9, both 
curves represent the bearing capacity of the vertically loaded 
shallow foundation. Curves show good agreement for lower 
values of displacement but the final bearing capacity and the 
final displacement are different. As it can be seen, in the first 
stage of loading, until 6.5 mm, the increase of displacement in 
the numerical case is slower than the measured one. 
Afterwards, the situation invertes.  
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Fig. 9 Comparison between preliminary calculation result and 

measurements. 

The final value of the force borne by the foundation is higher 
and the displacement domain is larger in the measurements 
than in the numerical prediction. It can be explained by 
inappropriate constitutive model due to the fact that the 
failure surface is limited only by shear failure. Since there is 
no limit imposed on the compaction, numerical prediction is 
unable to properly reproduce soil behavior. 

4.2 Parametric study of unreinforced foundation 
To acquire a better accordance between measurements and 
numerical prediction, a more advanced constitutive law has 
been used. The Modified Drucker-Prager with cap, presented 
above, allows taking into consideration sand’s compaction 
hardening. The basic material properties are chosen as for the 
preliminary calculation (Table I). The cap parameters 
calibration has been achieved according to parametric study 
and comparison with measurements. The effects of the 
parametric study and influence of each parameter on bearing 
capacity of unreinforced foundation is presented below. 

4.2.1  Cap eccentricity, R 
The influence of different cap eccentricity, R, is presented in 
Fig. 10. Another three cap parameters are assumed as: α = 
0.05, εpl

vol|0 = 0 and hardening, for analyzed Hostun sand, is 
obtained from isotropic consolidation test (Fig. 11).  
Figure 10 depicts five curves. The best fit curve is obtained 
from R = 1.20. As can be seen, in case of R = 0.75 the increase 
of displacement is the slowest. Also the lowest value of final 
displacement is obtained for this case. The quickest 
displacement occurs for R = 2.00. In cases of R = 0.75, R = 
1.00, R = 1.20, values of borne force are overestimated, in 
contrast R = 2.00 case. The more the displacement increases, 
the greater the difference between measurements and 
prediction for R = 2.00 appears. 
According to results of the cap eccentricity parametric study, 
R = 1.20 has been selected for the following calculations. 
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Fig. 10 The influence of different cap eccentricity, R, on 

bearing capacity of unreinforced foundation. 

4.2.2 Transition region parameter, α 
The influence of different transition region parameter, α, is 
presented in Fig. 12. Cap parameters are assumed as 
previously. In Fig. 12, solid line illustrates the best fit curve 
obtained from numerical model, α = 0.050. Other numerical 
results correspond to α = 0.000, α = 0.010, α = 0.100, 
respectively. The spectrum of numerical results is quite 
narrow. The beginnings of all four curves are almost the same 
until about 5 mm. Afterwards, the increase of displacement, 
for curve corresponds to α = 0.100, starts to be faster than for 
the others. The difference between results obtained for α = 
0.000 and α = 0.010 is negligible. The decrease of α causes an 
increase of the final bearing capacity of the foundation.  
Based on these results, α = 0.050 has been chosen as the most 
appropriate one. 
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Fig. 11 Hardening law of sands used in calculations. 
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Fig. 12 The influence of different transition region parameter, 

α, on bearing capacity of unreinforced foundation. 
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Fig. 13 The influence of different hydrostatic compression 

yield stress, pb, and hardening on bearing capacity of 
unreinforced foundation. 

4.2.3 Hydrostatic compression yield stress, pb, and 
hardening 

The last but not least analyzed parameter is hydrostatic 
compression yield stress, pb, in relation to material hardening. 
As it can be seen in Fig. 13, calculations for four possibilities, 
have been carried out. Obtained results can be divided into 
two categories: pb is defined as constant or pb is a function 
according to Eq. (10). Cases, which belong to first 
category, pb = 25 kPa and pb = 40kPa, are characterized by 
early plastic failure, represented by a sudden drop in bearing 
capacity. The higher value of pb, the higher final bearing 
capacity of foundation. For the second category, sand is 

described by two hardening functions (Fig. 11). The line with 
black markers corresponds to results acquired with Ottawa 
sand hardening [9]. Even the first assumed Ottawa sand 
characteristics, reproduces quite well measurements’ curve. 
However it is recommended to perform isotropic 
consolidation test for better material characterization. The 
best fit result has been accomplished by using Hostun sand 
hardening. 
4.3 Reinforced foundation 
Reinforced foundation, has been analyzed with the soil 
properties obtained by parametric study. As it has been 
mentioned before, the SM column is described by model with 
the Mohr-Coulomb criterion. The 7 and the 14 days old 
columns’ properties are reported in Table II. Figure 14 
provides measurements and numerical in terms of vertical 
forces and vertical displacements.  

Parameter Unit 7 days 14 days 
Density ρ  [kg/m3] 2000 2000 

Young’s modulus E  [GPa] 1.8 3.0 
Poisson’s ratio ν  [-] 0.2 0.2 
Friction angle ϕ  [°] 40 40 
Dilation angle ψ  [°] 15 15 

Cohesion c  [kPa] 700 1100 

Table II Soil-Mixing columns properties. 
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Fig. 14 Comparison between numerical predictions and 
measurements SM reinforced foundation. 

Numerical prediction of the behavior of the 7 days old SM 
column presents a good agreement with measurements., 
despite the fact that predictions overestimate a little bit the 
force. Displacement results between 0 and 2 mm have almost 
the same values for both columns. Numerical predictions for 
both reinforced cases are similar to each other and the final 
bearing capacity of the reinforced shallow foundation is 
higher. In case of the 14 days old column, predictions 
overestimate force for displacements 0 – 3 mm and 12 mm – 
20 mm, and slightly underestimate between 3 mm and 12. 
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Despite the small differences, obtained results represent well 
the behavior of reinforced and unreinforced foundation. The 
mentioned differences might be due to the definition of the 
interface between SM column and sand or idealized contact 
between the foundation and soil layer. 

5 CONCLUSIONS 
This study was based on the concept of using the SM method 
as reinforcement for a shallow foundation. The numerical 
simulation was an attempt to identify the influence and the 
consequences of the SM method on the behavior of the soil 
and the foundation. The finite element axisymmetric analysis 
provided good values in terms of the bearing capacity. The 
positive effect of the reinforcement on the foundation was 
clearly highlighted. The value of the load to be borne by the 
foundation is increased significantly, and the displacements 
are substantially reduced. 
The results lead us to conclude that the more advanced 
constitutive law needs to be used. The models we recommend 
are models which take into account, not only shear failure of 
the soil, but also compaction which is poperly described by a 
cap. Performed parametric study, with the Modified 
Drucker-Prager with cap, leads us to the conclusion that the 
most influential parameter is hydrostatic compression yield 
stress, pb which is directly related to hardening phenomena. 
The slightly smaller impact on the result is due to cap 
eccentricity, R. The transition region parameter, α, seems to 
be less significant.  
Preliminary prediction evidenced that calculation which only 
includes the Drucker-Prager criterion, may be helpful 
but insufficient in the design process. Therefore, when it is 
possible to analyze soil in laboratory, more advanced 
constitutive laws should be used. Taking these paper findings 
into account, we can see that results obtained from the 
advanced calculations, might be considered on a par with the 
field test. However, the necessity of calibration model 
parameters according to physical test generates some 
difficulties. Therefore, a back-calculation method should be 
used to complete this study. 
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1 INTRODUCTION 
The growth of infrastructure in urban areas in 
most countries of the world has led to a dramatic rise in land 
prices. Consequently, areas with poor soil 
conditions become more and more attractive for development 
and construction. The solution to overcome the difficulties 
of construction on poor quality ground is either improving 
the compressible soil or installing deep 
foundations. The foundation techniques such as various 
methods of soil improvement are usually more cost 
effective compared to deep foundations such as driven 
piles, bored piles or drilled piers [1]. The basic 
concepts of soil improvement, which are, densification, 
solidification, dehydration, 
strengthening, were developed. However, over the last 
three decades, many techniques have been developed and 
applied to complicated soil, and it is expected that new 
techniques for soil improvement continue to be developed. 
While conventional methods of soil strengthening pass 
through the construction of rigid foundation elements for 
transferring the entire loading to a supporting layer, the SM 
method opens the door to a new conception of reinforcing 
foundations. It is based on the effort distribution between the 
column of improved soil and the surrounding soil. The 
process of SM sets up a new material whose characteristics 
are intermediate between those of concrete and soil. This 
ground modification improves soil bearing capacity, 
contributes in the reduction of foundation settlements and 
prevents shear deformation [2]. 
Several soil improvements by SM are available. Soil 
reinforcement with SM columns is one of the most well 
known shapes used as an alternative solution to conventional 
deep foundations for buildings [2]. 
The addition of binder to soil leads to significantly changes in 

its properties which have been investigated in different 
studies. The addition of few cement percentages was able to  
 
increase the drying rate of soil, change optimum water 
content and increase compressive strength [3] 
The main objective of this research project is to highlight the 
effect of SM columns and their contribution in increasing 
foundation bearing capacity subjected to vertical load. Age of 
columns and soil density were the studied parameters to 
investigate the load transfer between column and soil.  

2 SOIL MIXING CARACTERIZATION 
With the aim to characterize the behavior of SM material, 
some laboratory tests are performed to determine the 
characteristics of three different mixtures with different 
cement content (Table 1).  

Table 1: Mix composition (S: Sand, C: Cement, W: Water) 

The soil under study is Hostun dry sand HN 31[4] (fig 1) and 
cement CEM III/C 32.5N is used as a binder. Sand, cement 
and water are mixed together during 10 minutes under a 
rotation velocity of 62.5 RPM. Some characterization 
tests were performed to assess 
the mixture consistency. Slump tests (2 to 4 cm slump) and 
flow test (27 to 32 cm spread) show that our mix is of 
considerable consistency [5]. 
Small cylindrical specimens of 45 mm diameter and 90 mm 
height were prepared according to a specific procedure 
[6]. The preparation of specimens should be 
performed immediately after the mixing operation. The 
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Mix 3 140Kg/m3 0.1 0.4 
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mixture is placed in cylindrical molds in three layers and the 
material is vibrated manually to allow the evacuation 
of trapped air. The blending and the casting must be 
completed in less than 40 minutes. Produced specimens were 
sealed with PVC lids and stored vertically in dry bags with 
paper towel soaked in water. The temperature must 
be maintained at about 20 ° C.  

 
Fig1: Particle size distribution curve for Hostun sand 

Unconfined compression tests were carried out on these SM 
specimens at 7, 14, 21 and 28 days in order to evidence the 
effect of curing time on specimen’s behavior. In every test, 
three specimens of the same mix are tested at the same day. 
Results show that specimens with the highest cement content 
have higher UCS (Unconfined Compressive Strength) which 
can reach 7 MPa. However, specimens of mix 3 have the 
lowest UCS. It’s even hard to unmold them at day 7 and they 
can barely achieve 1.2 MPa at day 28. 

Fig 2: Evolution of Unconfined Compressive Strength (UCS) of SM 
specimens versus curing time 

For 3 mixtures, the slope of the curve of the UCS as a 
function of cure time is significant between 7 and 14 days and 
then it is reduced. At 14 days the UCS is substantially 
increased. Our study was carried on with mix 2 because it 
proves a good compromise between resistance and 
economy. On each specimen, three strain gages are 
installed to measure axial strain and determine Young's 
modulus. Additionally, dynamic elastic modulus of the 
specimens is determined by measuring the resonance 
frequency on specimens of prismatic shape of 4 cm x 4 cm x 

16 cm (fig 3).  

 
Fig 3: SM prismatic specimen for dynamic Young modulus 

measurement 

Table 2 below shows the variation of resistance and Young 
modulus with age. Results show a good agreement with other 
research [7], [8]. The range of the UCS lies between 1.5 MPa 
for fine sand and 5 MPa for medium sand with binder factor 
between 120 and 300 Kg/m3. Dividing UCS at 28 days by 
UCS at 7 days, we get a factor of 2.3 which is in agreement 
with other studies carried on Fontainebleau sand [9].  
Our results show also that dynamic Young modulus is higher 
than secant Young modulus by 25-40%. This results match 
with other studies carried on concrete, where difference was 
by 37% [10]. 

Table 2: Evolution of static and dynamic young modulus with age of 
mix 2 specimens 

3 EXPERIMENTAL SMALL SCALE MODEL 
In order to analyze the behavior of shallow foundations 
reinforced by SM columns and composite interface 
mechanisms, an experimental setup inspired from WANG 
[11] has been built. It consists of a tank 2m long, 1m wide and 
1m high divided into two parts, 1 m3 each, in which a 1/10 
scaled model is placed. The tank is filled by layers of Hostun 
dry sand 10 cm thick to ensure appropriate homogeneity and 
good compaction of the soil mass.  
Since the aim of the experiment is to study the behavior of 
soil and not to dimension the structure, a rectangular steel 
plate 25 cm x 20 cm is installed on the top surface of the fill 
and models the shallow foundation 2.5 m x 2 m. The plate is 
vertically loaded using a servo- hydraulic jack. A special 
metal frame based on a guidance system on rails allows the 
jack to be moved easily in the horizontal plane, covering the 
entire upper surface of the tank.  

Age 
(days) 

Resistance 
[MPa] 

E50 
tangent 
[GPa] 

E50 
secant 
[GPa] 

Dynamic 
Young 

modulus 
[GPa] 

7 1,6 2,2 2,8 3.6 
14 2,6 3,3 4 5.7 
21 3,3 3,8 4,5 7.1 
28 3,8 4,3 4,9 8.3 
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Fig 4: Photo of the constructed tank 

Setting up SM column is done by sinking a steel tube in soil 
(fig 5). Sand in the tube is extracted using vacuum. Then the 
mixture prepared in the laboratory is poured into the tube. The 
SM column, which is 450 mm in length and 70 mm in 
diameter, remains in sand for the curing period (7 days, 14 
days). 

 
Fig 5: Procedure of setting up-mixing of soil columns 

The instrumentation of the tank consists in different sensors. 
A 100 kN load cell is placed between the plate and the jack to 
measure the vertical force. Two stress sensors are installed 
between the plate and the soil to measure the pressure borne 
by the soil. A small force sensor is placed between the head of 
the SM column and the steel plate to measure the pressure 
applied on the reinforcement column.  Three displacement 
sensors are installed on the plate to check that it remains 
horizontal. 
In order to determine the effect of column age and soil density 
12 loading tests were performed (table 3). In these tests, soil 
density varies from 15 kN/m3 to 13.6 kN/m3. In the first case, 
each layer is compacted using a rectangular heavy steel plate 
to make the soil denser and more homogeneous. In the second 
case, the filling process is carried without any compaction. In 
both cases, loading tests were performed for column age 7 
and 14 days. 

Test Type 
of soil 

Age of column 
(days) 

Number 
of tests 

Soil 
density 

(KN/m3) 
Test 1 Dense 7 days 3 15 
Test 2 Dense 14 days 3 15 
Test 3 Loose 7 days 2 13.6 
Test 4 Loose 14 days 2 13.6 
Test 5 Dense - 2 15 

Table 3: Performed loading tests 

3.1 Loading tests on dense soil 
Figure 6 shows the evolution of the bearing capacity of the 
foundation subjected to increasing vertical displacement in 
test 1. After 7 days, foundation and columns exhibit almost 
the same behavior. For reinforced cases, vertical stress 
increases very sharply, causing the pressure to rise 
considerably after 4-5 mm vertical displacement.  
Curve for this reinforced case can be divided into three parts. 
They start with a sharp increase of axial force (0-5 mm), the 
slope decreases later on (5-12.5 mm). The third part of the 
curves corresponds to the lower slope.  
To verify the total force measured by the load cell, force 
resulting from the pressure on the soil and force measured on 
the column head were added. A little difference exists 
possibly due to presence of pressure cells at the bottom of the 
steel plate which could lead to the creation of rigid corners. 
Thus, pressure measured by soil pressure cells is a little bit 
overestimating the real pressure under the steel plate.  

 
Fig 6: Loading test 1 – dense soil mass 

Figure 7 shows the evolution of pressure under the foundation 
with vertical displacement.  Stress supported by soil 
corresponds to almost 60% of the total stress. For a 25 mm 
displacement, stress applied on soil under the foundation is 
around 0.2 MPa while 0.32 MPa is the original stress applied 
on the steel plate.  
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Fig 7: Total stress applied on the foundation- stress registered by soil 

pressure cells. 

 
Fig 8: Loading test results carried on dense sand- reinforced and 

unreinforced cases 

Figure 8 shows results of loading tests carried on dense sand. 
Test 1, 2 and 5 were repeated to verify the good 
reproducibility of the tests.  Regarding the results shown 
above where soil mass density is 15kN/m3; there is strong 
evidence that SM columns have a positive effect on 
foundation behavior. After reinforcement, the bearing 
capacity of the foundation increased more than twofold after 
7 days and almost threefold after 14 days. Reinforced 
foundations with different column age have a similar 
behavior, but with age, foundation becomes stiffer.  
Settlement of the foundations is another aspect which has to 
be taken into account. It was reduced after reinforcement 
even for low loading values.  As shown for a loading of 4 kN, 
the unreinforced foundation resulted in a settlement of 8 mm.  
On the contrary, reinforced foundations undergo settlements 

less than 3 mm even after 7 days. In terms of higher loading, 
the difference increases more significantly and the 
contribution of reinforcement also increases.  
For 7 kN, the unreinforced foundation resulted in a 
displacement of 22 mm, whereas reinforced ones do not 
exceed 4 mm.  
Taking recent findings into account, we can see that 
reinforcing foundations with soil mixing columns leads to 
increasing the bearing capacity of foundations and greatly 
reduces the extent of settlements.  
Contribution of SM columns to support the applied loading 
was also investigated (Fig 9). Contribution of SM column and 
soil are the ratio between the vertical loading supported by the 
element (soil or SM columns) and the total vertical applied 
load. Figure 9 shows that SM column takes around 45% of 
total charge applied on the foundation. The presence of a stiff 
element in contact with the foundation gives to the foundation 
a higher bearing capacity because it takes an important part of 
the charge.  
On the other hand, the same analysis was carried on 
reinforced foundation at day 14. It shows that SM columns 
take 55% of total applied charge. With aging, SM columns 
become stiffer due to cement curing, which makes their 
Young modulus higher and makes the stiffness difference 
between soil and column larger. 

 
Fig 9: Contribution of soil and SM column to take charge of the 

applied load 

3.2 Loading tests on loose soil 
In this part, loading tests are performed on loose soil mass 
reinforced by SM columns. Composition of columns and their 
installation process are the same as before. Filling the tank is 
achieved by layers of 10 cm thick of Hostun dry sand without 
any compaction. Sand is properly spread to ensure a good 
homogeneity.  
In terms of vertical applied load (fig 10), a sharp increase in 
vertical stress takes place at the beginning for a small amount 
of vertical displacement (0-2mm). This is due to the presence 
of a stiff element under the foundation which takes the most 
part of the applied load.  
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After this phase, curve slopes become lower and the 
verification force is calculated, as explained before. In terms 
of vertical displacement, reinforced foundations in loose sand 
present much higher vertical displacements in comparison 
with dense sand presented before. At the beginning the 
presence of SM column gives a sharp increase in bearing 
capacity. On the other hand, the tip of SM column is also in 
loose sand, which makes tip resistance lower. 

 
Fig 10: Loading test 3 –loose soil mass 

 
Fig 11: Total stress applied on the foundation- stress registered by 

soil pressure cells. 

In terms of stresses, pressure cells were also installed between 
foundation and soil (Fig 11). It can be seen, these cells record 
almost the same pressure. At the beginning and for small 
vertical displacements, stress on soil is between 30 and 45% 
of the total vertical stress. Higher displacements results 
higher stress on soil that becomes between 55 and 60% of the 
total applied stress. 
Figure 12 shows the contribution of soil and SM columns. For 
small displacements (0-6mm), column takes the higher part of 
the vertical applied load. Later on, soil and SM column have 
the same contribution, and total load is shared between these 
two elements.  

At the beginning of the loading test, soil is loose and SM 
column is the stiff element underneath the foundation which 
explains his high contribution. Increasing  displacements 
leads  soil compaction . As a result, soil under the foundation 
becomes denser which explains the increase in soil 
contribution. The system soil-column is plastified when 
displacements are higher than 4 mm. 

 
Fig 12: Contribution of soil and SM column to take charge of the 

applied load 

 
Fig 13: Loading test results carried on dense sand, loose sand and 

unreinforced dense sand 

Figure 13 shows average results of performed tests (table 3). 
Curve from unreinforced foundation in dense sand is similar 
to the reinforced foundation in loose sand loaded at day 7. 
This similarity shows the importance of the reinforcement 
since we could have the same behavior of a dense soil with a 
stiffer behavior at the beginning of vertical displacement. 
Difference between bearing capacity at 7 and 14 days in both 
cases (loose and dense sand) is around 23 %. This difference 
is due to cement hydration which makes column stiffer and 
able to take higher load. 
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4 CONCLUSION 
The laboratory investigation on the influence of age and 
cement content of soil mixing specimens provided valuable 
results in terms of resistance, Young modulus and 
consistency. 
The physical model tests highlight some major differences in 
the behavior of reinforced and unreinforced foundations. 
With reinforcement, bearing capacity becomes higher and 
foundations undergo lower settlements. 
Age of SM columns has also an important effect on 
foundation’s bearing capacity which is 23% higher at day 14 
than at day 7. 
In dense soil mass, SM columns contribute to take 45% of the 
total vertical loading at day 7 and 55% at day 14. In loose soil 
mass, SM columns contribute to take almost half of the total 
vertical loading at day 7 and 55% at day 14. 
As a result, SM columns take an important part of the loading 
applied on the foundation, which increase its bearing capacity 
and reduce stress applied on soil. 
Reinforcing loose soil mass with SM columns, makes the 
foundation behaves as if it lays on a dense soil mass and even 
better at small vertical displacements. 
This study will be extended by additional tests. Other 
reinforcement models have to be tested, especially to 
emphasise the role of an intermediate granular layer between 
the footing and the column. Heterogeneous soil, where deeper 
soil layers are denser than the upper ones will also be studied. 

5 ACKNOWLEDGMENT 
The authors would like to thank the French Ministry of 
Economy, Finance and Industry, the local authorities 
(Departements 77 and 93) which supported this research 
programe named RUFEX (Renforcement et reUtilisation des 
plateformes Ferroviaires et des foundations EXistantes). 

6  REFERENCES 
[1] Porbaha A., “State of the art in deep mixing technology: 

part I. Basic concepts and overview” in Proc. ICE - 
Ground Improvement, 1998, pp. 81 –92.  

[2] Porbaha A., “State of the art in deep mixing technology: 
part I. Basic concepts and overview” in Proc. ICE - 
Ground Improvement, 1998, pp. 81 –92.  

[3] Sarisseri F., Muhunthan B., “Effect of cement treatment 
on geotechnical properties of some Washington state 
soils”, J. Engineering geology, 2009, pp.119-125. 

[4] Technical data sheet of Hostun 
sand http://www.sibelco.fr/item_img/medias/images/ft1
2_hn31.pdf , Last visit June 19th 2012. 

[5] AFNOR, “NF EN 206-1: concrete - Part1: specification, 
performance, production and conformity”, Fresh 
concrete, consistence classes. 

[6] Guimond-Barrett A., “ Protocole de référence pour la 
réalisation des mélanges sol-ciment en laboratoire”, 
IFSTTAR laboratory, 2011. 

[7] Porbaha A., “State of the art in deep mixing technology: 
part III. Geometrial characterization” in Proc. ICE - 
Ground Improvement, 2000, pp. 91 –110.  

[8] Topolnicki M., “General overview-Deep mixing short 
course”, International symposium of ground 
improvement , IS-GI Brussels 2012 

[9] Guimond-Barrett A., “On the strength and durability of 
cement-stabilised sands”, in Proc. International 
symposium of ground improvement , IS-GI Brussels 
2012 

[10] Zheng L., Sharon Huo X., Yuan Y., “Experimental 
investigation on dynamic properties of rubberized 
concrete”, J. Construction and building materials, 2008, 
pp.937-947. 

[11] Wang X., Zheng J., YIN J., “On composite foundation 
with different vertical reinforcing elements under 
vertical loading: a physical model testing study” J. of 
Zhejiang university, November 2010, pp. 80-87.  

[12] Fioravante V., “Load transfer from a raft to a pile with an 
interposed layer”, Géotechnique, pp.121-132. 

http://www.sibelco.fr/item_img/medias/images/ft12_hn31.pdf
http://www.sibelco.fr/item_img/medias/images/ft12_hn31.pdf


 

605 
 

 

  

1. Introduction 
The strength of concrete is affected by many factors, such as 
cement composition and fineness, water-to-cement ratio, 
aggregate, age and temperature of curing. There is as yet no 
such formula (mathematical model) that could reproduce the 
effects of all these factors adequately in a quantitative 
manner, primarily due to a high number of variables [1]. 

Abrams’ water–cement ratio law in 1918 is still 
considered as a milestone in the history of concrete 
technology, it is accepted that the largest single factor that 
governs the strength of concrete is the water to cement ratio. 
Originally, concrete was made by mixing cement, aggregates 
and water, and uses of admixtures were unknown. The only 
cementations material was cement. The present-day, 
new-generation concretes contain mineral admixtures and 
latexes for a variety of reasons. These materials increase 
abrasion strength or durability and decrease permeability 
[2-5], and Abrams’ formulation needs to be modified. 

Two different ways of adding polymers to cement 
composites have been described [6]:  
1. Keeping constant the water-to-cement ratio (W/C) to 
obtain a similar hydration of the cement paste.  
2. Fitting the consistency of the composite, by adjusting the 
W/C. 

In this research, the water to binder ratio is constant (0.35, 
0.45) considered and the effects of SBR emulsion and silica 
fume on fluidity and compressive strength of concrete  are 
investigated and a relationship between compressive strength  
of concrete with the ratio of polymer, silica fume, water to 
binder materials and time of curing in water is proposed. 
 

 
 

2.  Test program and procedure 
 In this research, two series of samples with water-binder 

materials ratios of 0.45 and 0.35 were prepared. Intend to 
investigation interfacial effects of silica fume and SBR on 
compressive strength, experiments base on four levels of 
replacement silica fume (0%, 5% , 7.5% , 10% ) and four 
levels of SBR (0%, 5% ,10% , 15%) were performed.  

 Cubes 150 150 150 mm were cast for compressive 
strength test. Before casting, coarse aggregate, sand and 
mixture of water and silica fume were mixed first. Then, 
cement, SBR latex and rest water together with supper 
plasticizer were put in the mixer and completely mixed. The 
mixed concrete were cast in molds to make specimens, and 
compacted by mechanical vibration. The specimens were 
subjected to the following three different curing systems: 
1) 7-day water curing at 200 c and 53-day dry curing at 200 c 
(7W53D). 
2) 14-day water curing at 200 c and 46-day dry curing at 200 c 
(14W46D). 

3) 28-day water curing at 200 c and 32-day dry curing at 200 c 
(28W32D). 

SBR latex as an aqueous polymer dispersion prefers 
dehydration and solidification under the dry conditions [7]. 
The cement hydration and polymer film in the modified 
concretes develop with prolongation cured age, which results 
in enhanced strength. In other words, the combination of the 
wet and dry curing is effective for the strength development 
of the polymer-modified concretes. A co-matrix is formed by 
both processes [4,8-10]. The specimens were tested for 
compressive strength according to BS standard. 
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3. Materials 
The materials used in this research, were: 
Ordinary Portland cement (Type 1) produced by Tehran 
factory, and silica fume, a by-product of the ferrosilicon 
Deligan factory. Chemical Properties of cement and silica 
fume are given in table 1. 
Coarse aggregate with a maximum particle size of 17 mm and 
fine aggregate with a 3.01 fines modulus were used in the 
experiment. The specific gravity and water absorption of 
coarse and fine aggregates were 2.55 and 1.6%, 2.25 and 
2.4%, respectively.  A water reducer agent with the 
commercial name of Gelenium 110p from BASF was used to 
adjust the workability of the concrete mixtures. The base of 
this supper- plasticizer is a unique carboxylic ether polymer 
with long lateral chains. 
The polymer latex used was styrene-butadiene rubber (SBR) 
latex with commercial name of Rheomix 141p from BASF. 
The properties of SBR latex is presented in table 2. 

Table 1- chemical Properties of cement and silica fume 
Composition (%) Cement Silica fume 

Sio2 21.46 91.7 

Al2o3 5.55 1.0 

Fe2o3 3.46 1.0 

Mgo 1.86 1.8 

Cao 63.95 0.9 

So3 1.42 0.87 

K2o3 0.54  

Na2o 0.26  

C3S 50.96  

C2S 23.1  

C3A 8.85  

C4AF 10.53  

 

Table 2 - Properties of SBR 
Density 
(gr/cm3) 

 

Mean particle 
Size (micron) 

Butadiene 
content PH 

1.01 0.17 40% 10.5 

 

4. Test results and discussion 

4.1. Effects of silica fume and SBR on fluidity of concrete 

Silica fume decreases fluidity of concrete but SBR increases 
fluidity of concrete. Adding of 15 percent of SBR to samples 
with water to binder materials ratio 0.45 induces 
self-compacting concrete. The effect of SBR in increasing 
fluidity of concrete is more than the decreasing effect of silica 
fume in fluidity.  

4.2. Effects of SBR on compressive strength  

In polymer-cement ratio (5%), the compressive strength of 
modified samples was equal and even slightly higher than that 
of no polymer samples (Fig. 1). The filling effect of polymer 
cause increasing a little of Compressive strength. The 
compressive strength is mostly influenced by the bonding 
forces generated by hydration reaction of cement [11-13], and 
a little of increasing is observed. It seems at a p/c ratio 5%, the 
continuity of polymer film is only present through small tiny 
bridges on a limited number of spots.  Although, the structure 
between the polymer film and cement hydrates develops at a 
p/c of 10%, the compressive strength of concrete decreases in 
comparison of no polymer concrete. In other words, the 
inclusion of SBR latex in concrete produces a decrease of 
compressive strength, due to a lower mechanical capacity of 
latex with regard to cement paste.  

4.3. Effects of silica fume on compressive strength 

 It is observed a significant improvement in compressive 
strength of concrete because of the high pozzolanic nature 
and void filling ability of silica-fume [14-16]. The 
compressive strength of silica-fume-concrete continuously is 
increased with respect to reference concrete and reached a 
maximum value of 7.5% replacement level (Fig. 2). The 
effect of silica fume in water –binder 0.35 is less than water 
–binder 0.45.  

4.4. Interfacial effects of silica fume and SBR on compressive 
strength of concrete   

The compressive strength of concrete is affected by the 
ratio of SBR and silica fume to binder materials. When the 
ratio of polymer/binder is certain, the amount of silica fume 
affects strength of concrete. The percentage of silica fume 
that optimizes compressive strength remains 7.5%       (Fig. 3). 

 In samples with 5% polymer and 7.5% silica- fume 
(water to binder ratio 0.45) a decrease in compressive 
strength is observed (Fig. 4). The cavitation of super 
plasticizer induces a decrease in compressive strength of 
these samples. (In making of these samples, the ratio of super 
plasticizer was kept constant.)  

In 15% polymer, with decreasing water to binder 
materials ratio from 0.45 to 0.35, decreasing of compressive 
strength is compensated by the reduction of w/b due to the 
plasticizer effect of SBR. Both phenomena together remain 
compressive strength constant.   
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Fig. 1. Effect of polymer-cement ratio on the compressive 
strength of concrete(w/c=0.35 and 0% silica fume) 

 

 

Fig 2. Effect of silica fume- binder ratio on the compressive 
strength of concrete (w/b=0.35 and 0% SBR) 

 

Fig 3. Effect of polymer-binder materials ratio on the 
compressive strength of polymer modified concrete 

(w/b=0.35 and 7.5% silica fume) 

 
Fig 4. Effect of polymer-binder ratio on the compressive 

strength of polymer modified concrete.  

(W/b=0.45 and 7.5% silica fume) 

4.5. Investigation of main effects and interaction effects of 
factors in compressive strength 

The main effect of each factor is shown in Fig 5. This diagram 
shows means of the compressive strength at various levels of 
each factor. It is observed that decreasing of water to binder 
material from 0.45 to 0.35 increases compressive strength 
about 26% ( 36.7−29.06

29.06
× 100) .  Averagely, 7.5% of 

replacement silica fume increseases compressive strength 
about 13%. Also adding 15% of SBR decreases compressive 
strength about 14%. 

A single diagram of interaction effects of factors in 
compressive strength is shown in Fig 6. Parallel lines in an 
interaction diagram indicate there is no interaction effect 
between variables. The greater the departure of lines from the 
parallel state indicates the higher the degree of interaction, in 
this situation, the response at a factor level depends upon the 
levels of other factors. For example, between SBR and silica 
fume in level of 5% SBR with other levels is observed an 
interaction effect. (A decrease in compressive strength of 
samples with 5% SBR and 7.5% silica fume in water to binder 
ratio 0.45 is happen.) 
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Fig 6. Interaction effects of factors in compressive strength 

5.  Mathematical model 
The primary factors that affected the compressive strength of 
concrete are the ratios of water, SBR, silica fume to binder 
materials and time of curing in water. As per the classical 
formulation of Abrams’ law, there exists an inverse 
relationship between the compressive strength and water-to 
cement ratio of concrete [17,18]. A lot of researchers 
introduce relationship between compressive strength and time 
of curing in water with a logarithmic equation. Some of 
researchers propose power equations for the effect of silica 
fume on compressive strength of concrete [19,20]. But 
relationship between compressive strength with all variables 
is yet to be well known. In this situation where there is no 
prior known relationship between the compressive strength of 
concrete with all variables, scatter diagrams are prepared and 
means of values are portrayed in diagrams. 
The scatter diagrams for all of the specimens exhibited a 
nonlinear relationship between the compressive strength with 
the ratios of silica fume and SBR to binder materials. From 
the scatter diagrams, it was observed that a two degree 
parabolic might be appropriate for showing the effect of 
silica- fume or SBR in compressive strength of concrete. The 
relationship of compressive strength with every variable is 
shown in Figs (7-9). The relationship between compressive 
strength with every factor is determined base on regression. 

 
 

Fig 7. Relationship between compressive strength and time of 
curing in water 

 

Fig 8. Relationship between compressive strength with Silica 
fume to binder materials ratio 

 

Fig 9. Relationship between compressive strength with SBR 
to binder materials ratio 

The relationship between compressive strength with 
considered variables may be represented by: 

 

Where FC  is the compressive strength (Mpa), w
b

  is the 
ratio of water to binder materials, t is time of curing in water 
(day), s is the ratio of silica fume to binder materials, p is the 
ratio of sbr polymer to binder materials. 𝑎1 , 𝑎2 ,𝑎3 , 𝑎4, 𝑎5 
are constant coefficients. The above equation can be written 
the following form: 

 
Where a1 , a2 ,   a3, a4, a5  can be determined with 

multiple linear regression. The values of these coefficients are 
shown in below table. The value of the multiple correlation 
coefficients (r) has been obtained as 0.95. 
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𝑎1 𝑎2 𝑎3 𝑎4 𝑎5 

2.637 0.999 0.98 1.005 0.977 

With replace of one to coefficients that are near one, below 
equation is obtained. 

 

From above equation can be determined the compressive 
strength of concrete containing of silica fume and SBR. To 
investigate of the accuracy of above equation, diagrams of 
residuals (the difference of observed and fitted values) for 
compressive strength has been drawn (Fig 10). The diagram 
of residuals for compressive strength shows that the 
maximum percent of error for compressive strength is about 
10%.  
The histogram of residuals has been shown in figure 11. 
Although, the distribution residuals doesn’t completely obey 
from normal distribution but mean and maximum values of 
histogram of residuals is located near zero.   
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Fig 11. Histogram of residuals for compressive strength 

 

6.  Conclusion 
1) The effect of SBR in increasing of fluidity of concrete is 
greater than the effect of silica fume in decreasing of fluidity 
of concrete. 
2)In constant of water to binder ratio and combined curing 
system, the compressive strength of concrete in 5% SBR rises 
slightly, but when polymer/binder ratio increases, the 
compressive strength of concrete decreases. 
3) Cement replacement up to 7.5% with silica fume leads to 
increase in compressive strength. 
4) The decrease of compressive strength is compensated by 
the reduction of w/b due to the plasticizer effect of SBR. Both 
phenomena together remain compressive strength 
approximately constant. 
5) The percentage of silica fume that optimize the 
compressive strength with adding SBR doesn’t change.  
6) The Abrm’s law with some modification is applicable to 
the compressive strength of concretes contain of silica fume 
and SBR and according to main effects of diagram is 
proposed the bellow equation: 

 

The proposed model provides the opportunity to predict the 
compressive strength based on the time of curing in water(t), 
and water, silica fume and SBR  to binder materials ratios that 
we show them with �w

b
� , (s) and (p), briefly. 
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1. INTRODUCTION 
There are two types of retaining block masonries namely "dry 
masonry" and "wet masonry" to construct the retaining wall. 
There is a "dry masonry" and "wet masonry" in the 
construction of retaining wall block masonry.  Since, wet 
masonry cannot offer certain safety factor against the sliding, 
a projection at the bottom of basis [1] is given to enhance the 
sliding resistance on dry masonry retaining wall. In the case 
that a certain safety factor against sliding cannot be secured in 
wet masonry retaining wall, there is a method to enhance the 
sliding resistance by providing a projection at the bottom of 
basis [1]. However, this method has not been used much in 
clayey ground because the contact between the projection and 
the surrounding ground becomes loose. At the same time the 
construction cost is also relatively higher. 
When the effect of projection in the clayey ground is properly 
mobilized, the construction of retaining wall can achieve the 
excellent safety with minimizing the construction cost. When 
the effect of projection in the clayey ground can be properly 
mobilized, which can be easily constructed at low cost, the 
construction of retaining wall with excellent safety and 
economy becomes possible.  
On the other hand, the dry masonry type of retaining wall has 
an advantage in the environmental and economic efficiency. 
However, it generally resists against the sliding of the block 
due to the friction of filling geo-materials, it is considered to 
be unstable comparing with the wet masonry retaining wall. 
On the other hand, as the retaining wall in dry masonry type, 
which has an advantage in environmental and economic 
efficiency, generally resists against the sliding of the block 
due to the friction of filling geo-materials, it is considered to 

 
 

be unstable comparing with the retaining wall in wet masonry 
type. Thus, it is instructed by adding a projection into each 
block or by using the block with an engagement structure [2] 
through the method of unifying each block. Thus, it is 
instructed to use the method unifying each block by adding a 
projection into each block or by using the block with an 
engagement structure [2].In addition, an alternative method to 
enhance the sliding resistance by connecting each block with 
furniture has also been studied [3]. However, more effort is 
still required to eliminate the anxiety of the stability of blocks. 
When enough sliding resistance is achieved in dry masonry 
retaining wall compared to wet masonry retaining wall, the 
significant advantages can be expected in relation to 
constructive, economic and environmental aspects. When 
achieving an enough sliding resistance in retaining wall with 
dry masonry which exceeds that in retaining wall with wet 
masonry, the significant advantages can be expected in 
relation to constructive, economic and environmental aspects. 
Corresponding to these concerns, the authors have developed 
a reinforced dry masonry block retaining wall in which a new 
plate is set up at the boundary of upper and lower block. 
Corresponding to these concerns, the authors have developed 
a dry masonry block retaining wall reinforced the sliding 
resistance of each block to set up a new plate at the boundary 
of upper and lower block. In this study, a series of vertical 
stress loading tests were first carried out for investigating the 
effect of resistance plate on the sliding stability, and then for 
evaluating its effectiveness. 

2. OVERVIEW OF PROPOSED DRY MASONRY 
BLOCK STRUCTURE WITH A RESISTANCE 
PLATE 

ABSTRACT 
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Figure 1 shows a conceptual diagram of a dry masonry block 
structure with a resistance plate. Each block used in the 
present structure has a side wall connecting the right and left 
of the front wall and rear wall, which is characterized by 
bottomless plate shown in Fig. 1. Each block used in the 
present structure has a side wall connecting the right and left 
of the front wall and rear wall, which is characterized by that 
there is no bottom plate shown in Fig. 1. Newly added 
resistance plate is perpendicular to the horizontal boundary 
surface between the upper and lower block, which is set up by 
keeping a spacing from the inner surface of the rear wall. 
Then, each inner space of the block and the space behind the 
block are densely filled in grain materials. As a result, a 
confining layer is produced in the space between the 
resistance plate and the rear wall, which is named as “rear 
confining layer”. 
 

3 OUTLINE OF CONDUCTING MODEL TESTS 
Figure 2 shows schematics of the experimental apparatus and 
model test specimen used in this experiment. All of model 
tests were conducted by applying the vertical load to the back 
filling and then resultantly by giving the horizontal load to the 

 
Fig. 3 Position of the resistance plate (ex. Case2) 
 
Table 1 Fundamental properties of sand 

D50 0.412mm 
Uc 1.90 

 

 
Table 2 Experimental conditions 

Case Position of a resistance plate 
Case1 No plate 
Case2 Back 
Case3 Center 
Case4 Attached on the back side wall 

 

 
 

Fig. 1  A conceptual diagram of a dry masonry block structure 
with a resistance plate 

Fig. 2  A schematics of the experimental apparatus  and model 
test specimen 

 

  
Photo. 1 Earth pressure gage 
 

Photo. 2 Experimental setup 
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back side wall of the block. Scale of a model block made of 
acrylic with 15mm in thickness has 220mm front wall width, 
200mm depth and 100mm height. Specimen with 300mm 
high wall has been created by overlaying a 3-stage block. 
Scale of a model block made of acrylic with 15mm in 
thickness is around 220mm in front wall width, 200mm in 
depth and 100mm in height. Specimen with 300mm high wall 
has been created by overlaying a 3-stage block. In this 
experiment, the steel plate with 2.3mm in thickness, 100mm 
in vertical height and 180mm in horizontal width were used 
as a model resistance plate.  
Horizontal geostatic stress acting on the rear of the specimen 
was measured by ultra-compact earth pressure gauge 
(PDA-200KPA) as shown by Photo 1. Five earth pressure 
gages are installed to a plate with 100mm in length, 180mm in 
width and 7mm in thickness, which was bonded to two acrylic 
sheets and an aluminum sheet with 1mm thickness. As shown 
in Photo 1, the pressure gages are vertically attached to the 
central part of the plate at intervals of 22mm. Then, the lateral 
earth pressure was measured in a total of 15 points by 
attaching the plate with the pressure gages to the back of each 
block. A typical sea sand is used as filling and backfilling 
materials of the model ground, whose fundamental properties 
are summarized in Table 1. In order to prepare the model 
ground, all the specimens were prepared by compacting the 
sea sand under air-dried condition.  
Vertical load was applied to the rubber plate put on the 
surface of backfill model ground through the water tank in 

which the increasing rate of amount of water is constantly 
controlled. In this study, the rubber plate with 220mm width, 
200mm in length and 50mm in thickness is set up to 50mm 
behind the back side of the block as shown in Photo 2 and the 
applicable applied load was limited to be around 4kN.  
Also, in order to measure the lateral displacement of each 
block and the vertical displacement on the surface of the top 
block, the displacement sensor was set in the center front of 
each block wall. At the same time, two sensors were also put 
on the surface of the front and rare sides of the top block. 
Figure 3 shows the position of the resistance plate. A series of 
experiments were conducted paying attention to the effect of 
the position on the sliding stability. The position of a 
resistance plate selected is summarized in Table 2. 

4 RESULTS AND DISCUSSIONS 

4.1 Characteristics of mobilized rear earth pressure and 
horizontal displacement 
Figures 4(a) and (b) show the results of rear earth pressure 
acting on the block body without and with resistance plate 
against  applied vertical  loads respectively. Figures 5 (a) and 
(b) also show the results of the horizontal displacements of 
the block body without and with resistance plate against 
applied vertical loads, respectively. Dotted lines in each 
figure indicate the start point of the loading which is around 
0.59kN. Here, the total force acting on each rear of the block 
body (kN) was calculated by multiplying the average value of 

  
(a) Case 1 ( No plate) (b) Case 2 ( Back) 
Fig. 4 Relationship between earth pressure and vertical load 

 

  
(a) Case 1 (No plate) (b) Case 2 (Back) 
Fig. 5 Relationship between horizontal displacement and vertical load 
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the five measured earth pressures by the area of the plate 
resistance. It can be confirmed from these figures that the 
horizontal displacement and earth pressure at each block have 
increased with the increase of the loading in both cases. 
However, paying attention to the increment rate, the rate of 
earth pressure in case with resistance plate becomes greater 
comparing with that in case without resistance plate. On the 
other hand, the incremental rate of horizontal displacement in 
case with resistance plate is kept smaller comparing with that 
in case without resistance plate. 

4.2 Evaluation of effect of resistance plate against sliding 
It means that the sliding of the block is suppressed more 
effectively when a horizontal displacement of the block body 
becomes smaller against a same earth pressure action on the 
wall. Here, the effect of resistance plate on the sliding of the 
block is discussed from the relationship between horizontal 
displacement and mobilized earth pressure. In this study, the 
sum of the earth pressure acting on each block is defined as a 
force to slide the bottom surface of the block. For instance, 
sum of the rear earth pressure action on middle and top block 
bodies is used, when focusing on total earth pressure at the 
bottom of the surface in the middle block body. This is 
defined as total rear earth pressure PH. In addition, the relative 
horizontal displacement between each block is used for 

considering the results obtained. Figures 6 (a) and (b) are 
summarized in the bar diagram to indicate the characteristics 
of total rear earth pressure PH and relative horizontal 
displacement at final loading stage. The numerical values 
shown above the bar diagram is obtained by normalizing the 
magnitudes of PH in case 2 and 3 by the magnitude in case 3, 
which corresponds to the case without any resistance plates. It 
is clear that although the magnitudes of PH in the cases with 
resistance plates become much greater comparing with that in  
case without any resistance plates, the relative horizontal 
displacement becomes smaller. For instance, the relative 
horizontal displacement of bottom block in case 3 has been 
reduced to less than half. In addition, the effect of resistance 
plate on sliding is clearly dependent on the position. Namely, 
when the resistance plate is set up on the back side of the 
block, the effect becomes much greater comparing with the 
case whose resistance plate is set up on the middle of the 
block.  
Figure 7 shows the relationship between relative horizontal 
displacement and total rear earth pressure PH at the bottom 
block body in three cases. It is confirmed from this figure that 
PH values for the case with resistance plate quickly increases 
comparing with the case without any resistance plates.  A 
similar tendency was also confirmed in middle and top block 
bodies. Therefore, the incremental rate of PH values against 

  
(a) Total rear earth pressure (b) Relative horizontal displacement 
Fig. 6 The characteristics of (a) total rear earth pressure  and (b) relative horizontal displacement at final loading stage 
 

  
Fig. 7 Relationship between total rear earth pressure and 
relative horizontal displacement at the bottom block 

Fig. 8  Relative effect of resistance linked with plate 
position, θ defined as a gradient in the relationship between 
PH values normalized by γH2B/2 and the relative horizontal 
displacement δh normalized by the depth of the block D 
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relative horizontal displacement is introduced to evaluate the 
effect of the resistance plate. Figure 8 shows an index θ which 
may indicate the relative effect of resistance linked with plate 
position, where θ is defined as a gradient in the relationship 
between PH values normalized by γH2B/2 and the relative 
horizontal displacement δh normalized by the depth of the 
block D, where γ is unit weight of soil (=17.5kN/m3), H is 
height of the block specimen and B is width of the block. 
Numbers indicated in Figure 8 mean the value which was 
calculated by dividing the value of θ for the two other cases 
by the value in corresponding each block without any 
resistance plate. It is indicated that the resistance potential 
against sliding at the bottom block in case 3 whose resistance 
plate sets up on the back side of the block body becomes 
relatively 3.9 times greater. Similarly, the resistance potential 
in case 2 whose resistance plate sets up on the middle of the 
block body becomes relatively 2.4 times greater. In addition, 
the resistance potential against sliding is clearly dependent on 
the position of the block body, even if the resistance plate set 
up on the same position of the block body. It means that the 
sliding resistance of the plate is influenced by the induced 
overburden pressure.   

5 EARTH PRESSURE ACTIING ON THE 
RESISTANCE PLATE 

The resistance plate has been confirmed in Chapter 4 to be 
effective to suppress the sliding of the block body. This is 
probably due to earth pressure acting on the resistance plate, 
which is named as a passive mobilized earth pressure in this 
study. So, in order to make clear the effect of the position of 
resistance plate on the block sliding, the horizontal earth 
pressures action on the resistance plates were measured in 
case 2 and case 3, together with case 4 that the resistance plate 
is attached on the back side of the block. 
Figure 9 shows the relationship between the total horizontal 
earth pressure acting on the plate and the mobilized horizontal 
displacement of the block body, where the total horizontal 
pressure is estimated by multiplying an average horizontal 
earth pressure by an area in the resistance plate. Figures 9(a), 
(b) and (c) show the results in top, middle and bottom block 
body respectively. In Figure 9(c), the mobilized passive total 
earth pressure in case 2, 3 and 4 becomes 0.24kN, 0.19kN, 
and 0.23kN respectively. On the other hand, the amount of 
horizontal displacement becomes 0.62mm, 0.9mm, and 
0.78mm in case 2, 3 and 4 respectively. Based on these results, 
it shows that greater the mobilized passive total earth pressure, 
relatively smaller the corresponding horizontal displacement. 
Conversely, it reflects that smaller the mobilized passive total 
earth pressure, relatively greater the corresponding horizontal 
displacement. Similar tendency is also indicated in Figures 9 
(a) and (b). It is mentioned that the effect of a resistance plate 
against sliding is due to the mobilized earth pressure action on 
the resistance plate. The magnitude of the earth pressure is 
also dependent on the overburden pressure by the filling 
materials in the block. Further considering the results, the 
mobilized earth pressure in case 2 becomes greater than that 

of case 4. It is concluded that the resistance plate set up on the 
back side of the block works well for increasing sliding 
resistance of dry masonry retaining structure, comparing with 
the case in which the resistance plate was set on the position 
attached on a wall at block body. It is considered that this is 
due to a constraining effect induced by a granular layer 
between the position of the resistance plate and back side of 
block body. 

6 CONCLUSIONS 
In this study, a series of vertical stress loading tests were 
carried out for investigating the effect of resistance plate on 
the sliding stability. The main conclusions obtained are 
summarized below: 
1) Based on the small model test results, it is clearly 
confirmed that the resistance plate contributes well to induce 
a greater horizontal earth pressure acting on the block body 

 
(a) Top 

 
(b) Middle 

 
(c) Bottom 
Fig. 9 Relationship between the total rear earth pressure and 
acting on the plate and mobilized horizontal displacement of 
the block body 
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and to reduce the horizontal displacement of block body. In 
addition, the effect becomes greater when the resistance plate 
set up on the back side of the block body, rather than set up on 
the middle position of the block. 
2) Based on the small model test results, the resistance 
potential against sliding at the bottom block in case whose 
resistance plate sets up on the back side of the block body 
became 3.9 times greater than that of the case without any 
resistance plate. Similarly, the resistance potential in case 
whose resistance plate sets up on the middle of the block body 
became relatively 2.4 times greater. 
3) It is confirmed from the characteristics of mobilized earth 
pressure acting on the resistance plate that the effect of the 
plate against sliding is due to the mobilized earth pressure 
action on it. Furthermore, it is concluded that the resistance 
plate set up on the back side of the block works well for 
increasing sliding resistance of dry masonry retaining 
structure, comparing with the case in which the resistance 
plate was set on the position attached on the wall at block 
body. One of the reasons is considered that this is due to a 
constraining effect induced by a granular layer between the 
position of resistance plate and back side of block body. 
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1. INTRODUCTION 
Neutralization of concrete generates at anywhere where 
carbon dioxide gas is supplied. This deterioration, commonly 
progresses from surface to inner part of concrete, gives 
serious damage to reinforced concrete. Investigation and 
diagnosis are necessary to carry out from the viewpoint on 
restriction of reinforcement corrosion in concrete.  
Neutralization depth is the general expression for the 
evaluation of this deterioration. This depth is indicated with 
following Eq. (1); 
 

baty =                                                                                  (1) 
 
where y is neutralization depth (mm), t is time (year), a and b 
are the constants; especially a is called as coefficient of 
neutralization velocity. In general, a constant b is stipulated as 
0.5, which was confirmed from many previous studies.  
Thus, the progress estimation of neutralization will also be 
achieved if there were plural measured data concerned to 
neutralization depth and supplied year [1].  
On the other hand, following Eq. (2) is described for the 
estimation of neutralization depth when there were no 
measured data; 
 

( ) tBWy 0.957.3 +−=                                             (2) 
 
 
 

where W/B is the effective ratio of water per binder, W is the 
unit weight of water and B is the unit weight of effective 
binder [1]. However, it is difficult to identify W/B because the 
drawings and specifications of most existing old structures 
have disappeared during their long-term supplement. 
Moreover, progress velocity of neutralization is commonly 
occupied by two main factors; W/C ratio in mixture 
proportion of concrete (penetration velocity of carbon dioxide 
gas) and supplied environmental condition of concrete 
structures. It means that Eq. (2) is not always available for the 
prediction of neutralization if neither inspection data nor 
drawing and specifications were remained. Furthermore, 
Kawanishi et al. have reported that constant a was changed 
under some distinctive environmental conditions [2]. As the 
mix, proportion of hardened concrete is impossible to 
estimate accurately, it is necessary to clarify the influence of 
supplemental environment to neutralization of concrete in 
order to improve the precision on evaluation and prediction of 
neutralization. 
Concrete canals for the agricultural use, one of the hydraulic 
concrete structures, are supplied long period under sever 
environmental condition. At the same time, concrete canals 
have one characteristic supplied environmental condition. 
The supplied condition of concrete canal is divided into two 
parts; the part that sunk into the water (call “water part”) and 
the part exposed to the open air (call “air part”) for 
comparatively long period. On the whole, it is considered that 
transfer velocity of carbon dioxide gas of concrete exposed to 
liquid phase is quite slower than that of concrete exposed to 
gaseous phase, and the progress of neutralization is possible 
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to disregard. However, in case of concrete canal, water 
contacted to concrete surface is continually moving, there is a 
possibility that various ionic compounds become easy to 
dissolve and transfer due to water flow. Furthermore, 
exposure of coarse aggregate, one of the distinguishing trait 
deterioration of concrete canal, also can affect to the 
neutralization of concrete. 
This research aimed to clarify the influence of different 
environmental conditions to the neutralization depth of 
concrete experimentally. Objective structures were actual 
concrete canals for the agricultural use that were supplied for 
long terms. To be specific, the surfaces in water and in air of 
concrete canal were shaved by the rock drill. Phenolphthalein 
method was applied and measured the neutralization depth. 
Relationship between supplied year and neutralization depth, 
as well as the influence of different supplied conditions, in air 
and in water, to the progress of neutralization, were 
investigated in this study. Finally, applicable prediction 
method for the evaluation of neutralization against concrete 
canal was examined. 

2. RESEARCH SIGNIFICANCE 
Neutralization of normal civil engineering structure has been 
studied and their tendency about this deterioration has 
clarified sufficiently. In spite, huge number of hydraulic 
concrete structures has been constructing in this world, their 
specific supplied condition and effect against neutralization 
has not focused enough yet. Hydraulic concrete structures are 
considered to face the multiple deterioration; not only the 
neutralization but also the abrasion. It will be necessary to 
evaluate both deterioration for accurate evaluation and 
prediction of them. The authors believe that this study will 
work for the review on the effect of supplied environment to 
the neutralization of concrete. 

3. EXPERIMENTAL PROCEDURE 
The subject of this study is accumulating the neutralization 

data of hydraulic concrete structures in order to grasp the 
tendency and clarify the influence on supplied environment to 
the neutralization. An object of this study was the large 
concrete open channel supplied for long periods. Especially a 
side wall of concrete canal was focused member for the 
investigation because the side wall has both water part and air 
part in same member.  

3.1 Objective Concrete Canals 
Open canal network focused in this study was located in the 
center of Kochi prefecture, Japan. This canal network was 
developed from 1968 to 1985 consecutively under prefectural 
management for improving the water utilization of paddy 
field. In Japan, even though these projects had public 
infrastructural aspect, but the part of construction cost should 
be paid by the beneficiaries (the beneficiary pays principle). 
The size of beneficial area was 1,860 hectares paddy fields, 
and the length of this main canal network was 36kilometers. 
Designed service life of mainstay concrete open channel for 
the agricultural use is established for 40 years, and design 
criteria strength of concrete was estimated to 21MPa 
(approximately 200kgf/cm2). Supplied periods of 
investigated concrete canal were between 23 to 39 years. 
Moreover, additional two concrete canals supplied longer 
periods, 42 and 47 years, were examined in order to analysis 
the relationship between service periods and neutralization 
depth in detail. 

3.2 Field Investigation Method 
Concrete surface was shaved as one of the partial destructive 
method for the diagnosis of concrete. Phenolphthalein 
method was applied against these shaved phases of concrete. 
1.0% concentration of phenolphthalein ethanol solution was 
used in this study. Measurement procedure was described as 
follows; this solution was sprayed after opening at least 
50mm depth of hole at the side wall of concrete canal and 
blowing off the fine powders of concrete completely. Waiting 
for a couple minutes, then, measured the depth of 
discoloration boundary from the surface. Phenolphthalein 

 

 
 

Fig.1 State of Discolored Condition by 
Phenolphthalein Solution 

 

 
 

Fig.2 An Overview on Evaluation of Neutralization 
Depth 
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ethanol solution is one of a coloring reagent and applies for 
the evaluation of neutralization depth of concrete as this 
solution change the color from clear into deep red-violet 
when the concrete has enough alkalinity. In general, 
discoloration generates when the potential of hydrogen (pH) 
of concrete is higher 8.2 to 10. Authors have also confirmed 
the discoloration boundary of this solution and clarified the 
threshold value on potential of hydrogen was 10 
experimentally [3]. The state of discolored condition by the 
phenolphthalein solution is shown in Fig.1, and an overview 
on evaluation of neutralization depth is shown in Fig.2. The 
neutralization depth, distance from surface of concrete to 
discoloration boundary is measured using depth gage. Three 
holes were drilled at air part and water part in each one 
member, and calculated the average depth. 

4. RESULTS AND DISCUSSION 

4.1 Neutralization Depth and Supplied Periods 
Relationship between neutralization depth and supplied 
periods are shown in Fig.3. As a whole, neutralization depths 
are less than 30mm in spite of their different service periods. 
In addition, we cannot see the correlation between them. 
Basically the neutralization depth would be larger as the 
supplied periods were longer. It is considered that the 
progress velocity of neutralization had a great influence to the 
neutralization depth. Say in other words, it is necessary to pay 
attention not only to the service periods but also to the 
coefficient of neutralization velocity (call CNV here after) for 
the evaluation of neutralization.  
Comparing the neutralization depth of air part and water part, 
we can confirm big difference between them. There is a 
tendency that the neutralization depth of water part is smaller 
than that of air part. Phenomenologically, it would be resulted 
that external factors such as the difference on concentration of 
carbon dioxide gas and humidity affect to the neutralization 
velocity. However, coarse aggregates were exposed at most 
of all water part on the side-wall of concrete canal shown in 
Fig.4, and this phenomenon is omnipresent as the 
deterioration of hydraulic concrete structures. Neutralization 
depth of water part should be evaluated if the equivalence of 
evaluation with that of air part was necessary to secure. 
Therefore, it is revealed that measured neutralization depth 
could not be the enough data for the accurate evaluation of 
hydraulic concrete structures if the coarse aggregates were 
exposed on their surface. 

4.2 Substantial Neutralization Depth of Hydraulic 
Concrete Structures 
Described as foregoing paragraph, neutralization depth of 
water part has possibility that its evaluation result was the 
apparent neutralization depth. According to author’s previous 
study concerning to the explosion of coarse aggregate, this 
phenomenon would be actualized when 6mm thickness of 
mortar was disappeared from the surface of concrete despite 
of water cement ratio [4]. It was considered that at least 6mm 
thickness of mortar has already abraded if the coarse 

aggregate were exposed at the side wall of concrete canal. 
Relationship between estimated neutralization depth taking 
into account the 6mm thickness of disappeared mortar and 
supplied periods are shown in Fig.5. Without this 
consideration, 96% of neutralization depth of air part was 
higher than that of water part. However, thus, in addition to 
this consideration, only 48% of neutralization depth of water 
part could show the same result. As a result, the assumption 
concern to the general theory that the neutralization velocity 
of water part is smaller than that of air part cannot be 
comprised all the time against hydraulic concrete structures. 
Significant abrasion of concrete canal is observed frequently 
at the draft level; the highest frequency water level. Therefore, 
evaluation of neutralization at this water level will be also 
more important for securing the accuracy on this 
deterioration. 

 
 

Fig.3 Relationship between Neutralization Depth and 
Supplied Periods 

 
 

Fig.4 An Overview of Abraded Surface of Concrete 
Canal 

 

Water Part 

Air Part 
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4.3 Comparison on Coefficient of Neutralization 
Velocity (CNV)  
A fundamental equation on the neutralization depth was 
shown as Eq. (1). Now CNV was calculated on assumption 
that the neutralization advances in proportion to a square root 
of time. In short, CNV was calculated from the measured data 
and supplied years. A histogram of CNV was shown in Fig.6, 
and their average and standard deviation were shown in Table 
Ι. Around 55% of CNV of air part was less than 2.0 in the 
whole. However, around 90% of CNV of water part was less 
than 1.0. In addition, if considering the disappeared mortar 
thickness in water part was 6mm as an assumption, around 
95% of CNV in water part was less than 2.0. Previous study 
has reported that the highest frequency range on CNV of 
general civil structures (nominal strength: 16 to 21MPa) were 
0.0 to less than 2.0. All the results from air part, water part, 
and water part of additional condition, showed the same 
tendency with the past study [5]. In the same literature, 
percentages of CNV under the range distribution of 0 < CNV 
< 2, 2 < CNV < 4, 4 < CNV < 6 were around 50%, 35% and 
15%, respectively. Comparing the same range distribution 
between it and our results, CNV of air part of concrete canal 
was approximately same or smaller than the result of civil 
engineering structures; 0 < CNV < 2, 2 < CNV < 4, 4 < CNV 
< 6 were around 55%, 40% and 5%, respectively.  

As for the average and standard deviation results of CNV 
shown in Table Ι, average on CNV of air part was three times 
larger than that of water part. As well, the standard deviation 
on CNV of air part was five times larger than that of water 

part. In particular, the difference of standard deviation 
between air part and water part was generated from the 

supplied environmental conditions. It was considered to be 
the difference of humidity; the air part was faced to various 
conditions of dryness and moisture due to the rainfall and 

Table Ι Average and Standard Deviation of Coefficient of 
Neutralization Velocity 

 Average (mm) Standard 
deviation (mm) 

Air part 1.92 1.08 

Water part 0.60 0.20 

Water part 
(+6mm) 1.65 0.21 

 
solar radiation, on the contrary, water part was more stable 
condition rather than air part. These environmental conditions 
affected to the difference of standard deviation of them. 

4.4 Prediction of Neutralization Considering the 
Disappeared Mortar 
It was considered that the mechanism on progress of 
neutralization was different between air part and water part of 
concrete canal. To be more precise, neutralization at the air 
part of hydraulic concrete structures advanced with the same 
way with general civil engineering structures, however, at the 
water part, the exposure of coarse aggregate due to abrasion is 
going on at the same time with the progress of neutralization. 
Therefore, it would be impossible to express the equation for 
prediction of neutralization such as Eq. (1) when the partial 
loss of surface is going on such as water part of hydraulic 
concrete structures. 
For example, as for the predictive equation against sulfate 
acid attack, one kind of serious deterioration of concrete, 
different equations are applied due to their deteriorative 
conditions; while the original shape of structure is keeping or 
not. In specific terms, deterioration velocity increased in 
proportion to the square root of time if the shape of original 
structure was remaining as it was. On the contrary, 
deterioration velocity increased in proportion to the time if 

 
 

Fig.5 Relationship between Neutralization Depth 
Considering 6mm Thickness of Disappeared Mortar 

and Supplied Periods 
 
 

 
 

Fig.6 Histogram on Coefficient of Neutralization 
Velocity of Hydraulic Concrete Structures 

 



 

621 
 

 

the shape was partially loss [6]. Then predictive equation was 
assumed to follow to the latter theory, and expressed the 
equation for the water part could be as follows: 
 

aty =                                                                                   (3) 
 
Average and standard deviation of CNV were calculated with 
this Eq. (3) and gained 0.29 and 0.05, respectively. 
Comparing this result with the result from Eq. (1), CNV was 
extremely small. In other words, progress velocity of 
neutralization in water part should be smaller than the air part 
because the mortar area is becoming smaller due to the 
exposure of coarse aggregate, and as a result, penetration 
amount of carbonate ion into mortar was decreased relatively. 
On the other hand, neutralization depth drawn in Fig.3, the 
approximation line should be sloped from right to left. 
However, the neutralization depths were constant 
nevertheless the progressing of time. It was considered that 
the reason was the assumed thickness of disappeared mortar; 
constant 6mm thickness of mortar. It meant that the exposure 
of coarse aggregate was actualized when the 6mm thickness 
of mortar was disappeared, but it would be difficult to 
evaluate the actual disappearance accurately at the presence 
in case if more than 6mm thickness of mortar had lost. Thus, 
it will be possible to evaluate the actual neutralization depth if 
the actual disappearance thickness of mortar could be 
obtained in detail in the future. 

5 CONCLUSIONS 
Based on the results of this experimental investigation 
concerns to neutralization of actual hydraulic concrete 
structures, the following conclusions are drawn: 
1) Comparing the air part and water part of neutralization 
depth and coefficient of neutralization velocity, both values 
of water part were smaller than those of air part. Moreover, 
standard deviation also showed the same tendency with above 
result.  
2) Those differences between air part and water part were not 
confirmed when considering the estimated thickness 6mm of 
disappeared mortar. 
3) Coefficient of neutralization velocity of hydraulic concrete 
structures was smaller than that of general civil engineering 
structures even though the nominal strength was equivalent 
each other.  

6 FURTHER RESEARCH 
It has not clarified the exact progressive process of 
neutralization in water part. For establishing the progressive 
prediction method, further studies concerns to the 
deterioration mechanism on water part of concrete should be 
examined, including the relationship between neutralization 
and abrasion of hydraulic concrete structures. 
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1. INTRODUCTION 
Geosynthetics include exclusively man made polymeric 
products such as geotextiles, geogrids, geonets, 
geomembranes, geosynthetic clay liners, and geocomposites.  
Polypropylene, polyester, polyethylene, polyamide, 
polyvinyl choride, and polystyrene are the major polymers 
used to manufacture geosynthetics. It is not the properties of 
the polymers, but the properties of the final polymeric 
products that are of interest to civil and environmental 
engineering applications. Geosynthetics are used as part of 
the geotechnical, transportation, and environmental facilities. 
Geosynthetic products perform five main functions: 
separation, reinforcement, filtration, drainage, and 
containment (hydraulic barrier). However, in most 
applications, geosynthetics typically perform more than one 
major function [1]. 
Geogrids are matrix like materials with large open spaces 
called apertures, which are typically 10 to 100mm between 
ribs that are called longitudinal and transvers respectively. 
The ribs themselves can be manufactured from a number of 
different materials, and the rib cross-over joining or 
junction-bonding methods can vary. The primary function of 
geogrids is clearly reinforcement [2].  
Geogrid, is also defined as a geosynthetic formed by a regular 
network of integrally connected elements and possess 
apertures greater than 6.35 mm (1⁄4 inch) to allow 
interlocking with surrounding soil, rock, earth, and other 
surrounding materials to primarily function as reinforcement 
[3].  

 
 

Ribs for geogrids are the continuous elements of a geogrid 
which are either in the machine (MD) or cross-machine 
direction (XMD) as manufactured; Junction is the point 
where geogrid ribs are interconnected to provide structural 
and dimensional stability. 
Geogrid is stiff or flexible polymer grid-like sheets with large 
apertures used primarily for stabilization and reinforcement 
of unstable or weak soil. The general types of geogrid are: 

1- Unidirectional geogrid. 
2- Bidirectional geogrid. 
3- Extruded geogrid. 
4- Bonded geogrid. 
5- Woven geogrid, [2]‐[3].  

A significant development plan is expected in Iraq. The use of 
geosynthetics in the construction is anticipated.  There is no 
local experience in measuring the mechanical properties of 
geogrids, in this work an experience has been built up. Also it 
is necessary to establish an idea of the available types of 
geogrids first in Iraq, second in neighboring countries and 
third in developed countries in order to be readily aware of the 
available options in the markets.   
 
2. EFFECT OF GEOGRID PROPERTIES 
The principal requirements of reinforcing materials are 
strength and stability (low tendency to creep), durability, ease 
of handling, a high coefficient of friction and or adherence 
with the soil, together with low cost and ready availability [4]. 
The selection of fabric for a particular construction 
application must necessarily depend upon adequate and 
suitable fabric properties and characteristics [5]. 
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plan is expected in Iraq. The use of modern techniques like geogrid reinforced earth is expected. It is essential to gain 
experience in testing methods of geogrids using the available materials produced nationally, in neighboring countries and in 
developed countries. Some manufacturers do not provide sufficient data on the tensile properties of their products. 
This paper presents data obtained from a series of laboratory tests performed on various configurations of geogrids. The tests 
are conducted to determine the physical properties of various seven types of geogrids, these types of geogrids were 
manufactured in Iraq, Iran, China and Britain. The mechanical properties included peak tensile strength, modulus of elasticity, 
upper yield strength, lower yield strength, tensile strength, non-proportional extension strength, total extension strength, 
fracture elongation, elongation at maximum load and total elongation as well as other physical properties such as aperture size, 
mass per unit area, rib thickness, rib width, junction thickness, roll width, mesh type, standard color and polymer type. The 
single rib strength test according to ASTM 6637-01 was performed using a computer controlled electronic universal testing 
machine. The results were compared with some information available from the manufacturers. Good agreement was found 
between the results obtained from the present tests and those given by manufacturers. 
Keywords: geogrid, tensile strength, modulus of elasticity, elongation, polymer type. 

MEASUREMENT OF TENSILE PROPERTIES OF GEOGRIDS 

Author1, Author2 and Author 3 
Institute, Country 

Second International Conference on Geotechnique, Construction Materials and 
Environment, Kuala Lumpur, Malaysia, Nov. 19-21, 2012, ISBN: 978-4-9905958-1-4 

Raid R. Al-Omari1and Mohammed K. Fekheraldin2 
1Professor, Civil Engineering Department, Nahrain University, Baghdad, Iraq, Email: tosharaid@yahoo.com, Mobile: 
00964-7901699487 
2Assistant Lecturer, Civil Engineering Department, Kufa University, Najaf, Iraq, Email: Kadum_fekheraldin@yahoo.com, 
Mobile: 00964-7811497218 

622



  

Geogrid tests are unique in a number of aspects when 
compared with geotextiles. Properties relating to separation, 
filtration, drainage, and barrier applications are not included 
since geogrids always serve the primary function of 
reinforcement [2].   
The effective important properties of geogrids may be 
concerned in three main properties: 

1- Physical properties. 
2- Mechanical properties. 
3- Endurance properties. 

Many of the physical properties of geogrids including the 
weight (mass), type of structure, rib dimensions, junction 
type, aperture size, and thickness can be measured directly 
and are relatively straightforward. Other properties that are of 
interest are mass per unit area, which varies over a 
tremendous range from 200 to 1000 g/m2, and percent open 
area, which varies from 40 to 95%. The latter suggests that 
almost all soils will communicate, or strike-through the plane 
of geogrids, [2]. 
The effect of geogrid aperture size on the obtained 
enhancement in strength was previously studied.  Al-Omari, 
et al., (1987) investigated the effect of interlocking 
mechanism between soil particles and the aperture of the 
mesh using triaxial compression tests. It was concluded that 
the strength enhancement in mesh reinforced sand depends on 
the mechanism of interlocking which in turn affected by the 
ratio of aperture size to particle diameter [6].  
 
The mechanical properties of geogrids include the geogrid 
stiffness, the peak tensile strength, modulus of elasticity, 
upper yield strength, lower yield strength, tensile strength, 
non-proportional extension strength, total extension strength, 
fracture elongation, elongation at maximum load and total 
elongation. 
Al-Omari and Hamodi (1991) studied the effect of geogrids 
of varying stiffness values embedded in clays of different 
plasticity indices and they concluded that the reduction in 
swell increased with increasing the geogred stiffness [7].  
Also Al-Omari, et al., (1995) investigated the effect of 
stiffness of geogrids using triaxial test on plastic mesh 
reinforced sand. The sand density, mesh stiffness and the 
number of reinforcing layers were varied and they concluded 
that there may be limiting reinforcement stiffness, influenced 
by the number of reinforcing layers after which there will be 
no further gain in strength [8]. 
As geogrid are used in critical reinforcement applications, 
some of which require long service lifetimes, it is generally 
necessary to evaluate selected endurance properties [2]. 

3. Tensile Properties of Geogrids using the Single or 
Multi-Rib Tensile Method 

 
The single or multi-rib tensile test methods cover the 
determination of the tensile strength properties of geogrids by 
subjecting strips of varying width to tensile loading. Three 
alternative procedures are provided to determine the tensile 
strength, as follows: 

3.1 Method A—Testing a Single Geogrid Rib in Tension 

(N or lbf). 

In this method, a single, representative rib specimen of a 
geogrid is clamped and placed under a tensile force using a 
constant rate of extension testing machine. The tensile force 
required to fail (rupture) the specimen is recorded. The 
ultimate single rib tensile strength (N or lbf) is then 
determined based on the average of six single rib tensile tests 
[3]. 
The initial tendency when assessing a geogrid tensile strength 
is to pull a single rib in tension until failure and then to note its 
behavior. A secondary tendency is to evaluate the in-isolation 
junction strength by pulling a longitudinal rib away from its 
transverse rib junction. It is important to state “in-isolation” 
since there is no normal stress on the junction; strength test 
must be done with the entire geogrid structure contained 
within soil embedment, [2]. 
A single rib tension strength test merely uses a constant 
rate-of-extension testing machine to pull a single rib to 
failure. For unidirectional geogrids, this would most likely be 
a longitudinal rib. For bidirectional geogrids, both 
longitudinal and transverse ribs require evaluation. By 
knowing the repeat pattern of the ribs, equivalent wide-width 
strength can be calculated. Alternatively, a number of ribs can 
be tested simultaneously to obtain a more statistically 
accurate value for the wide-width strength [3]. 
An in-isolation junction or node strength test can also be 
performed. The test method uses a clamping fixture that grips 
the transverse ribs of the geogrid immediately adjacent to and 
on each side of the longitudinal rib as shown in Fig. 1. The 
lower portion of the longitudinal rib is gripped in a standard 
clamp, and both clamps are mounted in a tensile testing 
machine, where the test specimen is pulled apart. The strength 
of the junction, in force units, is obtained [2]. 
The sample may be taken from the end portion of a roll 
provided there is no evidence it is distorted or different from 
other portions of the roll. The specimens shall consist of three 
(3) junctions or 300 mm in length (12 in.), in order to 
establish a minimum specimen length in the direction of the 
test (either the machine or cross-machine direction). All 
specimens should be free of surface defects, etc., not typical 
of the laboratory sample. Take no specimens nearer the 
selvage edge along the geogrid than 1⁄10 the width of the 
sample. Prepare each finished specimen, as shown in Fig.1, to 
contain one rib in the cross-test wide by at least three 
junctions (two apertures) long in the direction of the testing, 
with the length dimension being designated and accurately 
cut parallel to the direction for which the tensile strength is 
being measured. The outermost ribs are cut prior to testing to 
prevent slippage from occurring within the clamps. For those 
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cases where the outermost ribs are severed, the test results 
shall be based on the unit of width associated with the number 
of intact ribs [3].  
 

 
Figure 1: Test fixture measuring in-isolation junction strength 
 

 
3.2 Method B—Testing Multiple Geogrid Ribs in      

Tension (kN/m or lbf/ft).  

A relatively wide specimen is gripped across its entire width 
in the clamps of a constant rate of extension type tensile 
testing machine operated at a prescribed rate of extension, 
applying a uniaxial load to the specimen until the specimen 
ruptures. Tensile strength (kN/m or lbf/ft), elongation, and 
secant modulus of the test specimen can be calculated from 
machine scales, dials, recording charts, or an interfaced 
computer [3]. 

 
3.3 Method C—Testing Multiple Layers of Multiple     

Geogrid Ribs in Tension (kN/m or lbf/ft) 

 A relatively wide, multiple layered specimen is gripped 
across its entire width in the clamps of a constant rate of 
extension type tensile testing machine operated at a 
prescribed rate of extension, applying a uniaxial load to the 
specimen until the specimen ruptures. Tensile strength (kN/m 
or lbf/ft), elongation and secant modulus of the test specimen 
can be calculated from machine scales, dials recording charts, 
or an interfaced computer [3]. 
 
4. The used geogrids 

With BS 8006, FHWA-SA-96-071, and independent 
certification of product characteristics by the British Board of 
Agreement, a sound base for the use of reinforcing products, 
whether flexible or stiff, is now available. A range of geogrid 
products with varying strength and made in different ways is 
now available from which users can select the product best 
suited to their purpose. The strength of the geogrids varies 
between 20 and 250 kN/m, and they are used in both road 

constructions and reinforced slopes. Geogrids can be divided 
into two groups [9]: 
Stiff geogrids, mostly high density polyethylene (HDPE) 
with a monolithic mesh structure. 
 Flexible geogrids, mostly polyethylene terephthalate (PET) 
with poly vinyl chloride (PVC) or acrylic coating with 
mechanically connected longitudinal and transverse 
elements. 
The main design requirements for the use of geogrids in soil 
structures result from the geotechnical design. This includes 
the calculation of different failure modes resulting in 
requirements for: axial tensile design strength of the geogrid 
and maximum strain requirements in the geogrid [9]. 
In this work the stress-strain properties of various types of 
geogrids (seven types) manufactured in four different 
countries are investigated. The following types of geogrids 
have been employed in this work: Netlon CE121and Tensar 
SS2, manufactured in Britain, a type of geogrid manufactured 
in Iraq and a type  manufactured in China, SQ12, SQ15 and 
CE131 manufactured by Pars Mesh Polymer in Iran, Fig. 2 
shows the types of geogrids. 

 
Figure 2: The various types of geogrids used in the work 
 
5. Experimental Results  

In the present work a large number of samples (90 samples) 
were tested by computer controlled electronic universal 
testing machine and this machine give the information as 
follow; peak tensile strength, modulus of elasticity, upper 
yield strength, lower yield strength, tensile strength, 
non-proportional extension strength, total extension strength, 
fracture elongation, elongation at maximum load and total 
elongation after completing test for each geogrid type. Figure 
3 shows sample test using the computer controlled electronic 
universal testing machine and Fig. 4 demonstrates the 
information given from this testing machine. 

 
Netlon CE121     Tensar SS2                         Iraqi geogrid        China geogrid 

               
             PMP SQ12         PMP SQ15            PMP CE131                            
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Figure 3: Computer controlled electronic universal testing 
machine 
 

 
Figure 4: Information given after test from computer 

controlled electronic universal testing machine 
 
The properties of the geogrids employed in this work are as 
follow; 
 
Netlon CE 121 
This geogrid was manufactured by the British Company 
Netlon ltd. The physical and the presently determined 
mechanical properties of this type of geogrid are summarized 
in Table 1. The results of single rib test, as determined in the 
present work, are shown in Figs. 5a and b. 

Table 1: The physical and mechanical properties of Netlon 
CE121 geogrid 

The physical properties 
Property  Data 
Mesh type Diamond 
Standard color  Black 
Polymer type HDPE 
Packaging Rolls 

Dimensional Properties 
Property Unit Data 

Aperture size(MD/XMD) 
 

mm 6*8 

Mass per unit area g/m2 740 
Rib thickness  mm 1.6/1.45 
Rib width mm 2/2.75 
Junction thickness mm 2.75 
Roll width  m 4 
Roll length m 50 

The Mechanical Properties 
Peak Tensile Strength kN/m 6.4 
Elastic modules GPa 0.39 
Upper yield strength MPa 5 
Lower yield strength MPa 5 
Tensile strength MPa 9 
Non-proportional extension 
strength  

MPa 6 

Total extension strength MPa 5 
Fracture  elongation % -99 
Elongation at maximum load  % 6 
Tota elongation % 11 
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Figure 5a: The load-deformation relationship of 

CE121 Netlon geogid 
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Tensar SS2 

This geogrid was manufactured by the British Company 
Netlon ltd. The physical and the presently determined 
mechanical properties of this type of geogrid are summarized 
in Table 2. The results of single rib test, as determined in the 
present work, are shown in Figs. 6a, b, c and d. 

 
Table 2: The physical and mechanical properties of Tensar 

SS2 geogrids 
 

The physical properties 
Property  Data 
Mesh type square 
Standard color  Black 
Polymer type HDPE 
Packaging Rolls 

Dimensional Properties 
Property Unit Data 

Aperture size(MD/XMD) mm 28/40 
Mass per unit area kg/m2 0.3 
Rib thickness MD/XMD mm 1.2/1.1 
Junction thickness mm 3.9 
Longitudinal rib width lw mm 3 
Transverse rib width tw mm 3 
Roll width  m 4 
Roll length m 50 

The Mechanical Properties 
Peak Tensile Strength MD/XMD kN/m 14.4/28.2 
Elastic modules MD/XMD GPa 0.57/0.99 
Upper yield strength MD/XMD MPa 1 /3 
Lower yield strength MD/XMD MPa 1/3 
Tensile strength MD/XMD MPa 24/30.7 
Fracture percentage elongation MD/XMD % -98/-98 
Percentage elongation at maximum load 
MD/XMD 

% 3.5/2.9 

Total percentage elongation MD/XMD % 5/4.25 
 
 
 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
         
 
                                                                 

          
Strain 

           Figure 6 b: The stress-strain relationship of Tensar SS2 
geogrid in XMD direction 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Strain 
Figure 5b: The stress-strain relationship of CE121 Netlon 

geogrid 
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Figure 6a: The load-deformation relationship of Tensar 

SS2 geogrid in XMD direction 
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Figure 6c: The load-deformation relationship of Tensar SS2 

geogrid in MD direction 
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The results of the present tests reasonably agree with results 
provided by the manufacturer, Tensar specification of geogrid 
SS2 in mechanical properties of single rib test. The results 
provided by the manufacturer are17.5 kN/m and 31.5 kN/m 
for MD and XMD respectively, while the values from the 
single rib test of Tensar SS2 by computer controlled 
electronic universal testing machine are 14.4 and 28.2 kN/M 
for MD and XMD respectively. The percentages of 
agreement are 82.3% and 89.5 for MD and XMD 
respectively. 
 

The Iraqi Geogrid 

A geogrid product manufactured in Iraq is employed. The 
physical and presently determined mechanical properties are 
illustrated in Table 3. Figure 7a and b demonstrates the 
obtained stress-strain and load-deformation relationships. 
 

Table 3: The physical and mechanical properties of Iraqi 
geogrid 

The physical properties 
Property  Data 
Mesh type Diamond 
Standard color  Blue 
Polymer type HDPE 
Packaging Rolls 

Dimensional Properties 
Property Unit Data 

Aperture size mm 21*18 
Mass per unit area g/m2 255 
Rib thickness  mm 1.4/2.25 
Junction thickness mm 3.3 
Rib width  mm 1.6/2 
Roll width  m 1.2 
Roll length m 30 

The Mechanical Properties 
Peak Tensile Strength  kN/m 1.6 

Elastic modules  GPa 0.083 
Upper yield strength  MPa 0 
Lower yield strength  MPa 0 
Tensile strength  MPa 7.5 
Fracture percentage elongation  % -99 
Percentage elongation at maximum load  % 9 
Total percentage elongation  % 21.1 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 

 

  

 

 

 

 

The China Geogrid 

       A geogrid produced in China is employed. The physical 
and the presently determined mechanical properties are 
illustrated in Table 4. Figure 8a and b demonstrates the 
obtained stress-strain and load-deformation 
relationships. 

 

Strain 
Figure 6d: The stress-strain relationship of Tensar SS2 geogrid 

in MD direction 
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Figure 7a: The load-deformation relationship of Iraqi geogrid 
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Figure 7b: The stress-strain relationship of Iraqi geogrid 
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Table 4: The physical and mechanical properties of China 
geogrid 
 

The physical properties 
Property  Data 
Mesh type Diamond 
Standard color  Green 
Polymer type HDPE 
Packaging Rolls 

Dimensional Properties 
Property Unit Data 

Aperture size  mm 12*15 
Mass per unit area g/m2 283 
Rib thickness  mm 1.2/1.1 
Junction thickness mm 1.9 
Rib width  mm 1.4/1.25 
Roll width  m 1.2 
Roll length m 30 

The Mechanical Properties 
Peak Tensile Strength  kN/m 1.1 
Elastic modules  GPa 0.03 
Upper yield strength  MPa ------- 
Lower yield strength  MPa ------- 
Tensile strength  MPa 6.5 
Fracture percentage elongation  % -99.5 
Percentage elongation at maximum 
load  

% 22.7 

Total percentage elongation  % 31.9 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

      

 

 

 

      

 

 

 

 

        

 

      

 

       PMP SQ12 

This geogrid is manufactured by the Iranian company 

Pars Mesh Polymer.  The physical and the presently 

determined mechanical properties of this geogrid are 

summarized in the Table 5. The results of single rib test, 

as determined in the present research are shown in Figs. 

9a and b. 
     Table 5: The physical and mechanical properties of SQ12 

geogrids 
The physical properties 

Property  Data 
Mesh type Square 
Standard color  Green 
Polymer type HDPE 
Packaging Rolls 

Dimensional Properties 
Property Unit Data 

Aperture size mm 12*12 
Mass per unit area g/m2 318 
Rib thickness  mm 1.7 
Junction thickness mm 1.6 
Longitudinal rib width lw mm 1.3 
Transverse rib width tw mm 1.6 
Roll width  m 1.2 
Roll length m 30 

The Mechanical Properties 
Peak Tensile Strength  kN/m 0.25 
Elastic modules  GPa 0.28 
Upper yield strength  MPa -------- 
Lower yield strength  MPa -------- 
Tensile strength  MPa 2 
Fracture percentage elongation  % -99.5 
Percentage elongation at 
maximum load  

% 1 

Total percentage elongation  % 5.5 

Deformation (mm) 
Figure 8a: The load-deformation relationship of China 

geogrid 
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Figure 8b: The stress-strain relationship of China geogrid 
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PMP SQ15 

This geogrid is manufactured by the Iranian company Pars 
Mesh Polymer. The physical and the presently determined 
mechanical properties of this geogrid are summarized in 
Table 6. The results of single rib, as determined in the present 
tests are shown in Figs. 10a and b. 
 

Table 6: The physical and mechanical properties of SQ15 
geogrids 

 
The physical properties 

Property  Data
Mesh type Square 
Standard color  Green 
Polymer type HDPE 
Packaging Rolls 

Dimensional Properties 

           
Property 

Unit Data 

Aperture size mm 24*24 
Mass per unit area g/m2 385 
Rib thickness  mm 2 
Junction thickness  mm 3.3 
Longitudinal rib width lw  mm 2.5 
Transverse rib width tw  mm 2.2 
Roll width  m 1.2 
Roll length m 20 

The Mechanical Properties 
Peak Tensile Strength  kN/m 2.41 
Elastic modules  GPa 0.١2/0.54 
Upper yield strength  MPa ----/---- 
Lower yield strength  MPa ----/---- 
Tensile strength  MPa 2 
Fracture percentage elongation % -9٧ 
Percentage elongation at maximum load  % 0.٥ 
Total percentage elongation  % 2 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Deformation (mm) 
Figure 9a: The load-deformation relationship of SQ12 

geogrid 

Lo
ad

 (k
N

) 

Strain 
Figure 9b: The stress-strain relationship of SQ12 geogrid 
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Figure 10a: The load-deformation relationship of SQ15 

geogrid  
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Figure 10b: The stress-strain relationship of SQ15 geogrid  
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PMP CE131 

This geogrid is manufactured by the Iranian company Pars 

Mesh Polymer. The physical and the presently determined 

mechanical properties of this geogrid are summarized in 

Table 7. The results of single rib test, as determined in the 

present research are shown in Figs. 11a and b.  

 
Table 7: The physical and mechanical properties of CE131 

geogrids 
The physical properties 

Property  Data 
Mesh type Square 
Standard color  Green 
Polymer type HDPE 
Packaging Rolls 

Dimensional Properties 
Property Unit Data 

Aperture size mm 34*34 
Mass per unit area g/m2 429 
Rib thickness  mm 2.8 
Junction thickness mm 5 
Longitudinal rib width lw mm 3.1 
Transverse rib width tw mm 3.1 
Roll width  m 1.2 
Roll length m 30 

The Mechanical Properties 
Peak Tensile Strength  kN/m 1.92
Elastic modules  GPa 0.3٢ 
Upper yield strength  MPa -------- 
Lower yield strength  MPa -------- 
Tensile strength  MPa 1 
Fracture percentage elongation  % -9٨.0 
Percentage elongation at maximum load  % 1.5 
Total percentage elongation  % 8.5 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 

6. Discussion of test results 

This study was carried out to investigate the parameters that 
govern the behavior of geogrids. The most significant results 
obtained from the present work are summarized in Table 8. It 
is obvious that Tensar SS2 and Netlon CE121 possess the 
higher tensile strength and modulus of elasticity. All other 
geogrids may be used for temporary structures or where 
modest strength is accepted. 
 

Table 8: Results of various geogrids 

Geogrid 

type 

Peak 

tensile 

strength 

MD/XMD

(kN/m) 

Modulus of 

elasticity 

MD/XMD  

(GPa) 

Rib 

Thickness 

MD/XMD 

(mm) 

Mass 

per 

unit 

area 

(g/m2) 

Rib 

width 

Lw/tw 

(mm) 

Netlon 

CE121 

6.4 0.39 1.6/1.45 740 2/2.75 

Tensar 

SS2 

14.4/28.2 0.57/0.99 1.2/1.1 300 3/3 

Iraqi 

geogrid 

1.6 0.083 1.4/2.25 255 1.6/2 

China 

geogrid 

1.1 0.03 1.2/1.1 283 1.4/1.25

PMP 

SQ12 

0.25 0.28 1.7 318 1.3/1.6 

PMP 

SQ15 

2.41 0.12/0.54 2 385 2.5/2.2 

CE131 1.92 0.32 2.8 429 3.1/3.1 

 

Deformation (mm) 
Figure 11a: The load-deformation relationship of CE131 

geogrid 
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Figure 11b: The stress-strain relationship of CE131 geogrid 
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7. CONCLUSION 
Based on this experimental study the following conclusions 
may be drawn: 

1- The geogrids Netlon CE121 and Tensar SS2 have 
tensile strength and elastic modulus higher than 
other geogrids made by different manufactures. 

2- The tensile strength and elastic modulus are not 
dependent on the density of materials but dependent 
on type of polymer used and method of manufacture. 

3- The dimensional properties such as rib thickness, 
junction thickness, longitudinal and transverse rib 
width of geogrid play important role in the 
mechanical properties such as tensile and elastic 
modulus. 

4- The effect of tensile strength and stiffness is more 
significant than elastic modulus when geogrids are 
used as reinforcement in the soil. 

.  
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1. INTRODUCTION 
In an excavation without any support system, swelling rock 
moves inside and causes problems associated with reduced 
cross sectional area. When excavation is reinforced by 
support systems, swelling will usually cause considerable 
damages to the support system. The pressure from swelling 
rocks to the support system and lining of underground 
openings has been the focus in recent years. 
Basma et al. (2000) implemented ANNs for modeling the 
time dependent swelling of expansive soils [1]. They 
attempted to implement sequential ANN for modeling the 
time dependent swelling strain of expansive soils. Soil 
samples with varying properties were selected and tested for 
expansion under three different initial applied pressures (25, 
100, and 200 kPa) to develop the database used for training 
and testing the neural network. The input parameters used in 
the network included the soil initial dry unit weight, water 
content, initial applied pressure, percent clay content, 
plasticity index and the percent swell at time i. Different 
models based on the ANN approach were developed for 
determination of the swelling parameters of some clayey soils 
present in the Oltrepo Pavese area by Meisina and Najjar 
(2004). Some models were developed to estimate the swelling 
pressure and others were employed to estimate the swelling 
strain. A different number of variables (atterberg limit, clay 
content, methylene blue absorption, water content, dry 
density and soil suction) were selected to represent the inputs 
for the models [2]. Moosavi et al. (2006) modeled the cyclic 
swelling behavior of mudstone using ANNs. Each sample has 
its own swell model and a general model for all studied 
samples is lacking. The duration of a swelling cycle is divided 
to twelve equal points. The swell pressure of a desired point is 
 
 

predictedaccording to its four previous points [3]. In a recent 
research, Doostmohammadi et al. (2008) have used ANN for 
predicting the swelling strain and pressure of mudstone under 
different boundry conditions [4]. The input data for their 
model are the result of some standard laboratory tests that 
have been proposed by ISRM and Madsen [5]-[6]-[7].  

2. SWELLING TESTS AND SAMPLE 
CHARACTERIZATION 

Mudstone cores for experimental study were obtained from 
drilled holes at Masjed-Soleiman Underground hydroelectric 
power plant (UHEPP). Table 1 shows the mineral 
composition of six samples taken from mudstone at different 
locations of Power House Cavern (PHC). 

2.1 Free swelling strain test 
This test is intended to measure the swelling strain developed 
when an unconfined, undisturbed rock specimen is immersed 
in water [7]. Such conditions happen in ground surface and 
shallow trenches. Some results of this test on mudstone 
samples are shown in Fig.1. 
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Fig.1. The result of the free swelling tests for mudstone 

samples 
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Table 1. The mineralogy of mudstone samples. 

 

2.2 Semi confined swelling strain test 
This test is intended to measure the axial swelling strain under 
a constant axial load of a radially confined, undisturbed rock 
specimen when immersed in water [7]. Examples of such 
conditions are tunnel inverts or swelling ground under 
foundations. Some results of this test on mudstone samples 
are shown in Fig. 2. 
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Fig.2. The result of the semi confined swelling strain test for 

mudstone samples 

 

2.3 Swelling pressure test  
This test is intended to measure the pressure necessary to 
constrain an undisturbed rock specimen at constant volume 
when it is immersed in water [7]. Such conditions happen in 
lined tunnels containing swelling rock beds. Some results of 
this test on mudstone samples are shown in Fig. 3. The high 
swelling pressure is reffered to osmotic or double layer 
swelling as reported by seedsman [8]. 
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Fig.3. The result of the swelling pressure test  

 

2.4 Semi confined swelling strain and pressure test 
This test is intended to measure the axial swelling strain and 
pressure of specimen in contact of deformable axial boundary 
condition. An example of such conditions is the roof of 
tunnels supported by deformable reinforcements. Some 
results of this test on mudstone samples are shown in Fig.4 
and Fig.5. 
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Fig.4.  The result of the variation of the swelling strain under 

constant axial stiffness 
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Fig.5. The result of the variation of the swelling pressure 

under constant axial stiffness 
 

Sample number Sa.1 Sa.2 Sa.3 Sa.4 Sa.5 Sa.6 
Montmorillonite (%) 5.9 3.6 3 2.8 3.8 2.5 

Illite (%) 4.2 8.2 8.5 5.5 10.3 7.6 
Kaolinite (%) 7.9 3.6 0 2.8 3.4 4.1 
Chlorite (%) 8.8 6.4 4.5 5.6 7 2.7 
Quartz (%) 11.3 10.3 14.2 15.25 12.1 18 

Feldespar (%) 10.2 12.5 6 3.4 3.4 3.1 
Calcite (%) 36.9 39.8 48.7 49.6 49.6 49.7 

Dolomite (%) 14.8 15.6 15.1 15.05 10.4 12.3 
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3. DEVELOPMENT OF ANFIS FOR MODELING THE 
SWELLING POTENTIAL  

3.1 Concept of ANFIS 
The fuzzy logic approach is based on the linguistic uncertain 
expression rather than numerical uncertainty. The main 
problem with this approach is that there is no systematic 
procedure for a design of fuzzy controller. Basically a fuzzy 
inference system (FIS) is composed of five functional blocks 
(Fig. 6). 
- A rule base containing a number of fuzzy if-then rules; 
- A database which defines the membership functions of the 
fuzzy sets used in the fuzzy rules; 
- A decision-making unit which performs the inference 
operation on the rules; 
 
 

 
 

Fig.6. The general structure of the fuzzy Inference System 
 

- A defuzzification interface which transform the fuzzy 
results of the inference into a crisp output.  
Jang (1993) introduced a novel architecture and learning 
procedure for the FIS that uses a neural network learning 
algorithm for constructing a set of fuzzy if–then rules with 
appropriate membership functions from the stipulated 
input–output pairs. This procedure of developing a FIS using 
the framework of adaptive neural networks is called an 
adaptive network-based fuzzy inference system [9]. 
ANFIS is a Sugeno-type FIS. The general structure of the 
ANFIS is presented in Fig.7. It is assumed that the FIS has 
two inputs x and y and one output z. suppose that the rule base 
contains two fuzzy if-then rules of Takagi and sugeno’s type: 
If x is A1 and y is B1 Then f1=p1.x+q1.y+r1                    (1)                                                          
If x is A2 and y is B2 Then f2=p2.x+q2.y+r2                    (2)                                                         
Where A1, A2 and B1, B2 are the membership functions for 
inputs x and y, respectively; p1, q1, r1 and p2, q2, r2 are the 
parameters of the output function. Fig.7(a) illustrates the 
fuzzy reasoning mechanism for this Sugeno model to derive 
an output function (f) from a given input vector [x,y]. The 
corresponding equivalent ANFIS architecture is presented in 
Fig.7(b), where nodes of the same layer have similar 
functions. The functioning of the ANFIS is as follows: 
Layer 1: Each node in this layer generates membership grades 
of an input variable. The node output 1

iOP is defined by: 

)(1 xOP Aii µ=  for i=1, 2                                                              (3)                                                                              

)()2(
1 xOP iBi −= µ for i=3, 4                                              (4) 

Where x (or y) is the input to the node; Ai (or Bi-2) is a fuzzy 
set associated with this node, characterized by the shape of 
the MFs in this node and can be any appropriate functions that 
are continuous and piecewise differentiable such as Gaussian, 
generalized bell, trapezoidal and triangular shaped functions.  
Layer 2: Every node in this layer multiplies the incoming 
signals. 
Layer 3: The ith node of this layer, labeled as N, computes the 
normalized firing strengths. 
Layer 4: Node i in this layer computes the contribution of the 
ith rule towards the model output, with the following node 
function: 

)(4
iiiiiii ryqxpwfwOP ++==                                     (5) 

where iw  is the output of layer 3 and {pi, qi, ri} is the 
parameter set. 
Layer 5: The single node in this layer computes the overall 
output of the ANFIS as: 

∑
∑

∑ ===
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fwoutputOverallOP _5         (6) 

 

 
 
Fig.7. Schematic of fuzzy and neurofuzzy paradigm: (a)fuzzy 

inference system and (b)equivalent ANFIS architecture 
 
The parameters for optimization in an ANFIS are the premise 
parameters {ai, bi, ci}, which describe the shape of the MFs, 
and the consequent parameters {pi, qi, ri}, which describe the 
overall output of the system. The basic learning rule of an 
adaptive network, the back propagation algorithm which is 
based on the gradient descent rule, can be successfully 
applied to estimate these parameters[10].  
 

3.2 ANFIS model development 
The swell potential tests according to part 3 were performed 
to develop and assess the ANFIS model. Swelling potential 
tests including 354 data points are used for training (283 data  
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Table 2. Maximum swelling strain and pressure using ANFIS and ANN models 
 

 Maximum swelling strain(%) Maximum swelling pressure(kPa) 

 Real Data ANN ANFIS Real Data ANN ANFIS 

Test 1 0.45 0.49 2.06 382 448 546 

Test2 0.001 0.001 0.00 737 730 607 

 
 
 

 
 
 

Table 3. Correlation coefficient and error in predication of swelling strain and pressure   
 

 Time dependent swelling strain(%) Time dependent swelling pressure(kPa) 

 Error Correlation coefficient Error Correlation coefficient 

 ANN ANFIS ANN ANFIS ANN ANFIS ANN ANFIS 

Test 1 0.102 3.57 0.963 0.845 0.174 0.43 0.984 0.960 

Test 2 0.00 1.00 0.998 0.998 0.0095 0.176 0.978 0.954 

 
points) and testing (71 data points) the model. The training 
and testing data points include 80% and 20% of the total data 
points are selected randomly from the total data points. 
The input parameters are selected according to the important 
affecting factors in swelling potential and boundary 
conditions. Five parameters are considered for modeling the 
swelling potential: time at which swell potential is measured, 
stiffness in radial direction, percentage of swollen clays 
(montmorillonite) content, initial dead pressure in axial 
direction and stiffness in axial direction. The output 
parameters are swelling strain and swelling pressure.  
In the present study, two triangular membership functions 
have been assigned to each input variable. Each input variable 
is classified into two fuzzy categories with linguistic 
attributes. The initial values of the premise parameters are set 
in such a way that the centers of the MF are equally spaced 
along the range of each input variable.  
 

 
Fig.8. Final MFs for swelling pressure after training 

 

 
The model structure is implemented using the fuzzy logic 
toolbox of MATLAB software package. 
The hybrid algorithm used in the present study for optimizing 
the parameters allows a fast identification of parameters and 
substantially reduces the time needed to reach convergence. 
Fig.8 shows the final MFs for ANFIS pressure model after 
training. 
The ANFIS model is tested using a matrix of 71 samples 
obtained from different laboratory testing groups. These data 
points were not used in training the model. The ANFIS model 
is used to predict the swelling strain and pressure. The real 
and predicted maximum strain and pressure for two test 
dataset are presented in Table 2.  
The performance of the ANFIS model is evaluated by 
statistical indexes and is compared to that of ANN method. 
The error and correlation coefficient are determined as 
follows: 
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Where x=forecasted values, y=measured values, x =mean of 

forecasted values, y =mean of measured values and N= 
number of data points.  
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The correlation coefficient and error for predicted strain and 
pressure using ANFIS and ANN model are presented in Table 
3, also. 
It is observed that ANFIS predicts the swelling potential with 
higher error and lower correlation coefficient in comparison 
with ANN.  
 
4 CONCLUSIONS 
a) The results of standard swelling potential tests are 
correlated using ANFIS method. The ANFIS uses the time at 
which swell potential is measured, stiffness in radial 
direction, percent of swollen clay content, initial dead 
pressure in axial direction, stiffness in axial direction as input 
parameters to develop the model. It was shown that ANFIS 
model can be employed to simulate the swelling potential of 
mudstone.  
b) The proposed model can be used to determine the swelling 
response of rocks under different boundary conditions (free 
radial boundary, rigid radial boundary, free axial boundary, 
rigid axial boundary and deformable axial boundary). The 
result of this model can be applied to predict the interaction of 
swelling rocks and support systems in underground 
excavations which usually have argillaceous boundaries. 
c) The difference in the maximum swelling strain obtained 
from the two methods is large as given in table 2. It has been 
observed that ANN (which has been found in literature) 
outperforms ANFIS. Differing from ANN, ANFIS is 
transparent rather than a black box. 
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 INTRODUCTION 1.
Many embankments constructed on soft grounds are 
susceptible to failure and large settlements [1]. These 
stability problems of embankments on soft soils occur due 
to high compressibility and low shear strength of soil. Many 
of the ground improvement techniques, which have been 
used in the past to increase the shear strength of the soil, are 
time-consuming and uneconomical. Hence an alternative 
method such as soil reinforcing by geosynthetics is needed 
to solve this problem. The emergence of geosynthetic 
reinforcement in recent times has revolutionized the 
concept of ground improvement. The idea behind this 
technique is to make use of the tensile strength of the 
reinforcement to limit the spreading of the embankment and 
lateral displacement of the soft foundation [2]. Although 
geosynthetics have been widely used in practice to improve 
the stability of various geotechnical projects, the 
reinforcement mechanisms are still far from clear [3], so 
designing an embankment on a soft soil still raises several 
concerns related to the weak geotechnical properties of the 
soft soil. In recent years, there have been a series of 
centrifuge tests conducted on scaled-down 
geosynthetics-reinforce structures to investigate the 
reinforcement mechanisms.  
 This paper deals with the study of settlement and 
deformation behavior of reinforced and unreinforced 
embankments subjected to accelerate gravity conditions in 
small beam centrifuge at the department of geology of 
Universiti Kebangsaan Malaysia (UKM). Series of 
centrifuge tests have been conducted by varying the 
characteristics of foundation soil material. 
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 Centrifuge Modeling 2.
Reduced scale models are economical and timesaving 
alternatives to full scale tasting. Centrifuge model testing is 
an example of small-scale models and is a useful tool in the 
investigation of geotechnical problems because of its ability 
to reproduce the same stress levels in a small-scale model as 
those present in a full-scale prototype [2]. 
The focus of this paper is on geotextile reinforced 
embankment and its deformation behavior is highly 
influenced by the presence of prototype stress conditions 
and it is possible to achieve those levels of stresses in the 
laboratory with the help of centrifuge modeling technique 
[4]. 
 

2.1 Description of small geotechnical centrifuge 
Centrifuge tests were carry out with small geotechnical 
centrifuge apparatus at department of geology, faculty of 
Science and technology FST, national university of 
Malaysia (UKM), under the supervision of associated 
professor Dr. Wan Zuhairi Wan Yaacob. 
The apparatus is a small-size beam-type centrifuge, 
designed to allow centrifuge testing of soil package up to 
6Kg with a maximum rotational speed of 500rpm and can 
accelerate up to 140 in units of times gravity at an effective 
radius of 0.5 m. The capacity of the small geotechnical 
centrifuge is 0.84 g-ton machine (140 g x 0.6 kg). For 
observing the performance of model during the test, the 
centrifuge apparatus is equipped with colored digital video 
camera and high-speed stroboscope. The recorded of 
moving images can be stored directly into the computer. 
Real time video images can also be observed on the LCD 
monitor installed in the operation room.  
An overall view of centrifuge apparatus and its equipment 
is shown in Fig. 1. 
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Keywords: Reinforced Embankment, Centrifuge test, Soft foundation 

        
         

 



 

638 
 

 

Fig. 1. Overall view of small geotechnical centrifuge 
apparatus. 

2.2 Test Box 
The soil sample box with dimensions of 28cm (length) x 
10cm (width) x 19.5cm (height) was placed in a strongbox 
that was fixed to the centrifuge arm. The strongbox 
constructed with aluminum walls and Perspex at the front to 
allow the sample to be seen during the test. To adjust the 
balance during the flight a counterweight was placed at the 
opposite centrifuge arm (Fig. 2).The front wall Perspex 
allows viewing and measuring the settlements and 
deformations of models after each test. To monitor the soil 
settlement during testing, a sketch of embankment and 
foundation layers were drawn on the front surface of the 
model specimens [5]. 

 
Fig 2. Small-sized beam- type centrifuge 
 
Details of the small geotechnical centrifuge are shown in 
Table 1. 

Table I. Specification of small geotechnical centrifuge 
Parameter Value 

Package volume 
Package mass 
Drive Power 
Rotational speed 
Radius at base package 
Acceleration 
Centrifuge capacity 

290mm x 100mm x 195mm 
6 kg 
600 W 
80 to 500 rpm 
0.5 m 
3 to 140 g 
0.84 g-ton 

 

2.3  Centrifuge models 
 In this research study, five distinct models base on 
different conditions of embankment/foundation and 
different conditions of reinforcement are tested in 
centrifuge apparatus. 

Case I: Stiff embankment on soft soil foundation 
(Clay/Kaolin).  

Case II: Unreinforced soft soil embankment (Clayey 
sand) on stiff soil  foundation (Compacte    

Case III: Unreinforced soft soil embankment (Clayey sand) 
on soft soil  foundation (clay/kaolin).  

Case IV: Reinforced soft soil (clay/kaolin) embankment on 
stiff  soil foundation (Compacted sand).  

Case V: Reinforced soft soil (clayey sand) embankment on 
soft soil  foundation (clay/kaolin).  

The general condition of each case is listed in Table II. In 
four models clayey-sand is used as fill material and in one 
model a wooden embankment is used to simulate a stiff 
rigid embankment. Compacted sand was modeled as hard 
soil foundation while the consolidated kaolin was modeled 
as soft soil foundation. Three models are unreinforced and 
two models are reinforced with textile. 
The scaled-down centrifugal embankment has a height of 
5cm, a crest width of 14cm and slope of 1V to 1H, 
underlain by a soft kaolin foundation of 7cm thickness. Due 
to inherent symmetry about the centerline, only one half of 
the structure was modeled. Sectional view of model is 
shown schematically in fig. 3. 

Table II. Condition of embankments and foundations in 
centrifuge tests 

NO. Foundation Fill Material Reinforcement 

1 
2 
3 
4 
5 

Kaolin 
Sand 

Kaolin 
Sand 

Kaolin 

Wooden block 
Clayey-Sand 
Clayey-Sand 
Clayey-Sand 
Clayey-Sand 

- 
- 
- 

Textile 
Textile 

 
 
 

 
Fig. 3. Sectional view of embankment model 
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 Model Preparation 3.

3.1 Foundation Material 
 
For soft foundation models, kaolin was mixed with an 
amount of water to obtain the moisture content of 31% 
(between optimum moisture content and liquid limit) and 
then placed in the test box to a thickness of a little bit higher 
than 7 cm. The kaolin layer in the test box was rotated using 
the centrifuge rotation speed of 50g for about 1 hour to 
consolidate and produce homogenous soft soil. At this 
condition, the undrained shear strength of kaolin was found 
to be 14 kPa, tested by mini vane shear equipment.  

For models with stiff foundation soil, dry sand was poured 
into sample box using raining technique and then rotated 
about 30 minutes with the speed of 50g. Table III and IV 
show the properties of kaolin and sand. The properties of 
the geotextile were obtained from tensile strength test at 
department of civil engineering, University Teknologi 
Malaysia (UTM) and are given in table V. 

Table III. Properties of kaolin 
Parameter Value 
Unsaturated unit weight (kN/m3) 
Saturated unit weight (kN/m3) 
Young’s modulus (kN/m2) 
Poisson’s ratio 
Cohesion (kN/m2) 
Friction angle 
Optimum moisture content (%) 
Liquid limit, LL (%) 
Plastic limit, PL (%) 
Plasticity index, Ip (%) 

14 
17 
1000 
0.33 
5 
15 
16.5 
38 
29.7 
8.3 

 
Table IV. Properties of sand 

Parameter Value 
Unsaturated unit weight (kN/m3) 
Saturated unit weight (kN/m3) 
Young’s modulus (kN/m2) 
Poisson’s ratio 
Cohesion (kN/m2) 
Friction angle 
 

16 
20 
10000 
0.3 
1 
33 
 

 
Table V. Properties of textile 

Parameter Value 
Thickness (mm) 
Tensile stress (kN/m) 
Elasticity modulus (Mpa) 
Tensile strain (%) 

0.17 
6.1 
65.3 
53.4 

 
 
Fig. 4 and 5 show the kaolin placement before and after 
centrifuge test, respectively. 
 
 
 
 
 
 

 

 
Fig. 4. The state of placed kaolin, before performing the 
centrifuge test 

 

 
Fig. 5. The state of placed kaolin, after performing the 
centrifuge test 

3.2 Fill Materials 
In the first model, a wooden block with the dimension of 
embankment was used to simulate a rigid, stiff 
embankment. For other models oven-dried kaolin mixed 
with oven-dried sand to provide clayey sand with 20% 
kaolin and 80% sand. Properties of clayey-sand are shown 
in table VI.  To prepare the embankment in the centrifuge 
box, a specific mold is used on the foundation soil and 
embankment was constructed by spreading the clayey sand 
into the mold and compacted in three layers by wood rod to 
simulate a similar compactive effort for all models. 
 
Table VI. Properties of Clayey-Sand 

Parameter Value 
Unsaturated unit weight (kN/m3) 
Saturated unit weight (kN/m3) 
Young’s modulus (kN/m2) 
Poisson’s ratio 
 

16 
19 
6000 
0.3 
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Fig.6 and Fig.7 show the clayey-sand soil embankments on 
sand and kaolin foundation before the centrifuge test, 
respectively. 
 
 

 
Fig. 6. Embankment on compacted sand foundation 
 
 

 
Fig. 7. Embankment on soft kaolin foundation 
 

  Centrifuge Test Methodology  4.
After preparing the model in sample box, the model 
weighted and then the sample box was fixed to the 
centrifuge arm. To balance the system, a counterweight 
equal to weight of sample added to opposite side of the 
centrifuge arm. To reduce the side friction, the sides of the 
strongbox were lubricated by applying silicon gel, which 
was especially necessary as only half of the embankment 
was modeled. 
The model was initially run at low acceleration. The models 
were subjected to a progressively increasing centrifugal 
acceleration limited to 50 g in about 60 minutes. At certain 
accelerations the test was maintained constant for certain 
times and then again the acceleration continued to increase. 
These certain accelerations and time maintained is shown in 
Table VII. 
 
 
 
 
 

 
Table VII. Gravity acceleration and time maintained of 
centrifuge test 

Time 
Maintained 

(minute) 

ω (rpm) Gravity (g) 
G=(1.18×10-3)×r*ω2 

5 
5 
5 

15 
10 
20 

120 
185 
225 
250 
285 
300 

8.5 
20 
30 
37 
48 
50 
 

 
5.   Results 
 
Case II: Fig. 8 and 9 show the deformation behavior of 
model II (unreinforced embankment on stiff foundation) 
after 60 minutes centrifugal rotation. 
 

 
Fig 8. Deformation behavior of model II (unreinforced 
embankment on stiff foundation) 
 
 

 
Fig. 9. Deformation behavior of model II (unreinforced 
embankment on stiff foundation) 
 
The measured settlement on the top of embankment after 
the centrifuge test is about 3 mm. 
 
 
Case III: the side view deformation behavior of model III 
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(unreinforced embankment on soft foundation) are 
displayed in Fig 10, 11 and 12 after 60 minutes centrifugal 
rotation. 
 
 

 
Fig 10. Deformation behavior of model III (unreinforced 
embankment on soft foundation) 
 
 

 
Fig. 11. Deformation behavior of model III (unreinforced 
embankment on soft foundation) 
 
 

 
Fig. 12. Deformation behavior of model III (unreinforced 
embankment on soft foundation) 
 
The measured settlement on the top of embankment is 

about 7 mm. 
 
Case IV: Fig 13 and 14 show the deformation behavior of 
model IV (reinforced embankment on stiff foundation) after 
60 min centrifugal rotation. 
 

 
Fig. 13. Deformation behavior of model IV (reinforced 
embankment on stiff foundation) 
 

 
Fig. 14. Deformation behavior of model IV (reinforced 
embankment on stiff foundation) 
 
The measured settlement on the top of embankment after 
the centrifuge test is about 0.5 mm. 
 
 
Case V: the side view deformation behavior of model V 
(reinforced embankment on soft foundation) are displayed 
in Fig 15, 16 and 17 after 60 minutes centrifugal rotation. 
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Fig. 15. Deformation behavior of model V (reinforced 
embankment on soft foundation) 
 

 
Fig. 16. Deformation behavior of model V (reinforced 
embankment on soft foundation) 
 

 
Fig. 17. Deformation behavior of model V (reinforced 
embankment on soft foundation) 
 
The measured settlement on the top of embankment after 
the centrifuge test is about 2 mm. 

1. CONCLUSION 
Five centrifuge tests were performed based on different 
conditions of foundation strength and embankment 
reinforcement at the small centrifuge equipment of UKM.  
The mini-centrifuge equipment of UKM, does not enable a 
comprehensive study of reinforced embankments. This 
refers obviously to the capacity of the centrifuge. The 
payload limitation compels one to choose problems with 
lesser complexities. The size of the strongbox is designed to 
take into account this limitation and hence make it possible 
to study a slope of 1:1 only. However, this apparatus has 
enabled the qualitative behavior of the phenomenon to be 
studied. 

 
As expected deformations of model 3 (soft embankment fill 
materials on soft foundation materials) was more than other 
models. To reduce deformations, the embankment was 
reinforced with textile. The results show that surface 
settlement and deformations of reinforced models are 
reduced about 71% for embankment on soft foundation and 
83% for embankment on stiff foundation. 
 
As shown in figures the type of deformation for 
unreinforced embankment on soft soils (model 3) is deep- 
rotational slide type but for other models is shallow- 
rotational slide type. This change is due to increasing the 
soil strength because of reinforcing the soil with textile 
(model 5) or using stiff foundation at models 2 and 4. 
 
The effect of side friction between soil and sidewall on 
deformation behavior is significant and should be 
considered. Efforts should be made in the centrifuge work 
to minimize the effects of side friction by using some 
martials like silicon grease to reduce the friction 
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1. INTRODUCTION 
Attempts have been made recently to reuse soft soils obtained 
from dredging conducted near ports and harbors. The 
methods developed so far include dehydration, segregation, 
and cement-treated techniques. Disadvantages as well as 
advantages have been found for each method. For example, 
dehydration and segregation methods usually take a long time 
to stabilize a large amount of dredged soils. Cement-treated 
methods take a shorter time compared to dehydration and 
segregation methods. However, cement-treated materials 
show brittle behavior; cracks are generated when the 
foundation layers show differential settlement owing to 
consolidation.  
 The focus of this study is on a granulating technique, which 
is used for overcoming these difficulties. The method 
converts the dredged soils with their high water content to 
granular materials by adding cement and polymer. To date, 
the authors’ research group has conducted fundamental 
studies on the geotechnical characteristics of cement-treated 
granular soils (CTGS) [1], [2]. These studies established the 
mixture design and the production method to obtain CTGS at 
low cost. Based on these findings, Dong et al. (2011) 
performed a series of laboratory tests to investigate the 
physical and mechanical properties of CTGS[3]. It was 
concluded that CTGS is a lightweight material because the 
particles include many voids. Therefore, it can be expected 
that CTGS would reduce the earth pressure acting on 
retaining walls if used as backfill soils. However, the 
applicability is not fully understood at present. In particular, it 
is important to clarify the effects of the CTGS fill depth and 
 
 

fill range on the seismic behavior of a quay wall. 
 Therefore, in this study, a series of dynamic centrifuge 
model tests and finite element analyses (FEA) were 
conducted to investigate the seismic behavior of quay walls 
backfilled with CTGS.  
 

 
 
Figure 1 Cement-treated granular soils (CTGS) prepared for 
centrifuge model tests 
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Figure 2 Particle size distributions of CTGS, Kawasaki clay, 
and Soma sand  

ABSTRACT 
 
Dynamic centrifuge model tests and finite element analyses (FEA) were conducted to investigate the seismic behavior 
of quay walls backfilled with cement-treated granular soils (CTGS). In particular, the effects of the CTGS fill depth and 
fill range on seismic behavior were investigated. The centrifuge model tests showed that no liquefaction was generated 
in the CTGS backfills. The quay wall’s horizontal displacement induced by the seismic loading decreased with 
increases in the CTGS fill depth because the earth pressure acting on the quay wall was reduced. In addition, a 
wedge-shaped CTGS fill was found to be effective at reducing the horizontal displacement of the quay wall. However, 
the results of the dynamic FEA indicate that the wedge angle of the CTGS fill should be carefully designed.  
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2. CENTRIFUGE MODEL TESTING METHOD 

2.1 Materials 
CTGS were produced in the following manner for centrifuge 
model tests: First, the water content of a dredged soil called 
Kawasaki clay was adjusted to 60%. Then, the soil was mixed 
with a small amount of polymer with a weight of 0.1% of the 
clay. Owing to the effect of the polymer, the plasticity of the 
mixture became lower. After the plasticity change was 
observed, Ordinary Portland Cement was added and the 
mixture was stirred for about 10 min. Granular particles 
(shown in Fig. 1) gradually appeared because of the effect of 
cementation. The weight of the cement added to the mixture 
was 5% of the clay. Finally, the granular particles thus 
obtained were cured for more than 28 days.  

Figure 2 shows the particle size distributions of the CTGS 
and Kawasaki clay, as well as that of Soma sand, which was 
also prepared for the centrifuge model tests. It is clear that 
Kawasaki clay was converted to a gravel-type soil (CTGS) by 
the granulation process.  

2.2 Model preparation 
Four models (denoted by Cases 1 through 4) were prepared to 
physically simulate a quay wall, as shown in Fig. 3. The quay 
wall consisted of a foundation layer, a caisson, and backfill 
soils. As seen in the figures, CTGS and Soma sand were used 
as the backfill soils. The foundation layer of each model was 
made with Soma sand of 90% relative density and had a 
2.5-m thickness at prototype scale. 

The sandbox used for Cases 1 and 2 had dimensions of 410 
mm (height) by 556 mm (width) by 200 mm (length), whereas 
that used for Cases 3 and 4 had dimensions of 512 mm 
(height) by 710 mm (width) by 200 mm (length) at model 
scale.  
  As seen in Figs. 3(a) and (b), the caisson in Cases 1 and 2 
was backfilled with two horizontally layered soils. In Case 1, 
the overlying layer was filled with CTGS that was 1.8 m thick 
(20% of the total thickness of the backfilled ground) at 
prototype scale. The underlying layer was Soma sand that 
was 7.2 m thick. Case 2 was similar, but the overlying layer 
was 6.75 m thick (75% of the total thickness of the backfilled 
ground) and the underlying layer was 2.25m thick.  

In Cases 3 and 4, the CTGS was placed in a wedge shape 
with one edge of the wedge adjacent to the caisson. In Case 3, 
the right angle of the wedge was at the upper left corner of the 
backfill, as shown in Fig. 3(c). The remaining part outside the 
wedge was filled with Soma sand. In contrast, the right angle 
of the wedge in Case 4 was in the lower left corner of the 
backfill, as shown in Fig. 3(d). The remainder was filled with 
Soma sand.  

In all cases, first, Soma sand was poured using the air 
pluviation method, resulting in a foundation layer of relative 
density of 90%. Next, in Cases 1, 2 and 3, Soma sand was 
filled using the air pluviation method to become about 50 % 
relative density.  Then, a small shovel was used to place 
CTGS in the sandboxes at zero height, such that a loose state 
was achieved. In Case 4, CTGS was filled, followed by the 

fill of Soma sand of 50% relative density. 
In each case, two displacement transducers (denoted by D1 

and D2 in the figures) were set at the seaward side of the 
caisson to measure its horizontal displacement. The other two 
displacement transducers (denoted by DT1 and DT2) were set 
above the backfill soils to measure the ground surface 
settlement. Pore water pressure gauges and accelerometers 
were installed inside the backfill soils at prefixed positions, as 
shown in the figures.  

 

       
(a) Case 1 

    
(b) Case 2 

 
(c) Case 3 

 
(d) Case 4 
Figure 3 Schematic images of models prepared for centrifuge 
model tests 
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To evaluate the earth pressure distribution acting on the 
caisson, four load cells (denoted by LC1 through LC4) were 
built in the caisson. A rigid rectangular plate that directly 
contacted the backfill soils was connected to each load cell. 
The plate surface was set to be smooth in this study. A small 
space was allowed between the plates, so that they would not 
interfere with each other.  

In preparing the models, efforts were made to minimize the 
friction between the inside of the box and the model soils by 
inserting thin, smooth films.  

2.3 Centrifugal acceleration and dynamic shaking 
A geotechnical centrifuge facility known as Mark II at the 
Port and Airport Research Institute was used in this study. 
The beam radius of the centrifuge is about 3.8 m and the 
maximum loading mass is 2.76 ton. Detailed information can 
be found in Kitazume and Miyajima (1995) [4]. 

Centrifugal acceleration and dynamic shaking were 
conducted in the following manner: First, after each model 
was prepared, it was set on the shaking table installed on the 
centrifuge platform. The model was then accelerated up to 20 
G by the centrifuge. At the 20-G acceleration field, viscous 
fluid was infiltrated into the ground from the bottom to 
saturate the soils. The high saturation degree of the soils was 
obtained as proposed by Okamura and Kitayama (2008) [5]. 
The fluid’s viscosity was set to be 50 times that of water to 
satisfy the similitude of the pore water dissipation of the 
ground. Then, the centrifugal acceleration was increased up 
to 50 G, and dynamic shaking was applied six or seven times. 
In each shaking period, 20 cycles of the sinusoidal waves of 
2-Hz frequency at prototype scale were applied. The 
maximum amplitude of acceleration applied to the ground 
was increased stepwise up to about 400 Gals.  
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Figure 4 Relationship of input acceleration and caisson 
horizontal displacement 
 

 

3. CENTRIFUGE TEST RESULTS 

3.1 Horizontal displacement of the caisson and the 
ground surface settlement 

Figure 4 shows the relationship between the maximum 
amplitude of the input acceleration and the cumulative 
horizontal displacement of the caisson for each case. The 
horizontal displacement was measured at the upper part of the 
seaward side of the caisson (see Fig. 3). The relationships 
obtained from the previous study [6], [7] were also shown in Fig. 
4.  

The previous study included three centrifuge model tests, 
denoted here by loose sand (LS), dense sand (DS) and CTGS 
(CT). The LS model was backfilled solely by Soma sand of 
50% relative density, while the DS model was backfilled only 
by Soma sand of 95% relative density. The CT model was 
backfilled solely by loose CTGS. The caisson used in the LS, 
DS, and CT tests was the same as that used in this study.   

Figure 4 shows that LS had the largest horizontal 
displacement at the higher accelerations. This was because 
the Soma sand was liquefied, and the earth pressure acting on 
the caisson increased as compared to other models. This will 
be discussed in detail in sections 3.3 and 3.4.  

The caisson’s horizontal displacement in Case 1 was close 
to that of LS, despite the fact that the upper part (20% of the 
total thickness) of the backfill ground consisted of CTGS. On 
the other hand, the caisson did not show a large horizontal 
displacement in Case 2. The horizontal displacement was 
close to that of DS. The caisson showed the smallest 
displacement in the CT case. These facts indicate that the 
caisson’s horizontal displacement was reduced as the fill 
depth of the CTGS increased.  

Looking at the results of Cases 3 and 4 in Fig. 4, the 
caissons show a horizontal displacement close to that of Case 
2. This fact suggests that CTGS filled in the shape of a wedge 
or a reversed wedge can be effective at reducing the caisson’s 
horizontal movement. The total CTGS volume required for 
Case 3 or 4 was lower than that required for Case 2.  
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Figure 5 Relationship of input acceleration and backfill 
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 Figure 5 shows the relationships between the maximum 
amplitude of the input acceleration and the cumulative 
settlement of the ground surface. The surface settlement was 
measured at locations 4.0 or 4.2 m from the caisson edge (see 
Fig. 3). As shown in the figure, LS has the largest ground 
surface settlement, owing to the liquefaction of the Soma 
sand.  

Wedge-shaped CTGS fills were a common characteristic 
between Cases 3 and 4; however, Case 3 shows a notably 
smaller ground surface settlement than Case 4. The ground 
surface settlement of Case 3 was close to that of DS. The 
reason why a small ground surface settlement was observed 
in Case 3 will be discussed in section 4.3.   
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Figure 6 Time histories of ground response and input 
accelerations 
 

3.2 Ground response acceleration  
Figure 6 shows the time histories of the accelerations 
recorded in the backfill soil in Cases 1, 2, and 3. The data 
presented here were obtained in each case during the 6–8 s 
that elapsed after the start of the third shaking period. The 
ground acceleration was measured at locations 4.0 or 4.2 m 
from the caisson. Acceleration time histories were not 
obtained in Case 4 owing to connection errors with the 
accelerometers.   
 The ground accelerations were attenuated in each model as 
seen in the figures. In particular, the maximum amplitude of 
accelerations obtained at ground depths of 1.5 and 4.9 m in 

Case 1 were smaller than those obtained in Cases 2 and 3. It is 
believed that the stiffness of Soma sand was considerably 
reduced by liquefaction and that the shear stress transmitted 
in the ground was attenuated in Case 1.  

Phase delays were also observed in the ground acceleration 
waves. The wave phase differences between the acceleration 
obtained at a depth of 1.5 or 4.9 m and the input acceleration 
were about 0.2–0.3 s in both Cases 2 and 3.  

3.3 Excessive pore water pressure 
The ratio of the maximum excessive pore water pressure to 
the effective overburden pressure ∆u/σv' was evaluated based 
on measurements made with the pore water pressure gauges. 
Figure 7 shows the relationships between ∆u/σv' and the 
ground depths for Cases 1–4. The excessive pore water 
pressure was measured at locations 12.2 or 13.5 m from the 
caisson. The data presented here were obtained at the third, 
fourth, and fifth shaking periods (periods 3–5) in each case. 
The calculated effective overburden pressure was also shown 
in the figures. 
 As shown in Fig. 7(a), the values of ∆u/σv' obtained at 
ground depths of 4.4 and 7.0 m were close to 1.0, which 
indicated the liquefaction of loose Soma sand in Case 1. In 
addition, the values of ∆u/σv' obtained at the Soma sand 
layers in Cases 3 and 4 were close to 1.0, as seen in Figs. 7(c) 
and (d). This was also because of liquefaction.  

On the other hand, ∆u/σv' obtained at a ground depth of 1.4 
m in Case 1 was about 0.3. Small ∆u/σv' values were also 
observed at ground depths of 3.1 and 5.0 m in Case 2, 1.3 m in 
Case 3, and 8.3 m in Case 4. These values were all obtained 
with the pore water pressure gauges installed in the CTGS. 
These findings verified that liquefaction was not observed in 
CTGS, even though the CTGS fill was loose and at shallow 
ground depths. The low liquefaction potential of CTGS can 
be explained by the high permeability characteristic of CTGS, 
which is suggested by the grain-size distribution shown in Fig. 
2. 

3.4 Dynamic earth pressure distribution  
Figure 8 shows the dynamic earth pressure distribution acting 
on the caisson in each case. The dynamic earth pressure 
presented here was the minimum–maximum range obtained 
during period 3. The dynamic earth pressure was calculated 
by subtracting hydrostatic pressures from the total earth 
pressures measured with the load cells. 

The figures show that the dynamic earth pressure at ground 
depths of 3.2, 5.3, and 7.4 m in Case 1 was higher than those 
obtained in the other cases. Similarly, a higher dynamic earth 
pressure was observed at a ground depth of 7.4 m in Case 2. 
These higher pressures were induced by the effect of the 
liquefaction of the Soma sand.  

On the other hand, the dynamic earth pressure obtained at a 
ground depth of 1.1 m in Case 1 and at ground depths of 1.1, 
3.2, and 5.3 m in Case 2 were not so high. In addition to the 
fact that no liquefaction was generated in CTGS, it is believed 
that the CTGS layers in Cases 1 and 2 induced a small 
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(b) Case 2 

0 20 40 60 80

8

6

4

2

0
0.0 0.5 1.0

Soma sand
CTGS

Measured at locations 13.2 m from the caisson

 

Gr
ou

nd
 d

ep
th

 (m
)

Effective overburden pressure, σv'（kN/m2）

Effective overburden pressure

Excessive pore water pressure ratio
 Period 3(Max. accel.:188Gal)
 Period 4(Max. accel.:354Gal)
 Period 5(Max. accel.:349Gal)

Excessive pore water pressure ratio, ∆u/σ'

 
(c) Case 3 
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Figure 7 Depth distributions of excessive pore water pressure 
ratio and effective overburden pressure 
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Figure 8 Depth distributions of dynamic earth pressure 
distributions at caisson wall 
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dynamic earth pressure because of their light weight. This 
light weight characteristic is attributable to the fact that many 
small voids were included in the particles. Please see Dong et 
al. (2011) [3] for further information related to this issue. 
  The dynamic earth pressures obtained at ground depths 
of 3.2 and 5.3 m in Cases 3 and 4 were slightly higher than 
those in Case 2. This was probably induced by the 
liquefaction of the Soma sands filled behind the CTGS. This 
suggested that the effect of liquefaction of Soma sand filled 
behind the CTGS might be higher if the fill zone range of a 
wedge of CTGS became smaller. This matter will be 
investigated in detail in the following sections.  

4 FINITE ELEMENT ANALYSES 

4.1 Software and numerical analysis conditions  
The centrifuge model test results indicated that the 
wedge-shaped fill of CTGS in Case 3 was effective at 
reducing the caisson’s horizontal displacement and the 
backfill ground surface settlement when the quay wall was 
subjected to the dynamic loading. However, owing to the 
limited conditions of the centrifuge model tests, the 
appropriate range of the wedge-shaped zone was not well 
understood. Therefore, dynamic FEA were conducted to 
obtain the effect of the wedge-shaped zone range (in 
particular, the effect of the wedge angle) on the caisson’s 
horizontal displacement. 

Dynamic FEA software named FLIP was used in this study. 
The software is widely used for seismic designs of port and 
harbor structures in Japan (e.g., Iai and Kameoka, 1993[8], Iai 
et al., 1998[9]). First, the analyses using FLIP were focused on 
simulating the effect of the fill depth of CTGS on the 
caisson’s horizontal displacement. The centrifuge models 
(Cases 1 and 2 in this study and LS and CT in the previous 
study) were simulated. An analysis was also conducted to 
simulate the model in which the upper half of the backfill was 
CTGS.  

As an example, the finite element meshes used to simulate 
Case 1 are shown in Fig. 9. The scales of the foundation layer, 
the caisson, and the backfill layers in the figure were set to be 
the same as those of Case 1 at the prototype scale (see Fig. 3). 
For the dynamic acceleration, sinusoidal waves that were the 
same as those of the centrifuge model tests were introduced 
into the FEA. The maximum amplitude of the acceleration 
was adjusted to 200 Gal. 
 

Soma sand（Dr=50%）

Soma sand（Dr=90%）

CTGS

CaissonWater

 
Figure 9 Finite element meshes adopted to simulate Case 1 in 
dynamic FEA 
 

Table 1 Strength parameters used in dynamic FEA based on 
CD triaxial tests 
 

Material Submerged unit 
weight, γ’ (kN/m3) 

cd 
(kN/m2) 

φd 
(kN/m2) 

Soma sand 
(D r = 50%) 8.5 0.6 36.1 

Soma sand 
(D r = 90%) 9.5 8.6 40.4 

CTGS 4.3 0.0 26.6 
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Figure 10 Comparison of laboratory and FEA results for 
equivalent shear modulus and hysteric damping ratio as a 
function of shear strain  
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Figure 11 Comparison of liquefaction resistance curves 
obtained from laboratory tests with those estimated based on 
FEA 
 

The material parameters related to the strength properties 
of CTGS and Soma sands were determined based on the 
consolidated drained triaxial tests are listed in Table 1, and 
those related to the deformation properties were determined 
based on cyclic triaxial tests or cyclic torsional tests, as shown 
in Fig 10. Laboratory experiments were conducted according 
to JGS 0524-2009, JGS 0542-2009 and JGS 0543-2009. 

The liquefaction parameters necessary for simulating the 
liquefaction behavior of Soma sand were evaluated based on 
the cyclic undrained triaxial tests (JGS 0541-2009), as shown 
in Fig. 11. The CTGS were treated as nonliquefiable soils 
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based on the centrifuge model test results. Detailed 
information on the input parameters required for FLIP and the 
constitutive material models can be found in Morita et al. 
(1997) [10]. 
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Figure 12 Comparison of centrifuge model tests and FEA 
results for caisson horizontal displacement as a function of fill 
depth  
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Figure 13 Example of finite element meshes adopted to 
represent wedge-shaped CTGS fill (θ = 60°) 
 

4.2 Numerical analysis results on the effect of the filling 
depth of CTGS 

Figure 12 shows the relationship between the fill depth of 
CTGS and the horizontal displacement of the caisson. The fill 
depths of CTGS were normalized by the total thickness of the 
backfill soil. The horizontal displacements of the caisson 
were evaluated at the upper part of the seaward side of the 
caisson, the same as for the centrifuge model tests (see Fig. 3). 
For comparison, the centrifuge model test results are also 
shown in the figure. The figure shows that the FEA results in 
horizontal displacements that are close to the centrifuge 
model test results. These results suggest that the horizontal 
displacement of the caisson was reduced proportionally to the 
normalized fill depth. 

4.3 Numerical analysis results on the effect of the range 
of the wedge-shaped fill zone  

As described in the previous section, the horizontal 
displacement of the caisson could be reasonably predicted by 
the finite element analyses by introducing the appropriate 
parameters into the numerical models. Then, using the same 

parameters and the constitutive models, analyses were 
conducted to investigate the effect of range of the 
wedge-shaped CTGS fill zone (in particular, the effect of the 
wedge angle) on the caisson’s horizontal displacement. The 
wedge angle θ was defined as the inclination angle of the 
wedge plane from the horizontal plane. Typically, as shown 
in Fig. 13, the wedge angle θ was set to 0°, 30°, 45°, 60°, and 
90° in each analysis. The scales except for the wedge angle 
were designed to be as same as those of the centrifuge model 
tests.  
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Figure 14 Comparison of centrifuge model tests and FEA 
results for wedge-angled CTGS fill and caisson horizontal 
displacement  
 

 
(a) θ = 30° 
 
 
 
 
 
 
 
 
 
 
 
(b) θ = 60° 
Figure 15 Maximum shear strain distribution obtained from 
dynamic FEA 
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Figure 14 shows the relationship between the wedge angle 
θ and the horizontal displacement of the caisson. The 
centrifuge model test results were also shown in the figure. 
Here, the wedge with the 0° angle represented the backfill 
ground solely filled by CTGS (CT) and that of the 90° angle 
represented the backfill ground solely filled by Soma sand 
(LS). It can be seen in the figure that the wedge with a 60° 
angle showed the largest horizontal displacement.  

Figure 15 shows the maximum shear strain distributions of 
the grounds for the wedges with 30° and 60° angles. The 
results indicate that higher shear strain was concentrated near 
the boundary between CTGS and Soma sand in the 60° wedge 
case compared to that in the 30° wedge case. This may 
suggest that the range of the wedge-shaped CTGS fill would 
be better designed to cover the active failure zone of backfill 
ground.  

In addition, Figure 15 shows that Soma sand moved in the 
horizontal direction toward the caisson after it was liquefied. 
This sand appeared to push the CTGS up toward the ground 
surface during the movement because the density of the 
liquefied soil was much higher than that of CTGS. This 
mechanism can explain the reason why a small amount of 
ground surface settlement was observed in Case 3 but not in 
Case 4 in the centrifuge model tests. 

5 CONCLUSIONS 
Dynamic centrifuge model tests and finite element analyses 
(FEA) were conducted to investigate the seismic behavior of 
quay walls backfilled with cement-treated granular soils 
(CTGS). Effects of the fill depth and fill range of CTGS on 
the seismic behavior were investigated. The following results 
were obtained: 
1) The centrifuge model tests showed that no liquefaction was 
generated in the CTGS backfills. The low liquefaction 
potential of CTGS was due to the highly permeable 
characteristic of CTGS resulting from the coarse grain-size 
distribution.  
2) The quay wall horizontal displacement induced by the 
seismic loading was decreased as the CTGS fill depth 
increased because the earth pressure acting on the quay wall 
was reduced. The small earth pressure was attributed to the 
light weight characteristic of the CTGS. 
3) The centrifuge model tests also showed that the 
wedge-shaped CTGS fill was effective at reducing the quay 
wall’s horizontal displacement and the ground surface 
settlement. 
4) The dynamic FEA using FLIP could reasonably give the 
caisson’s horizontal displacements, which were close to those 
of the centrifuge model tests. The FEA also indicated that the 
wedge angle of the CTGS fill zone should be carefully 
designed to cover the active failure zone of the backfill 
ground. 
5) The dynamic FEA for the wedge-shaped fill also showed 
that liquefied Soma sand filled behind the CTGS and pushed 
the CTGS up toward the ground surface. This contributes to 
the fact that a small ground surface settlement was observed 
for the wedge-shaped CTGS fill in the centrifuge model tests. 
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1. INTRODUCTION 
The problem associated with lateral earth pressure and 
retaining wall stability is one of the most common in the civil 
engineering field and a segment of soil mechanics that has 
been receiving widespread attention from engineers for a long 
time.  
The typical structures whose primary or secondary purpose is 
to resist earth pressures may include various types of 
retaining walls, sheet piling, braced sheeting of pits and 
trenches, bulkheads or abutments, and basement or pit walls. 
These may be self-supporting (e.g., gravity or cantilever 
concrete walls) or they may be laterally supported by means 
of bracing or anchored ties. The lateral earth pressure depends 
on several factors [1]: 

• The physical properties of the soil 
• The time-dependent nature of soil strength 
• The interaction between soil and retaining structure at 

the interface 
• The general characteristics of the deformation in the 

soil-structure composite 
• The imposed loading (e.g., height of backfill, 

surcharge loads). 
 
Due to virtually no analytical, theoretical or field testing data 
on piered retaining walls, this review will focus on the 
literature on wall-soil interaction and the behavior of piles 
subjected to a lateral loading. Although the integrated 
structure will behave differently, numerical modeling can still 
be employed on the basis of how each section would behave 
 

 

in a traditional situation, i.e. the retaining wall behaves as a 
piling cap with an additional moment force due to earth 
pressure.  
Although much research has been performed and appreciable 
advancement made during the past two centuries regarding 
the distribution of earth pressures and on the analysis of a 
wide range of earth-retaining structures, some of the theories 
formulated by Coulomb (1776), Rankine (1857) and 
Mononobe-Okabe (1929) still remain as the fundamental 
approaches to the analysis of most earth-supporting structures, 
particularly for sandy soils. Furthermore, although some 
research data and experience indicate that assumptions 
related to pressure distributions on retaining walls, or on the 
failure surface of the backfills, are not quite those depicted by 
these early investigators, substantial evidence exists that the 
analysis and design efforts based on their theories give 
acceptable results for most cases of cohesion-less backfills. 
The results are significantly less dependable for the more 
cohesive soils. 
Recent analyses have tended to concentrate on numerical 
methods, in particular, the three-dimensional finite element 
methods. The importance of incorporating interface elements 
to simulate possible slippage and separation between the wall 
and soil, and capturing the soil nonlinearity using advanced 
constitutive models, has been widely recognized. 
Advanced numerical analysis may be appropriate and 
necessary for detailed design; generally, the wall-soil 
interaction may be addressed with numerical simulations 
based on either the finite-element method (FEM), or the 
finite-difference method (FDM). 
Goh (1993) performed finite element analyses to investigate 
the effects of subsoil stiffness, wall stiffness, and wall 
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roughness on the lateral earth pressure for concrete cantilever 
retaining walls, and proposed a modified earth pressure 
distribution. 
In spite of recent published methods, the tendency today in 
practice is to use the values given by Caquot and Kerisel 
(1948) [2] and Kerisel and Absi (1990) [3].  
Benmebarek et al. (2007) [4] concerned with the numerical 
evaluation of passive earth pressure coefficients for a rigid 
rough vertical retaining wall with horizontal ground surface 
and limited breadth subjected to translation. They conducted 
a numerical study of 3D passive earth pressures induced by 
the translation of a rigid rough retaining wall for associative 
soils. Using the explicit finite difference code FLAC3D, the 
increase of the passive earth pressures due to the decrease of 
the wall breadth was investigated. FLAC uses an explicit 
finite difference program to study numerically the mechanical 
behavior of a continuous 3D medium as it reaches 
equilibrium or steady plastic flow. The explicit Lagrangian 
calculation scheme and the mixed-discretization zoning 
technique as presented by Cundall (1987) [5], is used in 
FLAC to ensure that plastic failure and flow are modeled 
accurately. 
Numerical methods including both finite element and finite 
difference methods have been widely employed to study the 
wall-soil interaction under active and passive lateral loading 
due to soil movements. These methods mainly satisfy the 
compatible relationship between the lateral pressure and the 
movement. However, relatively little effort is made to assess 
the response of the piered retaining walls under the action of 
the lateral soil movements.  

2. NUMERICAL MODELING  

2.1 Method  
The numerical model was created by combining two methods 
(Fig. 1) using C++ script in Matlab: 

• Finite Difference Method, FDM, (Matlock and 
Reese, 1960) [6] revised by Guo (2003) [7],  
• Finite Element Method, FEM, reviewed and 
verified by Chen (1998) [8] as the method of 
superposition, namely flag pole analysis 

Basic mechanics of materials formulae is used to determine 
elastic deflection in the retaining wall, boundary conditions to 
have a statically determinant cantilever wall which can be 
used to determine the degree of deflection the wall itself 
undergoes. 
Numerical modeling using Matlab is designed to calculate 
deflection when subject to a variety of parameters, maximum 
shear in each pile correlating to the applied load and bending 
moment at different depths, to find where the maximum 
moment occurs. Numerical modeling is also designed to 
highlight the impact of input parameters on the performance 
of a piered retaining wall to facilitate the development of 
design guidelines.  

 
Figure 1 - The numerical model was created by 

combining two methods, FDM and FEM 
By implementing the popular p-y method, Rankine’s 
Coulomb’s and Mononobe-Okabe’s general formulas for a 
case of static equilibrium using Matlab, results can be 
obtained to verify the accuracy of existing methods applied to 
an unfamiliar situation. This method can only be reliable for a 
pile group with S/D of 6 or greater where S, is the spacing 
between piles and D, is the diameter of each pile. 

2.2 Analysis 
The numerical model uses the FDM to determine the 
maximum bending moment and the angle of rotation in the 
piles, and the FEM analysis to determine pile deflection. 
Mechanics of materials formulae is also used to determine 
elastic deflection in the retaining wall. The method of critical 
pile depth was utilized to establish pile flexibility and 
boundary conditions required for a statically determinant 
cantilever wall to be used to determine the deflection of the 
wall. 
The type of piered retaining wall modeled, can be either a 
cantilever or gravity wall retaining wall interface, with one or 
two rows of piles beneath it. Finite element analysis is used to 
determine this behaviour. The retaining wall’s deflection is 
determined with an extension of the P-y method using the 
general limit static equilibrium case. The force profile and 
behaviour of piles are modelled with p-y curves to determine 
the elastic-plastic sliding depth and bending moment for a 
non-linear loading distribution profile.  
The model is developed for a piered retaining wall subjected 
to active earth pressure, which behaves as a pile with fixed 
head. Piles are subject to passive earth pressure loading case, 
where soil movement occurs exclusively at and above the 
bottom of the retaining wall. The Matlab script is split up into 
three parts, input parameters, deflection calculation and pile 
analysis. It basically calculates the percentage of the loading 
transferred from the wall to the piles due to the lateral soil 
movement and then quantifies the behavior of piles due to the 
load transferred. 

2.3 Model Modifications 
A variety of modifications have been made to the numerical 
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model to account for the wall – pile interaction. It was found 
that the numerical model best suited for a piered retaining 
wall which is developed for substantially long piles. In order 
to counteract this problem, modifications were made by 
imposing a relationship between the critical pile depth and the 
total pile length, such that the deflection was not 
underestimated.  
Basically if a pile decreases in length the deflection will 
decrease, past a certain point namely critical pile depth and if 
a pile decreases in length below the critical pile depth, 
deflection will increase. After satisfactory equations were 
derived and verified, numerical results have been produced. 
Comparisons and conclusions have been obtained to deduce 
the suitability and feasibility of implementing piered 
retaining walls. The purpose of these comparisons is to 
determine the sensitivity of the numerical model to the 
influencing parameters which establishes the performance of 
the piered retaining wall. 

2.4 Results and Discussion 
Fig. 2 shows the comparison between three different piling 
configurations for a concrete retaining wall. It includes: 

• two piles, diameter of each pile 177mm, S/D>6 
• Six piles, diameter of each pile 100mm, S/D>6 
• Ten piles, diameter of each pile 78mm, S/D<6 

The maximum shear force per pile due to a certain lateral load 
decreases considerably by increasing the number of piles 
from 2 to 6; however increasing the number of piles from 6 to 
10 slightly decreases the maximum shear force per pile. The 
bending moment per pile at a certain depth also decreases 
considerably by increasing the number of piles from 2 to 6; 
however increasing the number of piles from 6 to 10 slightly 
decreases the bending moment force per pile. 
 

 
Figure 2 - Numerical comparison between three different 

piling configurations for a concrete retaining wall 

 
Figure 3 - Numerical comparison between three different 

cases of soil properties for a large reinforced concrete 
piered retaining wall 

 
Fig. 3 shows the comparison between three different cases of 
soil properties for a large reinforced concrete piered retaining 
wall. These cases are including sand with: 

• φ =30 ̊ friction angle and 79% relative density 
• φ =32.5  ̊friction angle and 84% relative density 
• φ =35 ̊ friction angle and 89% relative density 

The maximum shear force per pile due to a certain lateral load 
increases by decreasing the friction angle and relative density 
of soil. The bending moment per pile at a certain depth also 
increases by decreasing the angle of friction and relative 
density of soil. 
 

 
Figure 4 - Numerical comparison between effective wall 

heights 150mm, 200mm, and 250mm 
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The deflection at top of wall due to a constant lateral loading 
increases accordingly by decreasing the angle of friction and 
relative density of soil. 
Fig. 4 shows the comparison between three different cases of 
effective wall heights for a large reinforced concrete piered 
retaining wall. These cases are including piered retaining wall 
with: 

• h= 150mm, 190mm submerged into the soil 
• h= 200mm, 140mm submerged into the soil 
• h= 250mm, 90mm submerged into the soil 

Where h is the effective wall height. The maximum shear 
force per pile due to a certain lateral load increases by 
increasing the effective wall height. The bending moment per 
pile at a certain depth also increases by increasing the 
effective wall height. The deflection at top of wall due to a 
constant lateral loading increases accordingly by increasing 
the effective wall height. 
 

3 CONCLUSION 
To gain a relatively better understanding of the effect of 
piling beneath a simple typical retaining wall, a numerical 
modeling and analysis has been conducted using Matlab. The 
model utilizes a combination of both FDM and FEM methods 
in order to calculate the earth pressure on the wall due to 
applied lateral loading, determine the percentage of load 
transferred from wall to piles and quantify the pile behavior 
accordingly. 
Discussing the improvement of the engineering behavior of a 
simple typical retaining wall by piling beneath the retaining 
wall also reveals that: 

• There is optimum number of piles to use beneath any 
particular retaining wall, since the numerical modeling 
indicates that the maximum shear force per pile due to 
a certain lateral load and the maximum bending 
moment at a certain depth decrease by increasing the 
number of piles to a certain number and additional 
piling will not considerably improve the lateral 
capacity. This optimum number of pile can be 
determined running the developed numerical model in 
the present study. 

• Decreasing the friction angle and relative density of 
soil, increases the maximum shear force per pile due to 
a certain lateral load and also the bending moment per 
pile at a certain depth. This conclusion illustrates the 
effect of soil properties on the model. The deflection at 
top of wall due to a constant lateral loading increases 
accordingly by decreasing the angle of friction and 
relative density of soil. The numerical model 
developed in the present study is able to consider 
different soil properties in order to produce 
appropriate outcome. 

• There is optimum effective wall height, since 
increasing the effective wall height will result to 
increase in the maximum shear force per pile due to a 

certain lateral load and also the bending moment per 
pile at a certain depth. The deflection at top of wall due 
to a constant lateral loading increases accordingly by 
increasing the effective wall height. This shows the 
effect of piered retaining wall dimensions on the total 
improve in the lateral capacity. The optimum effective 
wall height can be determined using the numerical 
model developed in the present study. 

 
A generalized improvement over a retaining wall can be 
shown by running this numerical model in Matlab. If the 
percentage of load transferred to piles from the wall is low, 
the piling impact is not substantial and using piered retaining 
wall is arguable, since the use of piles beneath the retaining 
wall will not considerably improve the total lateral capacity. 
As the percentage of load transfer from wall to piles 
increases, the impact of piles becomes more prevalent and the 
necessity to utilize a piered retaining wall to achieve a desired 
lateral capacity instead of a simple typical wall becomes more 
obvious.  
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1. INTRODUCTION 

 

Subsurface geothermal resources represent a great potential 

of directly usable energy, especially in connection with 

foundations and heat pumps. Geothermal energy used to be 

called ubiquitous energy because it can be used at any time at 

any place. Geothermal energy can be obtained by means of 

borehole heat exchangers. With geothermal cooling/heating 

systems, heat energy is fed into and withdrawn from the 

ground via GHEs. Conventional GHEs consist of U-shaped 

GHEs inserted into a borehole. Moreover, recently, energy 

foundations substitute boreholes in the heat exchanger system. 

That is, GHEs can be embedded in piles, and thus it decreases 

initial construction cost. Energy pile generally has shorter 

length in the rage of several tens of meters. In Korean 

practices, PHC piles are broadly used [1]. 

This research investigates an experimental and analytical 

study of energy piles which are composed of 3U and W 

shaped heat exchangers. PHC energy piles were installed at 

an electric substation in Suwon, Korea. TRT results were 

calculated using simple line source theory to derive effective 

ground thermal conductivity. Thermal resistance was also 

calculated and compared by both experimental and analytical 

solutions.  

2. THEORETICAL BACKGROUND 

 

2.1 Heat transfer mechanism of GHE 

 

In the GHEs system, heat is extracted from or released to  

surrounding ground through  fluid circulating, for example, in 

a U-type pipe embedded in a borehole. The heat transfer  

 
 

 

mechanism of a ground heat exchanger is quite complex and 

conjugated because of various heat transfer mechanisms 

involved inside and outside GHEs. Soil is a multiple phase 

system involving complex heat transfer mechanisms, but heat 

transfer in soils occurs mainly through conduction [2], 

whereby energy is passed from one region of a medium to 

another by molecular transfer. According to Fourier's law, the 

heat flux through an arbitrary area (A) during time t can be 

written as 

      

.
Q Q T

q
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                       (1)                     

 

where   is the thermal conductivity and ∂T/∂x is the 

temperature gradient. Heat exchange rate of circulating water 

in the GHE by conduction can be represented by temperature 

difference between initial temperature of soils and fluid 

divided by total thermal resistance. The heat transfer process 

can be divided into steady state inside the borehole, and 

transient state outside it. Thermal resistance inside the 

borehole is composed of fluid convection, pipe conduction, 

grout conduction and pile conduction. Thermal resistance 

outside the borehole is that of conduction in the soil [3], [4].  
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Here, L: length (m) 

    t : initial temperature of soils 

   
,i ot t : inlet and outlet temperature of GHEs, respectively 

   
 ΣR  : total thermal resistance 
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 ( R =
soil pile grout pipe convectionR R R R R    ) 

 

Based on equation (1) and (2), two kinds of models such as 

analytical models and numerical models can be applied to 

obtain the thermal conductivity. The applicability depends on 

the assumption and the methodology adopted in the models. 

Among many models, a line source model is widely used for 

simplicity and convenience. The governing equation of the 

model represents a linear characteristic for long time 

measurement. The GHEs pipe can be assumed as a line source 

because the radius ( br ) is much smaller than the length of 

borehole. An effective thermal conductivity (  ) can be 

solved by equation (3). In the equation, 
fT represents an 

average temperature of fluid that flows inside the borehole. 

oT is an initial temperature, Q is an input power (W), L is a 

length of borehole (m), a  is a thermal diffusivity (
2 /m s ),  

Rb  is a thermal resistance of borehole, and   is an Euler 

constant (0.5772). 
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An average temperature of fluid (
fT ) can be expressed by a 

1st
linear equation with respect to ln t , and it can be 

described by  

 

fT bx c                           (4) 
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Once b  can be solved, an effective thermal conductivity ( ) 

can be obtained by  
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                              (5) 

 

Therefore, fluid temperatures at inlet and outlet of GHEs can 

be measured with respect to time by the thermal response test, 

and an effective thermal conductivity can be obtained with 

the value of the slope ( b ) from the lnfT t relationship.  

3. EXPERIMENTAL SETUP 

 

3.1 Thermal Response Test  

 

PHC piles were installed for an energy pile system (Fig.1). 

Table 1 shows dimensions of energy piles and GHEs. 3U and 

W shaped polybutylene pipes (inner/outer diameter of 

pipe=0.016/0.2m) were used. The depth and inner diameter of 

PHC pile between 3U and W-shaped GHEs were not equal 

because of construction condition. Cement grout with cement 

to water ratio of 0.5 was poured and cured for more than 28 

days. The ground was composed of weathered granite soil 

and stiff weathered rock.  

Ground water level was 4.5m below from the top of 

embedded energy pile. Average void ratio e and water content 

w of soil below and above the ground water table were 

measured as follows: e=0.66, w=12.4% above G.W.T. and 

e=0.45, w=16.7% below G.W.T.  

Thermal conductivity of the weathered granite soil was 

measured using TP-02 device (Hukseflux Thermal Sensors 

Inc.), based on a transient hot-wire method. Soil was 

remolded to have the same void ratio and water content of the 

construction site. Thermal conductivities of soils above and 

below ground water table were measured as 1.1 and 2.4 

W/m·K, respectively.  

Fig. 2 shows an experimental system for the thermal response 

test. Constant heat flux was applied to water tank using an 

electric heater, and TRTs were performed until steady state 

condition was attained. Temperatures of water at inlet and 

outlet were monitored during the tests, and flow rate was also 

measured at outlet. Different heat flux and flow rate were 

applied for the energy pile with 3U and W-shaped GHEs as 

follows: 1,000W and 17 lpm (liter per minute) for 3U case, 

800W and 16 lpm for W case.  

 

 
 

 

Fig. 1 Plane view of energy pile with 3U and W GHEs 
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Table 1 Dimensions of energy pile with 3U and W GHEs 

   

Dimension of pile 3U W 

Pile Depth (m) 13.75 13.27 

Pile Inner Diameter (mm) 240 225 

Pile Outer Diameter (mm) 400 400 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

  

 

 

 

 

 

 

 

 

 

 

 

 

 

Fig. 2 Experimental system for thermal response tes

 

 

 

3.2 Test Results 

 

The thermal response test was conducted for more than 30 

hours. Mean circulating fluid temperature-time curves 

measured during TRTs are plotted in Fig. 3. Initial 

temperature of soil was between 16~17 °C. Temperature of 

fluid in 3U-shaped GHE reached to 30.19 °C, and 27.52 °C in 

W-shaped GHE. As a mean circulating fluid temperature 

reaches to lower value, heat can be well transferred to the 

ground. An effective ground thermal conductivity can be 

calculated using Eq (5), and total thermal resistance can be 

calculated using Eq (2). The ground thermal conductivity of 

3U and W-shaped GHEs was 2.14 and 2.32 W/m·K, 

respectively. Total thermal resistances of 3U and W-shaped 

GHEs were 0.1772 and 0.1702 m·K/W. W-shaped GHE has a 

higher ground thermal conductivity and lower thermal 

resistance than 3U-shaped GHE from experimental data. 

Total resistances of 3U and W-shaped GHEs from the 

analytical solution were 0.1998 and 0.1991 m·K/W. The 

relative error between experimental and analytical results was 

between 12~17%. W-shaped GHE has lower total thermal 

resistance than 3U-shaped GHE. It is thought that there is a 

difference of inner diameter in PHC pile, and it came up with   

different grout thermal resistance. Total thermal resistance 

from the analytical solution under the same condition with 

equal size of PHC pile and pile depth was also calculated. 

Total thermal resistances of 3U and W-shaped GHEs above 

the condition were 0.1953 and 0.1991 m·K/W, respectively.     
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  Fig. 3 Temperature variation of fluid 

 

Table 2 Summary of TRTs 

 

GHE 

type 

Input 

Heater (W) 

Released 

Heater (W) 

λground 

(W/m·K) 

ΣR, Experiement 

(m·K/W) 

ΣR, Analytical 

(m·K/W) 

ΣR, Analytical 

(same condition) 

 

3U 

 

1000 997 2.14 0.1772 0.1998 0.1953 

 

W 

 

800 838 2.32 0.1702 0.1991 0.1991 

 

It can be seen that 3U-shaped GHE has a little lower thermal 

resistance than W-shaped GHE under the same condition. 

However, it is necessary to consider a proper pile inner size to 

consider heat transfer mechanism between 3U and W-shaped 

GHEs.  

 

4. CONCLUSION 

 

An experiment system for thermal response test for energy 

piles was established in the field. TRTs were performed for 

two prototype PHC piles with 3U and W-shaped GHEs in a 

partially saturated weathered granite soil and rock condition. 

The ground thermal conductivity of 3U and W-shaped GHEs 

was 2.14 and 2.32 W/m·K, and total thermal resistance of 3U 

and W-shaped GHEs was 0.1772 and 0.1702 m·K/W from 

TRTs, respectively. W-shaped GHE has a higher ground 

thermal conductivity and lower thermal resistance than 

3U-shaped GHE based on experimental data. Total resistance 

of 3U and W-shaped GHEs from analytical solution was 

0.1998 and 0.1991 m·K/W, respectively. However, if the 

condition is same, total thermal resistance of 3U and 

W-shaped GHEs will be 0.1953 and 0.1991 m·K/W, 

respectively. It can be concluded that 3U and W-shaped 

GHEs show a very similar heat transfer mechanism for small 

diameter energy piles. However, it is indispensible to 

consider the effect like of inner size and pile depth in order to 

analyze heat transfer in detail.  
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1. INTRODUCTION 
The practice of reinforcing the soil with various tensile 
inclusions has been widely implemented in geotechnical 
engineering for the last few decades. The interaction between 
soil and reinforcement is of utmost importance for the design 
and performance of reinforced soil structures, and this 
interaction can be very complex depending on the nature and 
properties of the reinforcement. Various types of geosynthetic 
materials have been used for soil reinforcement including 
geotextiles (woven and nonwoven), geogrids and geocells. 
Whatever the reinforcement and backfill materials are used 
for the design of a reinforced soil structure, the interaction 
properties of soil-reinforcement interface play an important 
role. The interaction mechanism between the reinforcement 
and the soil can be classified into two types; sliding of soil 
over the reinforcement and pullout of reinforcement from the 
soil [1]. The direct shear and pullout tests are widely used 
methods to study quantitatively these interaction 
mechanisms.  
Practically, the direct shear test is a suitable mean to study the 
interaction between soil and reinforcement because it can 
simulate the shear mechanism along a potential failure plane 
in reinforced earth structure. Proper representation of the 
soil-geosynthetic interfaces under direct shear mode is also 
important for numerical simulation of the deformation 
response for retaining structures. 
The shear strength of soil-geosynthetic interfaces has been 
investigated using direct shear tests by a number of 
researchers [1-9]. They used various types of geosynthetic 
materials like High density polyethylene (HDPE), poly 
propylene (PP), Polyester (PET) yarns coated with PVC, 
basalt fiber geotextile and geogrids etc. The present study is 
 
 

the continuation of the previous study conducted by the 
Authors [9]. Here, in addition to Toyoura sand, two different 
soils (sandy and clayey) have been used as backfill materials 
to describe the interface behaviour for the same geosynthetic 
materials. From test results, the shear strength parameters and 
stress-deformation behaviour have been compared and 
discussed briefly.  

2. MATERIALS AND METHODS 
2.1 Backfill materials 
Three types of soils were used as backfill material in this 
study. Air-dry pure silica sand named as Toyoura sand, one 
sandy and one clayey soil have been used to evaluate the 
interface behaviour with the same geosynthetic materials. 
Before conducting the interface direct shear tests, the physical 

Experimental Study on Mechanical Characteristics of Soil-Geosynthetic Interface 

Md. Bellal Hossain, Md. Zakaria Hossain and Toshinori Sakai  
Department of Environmental Science & Technology, Mie University, Japan 

ABSTRACT 
 
The shear deformation behaviour along soil–geosynthetic interfaces has been investigated and the results are compared 
based on the backfill material, types of inclusion, and interface mechanical properties. Three soils (sandy, clayey, and 
pure sand) in combination with four different geosynthetics (one geotextile and three geogrids) were tested at various 
loading conditions in direct shear. Test results reveal that the stress-deformation behaviour of the geotextile and geogrid 
interfaces with sandy and clayey backfills can be defined as hyperbolic. For the pure sand-geogrid interfaces, the 
relationship is followed by displacement hardening and softening behaviour. The dilatancy behaviour of a particular 
soil-geosynthetic interface is found similar at all normal stresses. Both contractive and dilative nature is observed for 
the interfaces with pure sand. On the contrary, only negative dilatancy or contractive behaviour is observed for sandy 
and clayey backfills with all geosynthetics. Based on the test results, a simplified equation has been proposed for the 
nonlinear soil-geosynthetic interface shear strength envelops which was in good agreement with the experimental data. 
 
Keywords: Geosynthetics, Interface behaviour, direct shear test, shear strength envelop 

Fig. 1 Gradation curve of experimental soils 
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Fig. 2 Geosynthetic samples used in this study 

properties of the soils were tested in the laboratory. The tests 
of physical properties reveal that Toyoura sand has no fine 
content less than 0.075mm with effective diameter D10 of 
0.01 mm, D30 of 0.15 mm, D60 of 0.19 mm, the uniformity 
coefficient (Cu) of 15.45, and the coefficient of curvature of 
the gradation curve (Cc) of 9.89. The specific gravity, 
maximum and minimum void ratio are Gs =2.64, emax= 0.98 
and emin= 0.61, respectively. The water content of sand was 
less than 1%, which corresponds to air-dried condition. The 
optimum water content of sandy and clayey soils was 12% 
and 15%, respectively. Fig.1 represents the gradation curves 
of the experimental soils. According to JGS engineering 
classification system, the sandy and clayey soils are classified 
as SF and CL, respectively. The major physical properties of 
the soils are listed in Table 1.  

 
 
Table 1 Physical properties of the backfill soils 
 

Properties Clayey Sandy 

Particle density, ρ𝑠 2.7g/cm3 2.64g/ cm3 

Water content, 𝑊𝑜𝑝𝑡 15% 12% 

Liquid limit, LL 42.7% --- 

Plastic limit, PL 25.0% --- 

Plasticity index, PI 17.7 --- 

Sand (75µm-2mm) 41% 73% 

Silt (5µm-75µm 32% 19% 

Clay <5µm 20% 4% 
 
 
2.2 Geosynthetics  
One woven geotextile and three geogrids, made of Basalt 
fiber, are used in this study. These materials possess good 
property of elasticity and stretch tension with good resistance 
to acid, alkali, heat and vibration. It has also non-conductive 
and non-magnetic resistance. The physical characteristics of 
these geosynthetics are listed in Table 2. For the purpose of 
discussion, the geotextile is noted as GT and the geogrids are 
noted as GG1, GG2 and GG3 as shown in Fig. 2. 
 
Table 2 Physical properties of geosynthetic 
 

Properties 
Type of geosynthetics 

GG1 GG2 GG3 GT 

Specific weight, gm/m2 165 165 350 450 

Percent open area, % 45 65 70 --- 

 Ultimate tensile strength 
(kN/m) 

Machine direction 50 50 50 1870 

Cross direction 40 40 50 1600 
 

3. TESTING METHODS 
A small scale direct shear testing device which consists of a 
fixed lower box and a moving upper shear box has been used 
in this study. Both the shear boxes have same inside 
dimension of 150mm in length and 100mm in width.  Detail 
of this device is also available at [9]. The applied shear force, 
horizontal and vertical displacements were recorded using 
one load cell, and two displacement transducers (one for 
horizontal and other for vertical displacement measurement) 
connected to a computer through a data-acquisition system.  
The geosynthetic specimens were positioned on a substrate 
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placed on the top of the lower box. Subsequently, the 
specimen was clamped on the front edge of the substrate steel 
plate using four aligned bolts and two steel clamping blocks. 
In case of pure sand, the upper shear box was filled by raining 
the sand from a height passing through two consecutive 
sieves. The dry unit weight of the sand mass in upper box was 
1.63 g/cm3 (15.9kN/m3) which corresponds to relative density 
(Dr) of 95%. The height of the sand layer in upper shear box 
was 70mm. For sandy and clayey soils, water was added to 
the soil samples to its optimum level before filling up the 
shear box. The upper box was filled by the soil in three steps 
with same compaction energy for every step. Thus, the 
density of backfill soil was kept almost constant. The direct 
shear tests were conducted using four different normal 
stresses of 40, 80, 120 and 160 kPa. All the tests involved 
applying the normal stress and monitoring the vertical 
displacement. The shear load was only applied after the 
vertical displacement had reached equilibrium. The normal 
load was maintained constant during shearing process. The 
rate of shearing was maintained at 0.5mm/min for all the 
tests. The maximum shear strength obtained during the shear 
process was recorded as the peak shear strength. The same 
procedure was repeated for all types of geosynthetics. For 
three soils and four types of geosynthetics, a total of 48 Nos. 
of tests were conducted in this study.  

4. RESULTS AND DISCUSSION 

4.1 Shear stress-displacement relationship 
A series of direct shear tests were performed to obtain the 
stress-deformation characteristics of the geosynthetic interfaces 
for different backfill soils. The test results reveal that the 
relationship between shear stress and relative displacement 
largely depends on the type of backfill rather than the type of 
geosynthetics. Fig.3 represents the stress-displacement 
relationship between different backfill soil and geosynthetic 
interfaces for the constant normal stresses of 40 and 160kPa. 
Since, similar relationship is observed for the normal stresses 
of 80 and 120kPa, related data are not presented here. It is 
seen that the stress-displacement relationship of geotextile 
(GT) interfaces is same for all the backfill soils (Toyoura sand, 
sandy soil and clayey soil). The relationship for GT interfaces 
can be defined as hyperbolic in nature where no displacement 
softening behaviour is observed. In case of pure sand, 
however, some insignificant softening behaviour is observed 
at normal stress of 40kPa.   In case of geogrid interfaces (GG1, 
GG2 and GG3), with sandy and clayey soils, the 
stress-displacement relationship is found similar to its GT 
interfaces. But, with Toyoura sand, the geogrid interfaces 
produce a well defined peak and residual shear stresses for all 
applied normal stresses. Before and after the peak shear stress, 
displacement hardening and softening behaviour is clearly 
observed. Maximum shear resistance mobilizes within 
3-6mm of shear displacement for geogrid interfaces with pure 
sand backfill. The shear strength is found increasing with the 
increase of normal stress which is a common phenomenon for 
all soil-geosynthetic interfaces tested in this study.      

 

 

 
 
Fig. 3 Shear stress-displacement relationship of the 
interfaces for constant normal stresses of 40kPa and 
160kPa. τ, shear stress; u, relative displacement. 
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Fig. 4 Vertical vs. shear displacement relationships of 
the geosynthetic interfaces with different backfill 
materials. v, vertical displacement; u, shear 
displacement. 

 
 

4.2 Dilatancy behaviour 
From test results, it is observed that the dilatancy behaviour of 
a particular interface is similar for any normal stress. Thus , 
for comparison, the vertical versus shear displacement curves 
obtained from the direct shear tests on the soil-geosynthetic 
interfaces at 160kPa applied normal stress are shown in Fig. 4. 
Both contractive and dilative nature is observed for the 
interfaces with the backfill material of pure sand. On the 
contrary, for the sandy and clayey backfills, only contractive 
nature is observed for all the interfaces (Fig. 4). For pure 
sand-geosynthetic interfaces, the dilation with shearing 
indicates the presence of some degree of particle rolling and 
interlocking as dilation is required for the shearing and 
rearrangement of angular particles. For geogrid interfaces 
with pure sand, it is interesting to note that the value of 
maximum vertical displacement reduces with the increase of 
the percent open area of geogrid for a particular normal stress. 
And, the amount of dilation is seen higher at lower normal 
stresses and comparatively less at higher normal stresses. 
However, no such relationship is observed in case of sandy 
and clayey backfills which were mostly fluctuating in nature.  
  

4.3 Interface Shear strength  
The shear strength of a soil-geosynthetic interface is an 
essential parameter of slope stability analysis where slip 
surface runs along the geosynthetic. The test results show that 
the interface shear strength values are not linearly dependent 
on the normal stress. The relationship between interface shear 
strength and normal stress at the interface is generally 
considered to be linear and defined by (1). 
 
𝜏 = 𝑎 + 𝜎𝑛𝑡𝑎𝑛𝛿                                                    (1) 
 
Where, τ is the soil-Geosynthetic interface shear strength; 𝑎 is 
the interface adhesion; 𝜎𝑛 is the stress normal to the interface; 
and δ is the interface friction angle. In many cases, results 
from shear box tests showed that the relationship between τ 
and  𝜎𝑛  is not linear [10]. Usually, in those cases, 
approximate linear relationships (1) are often considered. 
This linear relationship may lead to significant errors where 
factor of safety of a slope is concerned.  
For utilizing interface shear strength data and to prevent the 
errors, Giroud et al. [10] proposed a hyperbolic equation to 
represent a nonlinear relationship consistent with interface 
shear strength values obtained in laboratory shear box tests. 
The equation contains five parameters to be determined, and 
the determination of the order of hyperbola is a bit complex. 
However, it is observed that the interface shear strength data 
may be linear or nonlinear against the normal stress 
depending on the characteristics of geosynthetic and backfill 
materials. Therefore, it has been found that a similar type of 
generalised nonlinear equation is appropriate to represent 
both the linear and nonlinear peak shear strength data for the 
soil-geosynthetic interfaces studied in this research. The 
equation for interface shear strength, τ , can be expressed as 
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𝜏 = 𝑎0 + 𝜏0

1 + 𝜏0𝑚/𝑎𝑖
                                            (2) 

 
Where, 𝜏0  = 𝜎𝑛𝑡𝑎𝑛𝛿0 

𝜎𝑛 = Normal stress 
𝛿0 = Interface friction angle at very low 

normal  stresses. 
𝑎0 = Pseudo adhesion at 𝜎𝑛 = 0 (i.e. intercept 

of the nonlinear curve with τ axis). 
𝑎𝑖 = Pseudo adhesion for higher values of σ𝑛 . 
𝑚 = Curve fitting parameter; the value ranges 

from 0 to 1.  
 
If the experimental data is available for very low normal 
stresses,  𝑎0 can be obtained by extrapolating the curve of τ 
and 𝜎𝑛 . Otherwise, for practical purposes, 𝑎0 can be taken as 
zero for the interface between geosynthetic and cohesionless 
soil. 𝑎0 may not be zero for the interface with cohesive soil of 
high moisture content. In that case, the value of 𝑎0 can be 
obtained by best fitting the nonlinear curve with the 
experimental data using a computer program. The interface 
friction angle, 𝛿0 , is initially calculated using the data of very 
low normal stresses. By the way of curve fitting, the value of  
𝛿0 can be optimized if the data of low normal stress is not 
available. The value of 𝑎𝑖 and m is completely depends on the 
available data of higher normal stresses. 𝑎𝑖 can be obtained 
initially by fitting and extrapolating the straight line with the 
shear strength data points at higher normal stresses towards τ 
axis.  The curve fitting parameter, m, is determined by the 
method of least square which is easy by using a computer 
program. Once m is obtained, the values of 𝑎0, 𝛿0, and 𝑎𝑖 can 
be optimized, if necessary, to get higher  coefficient of 
regression (R2) value. In case of truly linear data, the value of  
𝑎0 and 𝑎𝑖  should be same and the value of m would be near 
zero or may be negative. In that case, equation (1) is 
recommended which is simple and convenient for linear data.  
The proposed equation is not an empirical equation and the 
parameter values are adjustable based on the extent of the 
available experimental data. Thus, it may not be realistic to 
use the equation for the purpose of prediction. Because it is 
found that the value of  𝑎𝑖  and m is controlled by the 
experimental data of higher normal stresses.  
The equation is found suitable for better representation of 
nonlinear experimental data and minimizing the errors where 
appropriate shear strength value is very important such as in 
slope stability analysis of reinforced earth structure.  
The shear strength envelops as shown in Fig. 5 were 
generated using (2) for the geotextile (Fig. 5a) and one 
geogrid (Fig. 5b) interfaces with Toyoura sand (T), sandy soil 
(S) and clayey soil (C). Here, for pure sand, the value of 
interface adhesion, 𝑎0 , is taken as zero. The parameters value 
of the shear strength envelops used in Fig. 5 are listed in Table 
3. It is seen that the nonlinear shear strength envelops are in 
good representation with the experimental data points. 

4. CONCLUSIONS 
The interface direct shear tests were carried out to evaluate 
the mechanical properties of a new type of geosynthetic 
material with three different backfill soils.   
The constitutive behaviour of the geotextile and geogrid 
interfaces with sandy and clayey soil is found similar in 
nature which can be defined as hyperbolic relationship. In 
case of pure sand-geotextile interface, the behaviour is also 
hyperbolic. However, for sand-geogrid interfaces, the 
constitutive behaviour is followed by displacement hardening 
and softening behaviour. The dilatancy behaviour of a 
particular soil-geosynthetic interface is found similar for all 
normal stresses. Both contractive and dilative nature is 
observed for the interfaces with pure sand. On the contrary, 
only negative dilatancy or contractive behaviour is observed 
for sandy and clayey backfills with all geosynthetics.  
Based on the test results, a simplified nonlinear equation has 
been proposed for the soil-geosynthetic interface shear 
strength envelops which was in good agreement with the 
experimental data.  

 
Fig. 5 Nonlinear shear strength envelops for the geotextile (a), 
and geogrid (b) interfaces with different backfill soils. 
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Table 3 The parameter values of the interface shear strength 
envelops plotted in Fig. 5  
 

Interfaces 𝑎0 𝑚 𝑎𝑖 𝛿0 R2 
T-GT 0 0.53 10.5 37.7 0.993 
T-GG1 0 0.71 31.2 48.5 0.965 
S-GT 1.5 0.53 10.0 24.2 0.990 
S-GG1 0.5 0.47 15.0 23.9 0.996 
C-GT 3.1 0.24 7.9 15.5 0.982 
C-GG1 8 0.42 10.0 16.3 0.999 
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1. INTRODUCTON 
Bentonite is known to be a material that has remarkable 

expansion characteristics and very low permeability. 
Therefore, bentonite as a material, is expected to be useful as 
a buffer in the geological disposal of nuclear waste facility. 
As a result, its mechanical and mineralogical properties have 
been widely investigated. At nuclear disposal sites, bentonite 
is expected to play a role as a buffer, preventing leakage of 
radioactively polluted water by its abilities to self-seal and to 
mitigate stresses generated due to creep of base rock. Also, 
the geological disposal of nuclear material at such a facility 
needs to be stable and safe for an extremely long period of 
time. In order to address such problems, it is necessary to 
predict the long-term behavior of geological disposal at a 
nuclear waste facility and reliable numerical simulation 
techniques are required that can reliably address these issues. 
Constitutive modeling that describes the mechanical 
properties of a material is a key technique in such numerical 
simulations. Constitutive models for bentonite materials have 
been formulated phenomenologically based on the 
elasto-plastic response under loading and unloading 
processes and dilatancy characteristics during shearing, like 
other clayey materials. However, in the case of bentonite 
materials, we feel that the available experimental data to 
support constitutive modeling is not sufficient. Remarkable 
expansion characteristics on water absorption and very low 
permeability of bentonite make it difficult to interpret its 
fundamental mechanical behavior. The aim of this paper is to 
reconsider the fundamental mechanical behavior of bentonite 

 
 

materials based on recent experimental data and to discuss the 
theoretical formulation of constitutive modeling for bentonite 
materials. 
 
2. Isotropic compression and swelling characteristics of 

saturated bentonite materials 
Usually, isotropic compression and swelling characteristics 

are discussed based on the experimental data obtained from 
triaxial tests under a drained condition. However, in the case 
of bentonite materials, available experimental data on the 
compression and swelling characteristics obtained from 
triaxial tests under the drained condition are neither sufficient 
nor reliable. The primary data used to justify constitutive 
models have come from oedometer tests. Compression and 
swelling behavior of bentonite materials obtained from the 
oedometer tests are not directly applicable for discussing 
compression and swelling characteristics under isotropic 
confining pressure, because the lateral stress cannot be 
measured in the oedometer tests. If the lateral stress could 
reliably be estimated, more intensive discussion and more 
strict interpretation on the compression and swelling 
characteristics of bentonite materials would have been 
possible. In this paper, we cite experimental data on bentonite 
materials where lateral stress was measured with a special 
oedometer test apparatus by Sasakura et al. (2003). We also 
discuss the compression and swelling characteristics of 
bentonite materials under isotropic confining pressure, which 
are the fundamental mechanical properties for constitutive 
modeling. 
 
 

An Interpretation of Mechanical Properties of  
Bentonite as a Non-linear Elastic Material 

Y. TAKAYAMA, S. TSURUMI, A. IIZUKA, K. KAWAI 
KOBE UNIVERSITY, JAPAN 

S. OHNO 
KAJIMA CORPORATION, JAPAN 

ABSTRACT 
Due to its low permeability and remarkable expansion characteristics, bentonite has an excellent potential to be used as 
a buffer in the disposal of nuclear waste. In order to examine the long-term safety of bentonite buffer in the disposal of 
nuclear waste, constitutive modeling of bentonite materials and numerical simulations based on the constitutive models 
have been actively pursued in recent years. Bentonite materials are usually modeled as a geo-material with elasto-plastic 
isotropic compression/expansion and plastic dilatancy characteristics. However, based on recent experimental data, the 
authors feel that mere constitutive modeling for geo-materials may not be applicable to bentonite materials. In this 
paper, fundamental considerations of elasto-plastic constitutive modeling for fully saturated bentonite materials are 
investigated. According to uniaxial compression test data by Sasakura et al. (2003), where lateral earth pressure was 
measured, it was found that the hysteresis response between loading and unloading processes does not appear. It 
suggested that bentonite is an elastic material in which the swelling line corresponds to the normally consolidated line in 
the ‘e-logp’ relationship. Also, according to triaxial CU test results of bentonite materials, it was seen that the effective 
mean stress remains almost unchanged during shearing. This implies that bentonite does not have dilatancy 
characteristics as defined by the critical state theory. Similar interpretation can be derived from the experimental results 
obtained from a series of triaxial CD tests by Cui et al. (2006). 
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（1）K0 compression and swelling test 

Sasakura et al. (2003) carried out one-dimensional 
compression and swelling tests for Kunigel V-1, which is 
typically made of sodium bentonite and is planned to be 
used in nuclear waste disposal sites in Japan. The authors 
tried to measure lateral stress under one-dimensional 
loading and unloading processes with a special oedometer 
test apparatus. Their experimental results are shown in Fig. 
1. It was found that the coefficient of earth pressure at rest, 
K0, remains almost at 1.0 under the normal compression 
process and then increases with OCR under the unloaded 
swelling process. The relationship between K0 value and 
OCR is indicated in Fig. 2. In this figure, experimental data 
by Sasakura et al. (2003) is indicated by white circles and is 
compared to the empirical relation, Eq. (1) which relates 
K0-value and OCR through the evaluation parameter m as: 

0 0
m

NC OCK K OCR− −=  （1） 
where 0 NCK − is the coefficient of earth pressure at rest under 
the normal compression process, 0 OCK − is the coefficient of 
earth pressure at rest under the unloaded swelling process, 
OCR is the over-consolidation ratio defined by 0v vσ σ′ ′ , 

0vσ ′ is the pre-consolidation vertical stress, vσ ′  is the current 
vertical stress and m is the evaluation constant. According to 
Fig. 2, Eq. (1) with m =0.6, it seems to satisfactorily explain 

the experimental results of bentonite, Kunigel V-1. If tone 
employs Eq. (1) with 0.6 as the value of m , in converting the 
vertical stress into the isotropic confining pressure, 
fundamental mechanical properties on compression and 
swelling characteristics under isotropic confining pressure 
can be discussed using experimental data obtained from the 
oedometer test. 

 

 
 
（2）Isotropic deformation characteristics 
Fig. 3 shows one dimensional compression (consolidation) 

characteristics of Kunigel V1, obtained from oedometer tests 
by Sasakura et al. (2002) and Ishikawa et al. (1997). 
Normally, the consolidation lines by Sasakura et al. (2002) 
and Ishikawa et al. (1997) do not correspond to each other. 
This is because the nature of the bentonite slightly differs 
depending on the year it was produced and the content of the 
montmorillonite could be slightly different even in the same 
bentonite sample. 

According to Kobayashi et al. (2007), one-dimensional 
normal consolidation characteristics of bentonite under fully 
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Fig. 2   Relationship between K0 value and OCR 

1

2

3

4

Vertical effective stress, σ'v (MPa)

H
or

iz
on

ta
l e

ff
ec

tiv
e 

st
re

ss
,

σ
' r  

M
Pa

0.5
0.6
0.7
0.8
0.9
1

2

V
oi

d 
ra

tio
, e

0.01 0.050.1 0.5 1

1

2

4

10

K
0

 
Fig. 1   K0 compression and swelling test result 
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saturated state is uniquely expressed as: 

max maxln lnv v
s

v v

e Gρ ρ
σ σλ λ

σ σ
 ′ ′

= − ′ ′ 
 （2） 

where ρλ is the material constant, sG is the specific gravity of 
soil particle and maxvσ ′  is the reference and maximum vertical 
stress corresponding to the void ratio vanishing. This curve is 
called the full saturation curve. In the case of data by 
Sasakura et al. (2002), 156.0=ρλ , 733.2=sG , 

GPa73.3max =′vσ . 
 
The effective vertical stress can be converted into an 
effective mean stress using Eq. (1) as: 

02
3

v vKp σ σ′ ′+′ =  （3） 

where p′ is the effective mean stress, vσ ′ is the effective 
vertical stress and 0K is the coefficient of earth pressure at 
rest. All data in Fig. 3 has been converted in terms of the 
effective mean stress using Eq. (3) and is depicted in Fig. 4 as 
a relation between the void ratio and the effective mean stress, 
in which 0 NCK − ＝１  and ｍ＝0.6. It is found that the 
hysteresis-loop, between loading and unloading processes, 
disappears and the swelling line corresponds to the 
compression line in Fig. 4. If the compression and the 
swelling responses in Fig. 4 can be interpreted as isotropic 
compression and swelling characteristics of bentonite, the 
bentonite can be regarded as a material with no plastic 
deformation. In other words, it can be said that the bentonite 
is a non-linear elastic material. 
 
 
3. Dilatancy characteristics of saturated bentonite 
materials 
In this section, we examine the dilatancy 

characteristics of bentonite. Usually, dilatancy 
characteristics are examined by conducting triaxial 
CD tests in which the principal mean effective stress 
is maintained as a constant. However, in the case of 
bentonite materials, there is not sufficient reliable 
data being obtained from such tests. Therefore, we 
examine the dilatancy characteristic using the 
results of the triaxial CU test on bentonite. 
 
（1）Triaxial CU test 
Results of triaxial CU test on a few kinds of bentonite 
are shown in Fig. 5-8. These figures show the 
relationship between effective mean stress and 
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Fig. 4   Isotropic compression and swelling characteristics 
of saturated bentonite materials 
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Fig. 5   Triaxial CU test result on sodium type of 

bentonite conducted by Sasakura et al. (2002) 
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deviator stress. According to these test results, it can 
be seen that the effective mean stress is almost 
unchanged during shearing. Usually, the effective 
mean stress decreases with increasing shear stress 
because of negative dilatancy, when triaxial CU test 
on normally consolidated clay is conducted. It is 
therefore implied that the bentonite does not have 
dilatancy characteristics based on the critical state 
theory. 
  

4. Swelling characteristic of saturated Bentonite 
An important mechanical property of bentonite is the 

swelling characteristic associated with the process of 
saturation from an unsaturated state. There are two kinds of 
tests for measuring swelling characteristics: the swelling 
deformation test and the swelling pressure test. Swelling 
deformation test reports deformations when the bentonite 
materials suck water to control the stress, and the swelling 
pressure test measures the swelling pressure when bentonite 

materials suck water to keep uniformity in the volume. 
Typically, these results are interpreted as a connection 
between pressure at saturation to dry density. However, the 
relationship between the results of this test and full saturation 
line are not perfectly correlated. Saturated bentonite is an 
elastic body, so it always lies on the full saturation line. 
Because of this, we estimate that the final value of these 
swelling tests reach the full saturation line. Below, we 
examine the relationship between swelling characteristic and 
full saturation line, based on the results of this swelling test. 
 
(1) Bentonite’s swelling deformation test 
Cui (2006) conducted swelling deformation tests and 

isotropic unloading tests by controlling principal stress. 
These tests were performed on samples of compacted 
Kunigel V-1/Toyourasa mixture with Kunigel V-1 content of 
50% in dry mass. In the tests, they set the initial dry density at 
three patterns: 1.69, 1.54 and 1.2g/m3; and then performed 
water absorption tests under hydrostatic stress, based on the 
condition that the tests maintain mean principal stress settled. 
The sample’s initial values, initial dry density and initial 
water content ratio, and the value of mean effective principal 
stress under which the samples suck water in are shown in 
Table-1. 

Additional isotropic unloading tests were also performed, 
these reduce the load under 49kPa after the sample sucked 
water with mean principal stress set at 392 kPa. Fig. 9 shows 
these results: the relationship between mean effective 
principal stress and void ratio at the finish of retting and 
swelling of these three cases of initial dry density as well as 
the relationship between mean principal stress and void ratio 
when the test goes on isotropic unloading. In the case that it 
gave the sample some water in same mean stress, Fig. 9 
shows that the void ratio takes the same value regardless of 
initial dry density. Furthermore, the value of unloading pass 
at isotropic unloading shows almost the same result as the 
swelling deformation test. This leads us to interpret that three 
words have the same meaning: full saturated line, normal 
consolidation line, and isotropic unloading line. Based on 
these results, one can conclude that the value, in the case of 
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Fig. 6   Triaxial CU test result on calcium type of 
bentonite conducted by Sasakura et al. (2002, 2003) 
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Fig. 7   Triaxial CU test result on OT-9607 

conducted by Takaji et al. (1999) 
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Fig. 8   Triaxial CU test result on MX-80 conducted 

by Ann et al. (2010) 
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the swelling test, lies on the full-saturated line under saturated 
conditions. Next, swelling tests were conducted with different 
stress ratios R( /a rσ σ= ) where the principal mean stress and 
the principal stress ratios were held constant. The initial 
values of the sample are: 1.69g/m3 for dry density and 18.7% 
as the initial water content ratio. We show the relationship 
between the void ratio and the mean principal stress at the end 
of soaking in Fig. 10. This figure shows that the void ratio and 
the mean stress exhibit a one-to-one correspondence 
regardless of the principal stress ratio. So, our examination 

that suggests saturated bentonite is a nonlinear elastic 
material without the characteristic of dilatancy coincides with 
the result of Cui’s test. 

 

 

 

 
(2) Swelling pressure test for bentonite  
A swelling pressure test, using equipment similar to that of 

the one-dimensional consolidation equipment, is a test that 
measures the counter force along the vertical direction caused 
by vertical soaking under settled volume. Fig. 11 shows the 
result of the swelling pressure test of Kunigel V-1, and the 
relationship between the void ratio and the vertical swelling 
pressure at saturation. This figure conveys that when the void 
ratio is smaller, the swelling pressure becomes larger and the 
swelling pressure value varies in the same void ratio, but the 
value never crosses the full-saturated line. However, 
considering the results obtained so far, these separate 
variability values result from measuring only vertical 
swelling pressure. So, if we take account of lateral stress and 
reconsider it using mean stress, we consider that all values are 
on the fully saturated line. 
 
5. Conclusion 
This study examines the mechanical characteristics of 

bentonite based on recent experimental data. The conclusions 
are summarized as follows: 
 
(1) The swelling line at 0.1=rS  corresponds to the 

Normal Consolidation line. We also show that 
saturated bentonite does not have dilatancy 
characteristics. Therefore, saturated bentonite is 
a non-linear elastic material. 

(2) When water is supplied and the unsaturated 
state is transformed to a saturated state, the 
final, or saturation, points achieve the full 
saturation curve. 

 
In Fig. 12, the schematics of relationship between void ratio 
and the principal mean stress during loading, unloading and 
swelling are summarized.  
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Fig. 9   Result of amount of swelling test 
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Fig. 10   Results of swelling test 
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Fig. 11   the result of swelling pressure test 

ρd0 
（g/cm3） 

w0 
(%) 

p 
（kPa） 

1.69 18.7 49,98,147,196 
1.54 18.7 19.6,49,88,196,294,392 
1.2 19 49,98,196,392 

Table 1   Initial value 
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1. INTRODUCTION 

Cement treated soils, which are the soils mixed with cements, 
are widely used to improve the properties of foundations. It is 
well known that the strength of cement treated soil increases 
for several years. The long-term strength after a few years 
becomes several times of the strength at 28 days [1], [2]. It is 
unique property of the cement treated soil because the 
increase in the strength of concrete after 28 days is usually 
less than twice. The mechanism of the increase in the strength 
of the cement treated soils usually explained by the 
combination of the original strength of the soil without 
cement, improvement of the basic soil properties due to the 
decrease in water contents, cement hydration and pozzolanic 
reaction (Fig. 1 [3]). Continuous long-term increase in the 
strength of the cement treated soils is explained by the 
pozzolanic reaction between soils and cement paste due to 
high alkaline condition. However, there is no quantified  
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Fig.1 Proposed mechanism of increase in strength of cement 
treated soils [3] 

 
 

investigation on the contribution of the pozzolanic reaction. 
On the other hand, the cementitious material such as cement 
treated soil and concrete are affected by carbonation. 
Carbonation is a process by which carbon dioxide in the 
ambient air penetrates the cementitious materials and reacts 
with the calcium hydroxides and other cement hydrated 
products in the cement paste to form carbonates. A lot of 
studies on carbonation of concrete have been published 
because the carbonation is one of the main reasons of the 
corrosion of steels embedded in reinforced concrete 
structures. According to the past studies in the concrete 
engineering, the carbonation significantly lowers the 
alkalinity by the consumption of calcium hydroxides while it 
makes pore structure dense by the precipitation of carbonate. 
The decrease in the alkalinity causes the steel corrosion while 
the densification increases in the strength [4]. Because the 
speed of the carbonation of the porous cementitious materials 
such as cemented treated soil is faster than that of normal 
concretes, the influence of the carbonation on the cement 
treated soils may be larger.  
In this study, the effect of carbonation of the cement treated 
sand on its strength was investigated. In the experiment, the 
specimens of the cement treated Toyoura sand were cured in 
three conditions; sealed condition, air condition, accelerated 
carbonation condition. Then, the strength development and 
the amount of carbonates were analyzed.  

2. OUTLINE OF EXPERIMENT 

2.1 Specimens 
The cement treated specimens were prepared by mixing 
Toyoura sand, ordinary Portland cement and water. The 
designed values of the cement to sand ratio, the water content, 
the water to cement ratio, the void ratio, the density of the 
specimen were 8 %, 6 %, 70 %, 30 % and 2.8 Mg/m3, 
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respectively. After mixing, the cylindrical specimen having a 
diameter in 100 mm and a height in 200 mm were compacted 
by a weight of 2.5 kg. The number of the compaction times 
was 25 for one of three layers of the specimen.  
Table 1 shows the curing conditions of the specimens. The 
specimens for investigating the effect of the carbonation were 
cured in the sealed condition for 5 days and then cured in the 
water for 1 day. After that, the specimens were cured in the 
environmental test room (natural condition) and chamber 
(accelerated condition). The average concentration of CO2, 
the temperature, and the relative humidity in the natural 
condition were around 0.03 %, 20 °C and 60 %, respectively 
while the concentration of CO2, the temperature, and the 
relative humidity in the accelerated condition was controlled 
to be 5 %, 20 °C and 60 %, respectively, to promote 
carbonation of the specimens. In addition, the specimens 
cured in the sealed condition were prepared to investigate the 
strength development excluding carbonation effect. 
 
Table 1 Curing conditions of the specimens 

Curing 
condition 

Method of curing [days] 
0-1 1-6 6-7 7- 

Natural 
(CO2≅ 
0.03%) 

Sealed 
(T=20°C) 

Room 
(T=20°C, 
RH=60%, 
CO2=0.03%) 

Water 
(T=20°C) 

Room 
(T=20°C, 
RH=60%, 
CO2≅0.03%) 

Accelerate
d 
(CO2=5%) 

Chamber 
(T=20°C, 
RH=60%, 
CO2=5%) 

Sealed 
(CO2=0%) 

Sealed (T=20°C) 

 

2.2 Unconfined uniaxial compressive test  
After prescribed curing periods, the unconfined compressive 
strength of specimens were investigated by the uniaxial 
compressive tests based on JIS A1216. For filling the gap 
between the specimen and the loading plate of the test 
machine, the gypsum was used. The displacement of the 
specimen cured in the natural or accelerated condition was 
measured by using LDT. 

2.3 Thermo-gravimetric analysis 
The amounts of calcium hydroxide (Ca(OH)2) and calcium 
carbonate (CaCO3) were measured by using the 
thermo-gravimetric analysis (TGA). The sample was taken 
from the part of around 50 mm from the bottom of the 
cylindrical specimen after the compressive test and it was 
grinded. Then, the changes in the mass of the powder sample 
were measured from room temperature to 1000 °C. The 
temperature rise rate was set to 10 °C/min. The amount of 
Ca(OH)2 was determined by the mass decrease between 390 
and 450 °C while the amount of CaCO3 was determined by 
the mass decrease between 450 and 750 °C. In the discussion, 
they were modified based on the measured chemically bound 
water between 105 and 1000 °C to consider the variety of the 
composition of cement paste and sand in the sample.  

2.4 X-ray diffraction analysis 
Crystalline phases, especially phase of CaCO3 (calcite, 
vatelite, and aragonite), were identified by X-ray diffraction 
(XRD) analysis for the power sample after the compressive 
test.  

3. RESULTS AND DISCUSSIONS 

3.1 Results of unconfined compressive strength 
Figs. 2 show the measured stress-strain relation of the 
representative specimens cured in the natural and accelerated 
conditions. Table 2 shows the compressive strengths and the 
elastic coefficient of the specimens. Each data is the average 
value of three results under the same condition. Figs. 3 and 
Fig 4 show the changes in the compressive strengths and the 
elastic coefficient with time, respectively. 
In the sealed condition, the strength of the specimen was 
almost constant after 28 days until half a year. In the natural 
conditions, the strength of specimen constantly increased. 
The strength at the age of 180 days was 1.4 times of the 
strength at the age of 28 days. In the accelerated carbonating 
condition, the strength initially increased and then decreased. 
The maximum strength at the age of 56 days was 1.3 times of  
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(a) Specimens cured in the natural condition (CO2≅0.03%) 
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(b) Specimens cured in the accelerated condition (CO2=5%) 

Figs. 2 Strain-stress relation 
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Table 2  Measured unconfined compressive strength 
Curing condition Age 

[days] 
Strength 
[N/mm2] 

E50 
[kN/mm2] 

Initial curing 
(1day sealed, 5days dried, 1day 
water, and then 21 days dried) 

28 3.69 3.71 

Natural 
(CO2=0.05%) 

56 4.42 5.21 

91 4.42 5.13 

180 5.12 5.85 

Accelerated 
(CO2=5%) 

35 4.10 6.16 

42 4.46 5.38 

56 4.79 5.17 

91 4.60 9.80 

180 4.20 4.08 

Sealed 
(CO2=0%) 

180 3.29 - 

365 3.48 - 

1052 3.22 - 
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(a) Data in whole periods 
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(b) Data until half a year 

Figs.3 Changes in strength under different curing conditions 
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Fig.4 Changes in elastic coefficient due to carbonation 

 
the strength at the age of 28 days. 
The elastic coefficient, E50, of the specimens showed almost 
similar behaviors as the strength. In the natural conditions, the 
elastic coefficient constantly increased. On the other hand, in 
the accelerated carbonating condition, the elastic coefficient 
initially increased and then decreased. The maximum elastic 
coefficient in the accelerated condition was observed at the 
age of 91 days, which is later than the age for the maximum 
strength.  
 

3.2   Results of thermo-gravimetric analysis 
Figs 5 and 6 show the results of the thermo-gravimetric 
analysis on Ca(OH)2 and CaCO3, respectively. Here, we 
calculated the ratios of Ca(OH)2 and CaCO3 to cement. In the 
calculation, the amount of chemically bound water was 
assumed to be 23% of the cement considering the past study 
[5]. 
Regardless to the CO2 concentration in the atmosphere, the 
amount of Ca(OH)2 decreased and the amount of CaCO3 
increased due to carbonation with time. The changes in the 
accelerated condition were larger than that in the natural 
condition because the high CO2 concentration accelerates the 
progress of the carbonation.  
Fig. 7 shows the relationship between the increase ratios of 
the unconfined compressive strength and the amount of 
CaCO3. Here, the increase ratios of the strength and CaCO3 
after 28 days were calculated. In the natural condition, the 
strength was almost constantly increased with the increase in 
CaCO3. In the accelerated condition, the strength was firstly 
increased until 56 days and then decreased with the increase 
in CaCO3. The increase ratio of the strength to CaCO3 (the 
slope of plots in Fig. 7) in the natural condition was larger 
than that in the accelerated condition. These results suggested 
that the effect of the carbonation on the strength depends on 
the concentration of CO2 and the carbonation progressed in 
the low CO2 concentration effectively increases the strength.   
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Fig.5 Changes in amount of Ca(OH)2 under different curing 
conditions 
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Fig.6 Changes in amount of CaCO3 under different curing 
conditions 
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Fig.7 Relationship between unconfined compressive strength 
and CaCO3 (increase ratios after 28 days) 
 

3.2   Results of X-ray diffraction analysis 
Table 3 shows the results of the X-ray diffraction analysis. 
Here, the peak strengths of the phases of CaCO3 (calcite, 
vatelite, and aragonite) measured by X-ray diffraction 

analysis were indicated.  
At the age of 56 days, the main phase of the generated CaCO3  
was analyzed as calcite. On the other hand, the main phase of 
the generated CaCO3 at the age of 91 days in the accelerated 
carbonating condition was analyzed as vaterite. It suggested 
the carbonation of C-S-H gel and the transformation of calcite 
to vaterite in the accelerated condition after 56 days. By 
comparing with the results of the strength in Fig. 1, it was 
suggested that the generation of vaterite caused the decrease 
in the strength in the accelerated condition.  
 
Table 3 Peak strength measured by X-ray diffraction analysis 
Curing 
condition 

Age 
[days] 

calcite vaterite aragonite 

Natural 
(CO2=0.05%) 

56 +++ + + 

Accelerated 
(CO2=5%) 

56 +++ + + 
91 ++ +++ + 

+++: strong peak, ++: weak peak, + very weak peak, blank: 
no peak 

4 CONCLUSION 

This study investigated the effect of carbonation on the 
strength development of the cement treated Toyoura sand by 
using the specimens cured in three conditions; sealed 
condition (CO2= 0%), natural condition (CO2≅0.03%), 
accelerated carbonating condition (CO2=5%). Then, the 
experimental results showed the followings. 
In the sealed condition, the strength was almost constant after 
28 days. The carbonation in the natural condition constantly 
increased the strength and elastic coefficient. The carbonation 
in the accelerated condition firstly increased the strength and 
elastic coefficient and then decreased them. The results of 
XRD analysis suggested that the generation of vaterite caused 
the decrease in the strength in the accelerated condition. 
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1. INTRODUCTION 

Soil-structure-fluid interaction may have significant effects 
on seismic responses of structures. Mixed element may be 
conveniently used to express non-linear constitutive equation 
of fluid and to avoid volumetric locking. X-FEM may be well 
suited to model discontinuity of displacements between solid 
and fluid. In the X-FEM analysis, as well as FEM and FDM 
analyses, appropriate boundary conditions should be set at the 
boundaries of numerical models not to reflect outgoing 
waves.  
Several methods are proposed (Wolf 1988). The first is the 
extensive mesh models using a finite element method or a 
finite difference method with approximate energy 
transmitting boundaries. The second is the substructure 
method using, for example, finite element and time domain 
boundary element method. In the former, the degrees of 
freedom of the models are often very large. The latter method 
may be more efficient, but the nonlinearity must be restricted 
within the nearby portion of structures modeled by finite 
element method, i.e. ,constitutive equations are assumed to be 
linear at and outer domain of the boundary. The third is FEM 
with PML or convoltion PML(Berenger 1994, Collino 
2001,Basu 2003 2004,Drossaert 2007). PML and convolution 
PML are proved to have efficient wave absorbing capability 
for linear elasto-dynamic problem, and, the nonlinearity must 
be restricted within finite element domain. In the severe 
earthquakes, however, soil may become nonlinear to a large 
extent so that the second and the third methods may be 
inadequate. Convolutional PML is extended to cope with 
non-linear problem, so that nonlinear soil can be analyzed 

with a limited number of meshes without loss of accuracy 
(Shiojiri 2010, Reheman 2011). But, it is restricted to 
displacement based FEM. 
Here, complex frequency shifted convolution-PML without 
splitting of variables is developed for mixed finite element 
and for X-FEM, and the performances of PML are confirmed. 
The formulation of PML is completely consistent with 
corresponding FEM or X-FEM. It can be easily extended to 
any type of element and any nonlinear constitutive equations 
of the corresponding FEM or X-FEM. The resulting mass and 
stiffness matrices for PML are symmetric for linear models. 

2. METHOD  

2.1 PML Formulation of Mixed Element for Fluid 
Assuming that the effect of viscosity is negligible and that 
change of density is small, the equations of motion of fluid is 
given as: 

0 0i
i

u p
x

 
 


                                       (2.1)                 

,where 0 is time averaged density of fluid, is dynamic 

pressure,  is with component of displacement, and 

p

iu ix  

denotes i th coordinate. Relationship between density and 
displacements is given as: 
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                                    (2.2) 

,where  is difference between current density and time 
averaged decity. Relationship between dynamic pressure and 
 is expressed as follows. 
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(2.12) Following the PML procedure, we introduce complex 
coordinate stretching function in frequency domain as: 
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transformed coordinate, and is given as:   
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, where is pure imaginary number,  circular frequency, 
and ,  and  non-negative continuous functions, such 
that and  at FEM-PML interface. At first, all 
equations are formulated in  coordinate in frequency 
domain, and then transformed to coordinate.  

i
iα

k =1,

ω
ik

i

iσ

iσ =0

ix

ix

,where  denotes convolution integral. Denoting *
) ( )

0
( )* ( ( )

t t tt e f t dte f t F      t , 

and introducing approximation  
( )F t t   (1 ) ( ) ( ) ( )t tt e f t f t t e F           t , 

we get Equations of motion are given as:  
0 12

2
*

0
1

( )

( )

i iv

i ijv
j

i
i

i

w r u t t dv

w U t dv

w
r

x






 














( ) ip t t P   * ( )
V

i i i

t dv

w n r 


( ) ip t t P   * ( )

S
t ds

    (2.14) 

2
0 0i

i

u p
x

  
 


                                  (2.6) 

,where   is circular frequency, and u and p are 
displacement and pressure amplitudes in frequency domain 
respectively. The relationship between density and 
displacement are given as: 
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,where  is relative density amplitudes in frequency domain. 
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 ,where i  denotes an integer other than i. Introducing weight 
functions for displacements, and q  for pressure, weak 

form equations for Eqn.2.8 and Eqn.2.9 are given as follows. 
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Likewise, from Eqn.2.13,we get: 
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Discritizing domain of analysis by finite element, adopting 
Galerkin’s formulation, and let , and denote 

displacement and pressure vector at nodal points of a element, 
and interpolation matrices for displacement and 
pressure ,respectively, matrix form equations are obtained. 
From Eqn.2.14, we get, 
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Element stiffness matrix has many hourglass 

mode and may lead to unstable solution. Since vorticity is 
preserved in non-viscous flow, and since fluid is assumed to 
be static in the beginning, the following equation is valid: 
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So, in PML domain, the following equation is assumed. 
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,where c is amplitude of vorticity in frequency domain. 
Converting Eqn.2.23 into time domain ,and introducing 
approximation for convolution integral, we get, 
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From Eqn.2.18, we get, 

,where 
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Introducing weight function  and deriving weak form 
equation from Eqn.2.24,we get, 
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Transforming Eqn.2.26 into time domain equation, and 
introducing approximation for convolution integral, and 
substitutingEqn.2.25,we get, 
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Introducing interpolation matrices, the following equations 
are obtained. 
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By adding Eqn.2.21 and Eqn.2.28,we get final matrix form 
equations. Substituting interpolation function for X-FEM, we 
get PML for XFEM. 

3 NUMERICAL  EXAMPLE  
3.1 Reservoir Model 
Reservoir with 100m depth subjected to horizontal rigid wall 
motion is analyzed using proposed mixed formulation 
FE-PLM. Length of reservoir model varies from 100m to 
600m. Boundary conditions assigned on upstream boundary 
are fixed boundary, viscous boundary with viscosity c , and 
PML. Meshes of models are shown in Fig.3.1~3.3. Meshes 
with sign x indicate PML. Forced horizontal vibration of rigid 

wall on the left end of reservoir is assumed. The results are 
shown in Fig.3.4~3.9. Fixed boundary results show strong 
dependency on the location of upstream boundary. The 
results with viscous boundary show less dependency on the 
location of boundary for 1Hz excitation, but large 
dependency for 5Hz excitation. Proposed PML boundary 
shows very little discrepancy between different boundary 
locations for both 1Hz and 5Hz excitation.  
 

 
 
  
 

Fig.3.1. Reservor Mesh 
(length 100m)  

Fig.3.2. Reservor Mesh
(length 300m) 

 
Fig.3.3. Reservor Mesh(length 600m) 
 

 
Fig.3.4. Fixed Boundary (1Hz) 
 

 
Fig.3.5. Fixed Boundary (5Hz)  
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Fig3.6.Viscous boundary(5Hz) 
 

 
Fig3.7.Viscous boundary(5Hz) 
 

 
  Fig 3.8. PML(1Hz) 
 

  
Fig3.9.PML(5Hz) 

 
Fig 3.10.Pressure Distribution(1Hz) 
   
3.2 Dam- Reservoir-Foundation Model 
Dam-reservoir-foundation model was constructed using 
X-FEM for tangential discontinuity of displacement at 
solid-fluid interface ,and combining proposed mixed 
formulation FE-PML for fluid with FE-PML for solid 
(Fig3.11) 。Two kinds of mashes are used (Fig.3.12,Fig.3.13).  
Discontinuous displacement in tangential direction near the 
top of dam is shown in Fig.14, indicating the effect of 
discontinuous interpolation function of X-FEM. In Fig.15-17, 
responses of dam top using two mesh models subjected to 
sinusoidal horizontal ground motion are compared. The 
results of two mesh model coincide each other, indicating that 
model size has little effect when proposed PML is used. 
 
 

 

 

                    

   

                   

                     

                    

                                                 

              

10m Reservoir Length(100m or 300m) 

110m

PML(10meshes)

80m 

PML (10meshes) 

100m 

210m 
PML (10meshes) 

 
Fig 3.11. Dam-reservoir-foundation model 
 

 
Fig 3.12. Meshes (reservoir length=100m) 
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Fig 3.13. Meshes(reservoir length=300m) Fig 3.17. Response of dam top (5Hz) 
 

4 CONCLUSION  

 

Convolution PML based on mixed formulation is formulated 
and computer code is developed for FEM and X-FEM. It was 
applied to reservoir model and the performance of absorbing 
outgoing wave was much better than conventional boundary. 
By applying to dam-reservoir-foundation model including 
FEM and X-FEM, it was demonstrated that the formulation 
was quite general, and that it has wide class of application. 
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1. INTRODUCTION 
Nowadays, researchers are focused on obtaining a desirable 
way to eliminate waste materials by using them as 
alternatives in the applications of civil and industrial 
engineering. Gypsum waste plasterboard is considered one 
example of these waste materials. Large quantities of gypsum 
plasterboard, approximately 80 million tons in the world, are 
produced annually. Around 85% of this production accounts 
for Europe, USA, and Japan. Out of the latter figure, about 15 
million tons is sent to landfill sites [1]. Plasterboard is made 
from gypsum sheets covered on both sides with paper sheets. 
Subsequently, increasing the amount of gypsum waste 
plasterboard results in more quantities, which are disposed in 
landfills. Hence, it is deemed necessary to find alternative 
solutions to such problems due to the following reasons. First, 
gypsum waste plasterboard in landfills is known under certain 
circumstances to cause hydrogen sulfide gasses, which are 
potentially harmful and/or lethal. Second, there is currently 
an increase in the cost of disposal in landfill and decrease in 
available ground spaces specified for landfills sites. Third, 
landfill regulations in Japan require that quantities based on 
gypsum materials are disposed to landfills, and that the waste 
must be sent to control waste disposal site, which in turn leads 
to increase in disposal cost.  
Several researchers have conducted investigations to improve 
the physical and mechanical properties of soil by using 
different types of waste materials, such as cement kiln dust, 
fly ash, bottom ash, blast furnace slag, stone dust, and 
factory-waste roof shingles [2-6]. Most of the previous 
 
 

studies investigated the use of recycled gypsum waste 
plasterboard in agriculture applications, while a few studies 
focused on the use of recycled gypsum/bassanite in civil and 
construction engineering applications. The new unfired 
gypsum-clay blocks were manufactured by using processed 
plasterboard from recycled sources. The blend of production 
blocks comprises 50% of recycled plasterboard. Results 
indicated that the product has a good physical properties 
compared with natural clay [7].  Laboratory and field 
investigations were conducted to develop effective novel 
cementation mixes using recycled gypsum and a range of 
mineral wastes for road foundation construction. For this 
purpose, a series of laboratory trials were carried out to 
determine the optimum proportions of recycled gypsum and 
mineral wastes of a binder paste to achieve the highest 
compressive strength. The optimum combination for the 
novel binder was a mix of 15% recycled gypsum from waste 
plasterboard, 5% bypass dust, and 80% basic oxygen slag, 
which gave a high compressive strength. Results indicated 
that plasterboard waste can be used in low-strength concrete 
mixes for the foundations of minor roads and car parks [8]. 
Generally, recycled bassanite derived from gypsum waste 
plasterboard has a potential to be used as a cementation 
material because gypsum is the main key of cementation 
products. Therefore, the main objective of this research is to 
investigate the use of recycled bassanite derived from 
gypsum waste plasterboard as a stabilized agent to possibly 
improve the strength of cohesion-less soil. 

ABSTRACT 
 
This study evaluates the use of recycled bassanite, which is derived from gypsum waste plasterboard, to enhance the 
performance of two types of cohesion-less soil. Recycled bassanite was utilized as a stabilizing agent to improve both 
compressive and splitting strengths of tested soil. The effect of bassanite content, soil type, water content, and curing 
time were investigated to explore the behavior of treated soil with recycled bassanite. Test results showed that increase 
of bassanite content is associated with increase in optimal moisture content, while no significant increase in the dry unit 
weight was observed. Both compressive and splitting tensile strengths enhanced with the additives of recycled 
bassanite. The increase of bassanite content had a more significant effect on the compressive strength compared with 
the effect on tensile strength. The use of recycled bassanite to enhance the strength of sandy soil had a more significant 
effect compared with silty soil. The effect of curing time on the strength of treated samples was more significant in early 
curing ages compared with late curing ages. The strength decreased significantly in case of stabilized samples prepared 
with water content at the wet-side of the compaction curve. However, insignificant decrease in the strength of the 
stabilized sample was detected with moisture content at the dry-side of compaction curve.  
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2. MATERIALS AND METHODS  
Three types of materials, which include two different types of 
soil, recycled bassanite, and Portland cement, were used in 
the current study. The two soil types used were brought from 
Gunma prefecture, Japan. The two types of soil were named 
as soil-A and soil-B. All physical and mechanical properties 
of tested soils are shown in Table I. The grain size distribution 
curves for all tested soil are shown in Figure 1. 
Recycled bassanite used in this work was derived from 
gypsum waste plasterboard. The crushed plaster gypsum 
waste (CaSO4.2H2O) was heated at a temperature ranging 
from 130 to 160°C for a certain time results in a hemi-hydrate 
calcium sulphate (CaSO4.0.5H2O) with three quarters of the 
water removed. Firstly, gypsum waste plasterboard was 
pulverized and then screened to remove any impurities such 
as papers, paints, and any solid material. Afterward, the 
powder of gypsum waste plasterboard was placed on 
specified plate and then the process of heating was started. 
The preparation of recycled bassanite was done in some 
construction companies in Gunma prefecture, Japan and 
Figure 2 is a schematic diagram for preparing the recycled 
bassanite. Four different contents of recycled bassanite 5%, 
10%, 15%, and 20% per soil weight were investigated.  
The ordinary Portland cement was used in this research with 
content of 3% by dry soil mass, which was added to the tested 
soil sample. The main reason for adding the cement was to 
prevent the solubility of gypsum when water was introduced 
since hydrate calcium sulphate (CaSO4.2H2O) is a known 
water-soluble material. 
 

 
Figure1. Grain size distribution curve for used soils 

 

 
Figure 2. Schematic diagram for producing recycled 
bassanite from gypsum waste plasterboard 

 
Table 1: Physical and mechanical properties for used soils 

 
Property Soil A Soil B 

Effective diameter, (D10), (mm) 0.15 0.06 
Nominal mean size, (D50), mm) 0.21 0.15 
Uniformity coefficient, (Cu) 1.53 2.72 
Curvature coefficient, (Cc) 0.94 1.02 
Passing from sieve No. 200 0.40 11.30 
Max. dry unit weight, (N/mm3 ) 1.57e-5 1.43 e-5 
Optimum moisture content,(%) 13.20 20.40 
Specific gravity, Gs 2.60 2.67 
Max. void ratio 0.85 1.28 
Min. void ratio 0.60 0.79 
Soil classification (USCS) SP SP 

Soil classification (AASHTO) 
A-3 

Fine sand 
A-2-4 
Silty 
sand 

3. SAMPLE PREPERATION  
The effect of using recycled bassanite on the strength of 
tested soil was evaluated by conducting a series of unconfined 
compression and splitting tensile strength tests. Cylindrical 
samples having a 50-mm diameter and 100-mm height were 
used. The cylindrical mold, which was used to form the soil 
samples, was made from high grade plastic with 5-mm 
thickness to resist any external pressure during the process of 
compaction. The reason of using plastic molds was to prevent 
the friction between soil samples and the inner sides of the 
mold during sample extraction. In addition, the use of oil to 
lubricate the inner sides of the mold was to make sure that no 
friction will be occurred during sample extraction. The 
samples were placed into the molds and compacted statically 
using a static method by hydraulic Jack to reach the required 
density. By knowing mold volume, which is constant for all 
tests and the desired density, the weight of soil was 
determined to validate the required density. Homogeneity of 
the samples was of main concern during preparation and 
extraction. The soil samples were extracted from the molds 
after 24 hours. More details for preparing stabilized soil 
samples were described previously [6]. All samples tests were 
conducted after seven days of curing at temperature (21 ± 1 
°C) and relative humidity > 90%. Some samples were tested 
after 3, 14, 28, and 56 days of curing under the same 
conditions to investigate the effect of curing time on the 
strength of samples treated with recycled bassanite.  
All tests were conducted at the optimal moisture content and 
maximum dry unit weight to simulate field conditions. A 
standard compaction test was carried out to determine the dry 
density/moisture-content relationship of untreated and treated 
soil with different contents of recycled bassanite, according to 
ASTM D 698-70 specifications. The oven-dried soil and 
recycled bassanite mixtures was firstly dry mixed then the 
amount of water tap was added to obtain the moisture content 
for all tested soils.  
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4. RESULTS AND ANALYSIS  
The dry density/moisture-content relations for soils A and B 
treated with different contents of recycled bassanite are 
shown in Figures 3 to 4, respectively. It is clear that the 
increase of recycled bassanite content is associated with a 
significant increase in optimum moisture content in both two 
soil types used. It was attributed to two reasons: firstly, due to 
the tendency of hemi-hydrate calcium sulphate 
(CaSO4.0.5H2O) to obtain the three quarters of the water that 
was missed before during heating process, in order to change 
to hydrate calcium sulphate (CaSO4.2H2O). The second 
reason is related to when fine content such as recycled 
bassanite was mixed with soil, more water was required in 
compaction in order to achieve the maximum dry unit weight 
[9]. In the case of soil type B (silty soil), the increase of 
bassanite content up to 15% was associated with a slightly 
increase in dry unit weight. This was attributed to the calcium 
component in bassanite, which promotes soil particles to 
flocculate. Thus, attraction between soil particles was 
developed due to this property of flocculation. It may be 
assumed that the flocculation occurred due to the fine 
components of the soil which normally carry negative 
charges and attract calcium, which carries two positive 
charges. This behavior could be related to the tested soil-B 
comprising more than 10% content of silty clay, which can 
subsequently behave as fine minerals. The reason of the 
slightly increase of dry unit weight is related to the increase of 
optimal moisture content in the soil-bassanite mixture as 
compared to pure soil. Consequently, the maximum dry unit 
weight increased slightly. While in the case of soil type A 
(fine sand), slight increase in dry unit weight was related to 
the particles of bassanite which are very fine compared to soil 
particles. That makes it easy for some bassanite particles to 
fill the small pores within the particles of sandy soil. It is 
difficult, from a practical view, to fill the pores completely 
during compaction process in the case of pure sand. For the 
same volume of compacted sample, the weight of the 
bassanite-sand mixture was slightly higher than the weight of 
pure sand that was associated with the slight increase in dry 
unit weight. On the contrary, if the difference between soil 
particles was high such as in coarse sand, the dry unit weight 
would be decreased. 

 
Figure 3. Dry density/moisture-content curves for tested 
soil-A at different contents of recycled bassanite used. 

 
Figure 4. Dry density/moisture-content curves for tested 
soil-B at different contents of recycled bassanite used. 
 
The results presented herein are only for soil-B because the 
same results were obtained with another type of soil-A. The 
results of unconfined compression tests, stress-strain 
relationship, for soil-B type treated with different contents of 
recycled bassanite are shown in Figure 5. Obviously, the 
compressive strength increased with the increase of bassanite 
content. These results suggested that recycled bassanite can 
be used as stabilizer material in ground improvement. These 
results are in agreement with the previous results [10, 11]. 
Improvement indexes for both compressive and splitting 
tensile strengths against the content of bassanite are shown in 
Figure 5. Improvement stress index was obtained by dividing 
the ultimate stress for treated sample to the ultimate stress of 
identical un-treated sample. Figure 6 indicates that both 
compressive and splitting strengths were enhanced with the 
increase of recycled bassanite content. The improvement in 
compressive strength was more significant than that in tensile 
strength. This is attributed to stabilized soil cement, which is 
weak in tension compared with compression state. An 
increase of bassanite content up to 15% enhanced the 
improvement of splitting strength compared to the other 
lower contents used, as shown in Figure 5. To sum up, the use 
of bassanite as a stabilizing agent to improve the strength of 
cohesion-less soil can be acceptable in both compressive and 
splitting strengths. 
Figure 7 shows the stress-strain relationship for different two 
soil types treated with 10% content of recycled bassanite. It 
can be observed that the higher performance was obtained in 
the case of soil-A compared with the case of soil-B. The use 
of bassanite had a significant effect on the strength 
enhancement of sandy soil compared to silty soil. This effect 
could be due to the friction between soil particles of sandy 
soil was higher than that in silty soil. Besides, the developed 
cohesion between particles of sandy soil was greater than that 
in silty soil due to the contact surface area between sand soil 
particles and bassanite is strong. Thus, the effect of using 
bassanite to enhance the strength of sandy soil was much 
pronounced compared to silty sand soil. The same behavior 
was obtained in the case of splitting tensile strength. 
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Figure 5. Stress-strain relationships for soil-B with different 
bassanite contents  
 

 
Figure6. Improvement index for both compressive and 
splitting tensile strengths in case of soil-B treated with 
different bassanite contents  
 

   
Figure 7. Stress-strain relationships for different soil types 
used treated with 10% content of recycled Bassanite. 
 
To investigate the effect of water content condition on the 
strength of soil treated with recycled bassanite, three different 
moisture contents including optimal moisture content (OMC) 

and moisture contents in dry and wet sides that corresponding 
to 95% of maximum dry unit weight, were used, respectively. 
The main reason for the use of 95% maximum dry unit weight 
was to simulate filed conditions. Unconfined compression 
test was conducted on treated samples of soil-B with recycled 
bassanite contents of 5% and 15%, respectively for different 
investigated cases of water contents. The suggested contents 
of 5% and 15% of recycled bassanite were representing the 
smallest and highest content in this study. The tests were 
conducted after 7 and 14 days of curing age to investigate the 
effect of water content on the age of treated samples. The 
effects of water content on the strength of treated samples are 
shown in Figures 8 and 9. It is clear that for both age of 
samples, the high strength was obtained with samples 
prepared at optimal moisture content compared to other two 
used water contents. These results are consistent with the 
expected routine results of compaction test. The effect of 
water content on the strength of 7-day old samples was much 
pronounced than the 14-day old samples. The latter difference 
may be due to the increase of curing age of the samples. This 
was associated with the increase of strength and consuming 
most of the excess water as a result of the reaction between 
soil particles and bassanite. Also, it can be noted that the 
effect of water content on the samples having highest 
bassanite content was more prominent than the samples 
having smallest bassanite content. This behavior could be 
related to both increase in bassanite content and water 
content, as illustrated before. Subsequently, the effect of 
water content in the case of the samples having the highest 
bassanite content was significant especially at moisture 
content in the wet side. Furthermore, these figures in the case 
of samples having smallest bassanite content of 5% showed 
not much difference between the strength of samples 
prepared at moisture content in dry side and samples prepared 
at optimal moisture content. This result also did not match 
with the theory of compaction test because these samples 
were impure soil. However, they were treated with some 
cementation materials thus their behaviors were different. In 
other words, the amount of moisture content in this case 
meets the required amount of water to complete a good 
reaction between cementation material and soil particles. 
Additionally, the decrease of water content was associated 
with the increase of strength. Generally, it was found that the 
unconfined compressive strength decreased significantly in 
the case of water content at wet side that corresponding to 
95% of maximum dry unit weight, while the strength of water 
content at dry side was slightly decreased. 
The effect of curing time on the compressive strength of 
untreated and treated samples with the smallest content of 5% 
and largest content of 15% was investigated. Consequently, 
five different curing times included 3, 7, 14, 28 and 56 days 
were studied. As aforementioned, all samples were subjected 
to curing under temperature (21 ± 1 °C) and relative humidity 
more than 90%. Figure 10 shows the effect of curing time on 
the compressive strength for tested soil-B at different curing 
times. The compressive strength for all cases, treated and 
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untreated samples, increased as curing time increased. This 
finding is consistent with the theory of curing time for 
cementation materials. The proportion of improvement in the 
strength of treated samples in the early curing days was 
significantly higher than later curing time days. In other 
words, the improvement in strength for treated samples after 
seven days curing time was increased slowly in relation with 
the increase of curing time. This behavior could be explained 
by the short time required to complete the setting of 
soil-bassanite mixture, subsequently the treated samples 
regained most of their strength. Hence, the improvement in 
strength for treated samples was evident especially in the first 
days of curing after which the rate of improvement was 
sluggish mainly with the largest gypsum content. It is worth 
mentioning that after 14 days of curing time for both 
bassanite contents, the effect of curing time was insignificant 
in the context of the strength improvement. The early strength 
for soil-bassanite mixture is actually a vital property in some 
projects, such as embankments. This property helps to open 
embankments for trafficability after compaction process 
directly. Subsequently, the time of construction decreases and 
that leads to a reduction in construction cost. 

 
Figure 8. Ultimate strength against water content for soil 
type-B treated with  bassanite and tested after 7 days curing. 
 

 
Figure 9. Ultimate strength against water content for soil 
type-B treated with bassanite and tested after 14 days curing. 

 

Figure 10. Ultimate strengths for soil type-B tested at 
different curing times. 

5. CONCLUSIONS 
This research meets the demand to reduce the quantities of 
gypsum waste plasterboard, producing useful material from 
waste materials. The use of recycled bassanite enhanced the 
performance of all tested soils. Based on test results, the 
following conclusions can be drawn: 
 
[1] The compressive and splitting strengths increased as 

recycled bassanite content increased. The content of 
recycled bassanite had a more significant effect on the 
compressive strength compared to the splitting tensile 
strength. 

[2] The use of recycled bassanite enhanced the performance 
of all tested types of soil. However, high performance 
was obtained with only sandy soil. 

[3] Unconfined compressive strength decreased 
significantly in the case of water content at the wet side 
compared to other cases of optimal moisture and water 
content at the dry side of the compaction curve. 

[4] The effect of curing time for samples treated with 
recycled bassanite was significant regarding the 
improvement of strength, especially in the early curing 
days compared with other curing says. The effect of 
curing time was not significant after 14 days of curing. 
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ABSTRACT: 
 
We know three degrees for architecture usefulness, stability and resistance.. 
Of collection what address to define a correct architecture design from the past to now and can be concluded that 
basically a good design has three characters of simplicity, unity and necessity based on what considered as final 
aims in construction design. On the other hand, the basic needs that a construction system must answer it includes 
sat and economy function. The construction success rate to meet these needs have been investigated respecting 
defined characters. So a plan that supplies the application needs practically and economically, just has answered at 
least ``to expectations that there is of a plan. 
This article indicates that although the aim to design structure is to generate structure forms that as providing 
application needs, tolerate the loads and the structure with economic methods and the most high structure outcomes, 
but the aim to design the structure in addition to achieve to finally it is addressed the role of structure engineering art 
in forming the new form in the architecture of today's world and the necessity at evolving at the architecture 
instruction in the construction industry in order to achieve this goal, as is explained analytically. 
 
Keywords: Construction Industry, Architecture, Challenges, Requirement Effects, Process Design 
 
 
INTROUDUCTION 
 

Generally, in people’s mind, structural engineering is 
limited to understanding mathematical concepts, 
structure analysis, descriptive visualization of structural 
systems and designing them. Most of the people think 
that task of a structural engineer is to answer needs               
of an architectural design for creating a structural 
system that while can withstand entering forces have 
predictable behaviors in different conditions of loading 
and also have necessary safety, a process of design that 
needs vast amount of calculations for determining 
tensions and deformations. Although structural 
engineers really doing these calculations, but they 
should have a very much more portion than only 
calculation of structures in forming a modern 
architectural plan and this should be noticed as a part             
of their training while study civil engineering.  The aim 
of structural design is to create strong buildings that 
fulfill considered functional requirements as well as 
aesthetics needs. Designer should not only consider a 
vast domain of various choices but also should as well 
accurately study behavior of these systems in various 

loading conditions and should be sure of securing other 
requirements of  the plan.  
In this article, role and fundamental effect of structural 
engineers in forming a correct, good, and acceptable 
architecture will be analyzed and possible solutions               
for realizing the suitable real role of a structural 
engineer in designing form and forming various 
elements of a building will present. Furthermore,                 
the effect of innovativeness of structural engineers and 
utilizing structural engineering knowledge in presenting 
structural forms that provide architectural requirements 
and aesthetic factor needs of a building will be 
discussed in details and needs of noticing this matter in 
architectural training of civil engineering in accordance 
to realizing this goal will be stated.  
Objectives of structural Design: 
Various definitions have presented for a proper, correct 
and excellent design. Usefulness, stability and beauty, 
from whatever has been stated in defining a excellent 
design from past, until now, and based on what is 
considered in structure design as a final goal, it can be 
concluded that basically a good design has below 
characteristics: 

mailto:hooman_abadi@yahoo.com
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a- Simplicity  
b- Unity 
c- Necessity  

Each of these characteristics should be considered in all 
stages of design and even in stages of determining 
details and designing building elements should be 
observed accurately.  
Simplicity: 
This principle is vastly considered in all variety of arts 
and is a common principle in various filed of designing 
from architectural design to industrial design, and its 
result is relation and comfort feel that resulted from the 
intensive effort of designer to realize this very important 
principle. Structures that in them securing needs and 
requirements and comfort of users realize to very hardly 
don’t have simplicity. Being simple does not mean 
being primitive; structures that match requirements            
of the plan and are simply practicable and also does not 
have calculation and analysis complexity can be defined 
as a structure having a simplicity characteristics. 
Unity: 
Unity of a plan means coordination, integrity, and being 
coherent, not being a unite object. Definition of unity in 
a flyover bridge is very unusual than the definition of it 
in a power plant. These buildings consist of unusual 
elements, which have to place together to realize                    
a resolved goal. If elements of a plan have designed for 
achieving a decided goal, unity will be visible in all 
elements of the plan. A type of artificial unity is there 
that should be avoided. A set of improper, incoherent, 
and imbalanced elements can possibly put together but 
when this set cannot achieve a unique goal, the result 
cannot be something other than unacceptability of              
the plan. 
Necessity: 
This principle is somehow the key solution                       
of designing, bet result can be achieved when all                
the predicted requirements of a project realized.                 
This principle derived from noticing innate needs                  
of human. Human mind feel comfort while accepting 
something, which is needed, and in presence of extra 
unnecessary dummies feels unrest.  
These principles (simplicity, unity and necessity) should 
not be considered only in design stage of a plan; these 
characteristics are as factors that a good plan can be 
evaluated according to them. Teaching these three 
characteristics of simplicity, unity and necessity in civil 
engineering subjects is one of the most important 
requirements to realize such these goals in plans and 
projects and this matter needs a new view in educational 
planning of this field and creates a change in noticing 
architect with modern definition in a civil engineering 
field.  
Performance, Safety, economy: 

Generally, basic needs that a structural system has to 
answer them are performance, safety, and economy.                
The success rate of building in realizing these needs can 
be evaluated based on the stated characteristics. 
Therefore, a plan that secures functional needs 
practically and economically has just answered 
minimum expectations from a plan. Heavy duty                   
of designing for achieving simplicity, unity, and 
necessity make it mandatory to put maximum efforts for 
achieving best solutions and realizing these 
characteristics.  
Structural Engineering, conception and expectations: 
Structural engineering is a modern and rather                        
a new phenomenon. For a long time, there was no 
difference between designers, architectures, and 
engineers, and even between engineers and builders. 
Differentiation of various specialties and separating 
duties of structural design from architectural design and 
defining structural engineering and determining limited 
and special  duties for structural engineers in terms of 
structural calculations created a non-innovative image                    
of structural engineers to the extent that structural 
engineers considered as people who just like 
mathematical science and complicated calculations 
related to forces and deformations; and because of this 
today structural engineer have lots of problems                  
to prove their imagination and innovation ability.  
For most of the people and even specialists in general is 
very difficult to recognize a real role of these engineers. 
Main part of engineering work will be hidden and 
because of that understanding, it is not simple.  
In this situation, it is not strange if architectures see 
structural engineers of the plan as a technician. 
Exchanging ideas is a necessity for a successful 
cooperation between an architect and a building 
engineer. Engineers have to analyze behavior and 
reaction of a building in various conditions of loading. 
This responsibility make building engineers more 
conservative compared to those who don’t have 
required technical knowledge and do not understand               
the sensitivity role of engineers and difficulties. Above 
studies shows that the necessity of change in the 
academic plan of civil engineering field and also 
noticing this matter that building engineers should be 
familiar with successful classic and modern patterns             
of art in the design field just like architectures, artists, 
and musicians. Building engineers can achieve very 
high imagination and understanding power if they can 
gain this ability to describe why a special structure 
designed perfectly and why other structures does not 
have a good design.  
Structural Engineering Skills: 
Generally, for someone who is not a structure engineer 
is difficult to understand necessary skills in                       
the structural design process. This matter is because               
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the only remaining footprint of a designing activity that 
people will see is completed building that normally a 
structure of building is hidden inside it. Recognizing 
structural engineering skills includes what structural 
engineers know and activities that they do during the 
structure design process. These skills can be effective in 
achieving path of aesthetic principles of structure. 
Below points include a list of these skills that some 
parts of it is already predicted in the academic plan of 
civil engineering, and some parts have to be noticed in a 
revised syllabus  of this filed: 
- Predicting possible loading of a building and role                 
of reactions of them  

- Studying possible ruptures of a structure under effect 
of forces from both behavior of consisted elements and 
general stability of the whole structure against forces 
as a unit set 

- Ability of evaluating forces to a structure from 
qualitative and quantitative point of views 

- Having comprehensive knowledge about 
characteristics and behaviors of materials and 
structures 

- Ability of matching thinking and view point method to 
materials, structure, and its behavior according to 
different situations 

- Ability of creating a mathematical model of structure 
using geometry, algebra, trigonometry and probability, 
etc.  

- Ability of creating a process for designing and building 
structures that are not implemented yet. 

- Building sample models in smaller dimensions for 
evaluation and testing structural theories  

- Interpretation ability of achieved results of built 
samples for utilizing in real dimensions 

- Choosing practical factors based on evaluations of            
a structure and determining limits that value and 
quantities should not cross them. 

- Understanding mutual effect of requirements and 
criterions of the plan (such as cost of building, 
infrastructures of building, services, useful life span, 
durability, resistance against fire, and, etc.) on building 
structure and vice versa 

- Evaluating ability and possibility of building proposed 
plans 

- Proposing plans that can be implemented simply and 
with lower cost. 

- Understanding this matter that in which time and with 
which situation structure design has completed 
properly.  

Architects and Engineers: 
Although structure of building and its function seems 
separated from each other but constantly a structure has                 
a determining role in architecture of building. Structure, 
firstly, is compulsory part of a building that cannot be 

deleted and secondly, structure should constantly follow 
nature and physics rules and therefore, cannot secure 
every single demand in architectural design and thirdly, 
although structure is a essential part of each building but 
generally is hidden and in most of the cases, it seems so 
it does not have effect on architecture of building and 
finally, building structure have some cost. Howsoever, 
cost of structure building compared to other costs of 
building is not major cost, but even so, it cost money 
and generally in building's cost of creating a structure is 
one-third to be one-fourth of whole cost of  the building. 
In some buildings such as bridges or halls with higher 
numbers of gates, structure cost is the most part of cost 
of building. Structure is a factor that can create 
disagreement between architect and building engineer. 
Today a good architect should have general knowledge 
about behaviors of structures. Moreover, he/she should 
be an artist, bound and committed to observing 
principles of architectural design and aesthetical factors. 
A plan is successful if its architecture understands its 
structure behavior properly, and its structural engineer 
has proper knowledge and be committed to architectural 
design and aesthetical factors. Finally, architect is the 
leader of a team that is responsible for design and 
implementing of a building and all responsibilities and 
also credit of success of the project in this section will 
be granted to him/her.  
A result derived from being knowledgeable and 
commitment of a structural engineers on building 
design, and aesthetical factors is clearly evident                     
the need of change in the academic plan of architecture 
training in a civil engineering field to achieve above-
mentioned  goals as studying notable architectural and 
engineering works of the world obvious necessity                  
of such this change.  
 
CONCLUSION 
 

As it has shown in “Objectives of structural design” 
section, before anything, building design should be 
recognized as a joint activity and a group work with 
participation of architect, and structural engineer and 
therefore, relating engineering plans to specific persons 
is difficult. A modern and innovative design for                    
a building is possible when a process of design and 
formation of different stages of the plan is resulted of 
consultation, cooperation, and effort of an architect, 
building engineer, infrastructure engineer and even their 
builders in this path. This matter manifest necessity              
of teaching required fundamentals for being sure of 
realizing such these goals in projects and plan to include 
three characteristics of simplicity, unity, and necessity 
and also dominant principles on combined realization    
of three principles of performance, safety, and economy 
in a civil engineering field.  
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Mentioned subjects in “Structural Engineering, 
conception and expectations” section shows that 
structural engineer is a member of design and building 
team that has extensive knowledge about behaviors of 
structures under effect of different loads. And also 
understand production and build process properly. 
Structure engineer in the process of formation of an 
architectural plan should take monumental 
responsibility of structure design, and implementing it 
in form of building calculations, designing structure 
form, designing elements of structure and joints of it 
with realizing designing criterions, necessities and 
limitations of the plan in various dimensions. From 
studying subjects of this section it can be concluded that 
principal goal of architectural design should be creating 
such forms that secure operational requirements of               
the building and also be successful in terms of aesthetic. 
The main goal of designing structure should be creating 
structural forms that while securing functional 
requirements can withstand applied loads in best way 
and economically. In close cooperation that should be 
present between architects and structural engineers,              
the duty of structure engineers is to create plans than 
from functional view point answer requirements of the 
plan and from technical view, point should be 
implementable, economic and having necessary 
conditions and moreover, from the desirable exterior                  
of building view point complete aesthetical feeling              
of an architect. Difference between different and yet 
very important roles of architect and engineer should 
understand well to recognize the real value of work of 
each one of them. Finally, relation between design and 
construction can only change to a positive and 
constructive competition that this recognition secured 
properly. Study in this section has shown a necessity of 
the academic plan of civil engineering and noticing this 
matter that civil engineer should be familiar with the 
successful patterns in the field of classic and modern 
design art like architectures and artists. Structural 
engineers should gain high level of imagination and 
understanding exact behavior of structures and not only 
their precise calculations, and then they will have this 
ability to understand suitably how a specific building 
can answer requirement and criterions  of architectural 
design with proper and correct design while observing 
principles of stability of structure. “Structural 
engineering skills” and “role of architects and 
engineers” sections show that the art of structural 
engineering is using calculation and design theories               
of structures for transforming ideas and concepts into 
buildings that can function correctly, utilize materials 
economically and answer positively to aesthetical needs 
of a building. In this situation, structural engineer will 
perform its job to reinforce architectural design of the 
building. Studies in this section have shown that 

“Structural engineering is an art” which its goal is to 
create buildings that can answer functional 
requirements, aesthetical factors, requirements                   
of function period, and limitation of conditions related 
to construction of building. Structural engineer in this 
path not only should consider principles of structural 
design in choosing the most proper structural system but 
should accurately study and evaluate the functionality of 
these systems in various situations for achieving 
requirements and mentioned criterions so the process             
of architectural design and structural calculations reach 
a unique and common result that can secure all                   
the requirements of the plan. Study a list of skills                   
of the structural engineers shows that some parts of it is 
already present in the academic syllabus of civil 
engineering subjects and some parts too should be 
noticed in a revision of the contents of this field. This 
matter needs a modern view point to academic plan of 
civil engineering filed and create a change in noticing 
architecture with a fresh definition in this filed.   
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1. INTRODUCTION 
A harbour basin had been planned for a marina project in a 
mixed development on a piece of coastal land. The existing 
ground was generally on low lying area with most of the time 
submersed under water.  In order to allow boats and yachts to 
sail from the open sea into the marina project site and berth 
inside, about 8 to 9m deep dredging from the existing ground 
surface was required to form a basin. For the surrounding area 
of the basin, reclamation was required to form a platform 
higher than the tide level. Quay wall of about 6.5m high was 
designed to be constructed at the perimeter of the basin to 
retain the backfilled soil. Fig. 1 shows the proposed layout 
plan and Fig. 2 is the model of the proposed marina project. 

 
Fig.1 Layout plan of the marina project. 
 
During the planning and design stage, soil investigation 
 
 

mainly composed of boreholes was carried out. The subsoil 
information gathered showed that there is a thick layer of soft 
cohesive soil below the existing ground surface. It was 
decided to remove the soft soil and replaced by granular 
material which mainly consisted of sand in order to ensure the 
long term stability of the basin slope and sufficient bearing 
capacity for the proposed quay wall. 

Fig. 2 Model of the proposed marina project. 
 
However, a stretch of the quay wall moved excessively 
during the backfilling of soil behind the quay wall. 
Investigation was carried out to identify the possible causes of 
failure and to gather additional information for remedial 
design. This paper presents the subsoil information at site 
gathered from the soil investigation, findings and possible 
causes of failure from the failure investigation and the 
remedial design.  
 
 

ABSTRACT 
 
A case history of investigation into the failure of a precast reinforced concrete quay wall and the remedial design is 
presented in this paper. The quay wall was about 6.5m high. The soil investigation carried out during design stage 
indicated that the subsoil below seabed mainly composed of soft clay layer. To enhance the stability, all soft clay was 
designed to be removed and replaced by granular material. The quay wall was designed to be founded on top of this 
granular material slope which to be protected by amour rock revetment. However, a stretch of the quay wall moved 
excessively during the backfilling works. Investigation was carried out after the incident. Boreholes were sunk to 
investigate the subsoil condition and the results showed that there was a localized very soft clay layer between the 
backfilled granular soil layer and the hard soil layer. Few remedial options were considered and stone columns option 
was adopted. The quay wall was successfully re-built after the stone columns were installed.  
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2. SUBSOIL CONDITION 
Soil investigation mainly consisted of boreholes was carried 
out during the planning and design stage to gather the subsoil 
profile and engineering properties. Typical subsoil profile at 
the proposed basin area is shown in Fig. 3. In general, soft 
clay was found below the existing seabed with thickness 
varied from few meters to about 10m. Liquid Limit and 
Plasticity Index for this soft clay layer are in the range of 40% 
to 101% and 16% to 77% respectively.  A layer of loose sand 
of silt could be found below the soft clay layer. The very 
dense sandy soil layer or hard bearing stratum is generally at 
about 13 to 15m below the existing seabed.  

Fig. 3 Typical subsoil profile. 

3. DESIGN OF THE QUAY WALL 
The existing ground was a low lying mangrove swamp land 
with the ground levels were mostly in the range of +1m LSD 
(Land Survey Datum) to -1m LSD. At normal and high tide 
period, the ground was submersed underwater. The design of 
the basin required to excavate the existing ground to the 
designed level of -8.5m LSD. The land surrounding the basin 
was required to be backfilled to a higher platform level of 
about +3.1m LSD.  Quay wall of about 6.5m height was 
designed to retain the backfill soil.  

 
Fig. 4 Typical design of quay wall 

For ease of construction, quay wall will be precast at factory 
and delivered to site during construction. Fig. 4 shows the 
typical design cross section of the proposed quay wall. As it 
was expected that the quay wall could be founded on the soft 
clay layer, stability of the quay wall was a concern in the 
design. Stability analysis carried out indicated that with the 
removal of the soft material and replaced with granular soil, 
the wall will be stable. It was decided to remove all soft 
material beneath the quay wall foundation. To prevent 
scouring or erosion takes place, the granular slope was 
protected by a layer of rock revetment.  

4. FAILURE OF THE QUAY WALL 
Dredging work was carried out immediately after the design 
was completed. The basin was dredged to the designed level. 
For areas below the quay wall and the slope, over-dredged 
was required in order to remove all soft material which may 
affect the stability of the quay wall. Once the removal of soft 
soil was completed and granular material was filled to the 
designed founding level, quay wall was installed and 
backfilling started subsequently.  
However, a stretch of the quay wall moved excessively into 
the basin before the backfill reached to the designed platform 
level. The backfill material behind the quay wall was 
immediately removed to mitigate the wall movement. 
Investigation of the failure was carried out after the incident.  
Fig. 5 shows the failure condition of the quay wall. 

5. CAUSE OF FAILURE 
The design of the quay wall was reviewed. It was found that 
the design should be adequate. The construction method and 
sequence of work were also being reviewed and it was 
concluded that these should not be the cause of failure. 
Initially it was suspected that the rock revetment could have 
been washed away by the current which undermined the 
material below the quay wall and caused the wall to move 
excessively.  However, probing results indicated that rock 
revetment and the slope profile still maintained. The 
abnormal observation was that there were signs of heaving at 
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the toe of the slope. To gather more subsoil information and 
engineering properties at the failure zone, boreholes were 
planned and carried out. Fig. 6 presents the gathered subsoil 
information. Generally the subsoil profile was consistent with 
the design assumption. Backfilled sandy soil was found 
behind and below the founding level of the quay wall. 
However, a layer of soft clay was detected in within the 
backfilled sandy soil and the medium stiff to hard soil layer. 
Stability analysis was carried out based on the obtained soil 
profile and the result showed that the slope was unstable. It 
was concluded that the failure of the quay wall was mainly 
caused by the existence of this soft clay layer.  In the design, 
this soft clay layer was required to be removed. However, this 
requirement was not fully implemented during the dredging 
stage. Although some exploratory holes had been sunk prior 
to the dredging work to establish the expected depth for soft 
clay removal, Part of the reason was that the workers 
followed the estimated depth of removal which was 
established from the results of exploratory holes carried out 
prior to the commencement of dredging work.  

 
Fig. 5 Conditions of failed quay wall. 
 

Fig. 6 Subsoil profile from the investigation results 

Also, it was difficult for a non-experienced engineer to 
determine whether the subsoil is soft or medium stiff at site to 
decide the actual depth of removal. This incident could have 
been avoided if (a) there was an experienced site staff to 
inspect the dredged subsoil and determined the actual 
required depth for removal of soft soil and (b) carry out some 
verification measures to ensure that all soft soil had been 
removed prior to the backfilling work.   

6. THE REMEDIAL DESIGN 
The failure occurred at localized stretch only. For quay wall at 
other area, the backfilling work had reached to the designed 
platform level and the wall was found in stable condition. In 
selection of suitable remedial measure, one of factors needed 
to be considered was not to disturbed the already constructed 
quay wall.  
Few options had been considered. The advantages and 
disadvantages of each option are discussed as follow: 
 

6.1 Replacement Option 
This option was similar to the original design, i.e. to re-dredge 
the soft clay which was found from the investigation and 
replaced with granular material. The advantage of this option 
is that the staff at site was fully aware of the failure cause and 
they will ensure all soft soil underneath to be removed. Also, 
they were familiar with the sequence of work. The 
disadvantage was this will affect the stable quay walls at both 
sides of the failure stretch. 

6.2 Ground Improvement Option 
This option is to improve the strength of the soft clay layer in 
order to enhance the global stability of the quay wall. A wide 
range of soil improvement methods [1] is available. For this 
site, vibro stone columns, cement mixed columns and 
grouting are more suitable. Surcharging method with or 
without Prefabricated Vertical Drains was not considered as 
this option required longer time. The main advantage of this  
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option is minimum disturbance to the adjacent quay wall. The 
disadvantage is that the cost is usually higher as compared 
with the first option. Vibro stone column was the better option 
as compared with cement mixed column and grouting after 
consideration of the availability of materials, experiences and 
machinery.  

6.3 Structural Option 
This option was to use structure such as steel sheet piles or 
contiguous bored piles to stabilize the slope. The advantage is 
the construction is fast and straightforward. However, this 
option is the most expensive option.  

6.4 The Vibro Stone Column Remedial Works  
In order to minimize the disturbance to the adjacent quay wall 
and to maintain the cost within acceptable level, vibro stone 
column option was selected. The design of stone column can 
refer to [2].  It was decided to adopt 800mm diameter stone 
columns with center to center spacing of 1.8m in triangular 
grid after analysis was performed to improve the soft clay soil 
underneath. Fig. 7 presents the typical section of the stone 
column option.  

Fig. 7  Typical design of stone column option  
 
The remedial work started by removing the affected quay 
wall. A working platform was then prepared to allow the 
movement of the machinery and installation of stone columns. 
Fig. 8 shows the stone column installation work carried out at 
site. The vibroflot with water jetting created an open hole to 
the designed depth. A long arm excavator was used to feed in 
the required stones and the vibroflot started to compact the 
stones until the stone column was formed. The quay wall was 
successfully built after the completion of the installation of 
stone columns. Fig. 9 shows the quay wall condition a year 
after the completion of the construction work.  

7 CONCLUSION 
A stretch of quay wall moved excessively before the backfill 
behind the wall reached to the design level. Investigation 
results show that there was a layer of soft clay below the quay 
wall which was required to be removed in the design. Due to 
the low strength of this soft clay layer, the quay wall was 
unstable. Stone column option was adopted to improve the 
subsoil strength. The quay wall was successfully built after 
the stone columns were installed.   

Fig. 8 Stone column installation work at site 

Fig. 9 Condition of the successfully built quay wall 
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1. INTRODUCTION 
Although recycling of construction waste is advancing, there 
are still many problems to be solved. One of the main factors 
limiting recycling of construction waste is the higher unit 
price of recycled materials compared to that of virgin 
materials because of the necessity of processing for recycling. 
In addition, it takes time for such processing for recycling, 
and if recycled materials are used, the construction schedules 
could be extended, resulting in a possible increase in the 
construction cost. However, we can look upon these problems 
as being the result of considering recycling only in terms of 
cost. The purpose of recycling consists of enabling society to 
undertake sustainable development through environmental 
preservation. Thus, in evaluating the business potential of 
waste recycling, not only the required actual cost but also the 
effects on the environment should be considered. In other 
words, it is important that business activities related to waste 
recycling should be evaluated according to environmental 
economics, which employs a well-balanced consideration 
between actual cost and environmental effects by accounting 
internally for environmental impact over the life cycle based 
on the concept of environmental economics. 

In the previous studies regarding construction waste, we 
examined the environmental impact assessment and 
environmental accounting approach to evaluate recycling of 
construction waste by environmental economics in which 
environmental load converted to environment cost in addition 
to direct cost is considered [1]-[2]. In this study, we focus on 
the extension of construction schedules caused by process 
delay brought about from processing for recycling that is one 
of the obstacles for recycling of construction waste. 

 
 

Specifically, regarding recycling of construction waste, we 
use environmental impact assessment and the environmental 
accounting approach to perform environmental economic 
evaluation with consideration of process delays in processing 
for recycling. In this study, among construction waste that is 
supposed to be a recycling resource, we look at construction 
sludge, which is less advanced in terms of recycling.  

2. DEFINITION OF CONSTRUCTION SLUDGE 

2.1 Present Situation of Construction Sludge 
According to the Ministry of the Environment, the data for 
industrial waste by industry (2008) shows that the 
construction industry discharged 700 x 104 tons, 18.9% of the 
total, which was the third largest amount [3]. Similarly, 
according to the field survey about byproducts of 
construction by the Ministry of Land, Infrastructure, 
Transport and Tourism, the data for construction waste by 
item (2008) shows construction sludge was 450 x 104 tons [4]. 
Construction sludge did not constitute such a large proportion 
of the total construction waste, but the data for the final 
disposal by item of construction waste (2008) shows that 
construction sludge was 67 x 104 tons, approximately 15% of 
the total construction waste, 402 x 104 tons [4]. When it is 
compared with the previous field survey of construction 
byproducts (2005), it can be considered that the situation 
regarding the final disposal of construction sludge improved, 
because the final disposal of construction sludge was 192 x 
104 tons and it constituted approximately 30% of the total, 
but it was still a large proportion [5]. On the other hand, as for 
the recycling of construction waste in 2008, the total 
recycling rate was 93.7%, and the recycling rate of 
construction sludge was 85.1% [4]. This was also an 
improvement from the previous survey. However, the 
recycling rate for construction sludge was still smaller than 
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the rate for the other construction waste. The recycling rate is 
defined as a percentage of the recycled amount or the reduced 
amount against the total amount. And the effective 
availability rate of displaced soil at construction is defined as 
a percentage of the displaced soil at construction against the 
total soil used for construction.  

2.2 Obstacle for Recycling of Construction Sludge 
It is preferable to use the discharged construction sludge 
during the construction period. However, according to the 
field survey of construction byproducts in 2008, the 
percentage of the use during the construction period was only 
2% [4]. This was because there are few facilities available for 
recycling and it required long distance transportation between 
a construction site and a processing facility in many cases. In 
other words, transportation cost increases and furthermore, 
lots of air pollution is produced. In addition, for recycling of 
construction sludge there should be construction sludge in the 
first place. Even if construction needs recycled materials, 
recycled materials cannot be supplied without construction 
sludge at the processing facility. In addition to these 
disadvantages, recycling takes time and it may cause a delay 
in construction. If the construction schedule is delayed, it will 
lead to an increase in costs, such as labor cost or lease 
payments for the equipment. Thus, constructors are forced to 
use virgin materials instead of recycled materials. The 
possible delay in the construction schedule is one of the 
obstacles for the recycling of construction sludge. 

3. ENVIRONMENT IMPACT ASSESSMENT AND 
ENVIRONMENTAL ACCOUNTING APPROACH 

3.1 Quantification of Direct Cost 
For recycling of construction waste, an inevitable cost 
including transportation cost and processing cost for 
recycling is required. In this study, we refer to these types of 
cost as direct cost. When we roughly classify them, we have 
an initial cost and running cost (including processing cost, 
transportation cost and storing cost) [6]. The direct cost can 
be calculated by the Eq. (1). We apply the Eq. (1) to the 
manufacturing of virgin materials, manufacturing of recycled 
materials and disposal. The elements in Eq. (1) indicate unit 
price of unit construction work.  
 

(1) 
 

Where, C: direct cost (yen), CI: initial cost (yen), CS: 
processing cost (yen), CT: transportation (yen), CK: storing 
cost (yen), W: mass (t), S: unit price required for processing of 
each material (yen/m3), L: transportation distance (km), T: 
unit price required for transportation (yen/t⋅km), D: storing 
days (day), K: unit price required for storing each material 
(yen/t⋅day)  

3.2 Quantification of Environmental Cost 
In this context, it is necessary for people to understand 
environmental value through its conversion into monetary 

value. In this study, we refer to detected environmental load 
converted into a cost-based figure just like direct cost as 
environmental cost. 

In the evaluation and comparison based on environmental 
economic efficiency performed in this study, Eq. (2) shows 
the environmental cost element to which we pay special 
attention. We apply Eq. (2) to the manufacturing of virgin 
materials, manufacturing of recycled materials and disposal. 
Each element in Eq. (2) indicates the unit price of unit 
construction work. Here, we refer to the results of the study of 
[7]-[8] and other previous studies [2] for extraction of 
environmental cost elements. 

 
(2) 

 
Where, E: environmental cost (yen)，EO: environmental 

cost accompanied with operation of facilities (yen)，ET: 
environmental cost accompanied with transportation (yen)，
EC1: environmental cost related to public functions such as 
forests (yen)，EC2: environmental cost related to impact on 
ecological system (yen)，EC3: environmental cost related to 
exploitation of natural resources (yen)，EC4: environmental 
cost related to worsening of residential environment (yen).  

3.3 Business Effect of Recycling of Construction Waste 
It is thought that recycling of construction waste contributes 
to the slowdown in the decrease of the remaining capacity of 
the final disposal sites through reduction of waste, and to cost 
reduction of waste disposal [9]. In this study, we regard these 
benefits of recycling as business effects caused by reduction 
of cost required for waste disposal. The evaluation of the 
business effect is calculated by multiplying the amount of 
construction waste by the unit price of final disposal as shown 
in Eq. (3). However, since the business effect means cost 
reduction, the calculated result should be a negative value.  
 

(3) 
 

Where, B: business effect of recycling of construction 
waste (yen), W: amount of construction waste (m3), S: unit 
price of final disposal (yen/m3). 

3.4 Total Cost 
The environmental assessment and environmental accounting 
approach defines the total cost shown by Eq. (4) as one of the 
indexes of environmental economic efficiency. The total cost 
is considered as a social cost with consideration of the 
environmental impact.  
 

(4) 
 

Where, T: total cost (yen)，C: direct cost (yen)，E: 
environmental cost (yen)，B: business effect by recycling 
(yen). 
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3.5 Consideration of Delay in Processing Process 
One of the obstacles for recycling is that the supply of 
recycled materials does not fit well with the construction 
schedule [5]. This is because the recycling of construction 
waste has some uncertainties including that construction 
waste is not constantly supplied to the disposal site, that it 
takes time for recycling to be certified because the method of 
recycling is complicated or imprecise, and that the time 
required for processing fluctuates because the quality of 
construction waste varies depending on the site. As a 
countermeasure to any delay that may occur in the process of 
disposal, storage of waste at the stock yard has been proposed. 
In this study, we assume soil material used for soil structures 
can be stored until the specified storage capacity of the site is 
reached. The number of days for storage is determined by the 
amount that can be dug in a day in case of virgin material or 
by the amount that can be manufactured in a day in case of 
recycled material. If the material stays at the stock yard long, 
the cost for storage increases. The number of days for storage 
is defined by Eq. (5). 
 

(5) 
 

Where, D: the number of days for storage (day), W: 
required amount of soil for a soil structure (m3), Wi: amount 
of soil (virgin or recycled) that can be produced in a day 
(m3/day). 

3.6 Evaluation by Monte-Carlo Simulation 
There are various approaches to analyze the recycling of 
construction waste while considering every uncertainty. In 
this study, we adopted the Monte Carlo simulation. The 
Monte Carlo simulation is a technique to comprehend all the 
possible combinations by changing every uncertain element 
at the same time. By using the Monte Carlo simulation, we 
can obtain frequency distributions of the output and apply the 
results to evaluate business risk.  

4. EVALUATION OF ENVIRONMENTAL 
ECONOMIC EFFICIENCY OF CONSTRUCTION 
SLUDGE RECYCLING 

In this chapter, we apply the environmental impact 
assessment and environmental accounting approach to 
recycling of construction waste and perform evaluation and 
comparison of virgin materials (not regenerated soil 
materials) and recycled materials (regenerated construction 
sledge) based on environmental economic efficiency. 

4.1 Assumptions 
The following are assumptions for evaluation and comparison 
for recycling of construction sledge based on environmental 
economic efficiency.  
(1) The amount of soil for the target soil structure is 

3,000m3. 
(2) For each element of uncertainty, the minimum, median 

(base case) and maximum are specified as shown in 

Table 1. We decided the medians either from the 
averages of the values in literature searchor based on 
what we obtained from interviews [7], [10]-[11].  

(3) The processing for recycling of construction sledge is a 
stable treatment. 

(4) As shown in Fig. 1, when the processing cost increases, 
the amount of materials and energy required for 
processing as well as the environmental cost 
accompanied with operation of the facility (processing) 
increase. 

(5) For digging, the rate of change is assumed. When soil is 
dug up, gaps appear in the soil. As a result, the mass of 
the soil on the ground or after digging becomes larger 
than the mass after compaction. This rate of change in 
soil mass is defined as the soil conversion factor.  

(6) The quality of virgin material and recycled material is 
assumed to be same and it is assumed that there is no 
difference in construction technique.  

(7) The material (virgin and recycled) for a soil structure is 
used 100% without being discarded.  

(8) The possible heavy metal contained in construction 
sledge is lead (Pb).  

(9) When the cost of processing for recycling increases, the 
heavy metal content in the recycled soil will be reduced 
as shown in the Fig. 2. In this study, we assume the 
removal of heavy metals is included in processing for 
recycling.  

(10) Virgin material and recycled material are stored in the 
stock yard and the construction work starts when the 
amount in storage reaches the amount required for the 
construction work.  

(11) Recycled material receives caring at the stock yard for 
three days.  

Heavy metals contained in construction sludge can be an 
obstacle to recycling, but in fact there are few examples of 
heavy metals contained in recycled materials [4]. At the same 
time, the Guideline for construction sludge recycling [10] 
under the editorship of the Ministry of Construction does not 
specifically mention the measures related to heavy metals 
contained in recycled materials. Thus, we use two 
assumptions for calculating environmental cost. One is 
recycled material contains heavy metals and the other is 
recycled material does not contain heavy metals. In the latter 
assumption, we do not consider environmental cost regarding 
the ecosystem.  

4.2 In Case of No Delay of Processing for Recycling 
Figs. 3 and 4 show the results of the Monte Carlo simulation 
focusing on total cost (histograms show frequency 
distributions). They show two cases: recycled material 
contains heavy metals and recycled material does not contain 
heavy metals. In the case of recycled material does not 
contain heavy metals, for 96.8% of all the results, the 
appraisal value became 0 or larger, which means recycled 
material is superior to virgin material in terms of total cost. In 
summary, the environmental economic efficiency of recycled 
material is better than that of virgin material in most of the 
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cases. On the contrary, in case of recycled material contains 
heavy metals, for 78.3% of all the results, the appraisal value 
became 0 or larger, which means the probability that recycled 
material is superior in economic efficiency to virgin material 
is rather high. However, it has been clarified that the 
significance of the evaluation regarding recycling of 

construction sludge becomes far larger when evaluated by 
total cost considering the load on the environment than when 
evaluated only by direct cost.  

Yet there is a case in which recycling is not necessary even 
when evaluated by total cost, and analysis of such cases 
should be undertaken. Nevertheless, it takes many labor hours 

Table 1 Minimum, medium, maximum value in each 
uncertainty factor 

 

 Min. 
value 

Med. 
value 

Max. 
value 

Volume of compacted soils 
(m3) - 3,000 - 

Volume of mining (m3/day) - 600 - 
Volume of recycling 
(m3/day) - 600 - 

Mining cost (yen/m3) 1,000 3,000 5,000 
Recycling processing cost 
(yen/m3) 2,000 5,000 8,000 

Storing cost (yen/m3/day) - 1,500 - 
Unit cost of final disposal 
(yen/m3) 4,000 7,000 10,000 

Unit cost of transportation 
(yen/t/km) 58 68 83 

Rate of change volume of 
soils 1.26 1.47 1.70 

ΔNPP 0 2 9 
Heavy metals contents 
(mg/kg) 0 23.1 150 

Mining area (ha) - 0.1 - 
 
 

 
 

Fig.1 The relation between processing cost and 
environmental cost 

 
 

 
 

Fig.2 The relation between processing cost and heavy 
metal contents 

 

 
 

Fig. 3 The result of MonteCarlo simulation when heavy 
metals are not considered in case of No delay 

 
 

 
 

Fig. 4 The result of MonteCarlo simulation when heavy 
metals are considered in case of No delay 

 
 

Table 2 Acquired correlations in case of No delay 
 

 
Heavy metals are 

not considered 
Heavy metals 
are considered 

Mining cost 0.421 0.371 

Recycling processing cost -0.602 -0.121 

Final disposal cost 0.577 0.545 

Unit cost of transportation -0.072 -0.069 
Transported distance in 
virgin materials 0.12 0.101 

Transported distance in 
recycling materials -0.163 -0.119 

ΔNPP 0.054 0.017 
Heavy metal contents - -0.599 

 
 

Table 3 The degree of correlations 
 

±0.7～±1 High correlation 
±0.4～±0.7 Medium correlation 
±02～±0.4 Low correlation 
±0～±0.2 Little correlation 
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to analyze a great number of uncertainties, which may bring 
about an obstacle to recycling because of the cost increase or 
a delay in the construction schedule. Therefore, we 
considered that we should focus on uncertain elements that 
have large influences and seek the correlation between 
uncertain elements and appraisal value. Tables 2 and 3 show 
the acquired correlations and the degree of the correlations. 
Here, positive correlation implies that the appraisal value 
increases as the value of uncertain element increases, while 
negative correlation implies that the appraisal value decreases 
as the value of uncertain elements decreases. Table 2 shows 
that for recycled material that does not contain heavy metals 
the digging cost has the positive correlation of the medium 
degree and the processing cost for recycling has the negative 
correlation of the high degree, and that for recycled material 
that contains heavy metals, similarly, the digging cost has the 
positive correlation of the medium degree and the inclusion of 
heavy metals has the negative correlation of the high degree. 
In addition, for both cases, the disposal cost, meaning the 
business effect of recycling of construction sludge, has the 
correlation of the high degree. According to these results, 
especially digging cost, processing cost for recycling, content 
of heavy metals and final disposal cost are important when we 
analyze the environmental economic efficiency of recycled 
materials. These four become important indexes in order to 
promote recycling of construction sludge.  

4.3 In Case of Delay of Processing for Recycling 
Similarly in the previous section, we conducted an 
assessment by using the appraisal value which is the 
differential of the total cost between virgin material and 
recycled material as the index. When we compared recycled 
material that does not contain heavy metals with virgin 
material, the probability of the appraisal value being 0 or 
larger, meaning recycled material that does not contain heavy 
metals is superior, was 76.2%. In contrast, when we 
compared recycled material that contains heavy metals with 
virgin material, the probability of recycled material that 
contains heavy metals being superior became 40.5% (see Figs. 
5 and 6) Here, we conducted an assessment of the case 
without considering a process delay of processing for 
recycling, and the resultant probabilities are as follows: the 
probabilities of the appraisal value being 0 or larger became 
96.8% for the case of recycled material does not contain 
heavy metals and 78.3% for the case of recycled material 
contains heavy metals. In summary, the result showed 
process delay of processing for recycling caused the 
usefulness of recycling to be reduced.  

In case of considering a process delay of processing for 
recycling, the usefulness of recycling decreases and more 
detailed pre-examination is required. Table 4 shows the 
correlation between uncertain elements and appraisal values. 
For recycled material does not contain heavy metals, the 
manufacturing amount of recycled material as well as the 
disposal cost have positive correlations to the medium degree, 
and the processing cost for recycling has a negative 
correlation to the medium degree. Also for recycled material 

contains heavy metals, the manufacturing amount of recycled 
material as well as the disposal cost has positive correlations 
to the medium degree. In addition, it was found that the 
content of heavy metals has a negative correlation to the 
medium degree. According to these findings, the stable 
manufacture and supply of recycled material has a very large 
influence. In order to promote recycling, it is essential to 
establish a system in which the stable supply of recycled 
material can be performed. In particular, information about 
the quality and the amount of soil material required for 
construction of a soil structure as well as about the 

 
 

Fig. 5 The result of MonteCarlo simulation when heavy 
metals are not considered in case of Delay 

 
 

 
 

Fig. 6 The result of MonteCarlo simulation when heavy 
metals are considered in case of Delay 

 
 

Table 4 Acquired correlations in case of Delay 
 

 
Heavy metals are 

not considered 
Heavy metals are 

considered 
Volume of recycling 0.556 0.518 

Mining cost 0.338 0.298 
Recycling processing 
cost -0.455 -0.094 

Final disposal cost 0.468 0.471 
Unit cost of 
transportation -0.049 -0.055 

Transported distance in 
virgin materials 0.029 0.037 

Transported distance in 
recycling materials -0.168 -0.159 

ΔNPP -0.046 -0.011 
Heavy metal contents - -0.484 
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manufacturing amount at a facility of processing of recycling 
should be closely shared among the related parties. This way, 
the supply and demand of soil material can be comprehended 
precisely, and more flexible use of virgin and recycled 
materials can be performed, so that the bad effects of a 
process delay of processing for recycling of construction 
sludge can be controlled. 

5. CONCLUSIONS 
The results we obtained are as follows:  
(1) Regarding evaluation and comparison of environmental 

economic efficiency of recycling of construction waste, 
we could include the environmental load that was not 
convertible into CO2 in the cost base in addition to the 
conventional cost depending only on CO2 emissions. 
This way, we were able to combine environmental load 
and direct cost, which have different dimensions, and 
create a new index: total cost.  

(2) By performing evaluation and comparison of 
environmental economic efficiency through the Monte 
Carlo simulation, we considered the uncertainty of 
assumed elements. And we showed that the relative 
significance of evaluation regarding recycling of 
construction sludge increased when evaluated by total 
cost than when evaluated only by direct cost. 

(3) We showed the usefulness of recycling decreased 
quantitatively by considering a process delay in 
processing for recycling owing to unstable supply of 
construction sludge as well as a variance in the period 
required for processing for recycling. 

(4) We clarified that limiting factors for recycling of 
construction sludge include the processing cost for 
recycling is higher than the digging cost of virgin 
material, construction sludge contains heavy metals and 
a process delay in processing for recycling. 
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1. INTRODUCTION 
The purpose of this study is to predict the behavior of the 
Excavation Damage Zone surrounding nuclear waste 
disposals. The geological barriers, often made of quasi-brittle 
material like granite or clay-rock, undergo damage during the 
excavation phase. Hydro-mechanical interaction may occur 
in the neighborhood of the engineered barrier, which is 
generally constitute of unsaturated compacted clay.  
In Continuum Damage Mechanics, almost all models 
developed for unsaturated media are based on the concept of 
Biot’s effective stress, stemming from Bishop’s definition of 
stress. Some important aspects of the behavior of unsaturated 
soils, like wetting collapse, cannot be represented by this 
theoretical frame [2]. Alternatively, the THHMD model 
involves independent state variables (net stress, suction and 
thermal stress), in order to emphasize the role of suction 
rigidity [3] Waste is a heat source which can generate 
traction, and thus cracks; therefore, the design of deep nuclear 
waste repositories requires the modelling of the effects of 
thermal loadings in the Excavation Damaged Zone (EDZ). 
The theoretical frame is briefly recalled in the first part of this 
paper, also the numerical parametric study is performed in 
order to determine the main parameters controlling the 
generation of damage in THHMD model. 

2. BASIC CONCEPTS OF THHMD  DAMAGE MODEL  
2.1 A Formulation in Independent State Variables 
 

 
 

In this section we just present the main concepts of damage 
model in order to help us to deduce and adapt the deductions 
to the damage concepts and basic theories.  
Use Supposing for example that the material is fractured in 

three principal directions in
, the damage variable Ω  can be 

written as a diagonal tensor whose eigenvalues id  represent 
crack densities: 
 

i
i

ii nnd∑
=

⊗=Ω
3
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Adopting the definition 1 implies that damage can be 
quantified by three fictive homogenized fractures 

characterized by a normal vector in
 and a relative volume 

id .The stress state variables chosen to formulate the model 
are net stress, ijaijij p δσσ −=′′  , suction wa pps −=  and 
thermal stress pT [4]. 
Here, net stress and suction are thermodynamically 
conjugated with mechanical (εM) and suction-related strains 
(εSv) respectively. Both of these components are split in a 
reversible and an irreversible part: 
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Ω is the damage tensor, and De(Ω) and βs(Ω) are the damaged 
mechanical and capillary rigidities respectively. 
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ABSTRACT 
 
This paper presents a framework for the modeling of damage in continuous unsaturated porous geomaterials. The 
THHMD model developed by Gatmiri & Arson (2008) has been formulated in net stress, thermal stress and suction 
independent state variables. The behaviour law stems from both micromechanical and phenomenological concepts. 
Correspondingly, the strain tensor has been split into two independent thermodynamic strain components. A crack 
related intrinsic water permeability has been introduced. 
A numerical modeling is simulated with θ-Stock finite element program [1] to study damage in heated samples of 
unsaturated bentonite. In this paper the results of this simulation will be discussed. 
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2.2 Behavior laws 
 
The following expression of the free energy has been 
postulated, on the basis of the approach introduced by Halm 
and Dragon [5]: 
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The Helmholtz free energy 
),,,( ijTvSvMijS Ωεεεψ

 is 
written as the sum of damaged elastic energies and residual 

strain potentials [6]. MjijiMg εΩ , SVjiij
Sg

εδ Ω
3

and 

TVjiij
Tg

εδ Ω
3

are residual strain potentials, which quantify 

the remaining openings due to cracks after unloading. gM, gS 
and gT are rigidity-like scalar material parameters. The 
derivation of the free energy ),,,( ijTvSvMijS Ωεεεψ , 
provides the whole stress/strain relations. The damage stress 

dY , conjugated to damage, writes: 
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The damage yield function is assumed to depend on the 

tensile strains involved in ijTv
T

ijSv
s

MM
gg
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only. The corresponding thermodynamic variable is noted 
+
1dY . The yield function ensures the convexity of the elastic 

domain: 
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0C is initial damage-stress rate that is necessary to trigger 
damage. 1C controls the damage increase rate. The damage 
evaluation law is computed by an associative flow rule. 
  
 
2.3 Transfer laws 
 

The details of thermo-hydraulic transfers in intact unsaturated 
porous may be found in [3]. 
Moisture flows have been assumed to be diffusive [3]: 
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Vw and Vvap refer to liquid water and vapour relative 
velocities, respectively. ψR is the relative hydraulic potential: 
 

wwR PaPw γθψ /)()( −=                                                  (8)                                                                                                         
 
σ(T) is the superficial energy of pore water (in J.m-2). DTvap 
and DPvap are the thermal and capillary vapour 
conductivities, respectively. The water permeability tensor is 
split in an intrinsic part and in relative components: 
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The thermal and capillary relative permabilities )(TkT and 
)( wr Sk are related to heat and to the behaviour of pore fluids 

as follows: 
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In which )(µ Tw  is the dynamic viscosity of liquid water, 

and rwS , is the residual water saturation degree. The water 

saturation degree wS evolves on a thermo-hydraulic state 
surface. This latter is defined by Van Genuchten [7] and 
assumption of exponential thermal effects done by Gatmiri 
[3]: 
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Only the intrinsic water permeability, which depends on the 
behaviour of the solid skeleton, is influenced by damage [6]: 
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The crack related component ),(2 ij

frac
ij nk Ω  has been 

computed by introducing an internal length parameter. The 
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same approach has been used to model the influence of 
cracking on vapour flow [4] 
Air and heat flows have been modeled by using the same flow 
rules as an intact porous medium [1]. Damage affects flows 
indirectly and  isotropically, through the damaged porosity 
[4]. 
 

3.  PARAMETRIC STUDY 
 
Here we are interested in the effects of different Van 
Genuchten water retention curves introducing by A to E  in 
Fig. 2 , on the variation of different parameters of damage 
model.  
The numerical simulation has been inspired from the 
laboratory test of Pintado (2002) [8], and the simulation has 
been performed with θ-Stock Finite Element code [1]. The 
objective of the Pintado test is to apply a controlled flux of 
heat at the top of a cylindrical bentonite sample, the bottom 
being maintained at a constant temperature (Fig. 3 and 4). The 
initial pore water pressure (pw0) is calculated by inversion of 
the function of the degree of saturation state surface. The 
initial saturation degree Sw0 is equal to 0.63 like in the 
experiment conditions. After a heating period of one week, a 
relaxation period of seven weeks is observed. All of the 
imposed boundary conditions are given on Fig. 4.  

 
Figure 1. Bentonite heating test [8]. Scheme of experimental 

devices.  
 

Table 1. Parameters of the five Van Genuchten water 
retention curves 

 
  

 
Figure 2. Five used Van Genuchten water retention curve 

Graph α(VG) n (VG) 
A  

 
1.2 

B  
 

1.429 
C  

 
1.429 

D  1.429 
E  

 
1.5 
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Figure 3. Bentonite heating test [8]. Mesh. Figure 4.  Bentonite heating test ([8]. Boundary conditions. 

 
 

 

Figure 5. Space evaluation of suction of specimen B. 
 

 
As shown in Fig. 5 and 5 in the higher levels of specimens 
which are drier since they are near the heat source, the 
magnitude of suction increases. It reaches to its minimum 
value at the bottom of specimens. During the heating period, 

in the top part of specimen suction goes up while it decreases 
in the relaxation period, besides in the lower part of specimen, 
suction falls whereas it increases in the remaining seven 
weeks. It can be clearly seen that the direction of liquid flow 
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is from the top of specimen to its bottom; while it inverses during the relaxation period.  

 
Figure 6. Evaluation of suction of all specimens at the whole testing time 

 

Figure 7. Evaluation of damage force in all specimens at the whole testing time. 
 
 

 



 

708 
 

 

Figure 8. Space evaluation of damage force in all specimens at time= one week. 
 

 
Fig.  7 and 8  also show that the part of the sample which is the 
close to the heater has higher amount of damage force, 
therefore it is the most damaged part. The Fig. 7 shows by 
increasing the heating time, rrYd −+

1 grows, whereas 

rrYd −+
1 falls in the relaxation period. Each graph of Fig. 7 

compares the amount of damage force in the different Van 
Genchtun water retention curves, it can be implied that the 
damage force is produced earlier in the drier specimen. It 
should be mentioned that at the top  part of specimens the 
graphs get wetter from A to E. There is damage force in the 
lowest element of specimen at beginning times of test while 
there is no initial damage force, but it vanishes in the 
resuming times. This anomaly occurs in numerical 
simulations and it is because of the effects of boundary 
conditions.  
 

4 CONCLUSION 
Fractured unsaturated porous media is studied with the 
“THHMD” damage model [3], formulated in independent 
state variables. A representation of damage is required to 
predict the evolution of fracturing in the neighbouring of 
excavated galleries. Saturation variations around galleries 
hugely influence the Excavation Damaged Zone. That is why 
damage has to be included in hydraulic transfer models and 
mechanical damage theories have to be extended to 
unsaturated porous media. A parametric study has been 
performed on a cylindrical sample according to laboratory 
test of Pintado. Distribution of suction and damage force in 
bentonite sample has been presented and discussed.   

.  

5 REFERENCES 
[1] Gatmiri, B., and C. Arson. , “θ-STOCK, a powerful tool 

of thermohydromechanical behaviour and damage 
modeling of unsaturated porous media,” Computers and 
Geotechnics, 2008,  35(6): 890-915 

[2] D.G. Fredlund, N.R. Morgenstern, “ Stress state variables 
for unsaturated soils,” J. Geotech. Engng Am. Soc. 1997, 
Civ. Engrs;103, 5, 447-466 

[3] Arson C., & Gatmiri B. , “ On damage modelling in 
unsaturated clay rocks,” Physics and Chemistry of the 
Earth, 2008,  33:S407-S415. 

[4] Arson, C., & B. Gatmiri., “ Parametric study on the 
performance of a THM damage model for unsaturated 
porous media,” 1st International Symposium on 
Computational Geomechanics, 29 April - 1st May 2009, 
pp. 553-562, Juan-les-Pins, France 

[5] Halm  & A. Dragon, (1998) , “ An anisotropic model of 
damage and frictional sliding for brittle materials,” Eur. J. 
Mech. A/ Solids, 17(3):439-460 

[6] Arson C. & Gatmiri B. , “ A mixed damage model for 
unsaturated porous media,” Comptes-Rendus de 
l'Académie des Sciences de Paris, section Mécanique, 
2009. vol. 337, pp.68–74 

[7] VanGenuchten, M. , “ A closed-form equation for 
predicting the hydraulic conductivity of unsaturated 
soils,” Soil Science Society of America Journal 44, 1980,  
892-898. 

[8] Pintado X., Ledesma A., Lloret A. , “Backanalysis of 
thermohydraulic bentonite properties from laboratory 
tests,” Engineering Geology, 2002,  64,91–115 

 
 



 

709 
 

 

  

1. INTRODUCTION 
Aproximately, 50 percent of Iranian land is mountainous. 
Due to steep slopes, relatively high precipitation, and 
variations in geological settings along with frequent 
earthquakes, these vast mountains are prone to slope 
instabilities and landslides.  Seimareh Landslide in southwest 
of Iran (Fig.1), is one of the largest known landslides in the 
world. The first document reporting Seimareh Landslide was 
published in 1935 during oil exploration projects [1] that 
called this landslide as a landslip in 1:100,000 prepared 
geological map. The most recent study was published by the 
author [2] with a complete review on previous studies and 
some detailed field works. Beside the geomorphic alterations 
in the landslide site and the depositional area, a major change 
is the disturbance of drainage pattern and closure of the 
rivers.  Also, common post-failure feature is landslide lakes 
which formed behind the displaced material blocking the 
rivers.  Seimareh and Jidar Landslide dams over Seimareh 
and Kashkan Rivers formed Seimareh and Jidar Lakes.  The 
present study aimed to explain the formation and the time of 
washing off of the landslide dams, using sediment deposit 
thickness in these two lakes and the annual sedimentation 
rate.  
 
Methodology 
In the first step, a detailed plan map was produced on which 
the boundaries of the landslide area, displaced debris and 
landslide dam lakes sediment were defined (Fig. 1).  Then, by 
using the topographic map and field data from selected 
benchmark, the longitudinal section along the axis of the 
Seimareh River was prepared. 
The hydrology of the rivers in the landslide area and some in 
the adjacent basins were studied. Assuming that climatic 
conditions of the landslide area at the time of failure 
remained unchanged, the thickness of Jidar and Seimareh 

 
 

Lakes and the rate of sedimentation in these two lakes were 
compared with the suspension sediment load in these rivers at 
present.  The result was used to measure the standing period 
and the time of wash off of these dams. 
 

 

 
Fig. 1 Plan view of detached block, deposited debris, 

generated lakes (top) and cross section of Seimareh 
Dam and Seimareh Lake along Seimareh River 
(bottom). 

 
 

2. Study Area 
The study area was selected to cover the entire landside 
anatomy, the affected post-failure area, and also the 
geological features of the surrounding region. This zone was 
located between 32˚: 50́E and 33˚: 15́E, and 47˚: 30́N to 47˚: 
30́N. These coordinates cover the mid-Zagros Range with 

Estimation of the Landslide Dam Sustainability in the Gigantic Seimareh 
Landslide Using the Rate of Sedimentation  

Zieaoddin Shoaei 
Soil Conservation and Watershed Management Research Institute, Tehran-Iran I.R. 

ABSTRACT 
 
On the border of Ilam and Lorestan Provinces in southwest of Iran, and in the heart of Zagros Range of mountains, lies 
the gigantic Seimareh Landslide that has been globally recognized as one of the largest mass movements of rocks in the 
world.  Beside the geomorphic alterations in the landslide site and the depositional area, a major change is the 
disturbance of drainage pattern and closure of the rivers. Also, common post-failure feature is landslide lakes which 
formed behind the displaced material blocking the rivers. Seimareh and Jidar Landslide dams over Seimareh and 
Kashkan Rivers formed Seimareh and Jidar Lakes.  The present study aimed to explain the formation and the time of 
washing off of the landslide dams, using the annual sedimentation rate data and measuring the sediment deposit in these 
lakes. It was concluded that the Seimareh Landslide dam has been in place for about 935 years after the landslide event. 
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NW-SE trend that forms the mountainous regions of the 
southwestern provinces of Iran.  
The study area is part of the Zagros range including a series 
of smooth and mild folding with NW to SE trend along the 
fault system of the area.  The presence of gypsum and 
gypsum lime with severe erodibility resulted to deep valleys 
formation in the area. Thus, a relatively wide valley is formed 
between northern and southern walls.  The Siemareh valley 
was formed between Kabirkuh and Mallehkuh (Fig. 1). Mt. 
Kabirkuh is emerged as limestone ridge anticline of 
Mid-Cretaceous in the southern part of the area.  
 
3.1 Seimareh Landslide 
2TAmong dozens of2T 2Tlandslides2T 2Tobserved2T 2Ton2T 2Taerial2T photos 2Tand 
satellite2T 2Timages2T 2Tin2T 2TZagros range2T, 2TSeimareh Landslide is 
identified as2T 2Tthe2T largest 2Tone2T 2Tin2T 2Tthe entire region2T. The complex 
and m2Tega landslide of Seimareh is one of the largest 2T 
ins2Ttability events not only in2T 2Tthis2T 2Tregion, 2T 2Tbut also 2T 2Tamong all 
continental landslides all over the globe. The massive 
Seimareh Landslide in west of Iran is located at the boundary 
of Ilam and Lorestan 2Tprovinces (33˚: 03́ N and 47˚: 41́ E). 
Seimareh Landslide is in a basin south of Pole-Dokhtar City 
(Fig. 1). This plain is surrounded by Mt. Malehkuh in the 
north and Mt. Kabirkuh in the south. Kashkan and Seimareh 
Rivers are currently flowing in this plain and are called 
Karkheh River after merging and continuing towards 
Khuzestan Province in south-west of Iran. The mega 
landslide of Seimareh has occurred in southern part of this 
plain and northern hill slope of Mt. Kabirkuh. Seimareh 
Landslide is initiated by a block sliding of Cretaceous 
limestone and its underlying sediment with 16km length, 
6km width, and average thickness of 400m, detached from 
the edge of Mt. Kabirkuh (3200m). Subsequently, a 38kmP

3
P of 

debris flowed over two valleys in south of Kabirkuh to a 
distance of approximately 20km on an average slope angle of 
about 5˚.  Along the way, the slope angle of the route 
becomes -5˚ (upward) at some areas. 
Assuming that the average density of the hard limestone, 
shale, and sandstone is 2.1 t/mP

3
P, the displaced material might 

be estimated at over 79 billion metric tons, qualifying the 
Seimareh Landslide as one of the few mega landslides on the 
earth [2], [3]. The detached and displaced material has 
covered an area of approximately 200kmP

2
P with a mixture of 

mainly limestone and its underlying formation such as marl 
and limestone with low sorting ranges from fine grains to 
large blocks.  2TDue to2T4T 2T4Tthe2T4T 2T4Textremely2T4T 2T4Tuneven2T4T 2T4Ttopography2T4T 2T4Tand 2T4T 
undeveloped 2T4Tdrainage2T4T 2T4Tnetwork in the area2T4T, 2T4Tmany2T4T ponds with 
various areas still exist in the debris of the landslide 2T4T(2T4TFig.1) 

2TRemnants of the thick lake sediments in the area indicate 
the existence of a huge lake subsequently formed behind the 
landslide dam. The remains of buried vegetation at the 
bottom of the lake sediments can be used to date the landslide 
occurrence. Oberlande [4], Watson and Wright [5], and van 
Zeist and Bottema [6] conducted some research on dating the 
landslide by means of CR14R isotope from the Seimareh lake 
sediments. Reviewing the available literature and resources 
and comparing their results showed that the approximate date 
of Seimareh Landslide is around 10000 (±120) years BP.  

 

3.2 Landslide Dam Lakes 
Beside the geomorphic alterations in the landslide site and 
the depositional area, a major change is the disturbance of 
drainage pattern and closure of the rivers. Because of the lack 
of developed drainage network, many ponds formed on the 
deposited material. Currently, some of these ponds are 
utilized as water supply sources for locals. Another common 
post-failure feature is landslide lakes which formed behind 
the displaced material blocking the rivers. In Seimareh 
region, due to the enormous volume of displaced material, 
these features were extremely vast. Seimareh Landslide dam 
over Seimareh River formed Seimareh Lake (Fig. 1). 
Western portion of the debris clogged Kashkan River to form 
Jidar Lake on the southern part of Pole-Dokhtar city. At the 
eastern part of the debris, Balmak Lake was formed likely by 
blocking some temporary streams in the north of Chenareh 
anticline. Amongst these three lakes, Seimareh and Jidar 
Lakes were drained naturally and dried out later. 
 
3. Sustainability of Seimareh Dam  
The Jidar Lake, as the second largest one, has an area of about 
46kmP

2
P. It has been formed by the debris blocking Kashkan 

River (Fig. 1). The maximum possible height of the Jidar 
Dam (which is washed away) is 50m at the southern part and 
could hold approximately 1.15 billion mP

3
P of water. Thus, 

considering Kashkan River water discharge (1.344 billion 
mP

3
P/yr), (Table 1) it is expected that the dam was overflowed 

by the second year after the occurrence of landslide. Another 
largest post-failure feature in the region is Seimareh Lake 
that is completely drained and dried.  
 
Table 1. Kashkan and Seimareh Rivers discharge and the 

corresponding sediment yield 

 
Figure 1 shows that Seimareh Dam must have had 100 m 
height over Karkheh River resulting in a dam with a reservoir 
of 46.3km in length and a total area of 259kmP

2
P after being 

filled up. By using the measured altitude of the selected 
bench marks and other field surveys data, it seems that the 
dam reservoir should have contained 11.84 billion mP

3
P of 

water.  
Considering the discharge of Seimareh River (Table 1), 
Seimareh Lake must have overflowed 4 years after the 
landslide occurrence. However, thick lake bed sediments in 

Sediment Water 

A
rea of the B
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River 
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ischarge 
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8.064 0.006 6.00 1.344 43.2 9400 Kashkan 

6.245 0.0016 1.60 3.900 125.4 28400 Seimareh 

14.309 0.0076 7.60 5.244 168.6 38800 Total 
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these two lakes indicate that the dams have not been abruptly 
washed away and there has been plenty of time for sediment 
accumulation in the lakes. Thus, measuring water yield and 
the volume of the lakes is not a consistent dating method for 
dam standing period.  
The entire sediments of these two lakes (Seimareh and Jidar) 
are persevered at some spots and can be used as a better 
evidence to estimate the sustainability of the landslide dams. 
Lake sediment structures such as cross beddings, 
laminations, graded-beddings, convoluted structures, and 
nodules, and also biological structures including root-casts, 
plant remains, and freshwater gastropod shells appear in 
these sediments beds that make its boundary distinct from the 
surrounding sediments. Because of high discharge of 
Kashkan River and smaller reservoir of Jidar Lake, it is 
possible that, after some certain time, Jidar Lake has drained 
into Seimareh Lake. To find out the average thickness of the 
lakes sediments a thorough field survey was conducted. 
Although because of the ragged bedrock it was not easy to 
estimate the sediments, thus, by dividing the area into several 
blocks and using sections of each block, the average sediment 
thickness of 60m in Seimareh Lake and 30m for Jidar Lake 
were estimated. Sediment beds become shallow towards the 
upstream. 
The basic concept using the sediment thickness for dating is 
illustrated in Fig. 2. This model was employed to estimate the 
stability period for Jidar and Seimareh Lakes.  At the time of 
landslide occurrence (T0), sedimentation began in Jidar and 
Seimareh Lakes at the rate for Kashkan River and Seimareh 
River sediment yield separately. This continued until T1, 
when Jidar dam broke and the total sedimentation in 
Seimareh Lake presumably became the sums of Kashkan and 
Seimareh Rivers. Finally, at T2, Seimareh Dam broke to 
bring the sedimentation process to its end. In this study, to 
estimate the stability of the landslide dams (the time period 
between landslide event and the break of the Seimareh Dam) 
a rate of annual sediment yield over the total sediment was 
applied. 

 

 
Fig. 2 A conceptual model for sedimentation process and 

dam stability  
 

Based on the hydrographs of 30 years sediment yield records 
at Pole-Dokhtar and Karkheh River stations, the weight of the 
annual sediment carried by these rivers was estimated. Then, 

by applying the field density of the sediments, the weight was 
converted to volume and then to the thickness of sediment 
beds. The estimated thickness was compared with the 
measured sediment beds thickness in the field to evaluate the 
period when Seimareh Dam has been standing. Because Jidar 
Dam was washed away earlier with a major impact on 
Seimareh Dam sedimentation process, the time of standing 
should be measured separately. Applying the data presented 
in Table 1, the following measurements were carried out: 
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Where, dJy is the thickness of sediment for each year, Qk is 
discharge of Kashkan River per second, Sk is sediment yield 
of Kashkan River (sediment per unit volume of water), γd is 
density of sediments at Jidar Lake, and AJ is the area covered 
by Jidar Lake sediment.  
Then, by dividing the total thickness of the sediments 
measured in Jidar Lake by the annual sediment thickness 
increment, the time required for sedimentation, or the period 
when Jidar Dam was standing, could be calculated as 
follows: 
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Where, TJ is the period of Jidar Dam standing, dJ is the 
sediment thickness measured in Jidar Lake, and dJy is the 
annual sediment thickness increment.  
During this period, the sedimentation continued in Jidar Lake 
and Seimareh Lake received the sediment carried by 
Seimareh River: 
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Where dS1 is the sediment deposited in Seimareh Lake before 
the break down of Jidar Lake, SS is weight of annual sediment 
yield of Seimareh River, ), γd is the density of sediments, and 
AS is the area covered by Seimareh Lake sediment. 

As the 5m of sediments in Seimareh Lake was formed 
when Jidar Dam was standing, then: 
 

12 SSS ddd −=  
 

mdS 555602 =−=  
 



 

712 
 

 

Where, dS is the total thickness of sediment beds in Seimareh 
Lake at present, dS1 is previously defined, and dS2 is the 
thickness of sediment deposited in Seimareh Lake after the 
break of Jidar Dam. 
To estimate the time required for 55 m of sedimentation in 
the Seimareh Lake, the same approach as used for Jidar was 
applied: 
 

( ) ( ) ( )
( ) ( )Sd

SKSK
SK A

SQd
×

×××
= ++

+ γ
36086400  

 
( ) ( ) ( )

( ) ( ) md SK 0905.0
102597.1

0076.0360864006.168
6 =

××
×××

=+  

 
Where dK+S is the annual sedimentation in Seimareh Lake 
from Kashkan and Seimareh Rivers, QK+S is total discharge 
of the two rivers, SK+S is the two rivers sediment yield per 
unit volume of water, γd is the density of lake sediments, and 
AS is the area covered by Seimareh Lake sediments 
Finally, considering the sedimentation rate and the thickness 
of deposited sediment after the break down of Jidar Dam, the 
time requires for 55 m of sedimentation can be calculated: 

 

SK

S
S d

dT
+

= 2
 

yrTS 610
0905.0
55

≅=  
 
Where TS  is the time requires for 55 m of sedimentation, dS2 
is the thickness of sediment deposited in Seimareh Lake 
before the break of Jidar Dam, and dK+S is the annual 
sedimentation in Seimareh Lake from Kashkan and Seimareh 
Rivers' sediment. 
The total time for Seimareh Dam standing is the sum of times 
taken for 30m sedimentation in Jidar Lake and 55m in 
Seimareh Lake: 
 

SJ TTT +=  
 

yrT 935610325 =+=  
 
Sustainability of Seimareh Dam for 935 years after the 
landslide event might be due to its composition of debris that 
formed a resistant structure. 
 
Conclusions 
-The study of post-failure events can be a good indicator to 

study and clarifying the history of the landslide dam and 
post events.  

-Assuming that climatic conditions of the landslide area at 
the time of failure remained unchanged, the recent 30-year 
hydrometric data indicate that the Kashkan and Seimareh 
Rivers could fill the largest lake of Seimareh in two or three 
years. However, because of the permeability of the dam 
body or some overflow from the banks of the dam, the 
filling time estimation may not be very accurate.  

-Thus, for accurate estimation of the period of Seimareh dam 
stability, investigation of the lake bed sediments seemed to 
be a better approach. Comparing the sediments entering 
Seimareh Lake (based on the recent 30-year data) with the 
volume and thickness of the deposited sediments, the 
period of Seimareh Landslide dam standing was calculated 
to be 935 years, which seems to be a reasonable estimation.  

-For more accurate dating of landslide occurrence and 
breaking of the Seimareh Dam, more reliable dating 
methods such as cosmic ray dating and more precise carbon 
dating is recommended. 
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Abstract 

Part of the mountainous semi-arid areas of Iran is geologically and topographically susceptible to landslides and 

gully erosion. A study was conducted at the Merek catchment, Iran which is geologically characterized by limestone, 

sandstone, shale and marls so as to determine the soil and mineralogical factors responsible for the occurrence of 

landslides and erosion. In this study, geomorphological units within the catchment were mapped by overlapping 

geological, topographical, land use and erosion data, using satellite image and GIS. Rocks and soils were sampled 

within each unit to determine their physico-chemical and mineralogical properties. The respective affected areas of 

landslides, gully, rill and inter-rill was found 16, 41, 18 and 24%, being eroded at the rate of 10–18.5 t ha-1yr-1.  

These landslides and gullies were initiated by crack formation in areas having smectite and smectite/mica, 

respectively. Smectite can swell and contract, depending on the availability of water and was found the dominant 

mineral in about 80% of the area affected by landslides. Field verification showed that landslides occur mainly in the 

forest where the canopy cover is less than 15% with slope of 10-45% and triggered through crack and piping 

phenomena due to deforestation and overgrazing, whereas gullies mainly are dominated in agricultural area where 

slope is gentle (less than 10%) and developed by agricultural activities, especially improper tillage practices in this 

catchment. 

 

Key words: Geology; Gully: Landslide; Marl; Piping; Rill: Smectite  

 

1. Introduction 

Landslide and gully erosion occur frequently in the semi-arid regions of Iran. They are contribute to damage to the 

environment worldwide through soil disturbance and sedimentation. These phenomena are reported as the dominant 

soil degradation process in the steep slope and agricultural areas, respectively and affected by improper human 

activities such as road construction, land use change, tillage practice and natural plant clearance [18], [25], [26], [22], 

[23]. However, gully and landslide are considerable in the forest and arable lands in the Zagros Mountain of Iran 

comprising fine grained sedimentary rocks (marl and shale layers) that produce soils with high erodibility [7]. The 

economic loss due to landslides in Iran is significant, with the estimated annual fiscal loss of about USD 600 million 

mailto:heshmati46@gmail.com
mailto:nik@putra.upm.edu.my
mailto:samsudin@agri.upm.edu.my
mailto:arifinabdu@putra.upm.edu.my
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[17] and their off-site impacts such as siltation, soil nutrient decline and CO2 emission are also significant. In the 

study area, suspended sediments through landslide and gully contribute to reduction in incapacity of Karkheh hydro-

electrical dam which has been built in down stream. These soil erosion features are accelerated through human 

activities such as forest clearing, overgrazing and improper tillage practices resulting in carbon emission. In the 

deforested areas, landslide incidence contributes to transferring 0.94 ± 0.23 Mg C ha−1yr-1 to aquatic ecosystem [9], 

[4], [23]. 

 

Marls in the Zagros are susceptible to landslides where are devoid of vegetative and slope is 20-40%, while there 

were prone to gully erosion with gentle slope and agricultural activities [2]. Weathering of marls (containing mica) 

usually results in the formation of smectite. In some areas where marl layers are overlain by limestone, swelling of 

smectite causes sliding of soil layers. This soil mineral shrinks upon dehydration that leads to cracking phenomenon 

because of its low shear strength and can expand up to 30% of its volume [14], [8], [5]. Smectite increase weight of 

soil layer during the rainy season due to high water absorption capacity and consequently sliding incidence. Without 

doubt landslide and gully has increased over the years partly due to uncontrolled forest clearing, mining, road 

construction and unsuitable agricultural activities. The 

objectives of this study were (i) to determine the important 

factors affecting landslides and gully occurrence in semi-

arid regions in the Merek catchment, Iran; and (ii) to 

compare these factors among different agro-ecological 

zones.  

 

2. Materials and methods 

2.1. The study area 

This study was conducted at the Merek catchment, located 

in Kermanshah, Iran. It is the upper catchment of the 

Karkheh River Basin (KRB) within the Zagros Mountain 

Chains (western Iran) (Fig. 1). This catchment has an area 

of about 23,000 ha that lies between 34º 00' 38" and 34º 09' 

3" N and 47º 04' 25" and 47º 22' 18" E, comprising plains, 

hilly and mountainous areas with forest, rangeland and 

agricultural lands. The mean annual precipitation and 

temperature are 481 mm and 17.7 °C, respectively.  

 

2.2. The geomorphological units   

A major part of the Merek catchment is occupied by the 

sedimentary rocks which have been folded into a series of 

huge anticline and syncline [13]. Marl, limestone, sandstone 

 

 
 
 
 
 
 
 
 
 
 

Figure 1: a- A map showing the location of 
the Merek catchment, b- Geomorphological 
units with incidence of landslide and gully 
erosion  
 
 

(a) 

(b) 
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and shale are the important materials/sediments forming the geological formations. Geomorphological unit (facies) is 

a homogenous area in the catchment with specific characteristics of geology, topography, land use and erosion for 

management practices and soil conservation measures [1]. This map was prepared by overlapping the digitized maps 

of geology, topography (slope steepness, elevation), erosion features and land use type using satellite image (Land-

sat ETM+ 2002) and GIS software (ILWIS 3.5). 

  

2.4. Rock/soil sampling and analyses 

Rock/soil samplings and field verifications were carried out within each geomorphological facies. About 270 soil 

samples at the depth of 0-20 and 20-40 cm were taken followed by stratified random soil sampling and their 

coordinates were determined by GPS. Soil physico-chemical characteristics were determined in the laboratory using 

standard methods for particle-size distribution, aggregate stability, pH, organic carbon, EC, Exchangeable sodium 

and carbonate content and their results statistically were analyzed using SAS software. The mineralogy of the soil 

and rock (XRD) was determined according to the standard procedure [26]. 

 

3. Results 

3.1. The geology  

Field verifications and geology map showed that geological formations are mainly prone to landslides and gully 

hazard. The north part of study area hilly topography consists limestone with intermittent layers of shale and 

conglomerate resulted in limited occurrence of surface landslides and gully erosion (Gurpi and Ilam Formations), 

while in the southern part outcrop of Kashkan Formation shows the presence of claystone, siltstone and sandstone, 

which are more subjected to landslide in the steep slope and its deposits (Quaternary) in the gentle slope comprise 

materials containing marl, argillaceous materials, sand and silt resulting in gully erosion.  

 

3.2. Topography and land use  

As shown in Fig. 2, the respective areas of landslides occur are forest, rangeland and agriculture. In contrast, gully 

erosion is occurs mainly in the agriculture area where soil at the Quaternary has been inherited mainly as same as 

landslide areas (Kaskan Formation). Although soil, geology and mineralogical factor affecting to landslide incidence 

roughly is similar to gully erosion, topographic and land use characteristics are different between them. Field 

verification showed that landslides occur at 10-60% slope and is more frequent where slope is 20-45% with1500-

1700 m above the sea level, while gully is dominant  erosion feature in gentle slope (<10%) with 1400-1500 m above 

the sea level. Landslide in Iran occurred frequently where the slope was 20-40% [1]. In the present study, it was 

observed that most of the landslides occur in the northern aspect of the mountain chain. Soils in the northern slope 

aspect can maintain more moisture than others due to the low evaporation [20]. This condition can provide water for 

the expanding smectite. In addition, main land use of landslide is forest, but for gully is agriculture. The depth of the 

landslides in arable land was found to be shallower than that of the forest and rangeland zones because of its lower 

slope. In reality, about 3400 ha (15%) of the study area is affected by landslides (mainly forest zone), but gully 

affects 9367 ha (about 41%) which are roughly arable lands. 

3.3. The physico-chemical properties of the soils 
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Table 1 shows the soil physicochemical properties. The soils in the landslide and gully areas are mainly clayey in 

nature. The respective average sand, silt and clay were 17, 42 and 41 percent. T-test of particle-size distribution 

showed that there was no significant difference within soil layers in all zones, but the ANOVA analysis revealed that 

sand value in the agriculture zone is significantly lower than that of the other zones. Inter correlation analysis also 

explored that clay particle was correlated with sand, SOC and pH. Clay particles control soil strength and shearing 

mechanism when their proportion is more than 30% and water holding capacity is strongly controlled by the clay 

content that can be increased up to 210 mm water/m soil depth [8] and [10]. On the other hand, increase in saturation 

percentage enhances water absorption capacity that increases the weight of the slipping layer in the slope area or 

contributes to gully process through washing away fine fractions.  

 

Although the mean aggregate stability (AS) of the surface soil layers was about 59% in the study areas, there was 

significantly lower in the agriculture areas promoting piping and gully erosion. There was a good inverse relationship 

between soil aggregate stability and piping density on clayey soils [6]. By and large, the contribution of the physical 

characteristics on the incidence of landslides in Merek catchment was found to be more than those of the soil 

chemical properties due to low values of 

ESP, Na and EC as well as moderate 

alkaline pH (Table 1). The respective pH, 

exchangeable sodium and electrical 

conductivity values were 7.75, 0.50 cmolc 

kg-1 and 0.70 dS/m indicating the moderate 

alkaline soil and not expected to have any 

significant relationship with the landslides 

and gully erosion. The mean organic carbon 

level in the topsoil and subsoil of the 

agriculture, rangeland and forest was 1.35, 

1.56 and 2.14%, respectively and t-test and 

ANOVA analyses showed that their means 

are significantly different from each other 

among agro-ecological zones. The burning 

of crop residues and improper tillage 

practices, especially in the hilly areas of the 

agriculture zone has reduced its OC 

significantly. Improper tillage practices 

strongly accelerate soil erosion processes by destroying soil organic matter and soil structures [19]. Overgrazing 

contributes to the reduction of OC through defoliation phenomenon and improper tillage practice can decrease about 

12% of soil organic carbon [11], [24]. Heavy sheep grazing decreased about 16.5 kg of OC per ha [15]. Carbonate 

content in the soils of the study area is high (about 35%) and carbonate indirectly affects incidence of landslides 

Soil Variable Soil 
Depth 
(cm) 

Agro-ecological Zone Pr> F 
Agricult

ure 
Rangela

nd 
Forest 

Sand (%) 0 - 20 16.46 b* 19.33 a 19.50 a 0.007 
20 - 40 16.50 b 19.55 a 19.33 a 0.021 

Silt (%) 0 - 20 42.80 a 39.62 ab 37.63 b 0.003 
20 - 40 42.88 a 41.64 ab 37.68 b 0.048 

Clay (%) 0 - 20 39.84 a 40.55 a 42.70 a 0.284 
20 - 40 41.13 a 42.20 a 41.30 a 0.866 

Saturation 
percentage 

0 - 20 51.31 a 50.86 a 51.07 a 0.044 
20 - 40 49.59 a 505 a 51.14 a 0.631 

Aggregate 
Stability (%) 

0 - 20 53.41 b 60.95 ab 63.89 a 0.0151 
20 - 40 57.42 a 62.25 a 63.94a 0.248 

pH 0 - 20 7.72a 7.76 a 7.80a 0.195 
20 - 40 7.81a 7.85 a 7.84 a 0.479 

Exchangeable sodium 
cmolc kg-1 

0 - 20 0.444 ab 0.412 b 0.512 a 0.102 
20 - 40 0.490 a 0.408 b 0.517 a 0.021 

Electrical conductivity 
(dS/m) 

0 - 20 0.768 a 0.632 a 0.742 a 0.0221 
20 - 40 0.711a 0.58 b 0.778 a 0.004 

Organic carbon 
(%) 

0 - 20 1.36 a 1.56 b 2.15c 0.0001 
20 - 40 1.03 b 1.35 a 1.45 a 0.0001 

Carbonate (%) 0 - 20 32.18 a 30.01a 32.18 a 0.388 
20 - 40 36.94 ab 33.51a 40.31b 0.018 

 

Table 1: ANOVA analysis of soil variables in the agro-ecological 
zones of Merek catchment, Iran 

 

*Means with the same letters are not significantly different at P≤ 0.05% using SNK test 
for variables 
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(b) 

Figure 1: X-ray diffraction patterns of the clay 
fractions treated with Mg; a)-from gully erosion areas 
(agriculture) which is dominated by vermiculite, and  
b)- dominated by smectite in the sliding areas (forest), 
 

through the formation of hardpan, especially in some areas of the rangeland. This in the end would increase the 

incidence of shallow landslides.       
 

3.4. The mineralogy of rock and soil 

Fig. 1 (a) gives the XRD diffractogram of the clay minerals present in the gully areas showing the presence of peaks 

at14.04Å, 7.213 Å, 3.301 Å, 3.030 Å, and 2.104 Å indicating 

the presence of vermiculite,  kaolinite, quartz, calcite 

and dolomite, respectively. Soils in this area contain 

about 40% clay which potentially contributes to gully 

erosion, but there was 12.060Å (K), 9.960 Å (Mg) and 

10.140Å (Mg-glycol) indicating the presence of mica-

smectite. Fig.1 (b) is the Mg-treated sample in the 

landslide areas showing a peak at 14.81 Å, indicating 

the presence of smectite, vermiculite, chlorite or all of 

them. Glycolating the Mg-saturated sample produced a 

peak at 16.184 Å (Fig. not shown). This shows clearly 

the presence of smectite in the sample. Treatment with 

K gave a peak at 12.755 Å, while peak at 14 Å peak 

was absent (Fig. not shown). This shows that chlorite is 

absent in the sample. Field observations revealed that 

crack formation was the first step in the development of 

both landslide and gully. The cracks are formed in the 

fine grained layers containing smectite, mica-smectite 

and vermiculite, running parallel and across the direction of the slope. The soils having these minerals can expand 

when absorb water, while during dry season, they loss their and consequently the crack formation with different sizes 

(1-10 cm). Smectite can absorb water (up to 30% of its original volume) resulting in swelling of the crystals and 

increase in weight during rainy season resulting in instability and sliding [14], [12], [16], [3].  

 

5. Conclusions 

Landslide and gully are an important feature of land degradation in the Merek catchment, Iran that has affected about 

56% of the area. Their occurrence is somewhat related to the high soil erosion intensity, which was estimated about 

18 t haP

-1
Pyr P

-1
P. Incidence of landslides and gully are mainly influenced by the geological, topographical and soil 

physical properties. Landslides occur frequently on the geological formations, which are composed of fine grained 

materials, developed from marl and shale strata. These layers weathered to form smectite and vermiculite, which are 

subjected to the process of swelling and shrinking, depending on the availability of water. These phenomena 

decrease soil stability and eventually result in the occurrence of soil erosion and landslides. The situation is made 

worse by the uncontrolled deforestation, improper tillage practices and overgrazing. Most of these landslides and 

gullies are initiated by cracking and piping processes. Cracks appear in the soils when smectite and vermiculite loss 
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their water during dry season; however, during wet season the mineral absorbs water and expands. This phenomenon 

accelerates soil erosion in the Merek catchment, which in turn, increases cracking, piping and landslides/gully. Field 

verification showed that both landslides and gully erosion are mainly accelerated by forest clearance and up-down to 

the slope tillage practice and landslide was more frequent where plant canopy of forest was less than 20 percent.  
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1. INTRODUCTION 
Landslides are important natural geomorphic agents that 
shape mountainous areas and redistribute sediment in gentler 
terrain. Much of the present Earth’s landscape has been 
extensively sculpted by episodic landslides [1]. Landslides 
depend on a combination of variables such as slope, rainfall 
amount, rainfall intensity, soil mantle thickness, soil state 
parameters, subsurface hydrology and vegetation [2], [3]. 
Reference [4] showed that probabilistic analysis which 
ignores the spatial variability of undrained shear strength or 
effective cohesion of the soil underestimates the probability 
of slope failure. One of the major factors affecting slope 
stability is land use pattern. Most of the tremendous number 
of researches dedicated to unveil such effect have focused on 
the relatively recent impact of land use change (e.g. 
population growth, timber harvesting, forests clear cut, road 
construction) within the last few decades [5], [6], and [7]. 
Their approaches and consideration of land use change, only 
through past century, might be reasonable and acceptable; 
however, in this research, a new consideration on the possible 
effect of ancient land use is raised and could be a new 
approach for understanding the cause of some slope failures.  
 
 An unlikely combination of relatively low rainfall intensity 
and gently sloping topography produced numerous landslides 
and debris flows during a prolonged storm in July 2006 
around Okaya City, Nagano Prefecture, Japan, and indicated 
the existence of other factors contributing to the landslide 
initiation. This research focused on detailed investigation on a 
relatively large landslide/debris flow near Okaya City (Fig. 1) 
where the highly variable soil characteristics in the landslide  

 
 

 

scarp led to examine the variability of physical and 
hydrological properties throughout the soil profile and within 
the area above the landslide.  
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 Based on 62 yr of rainfall data from the nearest AMeDAS 
meteorological station in Suwa City (6 km east of the 
landslide site), July (during the Baiu season) has the highest 
total monthly rainfall. Among all 62 yr, July 2006 had the 
highest rainfall for this month (506 mm). Average July 
precipitation near the study area is 200.5 mm. Total 
precipitation during the July 17-19, 2006 period exceeded 
358 mm. Landslides were triggered when cumulative 3-day 
rainfall reached about 330 mm, most of the total July rainfall. 
However, the storm had a relatively low intensity; maximum 
intensity was 22.5 mm h-1 near the beginning of the storm and 
it never exceeded 16 mm h-1 throughout the next 3 days. 
 The region is located approximately 53 km to the east of 
Japan's second largest volcano, Ontake. The geology of the 
area is relatively simple because of its volcanic nature and 
also due to its location in the middle of the main island of 
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Fig.1 The location of study area 
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Japan (Honshu). Several local faults exist in this region; 
however, it seems that the geological setting has not been 
significantly affected. Dominant lithology in the area is tuff, 
andesite, and pyroclastics. Andesite breccias containing large 
amounts of tuff breccia composed the lower layer of 
Pleistocene bedrock. 
 Soils around the landslide scarp are about 3.5 m deep and 
overly andesitic bedrock. Soils at this landslide site are 
formed primarily by erosion processes, where transported 
soils are deposited over approximately 0.5 m of residual soil. 
Soil profiles at the site indicate considerable small-scale 
heterogeneity and anisotropic characteristics. For example, a 
sequence of black soil layers appears near the middle of the 
profile, whereas the soil overlying the bedrock below the 
black layers is brownish. The anthropic black soil in the study 
area is an ancient buried surface soil remnant from earlier 
land use (e.g., episodic burning of vegetation), which was 
later covered by eroded soil. The spatial propagation of this 
black soil layer appears discontinuous. The soil around the 
landslide is dominated by the black layer, whereas a nearby 
landslide behind the same hill contains brownish soil over 
bedrock overlain by a thin layer of organic-rich soil on the 
surface (i.e., no black layer). Repetitive agricultural activities 
at the study site formed more than a meter of such organic- 
rich surface soil [8]. 
  

2. METHODOLOGY 
To investigate the role of soil profile heterogeneity, a detailed 
investigation on soil variability and its effect on pore pressure 
distribution through and after the storm was planned 
including:  
I) An integrated and precise study of the soil including 
vertical and spatial characteristics and distribution, physical, 
and hydrological properties; variation in texture and 
structure; and composition and genesis of the soil. Soil 
characteristic curves and Ks of the soil profile were measure 
in the laboratory for different soil layers. In addition, an 
extensive study was conducted on the history of the region to 
discover the stages of land use around the study area. This 
was to figure out a comprehensible scenario for soil 
heterogeneous profile forming process. 
II) Field measurements from multi-depth tensiometers to 
monitor soil water potential (both tension and positive pore 
water pressure) fluctuations during recorded rainfall to 
capture the real-time response of the soil to the storms. To 
model the water movement and development of 
suction/pressure fluctuations in the soil due to rain, eight 
tensiometers were installed in field above the investigated 
landslide. The tensiometers were arranged in two sets, each at 
four different depths: 20 cm, 50 cm, 100 cm, and 167 cm. 
This depth arrangement allowed the tensiometers to monitor 
the middle of the surface soil, middle of subsurface soil, 
bottom of the subsurface soil, and a deeper soil at the middle 
of the profile, respectively. To reach the soil below the black 
layer and monitor the effect of this low permeable soil layer, 
the deepest tensiometers was installed at 167 cm below the 
shallow black layer. A group of four tensiometers was set up a 
few meters above the landslide. The second set was installed 

10 m further upslope from the first set. An eight-channel 
logger connected to the transducer and powered by a car 
battery (for longer life) recorded soil suction data at 10 min 
intervals. 
III) Modeling the process of rain water infiltration into the 
soil by applying field data from different soil horizons, 
including inherent variations. The model will be calibrated 
based on the recorded tensiometer data and simulations are 
then being conducted for the landslide-inducing storm of July 
2006 to capture the process of transient unsaturated-saturated 
flow in the soil. The goal of this study was to simulate the 
infiltration and propagation of rain water within the soil, both 
vertically and laterally in an at least 2-D model, which caused 
the landslide of July 19, 2006. Thus, a suitable model needs to 
be selected to fulfill some of the vital criteria for simulation. 
These model criteria can be summarized as: 1) ability to 
incorporate transient rainfall; 2) handle large pressure or 
water content gradients between the elements of the slope 
allowing accretion of sharp pressure head fronts progressing 
through the soil during short-term, high intensity rains; 3) 
model soil layering effects in the profile with variable 
hydrological properties; 4) work with an acceptable number 
of soil properties; and 5) numerically solve the governing 
equation so it can be easily compared and fitted to field 
observations. Considering all the parameters mentioned 
above, HYDRUS 2D/3D (Pc-Progress Co.) seems to fulfill 
most of the requirements for the modeling in this study by: 
offering a user friendly interface in modeling preparations 
steps, being capable of a large iteration process and time step 
control to optimize the required running time for the 
simulation, receiving the topographic and soil layer data from 
a prepared file, and thus accepting incredible slope details, 
and giving a good control on ‘mesh elements’ generating 
process. Thus, HYDRUS 2D/3D was chosen to conduct the 
modeling.  
 
3. RESULTS AND DISCUSSION 
The study area, located west of a large fresh water lake and 
drained by several streams, was an appropriate location for 
such habitation and agriculture starting from the early Jomon 
period 14,000 to 4000 BC (e.g. [9]). The black soil layer is an 
indicative soil horizon around this study area near Okaya City 
which supports the existence and propagation of Jomon 
culture throughout the region. 14C dating analysis of charcoal 
in the black layer indicates a wide age range from 10,200 to 
4510 yr BP [10]. The beginning of Jomon era coincided with 
a warmer climate in Japan [9]. This warmer climate supported 
flourishing primitive practices, such as hunting and 
associated burning of forests around Okaya City for an 
extended period. The Jomon people lived by food gathering 
and hunting, and therefore this destructive interaction with 
nature began. There is no firm evidence indicating the process 
of hunting, whether it was a group activity or an individual 
practice, however, it involved hunting and clearing the forests 
and regenerating vegetation by fire, possibly on an annual 
basis (e.g., [9]). The anthropogenic origin of the black soil has 
been mentioned in some previous publications (e.g. [11]), 
although it has never been connected chronologically to any 
particular era or ancient civilization. Based on 14C dating 
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results, burnt wood and brush accumulated over the soil for 
about 5700 yr until about 2500 BC. More results and 
discussion about the genesis of the soil and its possible 
historical origin are presented in reference [8]. 

Data collected on soil thickness and distribution by field 
surveys show that the soil mantle at the area above the 
landslide can be divided into two portions: I) shallow soil 
with maximum depth of 1 m (Fig.2), and II) deep soil from 1 
to ≈4 m deep.  
 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
The delayed initiation of the landslide in the July 2006 

indicates that cumulative rain exerts a greater influence on 
critical pore pressure accretion than rainfall intensity. This 
phenomenon is important related to simulating the pore 
pressure response in the deeper soil zone, since it captures the 
effect of delayed hydrological response of the soil, due to 
water percolation process within the thick soil layer. To 
control the simulation of soil response to the storm, six 
observation points (in the model, Fig. 3) was set to read the 
pore pressure at the landslide spot and on particular depths.  
 

 
 
 
 
 
 
 
 
 
 
 
 
 
Fig 4 shows the model simulations for after the long 

process of calibration at the depths of tensiometers 
installation. As shown, the simulated pore pressures fit the 
tensiometers response. After this stage, the model was set to 
run for the storm of July, 2006, to simulate the pore pressure 
at the site of the landslide.  

 
 
 
 
 
 
 
 
 

The scenarios of the modeling were: I) when the anthropic 
black layers exist in the soil profile (the actual case); and II) 
when the black layers of soil are removed to simulate the 
effect of human activities in the study area. The model was 
run for the storm in July, 17-19, 2006, as 88-h of rain (Fig 5).  
 
 
 
 
 
 
 
 
 
 
 
 
 
The result for the first set of simulations is presented in Fig 6. 
The curves represent the pose water pressure at the 
observation nodes 0.20 m to 3.50 m at the bottom the soil on 
the bedrock contact. The fig shows that at the time of 
landslide initiation and around the soil-bedrock contact, pore 
water pressure exceeds 3.00 mH2O.  
 
 
 
 
 
 
 
 
 
 
 
 
 
On the other set of runs, black anthropogenic soil layers were 
removed to simulate the propagation of pore water pressure in 
the absence of human effects. Fig 7 presents the result of pore 
pressure in the lack of black soil layer. The pore water 
pressure does not rise above 2.50 mH2O when there is no 
anthropogenic black layer. It seems that the black soil 
intercept the lateral flow of the water from upslope to build a 
higher pore pressure around the time of failure, whereas, in 
the absence of the black soil layer, the water passes through 
the slope to build a delayed pore pressure at the location of 
landslide. Such difference in the built up pore water pressure 
may change the timing of the failure. Considering that the 
failure occurred toward the end of storm, the increase the in 

 
 
Fig.2. Location of shallow and deep soil mantle 

 
Fig 3. The modeled soil and slope and observation nodes. 

 
Fig.4. Calibrated model based on tensiomers data 
recorded on July 2007.  

 
Fig.5. The storm of July, 17-19, 2006. 

 
Fig.6. The model simulation for actual soil profile. 
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pore water pressure might not continue to make the slope 
unstable and cause the landslide. 
 
 
 
 
 
 
 
 
 
 
 
 
 
4. CONCLUSION 
In this study, a 2D model was applied to the entire 
contributing area above the actual landslide. This model 
included all the details of the slope characteristics and soil 
properties in order to examine the effect of the 
anthropogenic soil historically embedded into the soil 
profile. The simulations showed the effects of soil layering 
as a result of historical land use and anthropogenic activities, 
and thus, provide a unique look into the extended influence 
of human activities. Large differences were found between 
the hydrological and stability simulation results with original 
slope conditions and he assumed scenarios of no human 
effects. The more accurate simulations that were observed 
with anthropogenic effects included in the model suggest 
that the historical human life styles and land use activities 
affected contemporary mass movement phenomenon by: 1) 
being the probable cause of the 2006 failure, and 2) altering 
the timing of the landslide by changing the response of 
pressure head distribution in the soil during the storm, which 
likely could change the magnitude of economic and human 
life loss in such events (July, 2006, occurred early morning). 
Thus, the result of this study may introduce a new concept to 
assess the historical aspects of anthropogenic soil on 
contemporary landslide behavior. In contrast to earlier 
studies, this research extends the concept of land use and its 
effect of landsliding from conventionally a few decades to 
historical land use. Because such a long history affects the 
genesis, and thus the layering and properties of the soil, and 
imposes heterogeneity and anisotropy, the effects of 
historical anthropogenic activities have a direct link to the 
contemporary physical, hydrological, and mechanical 
characteristics of the soil. The results suggest that although 
recent human activities may affect the frequency and the 
number of landslides, the ancient anthropogenic activities 
play a more chronic role by gradually contributing to 
catastrophic mass movement events over time. 
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Fig. 7. The model simulation for No-Black soil scenario 



  

  

1. INTRODUCTION 

Urban areas are extreme cases where human activities have 

the greatest impacts on the local environment, and 

environmental processes can affect the greatest numbers of 

people. They need separate attention. Decisions made by 

developers and urban authorities have major implications for 

health, safety, the economy and the environment. Since  

ground processes and the nature of the underlying materials 

influence the occurrences of geological resources and hazards, 

it is important that these should be properly understood so 

that appropriate actions are taken to safeguard natural 

resources, reduce risk to people.  

In this paper the need for good communication between urban 

authorities , developers and geoscientists. 

2. GROWTH AND RENEWAL IN URBAN AREAS 

The geographical origins of towns and cities are diverse. 

Most develop in response to natural and local conditions. The 

following factors influence settlements: 

1. Convenient stopping places on routes such as passes 

between hills, convenient points on rivers, or at water 

sources in arid areas. 

2. Ports on sea coasts, rivers or lakes. 

3. Location in farming areas where routes meet allowing 

the development of markets. 

4. Defensive sites, often on rocky prominences with areas 

below that could be used for building dwellings. 

5. Administrative centres normally at prosperous 

settlements developed for other reasons but sometimes 

separately, for instance to refocus activity by removing 

administration from a coastal town to a site in the 

interior to promote development. 

 

 

 
 

 

 

 

All but the last of the above mentioned factors are associated 

with specific Geomorphological settings that reflect 

underlying geology  

3. MANAGEMENT OF THE URBAN ENVIRONMENT 

In the past, in many countries, especially in developing 

countries urban areas grew in an uncontrolled manner. The 

urban population experienced increased risks, a poorer 

quality of life, and increased health problems. This trend 

continues where migration from rural to urban areas is very 

rapid. However, there has been increasing management of 

many urban environments through a variety of regulatory 

regimes. 

1. Land use planning – which is concerned essentially with 

locating development in the most appropriate places, while 

protecting areas worthy of conservation, so that 

development is undertaken at the best balance of social, 

economic and environmental cost. 

2. Building regulations- which aim to ensure that built 

structures are properly constructed and are fit for use. 

3. Environmental regulations- regulating the operation and 

occupancy of sites, ensuring that waste and emissions are 

properly controlled and dealt with and that air and water are 

protected,  so as to minimize social and environmental 

damage, including risks to health, conserving natural 

habitats and maintaining biodiversity . 

4.  Health and safety regulations – to ensure that 

employees, and other people entering places of 

employment, are safeguarded from unnecessary risks. 

5. Environmental health regulation – to ensure that people 

are not exposed to potential hazards to health. 
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6. Management of emergencies – setting out and 

disseminating procedures for protection, evacuation and 

relief, making provision for emergencies services in 

relatively low hazards locations, and minimizing the 

likelihood of major accidents. 

 

4. EXAMPLES OF URBAN ISSUES 

4.1 THE CITY SCENARIO 1 

In a city an industrial centre grew on the basis of local coal 

and ironstone mining that supported heavy industry. The 

uncontrolled outcome is shown in figure 1. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

                                        Fig.1 

4.2 THE CITY SCENARIO 2 

In the initial stage small quarries were opened for the 

extraction of limestone many years ago. The stones were used 

in the construction of major local buildings. The quarries 

were then abandoned. The buildings became part of the 

cultural heritage. The city expanded over the stone resource 

area. The uncontrolled outcome is shown in fig.2. 

  

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

                                               

 

                                           Fig.2 

4.3 THE CITY SCENARIO 3 

A major manufacturing city was linked to a sea port by an 

aging railway that had been constructed through a range of 

hills, along a river valley. Because of poor maintenance and 

increase in traffic the uncontrolled outcome is shown in fig.3. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

                                                  

 

 

 

 

                                                  Fig.3 

 

4.4 THE CITY SCENARIO 4 

A city is located beside a bay with a narrow coastal plain 

backed by mountains. It was a port but expanded along the 

coast as housing, industry and tourism developed. Because of 

dredging the uncontrolled outcome is shown in fig.4 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

                                                     Fig.4 
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4.5 THE CITY SCENARIO 5 

A city had been a major manufacturing centre. More recently, 

traditional industries had declined and a thriving service 

sector was now the main employer. The excess ground water 

created uncontrolled outcome as shown in fig.5 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

                                        

 

 

                                     Fig.5 

 

4.6 THE CITY SCENARIO 6 

A major industrial area developed in and around a city. The 

complex was powered by coal and by manufacturing of gas 

and coke. Ash was tipped on areas between the factories and 

gave rise to localized contamination. This contamination 

caused uncontrolled outcome as shown in fig.6  

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

                                            Fig.6 

 

4.7 THE CITY SCENARIO 7 

Porous sandstone beneath part of a city is the major source of 

local water suppl. The aquifer is overlying in places by sand 

and gravel and elsewhere by low permeability clay. A major 

chemical works contributed uncontrolled outcome as shown 

in fig.7.  

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

                                                     Fig.7 

 

4.8 THE CITY SCENARIO 8 

An area of uplands was rich in timber of high commercial 

value. Because of the need to earn foreign currency the 

government licensed major logging concessions. The logging 

company wished to maximize its profits and undertook rapid 

tree felling over a few years. Cutting of trees created 

uncontrolled outcome as shown in fig.8 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

                                                         Fig.8 
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4.9 THE CITY SCENARIO 9 

The low lying coastal area, lined by dunes, marshes  and areas 

of mangroves was located to the west of a major port that had 

been designated for expansion. This involved the building oaf 

a breakwater to the east of the undeveloped coast and the 

dredging of a deeper access channel. The breakwater and the 

dredging operations created uncontrolled outcome as shown 

in the fig.9. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

                                       Fig.9 

 

4.10 THE CITY SCENARIO 10 

Major population growth took place in a city before mains 

drainage was constructed severe pollution of surface water 

and wells by sewage occurred. The unplanned expansion and 

population  explosion created uncontrolled outcome as shown 

in fig.10. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

                                         Fig.10 

 

4.11 THE CITY SCENARIO 11 

An important town grew several hundred years ago on the 

slopes of the mountain. It was initially a market center for 

farming based on rich local soils and plentiful rainfall on the 

slope. From time to time, there were volcanic eruptions but 

most of these were limited to small scale ash falls. But the 

volcanic eruptions were very active over the past few hundred 

years. The scientists found that many of these cities key 

emergency services and a key evacuation route for the 

population were located in the area that was at greatest risk. 

The volcanic eruptions, seismicity and ground movements 

contributed to uncontrolled outcome as shown in fig.11. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

                                                    Fig.11 

 

Many more examples could be cited throughout the world. 

These examples make clear the diversity of issues that may 

affect urban areas and the nature of the information that is 

needed to address them. The information comes from many 

sub-disciplines, some of which are rooted in Geoscience but 

others extend, to Ecology, Economics, Sociology, 

Architecture, and Archaeology. Multi-disciplinary studies are 

needed. In some cases communication may be straight 

forward but often there are barriers of unfamiliarity and 

technical complexity that can stand in the way of prompt and 

effective action. To achieve satisfactory results it is necessary 

to understand the implications of the Geology and Earth 

surface processes of the area and to explain them clearly in 

terms that can be understood widely. This needs adequate, 

easily accessible, and readily understood information, advice, 

guidance and training on how to deal with these issues.  
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5. LOWLAND CITIES AND THEIR ISSUES IN A 

COMPREHENSIVE TABLE    

                                   Table I Lowland cities and their issues 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

The solution is “be wise at least after the event.” [1],[2],[3]. 

 

6. INFORMATION, GUIDANCE AND 

COMMUNICATION 

The eleven city examples discussed bring together the need 

for coordination by authorities responsible for land use 

planning, environmental protection including catchment 

management, health and safety at work, and environmental 

health. In some cases land use and emergency planning are 

required to solve the problem. In some special cases shoreline 

management is also needed to regulate the activities. 

 

In many cases  the information necessary comes from many 

disciplines but main focus is on the Geosciences. Therefore 

the following are particularly relevant:    

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

1). Resources – minerals, water, soils, landscape, good 

building land- types, extent, quality and significance 

(safeguarding and potential) 

2)  Hazards and constrains – subsidence, slope instability, 

flooding, storms, natural and manmade contamination, 

erosion, volcanic activity, seismicity- types, extent and 

relative significance. Information is needed on all 

environmental issues that are relevant to a particular area at 

both the regional and more detailed levels. 

It is important that adequate basic Geological, 

Hydrogeological,Geomorphological, Geotechnical is 

undertaken at the strategic and more local level in order that 

applied outputs and modeling procedures can be securely 

based.  
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7. CONCLUSIONS 

1. Traditionally Geosciences information has been presented   

on paper maps.  These maps are essentially in two   

dimensional representations that can be interpreted in three 

dimensions by specialist users but not readily by 

non-specialists. Environmental and engineering Geology 

Mapping will help to overcome the barriers with some 

success. 

2. The urban area has often been regarded as if it intrudes 

within and is therefore separate from the Eco-System. But in 

practice urban areas have major effects on their surroundings 

and processes in nearby areas have impacts on towns and 

cities. Therefore the urban area should be regarded as an 

integral part of the overall functioning of the Eco-System if 

environmental issues are to be properly analyzed and 

resolved. 

3. There is a considerable diversity of environmental issues 

that have a Geosciences element and many problems involve 

multi-disciplinary consideration within a variety of 

management systems, often administered by different 

authorities. 

4. These authorities often need to draw on the same body of 

knowledge with varying degrees of emphasis but they can 

only do so if they are aware of the relevant issues and 

significance and availability of the necessary information. 

5. In practice, there is commonly a communication gap 

between varies groups of administrators and specialists, as 

well as with the general public and politicians. 

6. This arises partly from limitations on education in the 

Geosciences and a lack of dialogue and mutual learning . 

7. A key aspect is for stakeholders to know who to ask, when 

to ask, and what to ask when problems arise. 

8. A key to sound urban management is the compilation and 

maintenance of data bases not only for the urban area but also 

for its regional surroundings. These are particularly valuable 

if  linked to GIS, Environmental information systems and 

software for modeling potential outcomes of possible 

decisions. 

9. Experience shows that authorities are often unwilling to 

invest in research even though the outlay can lead to 

considerable savings in the future. 

10. In addition it is often difficult to secure funds for 

maintenance of the data system . Few public authorities are 

equipped to do this even though the cost are very small 

compared with the development cost and the bill for putting 

problems right after the event. 
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1. INTRODUCTION 

In flood affected lowland areas the loss of stability due to 

drastic variation in clay behavior and lateral pressure is a 

problem that needs separate treatment. The accumulated 

sediments due to huge amount of dredging adds more 

complications to the already existing problems. On an 

average about half million cubic meters of dredged materials 

is excavated, carried and is dumped in deep sea. The 

heterogeneity of the sediments is due to many factors in 

which seismosediments are one of the important factors. 

 

1.1 Seismosedimentation And Seismosediments   

Geological materials which are crushed, fractured, loosened 

or displaced directly or indirectly as a result of a earthquake 

induced processes such as landslides, landslips, slumps, 

mudflows, avalanches, liquefaction, rockfalls, rockslides, 

tsunamis and soils moved under gravity in the coastal areas or 

in the vicinity of the river are defined as seismosediments and 

the process is defined as seismosedimentation. 

 

1.2 Textural Inversions 

Textural inversions also cause mixing of different clay 

sediments to create more heterogeneity in soils. For example 

quartz Arenites are more poorly sorted and many contain high 

percentage of sub angular and angular grains. Some quartz 

Arenites exhibit textural inversions such as a combination of  

poor sorting and high rounding, a lack of correlation between 

roundness and size, such as small round grains and larger 

angular grains, or mixtures of rounded and angular grains 

within the same size fraction. These textural inversions 

probably result from mixing of grains from different sources, 

erosion of older sandstones, or environmental variables such  

 
 

 

 

 

as floods, tsunamis and wind transport of rounded grains into 

a quiet water environment. Angular grains may result also 

from diagenetic development of secondary overgrowth. 

 

1.3 Clay Minerals and Sediments 

The dredged material in Kandla port consists of fine sandy 

clay or clayey sand. In these sediments mainly three types of 

clays are involved. They are Kaolinite, Illite and 

Montmorillonite. Due to the mixing factors discussed above 

the soil becomes highly heterogeneous. The Geotechnical 

properties vary from pocket to pocket in an erratic manner. A 

separate treatment of Geotechnical methods for coastal 

lowlands is necessary.  

2. PROPERTIES OF CLAYS 

Plastic property of clay is due to adsorbed water that 

surrounds the clay particles. This property is affected by type 

of clay minerals and their proportional amounts in a soil. The 

ultimate effect is that different clay soils possess different 

liquid and plastic limits.  

2.1 Activity of Clay 

Skempton defined a quantity called Activity i.e. the slope of 

the line correlating PI (Plasticity Index) and  percent finer 

than 2μ therefore Activity A  

 
 

Seed and others studied the plastic property of several 

artificially prepared mixtures of Bentanite and Kaolinite. The 

results are shown in figure 1 
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       TABLE I Activities Of Clay Minerals 
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                                                     Fig.1       [1]  

2.2 Clay Minerals and Angle of Internal Friction φ 

For normally consolidated clays cohesion C = 0. The equation 

of  the Mohr – Coulomb failure envelope is given by S = σ' 
tan φ.Where φ is angle of internal friction and S is shear 

strength . Then Sin φ = 








31

31




.                 (1) 

 The modified forms of Mohr’s failure envelope for pure clay 

minerals are shown in the figure 2. In a consolidated drained 

test the total stress is equal to the effective stress, since the 

excess pore water pressure is zero. At failure, the maximum 

effective principal stress is σ1' = σ1 = σ3 + Δσf, where Δσf, is 

the deviator stress at failure. The minimum effective principal 

stress is σ'3 = σ3  

The modified form of Mohr’s failure envelope of pure clay 

minerals and quartz with typical values of φ is grouped as in 

 Table II 

 
 

 

 

 

 

 

 

 

 

 

 

 

                                               Fig.2                 [2] 

                                               TABLE II  

                    Variation of φ with Types of Clay Minerals 

 

 

 

 

 

 

 

 

2.3 The Random Nature of Clay  

Kaolinite and Illite have nonexpansive lattices whilst that of 

Montmorrillite is expansive. There is no particular value of 

plastic limit that is characteristic of an individual clay mineral 

type. Similarly there is no single liquid limit which is 

characteristic of a particular clay mineral. The liquid limits 

for Illites fall in the range of 60 – 90 % whilst those for 

Kaolites vary from 30 -75%. The presence of 10% 

Montmorrillonite in an Illitic  or Kaolinitic clay can cause a 

substantial increase in their liquid limits. The plasticity 

indices of Na and Li Montmorrillonite clays have 

exceedingly high values, ranging between 300 to 600 %. The 

Mohr-Coulomb envelope only indicates an ultimate shear 

strength value. It is the final compromised state of 

equilibrium of many random variables.  

3. STRESS PATH AND LATERAL EARTH PRESSURE 

Consider a normally consolidated clay specimen subjected to 

a consolidated drained triaxial test fig.3 (a). At any time 

during the test, the stress condition in the specimen can be 

represented by Mohr’s circle as shown in fig.3(b). In a 

drained test, total stress is equal to effective stress so σ3 = σ'    

(minor principle stress). 

σ1 = σ3 + Δσ = σ1'  (major principal stress). 

731



  

At failure, Mohr’s circle will touch a line (Mohr-Coulomb 

failure envelope). This makes an angle φ with the normal 

stress axis. 

 

 

 

 

 

 

  

  

 

 

 

 

 

 

                                         Fig.3                     [3] 

Now considering the effective normal and shear stresses on a 

plane making an angle of 45
0
 with the major principal plane,  

 

Effective normal stress, 

                                                    (2) 

 

Shear stress, 

                                                     (3) 

 

The points on Mohr’s circle having coordinates p' and q' are 

shown in fig.3b. If the points with p' and q' coordinates of all 

the Mohr’s circles are joined, will result in the line AB. The 

line is called a stress path. The straight line joining the origin 

and point B is defined here as the  Kf line. The Kf line makes 

an angle ∝ with the normal stress axis. Now  

 

 

                                                                              (4) 

 

Where σ'1( f ) and σ'3( f ) are the effective major and minor 

principal stresses at failure. 

Similarly, 

 

 

 

                                                                              (5) 

                                                          

From equations (4) and (5) ,tan∝ =sin φ.            (6) 

 

4. SETTLEMENT CALCULATION USING STRESS 

PATH 

From Lambe’s stress path the following conclusions are 

made: 

1. The stress paths for a given normally consolidated clay are 

geometrically similar, and  

2. When the points representing equal axial strain say (ϵ 1) 
are joined, will be approximate straight lines passing through 

the origin. Now considering a soil specimen subjected to one 

dimensional consolidation type of loading we can write  

σ'3 = K0 σ1'                (7) 

This equation (7) is very important because it gives a 

relationship between σ'1, σ'3 and the coefficient of earth 

pressure at rest (K0). According to Jaky, K0 = 1- sin φ. This 

equation connects various types of clay and their respective 

angle of internal friction φ. From the following fig. 4 in the 

Mohr’s circle the coordinates of point E is given by  

(8)

(9) 

 

 

 

 

 

 

 

 

 

 

 

                                             Fig.4                            [3] 

From the plot of p' versus q' with K0 and Kf lines as shown in 

fig.5 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

                                               Fig 5                              [3] 

The angle  

    (10)    
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Where β is the angle that the line OE (Ko line) makes with the 

normal stress axis. 

5. KANDLA PORT ENVIRONMENT 

The Kandla Port is surrounded on all sides by water. There 

are two creeks viz Nakti creek and the Kandla creek surround 

the port and there is water on about 340 degrees. At the 

Kandla end of the bridge, the two creeks almost meet one 

another. The above-mentioned route is the only connecting 

link between Kandla and Gandhidham. 

 

 

 

 

    

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

                                          Fig 6               [4] 

Arun Bapat suggested for a construction of vertical 

evacuation facility (VEF). Instead of dumping into the deep 

sea the dredged material could be used to build a vertical 

evacuation facility. A vacant and large area of about 100 

sq.km is available at Kandla. This land is in S.W. direction 

and south of Khari creek. This is very near the port. This land 

can be used for VEF.  

The facility will be a construction of small hill like structure 

with a shape of tapering conical or a flat top cone with one or 

two tops. For this purpose, retaining wall along the periphery 

of VEF will be required. A hillock of about 15 to 20 m high 

with a base of about 200 to 250 m diameter could 

accommodate about fifteen to twenty thousand people or 

more. The dredged material consists of fine sandy clay or 

clayey sand. This could be suitably compacted so that the 

structure will be in maximum stability conditions.  It could 

have a wide ramp with gentle slope for rapid movement of 

large population. This ramp would be winding the small 

hillocks in serpentine way. Suitable shady trees could be 

planted at various terraces of the VEF so that it becomes 

stable.Construction of such VEF would help in saving several 

thousand lives in the case of tsunami attack at Kandla.  

According to the view of Arun Bapat the sketch of the VEF at 

Kandla will appear as shown in the fig.7 
 
 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

                           Fig.7 Sketch of VEF at Kandla          [4]  

 

6. THE ENVIRONMENTAL GEOTECHNICAL 

PROBLEMS  

The environmental Geotechnical problems are highly 

complex. These problems are associated with 

seismosediments, dredged materials, clay minerals. Basically 

the dredged soils will show different soil characteristics than 

the natural soils with natural compaction. Therefore a detailed 

micro-studies related to soil mechanics alone will yield good 

solutions. The settlement calculation will clearly indicate the 

complex nature of the problems. 

6. 1 Settlement Calculation 

An illustrative example is shown in fig.8 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

                                                     Fig.8                    [5] 

Fig.8 represents the stress – strain contours for a given 

normally consolidated clay specimen obtained from an 

average depth of a clay layer. Taking compression index 

 Cc = 0.25 and  e0  and the drained friction angle φ as 30
0
 and 

from equation (10),  

     
And k0 = 1 – sin φ =1 - sin 30

0
 = 0.5 
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Knowing the value of β the k0 line is formed as shown in  

fig. 8. Since tan∝ =sinφ, angle φ =30
0
, tan∝ = 0.5.  

So ∝ = 26.57
0
. The settlement is calculated for the clay layer 

from the following conditions :  

1. Insitu average effective over burden pressure                         

σ'1 = 75kN / m
2
.  

2. Total thickness of clay layer = Ht = 3m                                        

Owing to the construction of a structure, the increase of the 

total major and minor principal stresses at an average depth of  

Δσ1 = 40kN/m
2
  

Δσ3 = 25kN/m
2
  

Assuming that the load is applied instantaneously. Insitu 

minor principal stress at rest pressure is σ3 = σ'3 = k0σ'1 = 

0.5(75) = 37.5kN/m
2
.  

So before loading,  

 

 
The stress conditions before loading can now be plotted in 

fig.8 from the above values of p' and q'. This point is A. Since 

loading is instantaneous( i.e., undrained), the stress 

conditions in clay represented by the p' versus q' plot 

immediately after loading, will fall on the stress path BCA. 

Immediately after loading,  

σ1 = 75+40 = 115kN/m
2
 and σ3 = 37.5+25 = 62.5kN/m

2
. So, 

 
With this value of q', we can locate point D. At the end of 

consolidation, σ'1 = σ1 = 115kN/m
2
  σ'3 = σ3 = 62.5kN/m

2
 

So,  

 
and  q' = 26.25kN/m

2
. 

The preceding values of p' and q' are plotted as point E. 

FEG is a geometrically similar stress path drawn through E. 

ADE is the effective stress path that a soil element, at average 

depth of the clay layer, will follow. AD represents the elastic 

settlement, and DE represents the consolidation settlement. 

For elastic settlement (stress path A to D),  

 
 

For consolidation settlement (stress path D to E), based on 

previous valid assumption the volume metric strain between 

D and E is the same as the volumetric strain between A and H. 

Note that H is on the k0 line. For point A, σ'1 = 75kN/m
2
, and 

for point H, σ'1 = 118kN/m
2
. So the volumetric strain, ϵ v  

 

 

 

The axial strain ϵ 1 along a horizontal stress path is about 

one-third the volumetric strain along the k0 line, or  

 
 

 

 

So, the consolidation settlement is  

Sc = 0.0087 Ht = 0.0087(3) = 0.0261m  and hence the total 

settlement is  

 Se + Sc = 0.09 + 0.0261 = 0.116m. 

                                                 

7. CLAY AND LATERAL PRESSURE 

In the following Table III the variation of k0, the lateral 

pressure and clay type is shown.  

                                             TABLE III 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

K0 values are different and therefore the settlement and 

differential settlement will be also different. The activity of 

each type of clay (Table I) will further complicate the 

problem in the presence of flood water. The clay 

Montmorillonite and its swelling potential will be a major 

problem.  

8. IMPORTANCE OF CLAY IN APPLIED 

ENVIRONMENTAL GEOTECHNOLOGY 

Interparticlc friction is the principal property which permits 

soils and granular materials to resist load without formation. 

Dry soils of virtually all types are highly stable. The suitability 

of soils for engineering purposes depends largely upon their 

ability to remain in place and support whatever loads may be 

placed upon them, either by a permanent engineering 

structure or by transient vehicle loads. A study of the 

properties which distinguish the more satisfactory from the 

less satisfactory soils indicates that in the majority of cases 

clays are detrimental to stability. It is apparent that wet clay 

has the effect of a lubricant in diminishing the natural 

resistance due to friction that would otherwise exist. It is 

necessary that the civil engineer responsible for construction 

of any form of earth work should be informed not only 

concerning the Quantity of clay minerals that are present but 

also about their nature and their potential influence on the 

engineering properties of the soil. 
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As the ability of soils to resist deformation depends very 

largely on the internal friction, wet clay has the effect of 

reducing or canceling out the frictional resistance. It may also 

be pointed out that the so-called cohesive resistance is 

induced almost entirely by the clay fractions, and therefore 

that clean sands are noncohesive. Again we must 

note the important part played by water, as finely ground 

dry clay particles exhibit no cohesive properties. If 

water is added to a dry soil, the cohesive resistance will 

normally increase with the addition of moisture and in 

most cases the frictional resistance will not be greatly 

impaired until a certain amount of moisture is added. 

Beyond this point, the friction will diminish but the 

cohesive resistance may continue to increase up to some 

point of higher moisture content, after which both values 

will diminish as the soil approaches a completely fluid 

state. 

Metals are typical substances having little or no internal 

friction; in them, resistance values are almost entirely a result 

of the cohesive or tensile strength.  

Fig. 9(a) shows wheel load and subgrade in road construction 

in lowland coastal area. Fig.9(b) is a chart showing 

characteristic curves illustrating loss in stability or internal 

resistance of a crushed sandy gravel due to the addition of 

increments of plastic clay.The combined figures 9(a) and 9(b) 

clearly indicates the instability created by Montmorillonite  

( Bentonite), Illite (local clay), and Kaolinite in the presence 

of water.Bentonite fails first followed by Illite. Kaolinite is 

more stable. 

9. CONCLUSIONS 

1. Every port has its own Geological setup and environmental  

Geotechnology. 

2. Seismosediments create heterogeneous  nature to the soil. 

They represent accumulated disturbed samples. 

3. The φ value for clay varies with type of clay. 

4. Calculation of settlements by using strain methods reveals 

more intrinsic nature of clay behavior than stress oriented 

methods. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

5. Increase in stability of  a soil is not a function of cohesion 

and angle of internal friction alone because water introduces  

“turn around stages” and create instability especially in 

coastal area lowlands.  

6. In a mixed sediments (seismosediments, flood sediments) a 

depth of 3m of clay (say Kaolinite 1m, Illite 1m and 

Montmorillonite  1m)  KIM – will create 24 different 

Geotechnical sequences which in turn will increase the 

complexity of  the Geotechnical problem. They are : 

KIM,MIK,IMK,KKK,III,MMM,KII,IKI,IIK,IKK,KIK,KKI,

MII,IMI,IIM,KMM,MKM,MMK,KMI, IMM, MIM, MMI, 

MKI, IKM.  
7. The final conclusion is that the construction techniques or 

site preparation should match with Geotechnical properties of 

different mixed types of clays. 
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1. INTRODUCTION 
Heavy metal contamination, which is common in soil 
throughout the world, poses a potential risk to human and 
animal health owing to migration through soil profiles into 
groundwater. Therefore, various remediation techniques have 
been applied to reduce the mobility and bioavailability of 
heavy metals in soil.  
To effectively remediate heavy-metal-contaminated soil, it is 
necessary to know the amount of toxic elements in the soil. 
However, only determining the total concentration of heavy 
metals in soil is not sufficient because mobility and 
bioavailability are strongly dependent on the chemical phases 
of heavy metals in soil [1], [2]. Therefore, determining the 
chemical forms of such heavy metals is especially important 
for chemical remediation such as in-situ immobilization and 
ex-situ soil-washing techniques.  
Heavy metals in soil exist in various chemical forms 
including exchangeable, inorganic such as carbonates, bound 
to Fe/Mn oxide and organic matter, and retained in a clay 
mineral. Heavy metals bound to Fe/Mn oxide and organic 
matter, which are less mobilizable than exchangeable heavy 
metals, have the potential to solubilize with changes in soil 
conditions such as pH and oxidation-reduction. Therefore, to 
remediate contaminated soil, especially by using chemical 
remediation techniques, it is necessary to evaluate the amount 
of potentially soluble heavy metals including heavy metals 
bound to Fe/Mn oxide and organic matter as well. 
A sequential extraction procedure (SEP) has been widely 
used to analyze the chemical phases of heavy metals in soil. 
Tessier’s SEP divides the chemical phases into five fractions: 
exchangeable, carbonates, Fe/Mn oxide, organic matter, and 
residual [3]. The residual fraction should only be insoluble 
under natural environmental conditions, which suggests that 
the first four SEP fractions are possibly being solubilized by 

 
 

ion-exchange and sorption/dissolution onto soil particles. 
However, SEP is not suitable for analyzing a large number of 
different contaminated soils because it is time consuming and 
the analytical technique requires special facilities.   
Ethylenediaminetetraacetic acid (EDTA) is the most widely 
used chelating agent owing to its ability to form strong 
chelate complexes with many heavy metals. The extraction 
efficiency of EDTA, which is closely dependent on many 
factors of extractant such as its concentration and pH, and the 
types of contaminated soil [4]-[6], has been extensively 
studied to predict the mobility and bioavailability of heavy 
metals in contaminated soil [7], sediments [8]-[10], and 
wastes [7], [8] as well as to improve the efficiency of 
soil-washing techniques [6], [11]-[13]. However, only a few 
studies have compared the amount of heavy metal extracted 
with EDTA and the amount of each fraction of SEP [8]. It has 
not been determined whether EDTA can extract the first four 
fractions of Tessier’s SEP. Moreover, EDTA extraction has 
never been applied to contaminated soil after the addition of 
an immobilization amendment that would alter the chemical 
phases of heavy metals in soil. To assess the effectiveness of 
the chemical remediation technique applied, it is important to 
be able to determine the amount of potentially soluble heavy 
metals in soil after chemical remediation. 
The present study focused on Pb, which is one of the most 
toxic and prevalent heavy metal contaminants in Japan and 
throughout the world, and investigated single-step procedure 
using EDTA to extract potentially soluble Pb from soil. We 
speculated that the amount of potentially soluble Pb would be 
almost the same as the amount of Pb extracted in the first four 
fractions of Tessier’s SEP. In conjunction with potentially 
soluble Pb, we also investigated whether the same result 
could be obtained after an immobilization amendment was 
added.  

Single-Step Extraction to Determine Soluble Lead Levels in Soil                                                                   
Masahiko KATOH1), Satoshi MASAKI1), Takeshi SATO1) 
1) Department of Civil Engineering, Gifu University, Japan 

ABSTRACT 
 
This study investigated single-step extraction using EDTA to extract the amount of potentially soluble Pb in soil, which 
would be almost as much as that in the first four Pb fractions of Tessier’s sequential extraction procedure (SEP), with or 
without the immobilization amendment hydroxyapatite under different extraction conditions such as concentration and 
extractant pH. The results clearly showed that 0.1M EDTA (pH 7.5) with a soil/extractant ratio of 1:100 can extract 
almost 90% of the first four Pb fractions of SEP, and EDTA-extracted Pb was positively correlated with the first four Pb 
fractions even in Pb-immobilized soil. In conclusion, single-step extraction using EDTA was found to be a useful 
method to evaluate potentially soluble Pb even in Pb-immobilized soils. 
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2. MATERIALS AND METHODS 

2.1 Study area 
This study was conducted at two shooting ranges: Tajimi and 
Nakatsugawa located in Gifu, Japan. The mean annual 
precipitation and temperature of both shooting ranges are 
2200mm, 14°C, respectively and this area lies between 35º 
20' 8" and 35º 28' 6" N and 137º 06' 5" and 137º 29' 2" E. 

2.2 Soil Preparation and Characterization 
The Pb-contaminated soils were collected from depths of 
5–15 cm at both shooting ranges. At Tajimi, seven soil 
samples were collected at 3-m intervals from the shooting 
point where shooter fires a bullet toward the shooting 
direction. Table Ⅰ shows the chemical properties of the 
Pb-contaminated soils collected at Tajimi (t) and 
Nakatsugawa (n). Sample t-1 was collected closest to the 
shooting point; sample t-7 was collected at a point farthest 
from the shooting point. The Tajimi samples used for 
chemical analysis were air-dried and passed through a 2-mm 
sieve without adding any immobilization amendments. One 
soil sample (n-1) was collected at Nakatsugawa. 
Hydroxyapatite (hereafter, HAp) was added to sample n-1 at 
a ratio of 1, 2.5, and 10% (w/w), hereafter, n-2, n-3, and n-4, 
respectively. After adding HAp, water was added to maintain 
a water holding capacity of 60%, and then the samples were 
incubated for 1 week. After incubation, the Nakatsugawa 
samples were also air-dried and passed through a 2-mm sieve 
prior to chemical analysis.  
The water-extracted Pb and total Pb, Fe, Mn, and C contents 
of the Tajimi and Nakatsugawa soil samples were determined. 
The water-extracted Pb was determined by extraction with 
water at soil/water ratio 1:10. To obtain the total Pb, Fe, and 
Mn contents in soil, the soil samples were digested with 
HNO3 and HCl using a microwave oven. All solutions were 
filtered with a 0.45-μm filter and analyzed for element 
concentrations by ICP-OES (ULTIMA 2, Horiba). The total 
C content in the soil was determined by CHO analyzer (JM10, 
J-SCIENCE LAB). These analyses were not performed on 
samples n-2, n-3, and n-4.  

2.3 Determination of Lead Phases in Soil by Tessier’s 
SEP 
SEP was performed on the soil sample following the 
procedure described in [3].  1.0 g of soil that has been passed 
through a 0.425-mm sieve was extracted with 25 mL of a 1 M 
MgCl2 solution (exchangeable Pb). The soil remaining after 
the first extraction procedure was extracted with 25 mL of a 1 
M sodium acetate solution with pH 5 (Pb carbonate). The soil 
remaining after the second extraction was further extracted 
with 20 mL of 0.04 M NH2OH-HCl in 25% (v/v) HOAc in a 
95 °C water bath with occasional agitation (Pb bound to 
Fe/Mn oxide). The soil remaining after the third extraction 
was extracted with 3 mL 0.02 M HNO3 and 5 mL 30% H2O2 
solution in an 85 °C water bath with occasional agitation. 
After 3 h of extraction, 5 mL 3.2 M NH4OAc in 20% (v/v) 
HNO3 was added and the soil was shaken for 20 min (Pb 
bound to organic matter). The remaining soil was digested 
with 5 mL HNO3 and 2 mL HCl using a microwave oven 
(residual Pb) and diluted in a 50 mL measuring cylinder. 
After digestion was complete, the solution was passed 
through a 0.45-μm filter and analyzed for Pb concentration by 
ICP-OES. 

2.4 Single-Step Extraction using EDTA 
The effects of EDTA concentration, extractant pH, and 
soil/extractant ratio on the amounts of Pb extracted from soil 
were investigated using t-1, t-2, t-3, t-5, and t-7 to evaluate the 
amount of potentially soluble Pb by single-step extraction 
(SSE) with EDTA.  

2.4.1 Concentration 
10 mL of 0.5, 0.1, and 0.05 M EDTA (pH 7.5) was added to a 
15 mL polypropylene tube containing 1.0 g soil samples t-1, 
t-2, t-3, t-5, and t-7 (1:10 soil/extractant ratio), and then, the 
tube was shaken for 1 h.   

2.4.2 pH 
10 mL of 0.1 and 0.05M EDTA adjusted to pH 3.5 using 1M 
HCl was added to a tube containing 1.0 g soil (1:10 
soil/extractant ratio), and then, the tube was shaken for 1 h. 

 
Table I Chemical properties of Pb-contaminated soils 

Pb C Fe Mn
(Type/ratio(w/w)) (mg/kg) (mg/kg)

t-1 Tajimi - 0.4 91 8.8 35.8 1.7
t-2 Tajimi - 0.5 229 19 32.6 1.6
t-3 Tajimi - 0.7 1551 79 25.8 1.2
t-4 Tajimi - 0.7 986 37 28.3 1.0
t-5 Tajimi - 1.0 1341 58 21.0 1.0
t-6 Tajimi - 1.3 2060 174 13.8 1.0
t-7 Tajimi - 3.8 9289 135 24.8 6.4
n-1 Nakatsugawa - 20.8 3966 6.0 30.4 6.0
n-2 Nakatsugawa HAP/1% N.A.*1 N.A. N.A. N.A. N.A.
n-3 Nakatsugawa HAP/2.5% N.A. N.A. N.A. N.A. N.A.
n-4 Nakatsugawa HAP/10% N.A. N.A. N.A. N.A. N.A.
*1 Not Analyzed

Amendment
Sampling locationNo.

(g/kg)

Total 
Water-extracted Pb
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2.4.3 Soil/Extractant Ratio 
100 mL of 0.1 and 0.05M EDTA (pH 7.5) was added to a 
100mL tube containing 1.0 g soil (1:100 soil/extractant ratio), 
and then, the tube was shaken for 1 h. 
After shaking, all solutions were passed through a 0.45-μm 

filter and analyzed for Pb concentration by ICP-OES. All 
experiments were performed in triplicate, and the average 
values were calculated. 
The extraction ratio in this study, defined as the ratio of 
EDTA-extracted Pb to the first four fractions of Tessier’s SEP, 
was calculated according to the following equation: 
 

100% ×=
SEP

SSE

Pb
PbR                                                            (1) 

 
where PbSSE (mg/kg) is the amount of EDTA-extracted Pb 
and PbSEP (mg/kg) is the amount of the first four fractions of 
Tessier’s SEP.  
EDTA-extracted Pb of the t-4, t-6 samples was determined by 
extraction with 0.1M EDTA (pH 7.5) at a soil/extractant ratio 
of 1:100 following the procedure described above. 

2.5 Single-Step Extraction using EDTA on Immobilized 
Soil 
Based on the results obtained in the procedures described in 
Section 2.4, the extraction with 0.1M EDTA (pH 7.5) at a 
soil/extractant ratio of 1:100 would be suitable to predict 
potentially soluble Pb in soil. Moreover, the suitability of SSE 
for Pb-immobilized soils amended with HAp, which would 
gradually alter the amount of the residual Pb fraction in SEP, 
was investigated following the procedure described above. 

3 RESULT AND DISCUSSION 

3.1 Soil Chemical Properties 
The water-extracted Pb and total Pb, C, Fe, and Mn contents 
in the soil used in this study are shown in Table I. The amount 
of the water-extracted Pb in Tajimi soil tended to increase 
with the distance from the shooting point. The amount of the 
water-extracted Pb in both Tajimi and Nakatsugawa soils 
exceeded environmental standards for soil contamination in 
Japan. The total Pb content in Tajimi soil was the lowest for 
t-1 and then increased gradually with the distance from the 
shooting point. This increase in the total Pb content might be 
attributed to the different number of Pb bullets that landed on 
the soil. From the evidence that the total Pb content in t-7 
exceeded 9000 mg/kg, it was considered that heavy Pb 
contamination has occurred in Tajimi soil. The total C 
contents in t-6 and t-7 (135–174 mg/kg) were higher than 
those in t-1 to t-5 (8.8-79 mg/kg). The total Fe content ranged 
from 13.8 to 35.8 mg/kg. The total Mn content in t-7 was 6.4 
mg/kg and was higher than that in the other samples. The 
water-extracted Pb and total Pb content in Nakatsugawa soil 
were 20.8 and 3966 mg/kg, respectively. The total Pb content 
was lower than that in t-7, whereas the water-extracted Pb 
was higher. This probably resulted from the difference 
between the Pb phases in Tajimi and Nakatsugawa soils. This 
result will be discussed in greater detail in the following 
section. 
From these results, it was confirmed that the soils used in this 
study had different chemical properties such as 

 
Fig. 1. Sequential extraction of Pb from Tajimi soil 

 
Fig. 2. Sequential extraction of Pb from Nakatsugawa 
soil. 
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water-extracted Pb and total Pb, C, Fe, and Mn contents. 

3.2  Lead Phases in Soil by Tessier’s SEP 
Figs. 1 and 2 show the results of Pb fractions in Tessier’s SEP 
for Tajimi and Nakatsugawa soils, respectively. In both 
figures, the upper and lower graphs show the amount and 
ratio of the Pb fraction, respectively. The average recovery 
ratio, defined in this study as the ratio of the total amount 
from SEP to the total amount of Pb amounts in the soil shown 
in Table I, was 110±22%.  
The ratio of the Pb fraction in Tajimi soil was the highest in 
the fraction bound to Fe/Mn oxide and ranged from 42 to 
59%;  the second highest was in carbonate ranged from 15 to 
32%. In contrast, the highest ratio of Pb fraction in 
Nakatsugawa soil was carbonates; it was around 50% in n-1 
with no added immobilization amendments. The amount and 
ratio of exchangeable Pb in n-1 were 460 mg/kg and 12%, 
respectively, although those in t-1 were 355mg/kg and 4%, 
respectively. In spite of a lower total Pb content in n-1 than in 
t-7, the water-extracted Pb in n-1 was higher than that in t-7, 
which probably resulted from the greater amount of 
exchangeable Pb in n-1 than in t-7.  
The residual fractions in n-3 and n-4, where HAp was applied 
at 2.5% and 25% (w/w), respectively, were significantly 
increased, although the composition of the Pb fraction in n-2, 
where HAp was applied at 1% (w/w), was not significantly 
different from that in n-1. It is widely known that adding HAp 
to Pb-contaminated soil probably results in the precipitation 
of Pb phosphate minerals such as pyromorphite 
(Pb5(PO4)3X: X = OH, Cl, F) by immobilizing Pb in the 
contaminated soil according to the following reactions [14], 
[15]:  

 
Ca5(PO4)3OH + 6H+ → 5Ca2+ + 3H2PO4

− + OH− 
(Dissolution of HAp)    (2) 

 
5Pb2+ + 3H2PO4

− + OH−  → Pb5(PO4)3OH + 6H+ 
                                        (Precipitation of pyromorphite)    (3) 
 
Pyromorphite has a lower solubility product constant at log 
Ksp =  −25.05 [16] and is probably included in the residual 
fraction of SEP. From this consideration, pyromorphite might 
be precipitated by HAp to increase the residual fraction in n-3 
and n-4. On the other hand, the low percentage of HAp added 
in n-2 probably caused no difference in the Pb composition 
between n-1 and n-2. 
From these results, it was confirmed that the soils used in this 
study had significant differences in the amount and 
composition of Pb phases.  

3.3 Single-Step Extraction by EDTA 

3.3.1 Concentration 
The EDTA-extracted Pb and extraction ratio are shown in 
Table II. The extraction ratios for all concentrations tended to 
be lower at distances closer to the shooting point. It is widely 
accepted that EDTA forms stable complexes with many 
heavy metals. Therefore, EDTA can extract Pb sorbed to 
Fe/Mn oxide and organic matter in soil as well as inorganic 
Pb compounds such as Pb carbonate. However, Palma and 
Mecozzi [10] reported that it was more difficult to extract the 
exchangeable form compared with other phases. Hence, the 
extraction ratio in Tajimi soil might be decreased at distances 
closer to the shooting point owing to a higher ratio of 
exchangeable Pb. In addition, the extraction ratio for 0.5M 

Table II EDTA-extracted Pb and extraction ratio under different conditions. 

t-1 t-2 t-3 t-5 t-7

0.5 M 7.5 1:10 43 175 1029 1096 6552
0.1 M 7.5 1:10 59 203 1214 1554 8747

0.05 M 7.5 1:10 68 198 1271 1375 7713
0.1 M 3.5 1:10 68 210 1342 1650 8253

0.05 M 3.5 1:10 83 245 1466 1797 8493
0.1 M 7.5 1:100 138 365 1130 1100 6796

0.05 M 7.5 1:100 141 180 755 1040 7501
First four fractions of SEP. *1 (b) 156 268 1529 1631 7705

0.5 M 7.5 1:10 27 65 67 67 85 62.4 21.3 34.1
0.1 M 7.5 1:10 38 76 79 95 114 80.4 28.0 34.8

0.05 M 7.5 1:10 43 74 83 84 100 77.0 21.0 27.3
0.1 M 3.5 1:10 44 79 88 101 107 83.6 25.0 29.9

0.05 M 3.5 1:10 53 92 96 110 110 92.2 23.3 25.3
0.1 M 7.5 1:100 88 137 74 67 88 90.9 27.1 29.8

0.05 M 7.5 1:100 90 67 49 64 97 73.6 19.8 26.9
*1:  Pb amount of first four fractions of SEP
*2: (b)/(a)*100

EDTA-extracted Pb (a)

Extraction ratio*2

EDTA-extracted Pb
Ave. S.D. C.V.Concentration pH S/E ratio

(mg/kg)
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EDTA was not higher than that for 0.1 and 0.05M EDTA. 

According to Elliott and Brown [5], the extraction ratio would 
not become greater above a certain concentration. Moreover, 
Finzgar and Lestan [6] revealed that EDTA extraction 
efficiencies decreased as the molar ratio of EDTA to total Pb 
in soil increased. From these results, it was considered that 
0.1 and 0.05M EDTA should be suitable for the extraction of 
potentially soluble Pb in soil. Therefore, 0.5M EDTA was not 
used in the following investigation. 

3.3.2 pH 
SSE using EDTA was performed again with pH changed to 
3.5 (Table II). Although compared with that at pH 7.5, the 
extraction ratio at pH 3.5 was improved for all samples, the 
ratio especially in t-1 was still low at 44% and 53% for 0.1 
and 0.05M EDTA (pH 3.5), respectively. To perform a 
simplified analysis rapidly in the field, it is certainly 
recognized that a neutral pH range is suitable for extractant 
pH. From these results, it was proposed that an extractant pH 
of 7.5 would be suitable.  

3.3.3 Soil/Extractant Ratio 
SSE using EDTA was performed again with the 
soil/extractant ratio changed to 1:100 (Table II). Compared 
with the results obtained above, the extraction ratio for 0.1 
and 0.05M EDTA (pH 7.5) was improved even in t-1 at 88% 
and 90%, respectively. The average extraction ratios of five 

samples were 90.9±27.1 and 73.6±19.8% for 0.1 and 0.05M 

EDTA (pH 7.5), respectively, and it appears that 0.1M EDTA 
(pH 7.5) with soil/extractant ratio 1:100 may extract 
potentially soluble Pb in soil. This extraction condition is 
consistent with that for the soil-washing technique proposed 
by Garrabrants and Kosson [7]. 
Fig. 3 shows the relationship between the amounts of 0.1M 
EDTA-extracted Pb with pH 7.5 and soil/extractant ratio 
1:100 and the amount of the first four Pb fractions of SEP. 
The relationship calculated using the software JMP 8 could be 
expressed as follow: y = 0.88x − 92 R2 = 0.995***, where y 
(mg/kg) is the total Pb in the first four fractions of SEP and x 
(mg/kg) is the EDTA-extracted Pb. The slope of the line was 
0.88, suggesting that 0.1M EDTA can extract almost 90% of 
the first four Pb fractions of SEP.  
The EDTA extraction was performed for the t-4 and t-6 
samples under the same conditions, and the results could be 
represented by the equation presented above (Fig. 3). These 
results indicated that 0.1M EDTA (pH7.5) with 
soil/extractant ratio 1:100 can extract almost 90% of the first 
four Pb fractions of SEP.  

3.4 Single-Step Extraction of Pb from Immobilized Soil 
with EDTA 
Immobilized Nakatsugawa soil samples were extracted with 
0.1M EDTA (pH 7.5) with soil/extractant ratio 1:100 (Table 
III). The average extraction ratio was 85.3±13.2% regardless 

  
         
 
 
 
Table III EDTA-extracted Pb and extraction ratio in Nakatsugawa soil 

EDTA-extracted Pb (a) First four fractions of SEP *1 (b) Extraction ratio*2

(%)
n-1 3246 3701 88
n-2 2039 2996 68
n-3 1835 2151 85
n-4 3190 3183 100

Ave. 85.3
S.D. 13.2
C.V. 15.5

No.
(mg/kg)

*1: Pb amount of first four fractions of SEP
*2: (b)/(a)*100  
 

Fig. 3. Relationship between first four Pb 
fractions of SEP and EDTA-extracted Pb in 
Tajimi soil. 

       
      

   
 

Fig. 4. Relationship between first four Pb 
fractions of SEP and EDTA-extracted Pb 
in Nakatsugawa soil. 
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of the amount of HAp amended and was approximately the 
same as that for Tajimi soil. If the results of the Nakatsugawa 
soil samples are plotted in the same manner as shown in Fig. 3, 
the amounts of EDTA-extracted Pb can also be represented 
by the same equation for the Tajimi soil samples (Fig. 4). 
These results suggested that it would be possible to extract 
potentially soluble Pb in spite of different kinds of soils and 
the addition or non addition of immobilization amendment. In 
addition, pyromorphite, which would be precipitated with the 
addition of HAp, would remain in soil without dissolution 
and/or complexation with EDTA owing to its very low 
solubility. 
In this study, we have used only two kinds of soils and one 
type of amendment. Further investigation should consider 
more types of soil and amendment. Moreover, it is desirable 
to improve the extraction ratio up to approximately 100%. 
However, this study did suggest that it would be possible to 
extract potentially soluble Pb even in immobilized soil with 
EDTA.  

4 CONCLUSION 
This study investigated single-step extraction using EDTA of 
potentially soluble Pb that could be almost as much as the 
amount of Pb in the first four fractions of Tessier’s SEP. In 
conjunction with potentially soluble Pb, we also investigated 
whether the same result could be obtained after the addition 
of an immobilization amendment. The results obtained in this 
study were mainly as follows:  
1) EDTA extraction under different extraction conditions 
from soils having different total Pb amounts and different Pb 
phase compositions was investigated. The results clearly 
showed that 0.1M EDTA (pH 7.5) with soil/extractant ratio 
1:100 can extract almost 90% of the first four Pb fractions of 
SEP, and EDTA-extracted Pb was positively correlated with 
the first four Pb fractions of SEP. 
2) The soils with immobilized Pb using HAp were extracted 
using 0.1M EDTA (pH 7.5) with soil/extractant ratio 1:100. 
The results showed that the amount of EDTA-extracted Pb 
was also almost 90% of the amount of the first four Pb 
fractions and could be represented by the same equation as 
that of the non amended soils.  
3) In conclusion, single-step extraction using EDTA was 
found to be a useful method to evaluate potentially soluble Pb 
even in Pb-immobilized soils.  
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1.ABSTRACT 
 
     The present study was conducted using 
Pilot plant scale Bio gas generator in CETP at  
Chennai during 2012. Bio-gas was generated 
using two sintex tanks-anerobic digestion 
chamber and floating gas holder respectively.      
Cow-dung was used initially to generate 
biogas,supplemented by tannery sludge. The 
sludge generated from the Tannery effluent 
treatment plant is pre-digested using 
extremophiles and the slurry is used as a feed 
to generate biogas.  
     Qualitative and quantitative analysis of 
biogas were performed. The processed sludge 
was fed  into the biogas chamber to optimise 
the emission of biogas. Daily 
production/emission of biogas is being 
monitored.  The Pilot plant now produces 700 
litres of bio-gas and the continuous burning 
time is 2 hours. The biogas is useful as a fuel 
substitute being non-polluting,renewable and 
CO2 neutral. 
      There is no simple treatment to purify 
contaminated or polluted air.It is therefore 
necessary to reduce the pollutant load in the air 
at the source itself.Methane which contains the 
other gases such as CO2,NH3 and H2S are now 
treated and the efficiency of methane is also 
increased.  
 
2. INTRODUCTION: 
 
     In tanneries, various types of solid wastes 
are generated from the effluent treatment plant 
such as soak liquor, lime liquor and chrome 
liquor. Among these effluents, soak liquor 
forms the organic wastes predominantly 
constituting the flesh, albumen, dung and 
particularly the salts. 
    However, it is the lime liquor which 
contributes as primary and secondary sludges 
are being the major portion of the solid waste 
need proper treatment and disposal. 
    However, in the case of chrome liquor,there 
is recovery of chromium and being recycled 
and hence it is not taken into consideration. 
    In the case of primary and secondary 
sludges  the disposal becomes major concern. 
In addition to the sludge, there is considerable 
amount of lime flesh which is generated as 
solid waste. The lime flesh after proper 
washing of the lime in the flesh is used for the 
biomethanisation. 

    Solid waste, emanating from the tannery 
effluent treatment plant, is the primary sludge. 
About 40% of this is organic matter. It is an 
appropriate source for conversion into biogas. 
A substantial quantity of sludge from tannery 
effluent treatment plant is currently disposed in 
either safe landfills or dumped in the vacant 
lands, again causing a environmental hazard. 
 
3. OBJECTIVES: 
 
The objectives of this initiative are,  
      To evaluate the technology for generation 
of biogas from primary sludge from a Tannery 
Effluent treatment plant under conditions 
prevailing in the CETP at Pallavaram, 
Chennai. 
      To evaluate the quality and volume of gas 
produced with reference to raw material fed. 
      To obtain relevant data for assessing the 
consumption of gas produced and to initiate 
the treatment of biogas in order to increase the 
methane. 
      The overall solid waste generation from 
Tanneries is 59.3%. Out of this the fleshing 
constitutes 13.9%. 
 
3. MATERIALS AND METHODS: 
 
      Fabrication of Bio-gas pilot Plant requires 
two Sintex tanks having 1000 litre capacity 
with diameter of 110cm as fermenter and 750 
litre capacitiy with diameter of 103cm as gas 
holder.  The top portion of the tanks have  been 
removed to accommodate the small tank of 
750 litre capacity into big tank of 1000 litre 
capacity.   
      Two holes in the bottom and one in the top 
of the fermenter tank have been made and 
appropriate PVC pipe lines have also been 
provided.  The bottom pipe serves to remove 
the sludge in case of heavy accumulation of 
sludge.  Another hole is made with 90mm 
capacity through which inlet pipe has been 
provided.  In top portion of the fermenter 
another hole is provided with outlet to remove 
excess amount of waste water.   
      The 750 litre capacity tank is provided with 
the gas holder with a PVC pipe with holes 
inside pipe for emission of gas through the 
pipe line from the gas holder and to the burner. 
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3.1 METHODOLOGY 
 
During the initial stage of installation, the 
biogas started accumulating in the gas holder.  
Daily record of increase in the volume of 
biogas was also noted on the outer surface of 
the gas holder.  When 75% of the gas holder is 
raised, the gas was also tested.  It is determined 
that 1000 litre fermentation tank, with 750 litre 
gas holder will have 700 litre of biogas which 
can be used as a fuel for 2hrs.  The process is 
now monitored. .  The outlet gas showed blue 
flame when external oxygen is mixed with it. 
 
3.2 PREDIGESTION OF TANNERY 
SLUDGE 
 
Tannery sludge was collected from the primary 
settling tank and was used as the primary 
source of energy for the biogas production. 
However, during the study,  sludge was also 
collected from the secondary and tertiary 
settling tanks and the Carbon-Nitrogen ratio 
was evaluated for selecting the primary sludge 
for the purpose.  
The same primary sludge was also converted 
as compost in view of its nitrogen source. 
Taking this into consideration the primary 
sludge was fermented using Bacterial 
consortium. The bacterial consortium was 
produced from the culture of the cow dung as 
the raw material and the molasses was used as 
a medium to culture the bacteria.  
The bacterial consortium consists of various 
types of anaerobes are used for the present 
study to make the sludge into semi solid and 
slurry like organic biomass. This was fed into 
the biogas chamber. Initially, 4 litres of slurry 
was introduced into the chamber followed by 
10 litres of chlorine-free water. However, after 
ten days of trial, the feed material was 
increased to 10 litres and consistent production 
of biogas was obtained. Therefore, adding 
slurry to the bio-gas plant was standardized.  

 
 The tannery sludge is used effectively 
to produce biogas in pilot plant scale. This 
reduces the dumping of solid waste, minimize 
solid waste generation, recycling of tannery 
sludge. The biogas generation encourages to 
produce biogas fuel utilizing huge quantity of 
tannery sludge waste effectively. The biogas 
was collected, separated and purified. 
 
3.3 PRINCPLE OF BIOMETHANATION: 
 
        Anaerobic or methane formation is 
brought about by extremophile -complex 
bacteria. 
        The various forms of degradation of 
complex organic matter in the various 
anaerobic process go through three distinct 
phases namely, 
Hydrolysis and acidogenesis phase. 
Acetogenesis phase. 
Methanogensis phase. 
       The first phase is performed by hydrolysis 
and results in a mixture of volatile fatty acids, 
neutral compounds such as ethanol and 
gaseous products such as CO2 and hydrogen. 
       The acetogenesis phase refers to acetate 
production and is brought about by bacteria, 
which produce hydrogen. Thus this phase is 
sensitive to the presence of hydrogen. 
       Methane – producing micro-organisms 
bring about the methanogenesis are 
denitrifiable. In the first, hydrogen and CO2 
form water and methane. In the second, acetate 
is broken down into CO2 and CH4. 
       It is the second method, which produces 
about 70% CH4. 
       The composition of gas generated depends 
on the composition of the substrate and 
conditions of operation. Gas production is the 
simplest criterion to measure the quality of 
digestion and it depends on two main factors 
namely temperature and retention time.  
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4. PROCESS FLOW: 
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5.  RESULTS AND DISCUSSION 
 
 

      Characteristics of sludge from CETP in Pallavaram, Chennai, Tamilnadu, India. 
Sno. Parameter* CETP Pallavaram 
1. pH 7.7 -8.8 
2. Total Solids 45052.00 
3. Total Ash 27533.00 
4. Total volatile solids 17519.00 
5. COD total 22259.33 
6. COD soluble  2180.67 
7. Calcium as Ca 2000.00 
8. Sulphate as SO4

2- 606.67 
9. Total Sulphide as S 370.67 
10. Total Phosphorus as P 43.29 
11. Ammoia Nitrogen 430.00 
12. TKN 1314.67 
13. Sodium as Na 3953.33 
14. Total chromium as Cr 317.00 
15. Chloride as Cl 9933.33 
*unit as mg/L  other than pH  
 
   According to Thabaraj  et al tannery waste 
water could be treated to a level of 
BOD30mg/litre through activated sludge process 
at HRT 24 hrs. The MLSS concentration of 
activated sludge process was required to be at 
4000 mg/litre for a removal of 83% COD and 
92% Sulphide [(Cooper et al ) 1976]. The 
primary clarification of tannery effluent with 
alum, ferrous sulphate or ferric chloride and 
settling before aerobic biologic treatment 

assisted in reducing COD by 93.6% (Cheda et al 
1984). 
Thus the treatment of effluent generated sludge 
and this sludge was used as feed for biogas plant 
after making pre-digested sludge. 
 
 
 
 

 
 
5.1 TREATMENT   OF  BIOGAS 
 
    The impure biogas constituted 60% methane 
rest being other gases. However the 
moisturecontent increased in the treated biogas 
after removal of other gases. Hence to remove 
excess moisture activated carbon and glycol 
was used. This has increased the calorific value 
of  methane. 

        
      The methodology for removal of CO2 is 
using common solvent water.  The solubility of 
CO2 depends on pressure, temperature and pH. 
In addition to it, Ca (OH)2 was also used to form 
CaCO3 and CaS 
      However, it is proposed to use organic 
solvents such as polyethylene glycol to make it 

cost effective, without sacrificing the efficiency 
of calorific value of methane gas.      However, 
using activiated carbon has produced useful 
result but the efficiency is not encouraging.  
      Hence , it is also proposed to use different 
molecular sieve and  mesh size of activated 
carbon and to evaluate the suitability of 
particular molecular sieves  and mesh size which 
absorbs CO2 under NTP having uniform 
calorific value. 
     The traces of H2S needs removal.  The 
treated biogas dried using silica gel. 
Alternatively Al2O3 in case of low dew point 
need to be achieved.   
     An alternative method of drying using glycol 
or hygroscopic salt is also tried for absorption of 
moisture in the treated biogas.  The result will be 
evaluated for upscaling the technology in future.
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5.2 BIOGAS ANALTICAL DATA 
 
S.NO CONTENT IMPURE 

% W/W 
TREATED 

% W/W 
1 CH4 60 80 
2 CO2 22.5 NIL 
3 NH3 1.0 NIL 
4 H2S 0.5 NIL 
5 MOISTURE 6.0 10 
6 OTHER 

IMPURITIES 
10 10 
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1. INTRODUCTION 
A simple soil layer system which is composed of a finer soil 
(usually sand) layer underlain by a coarser soil (gravel) layer 
provides a characteristic property of capillary barrier [1]-[4]. 
Water infiltrated into soil is suspended just above an interface 
between soil layers due to a physical difference in unsaturated 
hydraulic properties of soils as shown schematically in Fig. 1. 
In the case of tilted interface, the suspended water flows 
downward along the interface and a vertical movement of 
water into deeper soils below the interface will be prevented 
within some length along the interface. This leads to a 
practical application of the capillary barrier system (CBS) to a 
top cover of waste disposal landfill [5] and a slope repair [6]. 
In the case of a horizontal interface, plant can easily consume 
the water retained in the upper soil layer for its growth [7]. 
Because of this, the CBS may be well employed for an 

 
 

effective water harvesting and saving irrigation in an area 
where water resource is scarce. As the gravel layer of the CBS 
embedded in the soil cuts upward movement of water from 
groundwater, it may be expected that the CBS will provide an 
effective prevention of salinization which is caused by salt 
included in the groundwater. 
In the study, two series of field experiment were conducted on 
the CBS soil where the gravel layer was embedded in the sand 
soil in order to investigate a practical effectiveness of the 
CBS in water harvesting and salinization prevention. In the 
field experiment for water harvesting [7], experiment plots of 
the CBS soil were constructed, green vegetables were planted 
on them, and soil moisture contents were measured after 
seeding to harvesting of the plant. The water retained in the 
upper sand layer was observed, and its effect on the plant 
growth was quantified by a statistical analysis of the plant 
harvest. In the series of field experiment for salinization 
prevention, a number of the CBS soil were constructed in 
polyester containers, and connected to a water tank which 
could supply an artificial groundwater, 10,000ppm of NaCl, 
to the CBS soils with a constant head of water. Soil moisture 
content and electric conductivity in the upper sand layer, the 
gravel layer and the lowest sand layer overlain by the gravel 
layer were measured after plant to harvest of the green 
vegetable. It was observed that the gravel layer embedded in 
the CBS soil at some depth above the groundwater surface 
can well prevent the water from moving upward from the 
groundwater surface. This excellent interception of upward 
water movement was also observed by the plant death due to 
the salinization in the soil without the gravel layer. 
Both series of field experiment reveals that the CBS is well 
applicable to the water harvesting and the salinization 
prevention, which may suggest some new progress of 
geotechnical engineering to green technology.  

ABSTRACT 
 
A simple soil layer system which is composed of a finer soil layer underlain by a coarser soil layer provides a 
characteristic property of capillary barrier. Water infiltrated into soil is suspended just above an interface between soil 
layers due to a physical difference in unsaturated hydraulic properties of soil. As their roots can easily utilize the water 
retained in the upper soil layer, agricultural plants grow even under water saving irrigation. Because the gravel layer 
embedded in the soil cuts upward movement of water from groundwater, the capillary barrier of soil is expected to 
provide an effective prevention of salinization which is caused by salt included in the groundwater. Two series of field 
experiment are conducted on the sand soil where the gravel layer is embedded to investigate a practical effectiveness of 
the capillary barrier of soil in the water saving irrigation/ water harvesting and the salinization prevention. 
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soil (gravel) caused by capillary barrier of soil. 
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2. FIELD EXPERIMENT FOR WATER HARVESTING 

2.1 Experiment Plots 
Six experiment plots, each 70 cm wide and 90 cm long, were 
constructed to compare plant growth in the greenhouse as 
shown in Fig. 2. The sand soil was excavated into a depth of 
about 40cm, and veneer boards were placed to retain soil wall 
and to prevent lateral flow of soil water during the 
experiment. Then the sand soil was filled back into the first 
two of six experiment plots, S-1 and S-2 in Fig. 2, and 
compacted uniformly along all the depth. In other two 
experiment plots, G10-1 and G10-2, after the sand soil was 
filled back and compacted along the depth 40 to 20cm, a 
gravel layer 10 cm in thickness was placed and compacted, 
and then the sand soil was filled back and compacted 
uniformly from the depth of 10cm to the soil surface. In the 
remaining two experiment plots, G20-1 and G20-2, a gravel 
layer 10cm in thickness was placed and compacted between 
the depth of 30cm and 20cm. A polyester nonwoven sheet 
was placed over the compacted gravel layer so that the sand 
soil particles did not fall into voids formed in the gravel layer. 
This sheet was tested to be completely permeable. Numerals 
1 and 2 given after a hyphen in the experiment plot number 
mean a repetition for experimental design.  

 

2.2  Materials 
Fig. 3 shows grain size distribution curves of sand and 

gravel employed in the experiment plots. The sand has 
less-5% fine and coarse fractions; the gravel, commercially 
available, is siliceous with a mean particle size of 5 to 6mm. 
Soil particle density, dry density of compacted soils and 

hydraulic conductivity of sand are summarized in Table I. 
Dry density of soil was calculated by dividing a mass of soil 
compacted into the layer by a volume of the layer. Saturated 
hydraulic conductivity of sand was determined by 
interpolating the results of laboratory seepage test to the mean 
value of dry density of sand layer, that is, 1.51Mg/m3. 
Saturated hydraulic conductivity of gravel was measured by 
the laboratory seepage test under unit hydraulic gradient. 
Relationships of negative pore pressure with volumetric 
moisture content of sand and gravel were measured by a 
laboratory soil column test, and are plotted in Fig. 4(a). 
Soil-water characteristic curves are determined by using van 
Genuchten equation [8]. Fig. 4(b) shows unsaturated 
hydraulic conductivity of sand and gravel estimated from Fig. 
4(a) using the van Genuchten equation. It is found that, when 
the negative pressure head just above the interface between 
sand and gravel decreases to 3 to 4cm due to accumulation of 
water, the hydraulic conductivity of gravel becomes larger 
than that of sand and the accumulated water will begin to 
infiltrate into the gravel layer. But, because nearly 100% 
saturation within the sand layer as estimated from Fig. 4(a) 
rarely occurs under evaporation condition with a restricted 
supply of water, the breakthrough of accumulated water into 
the lower gravel layer may not either. 

2.3 Planting 
Potherb Mustard was seeded at 5cm intervals along seed lines 
shown in Fig. 2(a) on 11 July, thinned on 28 July in all the 
experiment plots, and harvested on 14 August to measure 
height, fresh mass and dry mass of plant. Water 
corresponding to 100 % of pan evaporation measured the day 
before was supplied by a watering can every morning during 
a period from seeding to thinning, and 50 % during thinning 
to harvesting. Volumetric moisture content of soil in the 
experiment plots were measured by using Profile Probe 
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Fig. 3 Grain size distributions of sand and gravel used to 
construct the experiment plots. 
 
Table I Soil particle density, dry density of compacted soils 
and hydraulic conductivity. 

Properties Sand Gravel 
Soil particle density, Mg/m3 2.626 2.653 
Dry density of soil, Mg/m3 1.46-1.56 1.69-1.80 
Hydraulic conductivity*, m/s 0.99×10-4 1.04×10-2 
*Corrected to water temperature at 15 degrees Celsius. 
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PR2/4 with a moisture meter HH2 (Delta-T Devices Ltd.), at 
positions given by painted circles in Fig. 2 along the depth of 
soil surface to 40 cm at 10 cm intervals. Relationships 
between output of PR2/4 and volumetric moisture content of 
soil were calibrated along the probe in the laboratory. 

2.4 Results 
Evaporation was measured to be about 1 mm to 6 mm during 
the field experiment as shown in Fig. 5. The volumetric 
moisture contents were measured along the depth of soil at 
weekly intervals after seeding, and given in Fig. 6 together 

with the position of the gravel layer. In Fig. 6(a) which shows 
soil water profiles in the experiment plot S-1 composed of 
sand alone, it is seen that the water supplied on the soil 
surface infiltrates into the deeper position. On the contrary, in 
Fig. 6(b) and Fig. 6(c) in the experiment plots with the gravel 
layer at depth 10cm and 20cm respectively, it is found that 
water supplied on the soil surface infiltrates into the sand 
layer and then accumulates just above the interface between 
sand and gravel layers with less infiltration into the gravel 
layer. It may make sense to think that the plants can easily 
absorb the accumulated water to consume for their growth. 

2.5 Effect of Accumulated Water on Plant Growth 
An effect of water accumulated due to the CBS on the plant 
growth was investigated by using a statistical analysis. In Fig. 
7, mean values of plant height excluding root length, fresh 
mass and dry mass of plant are plotted in thick bar together 
with standard deviation given by thin line. The number of 
plant harvested and analyzed is 44, 43 and 51 in the 
experiment plot S (that is S-1 plus S-2), G10 (G10-1 plus 
G10-2) and G20 (G20-1 plus G20-2), respectively. Alphabets 
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Fig. 4 Soil-water characteristic curves (SWCC) of sand 
and gravel measured by laboratory soil column test and 
estimated by using van Genuchten equation in (a). 
Unsaturated hydraulic conductivities of sand and gravel 
are estimated in (b). 
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Fig. 5 Evaporation measured during the experiment, and 
water supply. 
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Fig. 6 Volumetric moisture content along depth of the experiment plots measured during a period from seeding to 
harvesting. Data are plotted at weekly intervals. 
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‘a’, ‘b’ and ‘c’ given in Fig. 8 show the result determined by 
the multiple comparison analysis based on Scheffe's method. 
The experiment plots denoted by different alphabets such as 
‘a’ and ‘c’ are statistically different each other with a 
significant level of 5%. According to this analysis, it is found 
in Fig. 7 that the plant height, the fresh mass and the dry mass 
of plant grown in the experiment plots G10 and G20 are 
significantly larger than those in the experiment plot S. This 
suggests water accumulated in the sand layer due to the 
capillary barrier of soil was consumed effectively by the plant 
for its growth. It is also found that the plant height in the 
experiment plot G10 is significantly higher than that in G20 
in Fig. 7(a), and the fresh mass of plant in G10 are larger than 
those in G20 in Fig. 7(b). This is because, as the plant roots 
were observed to grow thick within the soil about 10cm deep, 
they could not effectively absorb water accumulated within 
the sand layer in the experiment plot G20.  

3  FIELD EXPERIMENT FOR SALINIZATION 
PREVENTION 

3.1 Experiment Plots 
In the field experiment to investigate the salinization 
prevention effect of the CBS, a polypropylene container box 
61 cm long, 41 cm wide and 31.5 cm deep was used to 
construct the experiment plot as shown in Fig. 8. In the plot 
G25 and G50, gravel layer 2.5 cm and 5 cm in thickness were 
embedded in the container boxes, respectively. No gravel 
layer was placed in the container boxes in the plot S. A line 
linking three container boxes is connected to a water supply 
tank which can supply groundwater into the container boxes 
with constant head of water.  
The sand soil was excavated into the depth of about 30 cm, 
and the container boxes were placed. Then the sand soil was 
filled back to the container box and compacted uniformly into 
the thickness of 16.5 cm, that is, along the depth 31.5 cm (the 
bottom of the container box) to 15 cm. In three container 
boxes along the plot G25, gravel layer 2.5 cm in thickness 
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Fig. 7 Multiple comparisons to show the effect of the CBS on the plant growth. The experiment plots de-noted by different 
alphabets such as “a” and “c” are statistically different each other with a significant level of 5%. 
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was placed and lightly compacted, the same polyester 
nonwoven sheet as one used in the preceding experiment was 
spread on the gravel layer, and  the sand soil was again filled 
back and compacted uniformly into the thickness of 10 cm. In 
three container boxes along the plot G50, the gravel layer 5 
cm thick, the polyester nonwoven sheet and the sand 10 cm 
thick were placed in sequence. In the plot S, the sand soil was 
continuously filled back and compacted uniformly from the 
remaining depth 15 cm to the soil surface.  The sand and 
gravel are the same as ones used in the field experiment 
described in Section 2, and their grain size distribution and 
the material properties are given in Fig. 3 and Table I.  
The groundwater level was kept 11.5 cm above the bottom of 
the container boxes, with the result that vertical distance 
between the groundwater level and the lower interface of the 
gravel layer was 5 cm. As a water-entry pressure head of the 
sand soil is estimated to be about 10 cm along the wetting 
curve, this value of 5 cm is sufficiently small to investigate 
the effect of the gravel layer on the upward movement of 
water from the groundwater. Sodium chloride was used to 
supply saline groundwater, 10,000 ppm in mass. 

3.2 Planting and Measurements 
The groundwater was supplied to all the container boxes on 3 
September. The young vegetables of Potherb Mustard were 
planted into the container box, and harvested on 21 October. 
750 to 1,000 cm3 of water per a container box was supplied 
every morning by using the watering can. During the 
experiment, the volumetric moisture content and the electrical 
conductivity were monitored by using the water content, EC 
and temperature sensor 5TE manufactured by Decagon 
Devices, Inc. As shown in the section of Fig. 8, the 5TE 
sensors No.1, 4 and 7 were embedded just below the lower 

interface of the gravel layer or at the position of 16 cm above 
the bottom of the container box; No. 2, 5 and 8 just above the 
lower interface of the gravel layer or at the position of 17 cm 
above the bottom of the box; No. 3and 6 just above the upper 
interface of the gravel layer or at the position of 22 cm above 
the bottom of the box and No.9 at the position of 19.5 cm 
above the bottom of the box.  

3.3 Results 
The volumetric moisture content and the electrical 
conductivity measured by the 5TE sensors in the capillary 
barrier soil, the plots G25 and G50, and in the sand soil, the 
plot S, are given in Fig. 9.  
At around 1 week after the saline water was supplied into the 
experiment plots with the constant level of groundwater, both 
the volumetric moisture content and the electrical 
conductivity measured in the sand soil below the gravel layer 
increase rapidly in the experiment plots G25 and G50, and at 
around 2 weeks the volumetric moisture content reached its 
saturated value (No. 7 in the G25 and No. 1 in the G50). 
However, during this 2 weeks and from then, no or negligible 
change in the volumetric moisture content and the electrical 
conductivity is found in the gravel layer as given by No. 8 in 
the G25 and by No. 2 in the G50, which means no upward 
movement from the groundwater into the gravel layer. Small 
increases in volumetric moisture content measured by No. 9 
in G25 and by No. 3 in the G50 are caused by continuous 
accumulation of infiltrated water just above the interface 
between the upper sand layer and the gravel layer as shown in 
Fig. 6. The electrical conductivity which has a strong 
relationship with pore water salinity indicates almost zero just 
above the interface of the CBS in the G25 (No. 9) and G50 
(No. 3) during the experiment period. It may be concluded 
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Fig. 9 Volumetric moisture content (upper three graphs) and electrical conductivity (lower three graphs) measured by the 
5TE sensors in the capillary barrier soil G25 and G50 and in the sand soil S. Numerals 1 to 9 indicate the number of the 5TE 
sensor embedded in the soil as shown in Fig. 8.  
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from these measurements shown in Fig. 9 that the saline water 
was completely prevented from moving upward from the 
groundwater into the gravel layer and into the upper sand 
layer where the vegetables were planted. In the experiment 
plot S without the gravel layer, both the volumetric moisture 
content and the electrical conductivity increase according to 
the upward movement of saline water from the groundwater 
because there was no prevention of water movement by the 
capillary barrier. 
Fig. 10 shows a picture of the plots taken at the end of 
experiment. All the vegetables planted in the experiment plot 
S without the gravel layer completely withered due to the soil 
salinization. Be sure that, because the soil was not fertilized to 
avoid an effect on measurement of the electrical conductivity 
by the 5TE sensors, plant growth was not sufficient in the 
G25 and the G50 in Fig. 10.  

4 CONCLUSIONS 
Two series of the field experiment were conducted on the 
capillary barrier soil in order to investigate a practical 
effectiveness of the CBS in water harvesting and salinization 
prevention. In the field experiment for water harvesting, 
experiment plots of the capillary barrier soil were 
constructed, green vegetables were planted on them, and soil 
moisture contents were measured after seeding to harvesting 
of the plant. The water retained in the upper sand layer was 
observed, and its effect on the plant growth was quantified by 
a statistical analysis of the plant harvested. In the series of 
field experiment for salinization prevention, a number of the 
capillary barrier soil were constructed in polyester container 
boxes, and connected to the water tank which could supply an 
artificial groundwater, 10,000ppm of NaCl, to the experiment 
plots with a constant head of water. Soil moisture content and 
electric conductivity in the upper sand layer, the gravel layer 
and the lowest sand soil overlain by the gravel layer were 
measured after plant to harvest of the green vegetable. It was 
observed that the gravel layer embedded in the capillary 
barrier soil at some depth above the groundwater surface can 

well prevent the water from moving upward from the 
groundwater surface. This excellent interception of upward 
water movement was also observed by the plant death due to 
the salinization in the soil without the gravel layer. 
Both series of field experiment reveals that the CBS is well 
applicable to the water harvesting and the salinization 
prevention, which may suggest some new progress of 
geotechnical engineering to green technology [9]. 
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Fig. 10 Vegetables at the end of the experiment. Although 
the plants grew successfully in the G25 (the right row of 
the container boxes) and in the G50 (the left row), they 
withered completely in the S (the central row) due to the 
soil salinization. 
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1. Introduction 
 

Many recent researches and studies had demonstrated the 
great feasibility of applying the IAF approach for the 
removal of Oil and Grease (OG) from the effluents of 
municipal and industrial activities (Al-Maliky, 2010; 
Arnold and Stewart, 2008; Pan Li and Hideki Tsuge, 
2006). IAF may simply be explained as  a treatment 
process often used to remove this insoluble particulate 
matter from the wastewater, essentially to reduce the OG 
constituent, Biological Oxygen Demand (BOD), COD 
and Suspended Solids SS loads of the wastewater to 
avoid surcharges when discharging to surface water or 
municipal wastewater treatment plants. The process is 
achieved by injecting air bubbles into the water or 
wastewater in a flotation tank or basin. The small bubbles 
adhere to the suspended matter causing the suspended 
matter to float to the surface of the water where it may 
then be removed by a skimming device. The feed water 
to the IAF float tank is often dosed with a coagulant to 
flocculate the suspended matter (Hayatdavoudi, 2006). 
Many studies had suggested various design and operation 
parameters for the IAF unit to achieve high performances 
in oil/water separation, reduction of BOD, TSS and COD 
(Al-Maliky, 2010; Van Ham, Behie  and Svrcek, 2009), 
and in turn the production of skim sludge at the upper 
layer of a typical IAF unit that is characterized by high 
concentrations of OG, COD and TSS. Although that 
skim is typically rendered or land applied, but its poor 
natural degradability and high energy potential contents 
make it a potential candidate for anaerobic digestion. 
This approach needs careful handling to overcome the 
tendency of high OG concentrations to form a scum layer 
on the digester’s liquid surface due to the poor solubility 
of OG at typical digester temperatures and the tendency 

 
 

to form a separate phase above the aqueous digester 
contents (Halalsheh et al., 2005). Suggestions to handle 
the later obstacle were either to reduce the IAF skim 
amounts to be digested or the use of some inoculums 
such as the agricultural wastes that improve microbial 
nutrition and provide pH buffering capacity (Bouallagui 
et al., 2009) .  
Anaerobic treatment consists of the decomposition of 
organic material in the absence of free oxygen and this 
process produces biogas enriched in methane, carbon 
dioxide, ammonia and traces of other gases and Volatile 
Fatty Acids (VFA) within the reactor. The anaerobic 
treatment process has been employed in several 
developed countries with the aim of bio-stabilizing 
fermentable organic waste produced by rural and urban 
activities (Fernández, Pérez and Romero, 2010). 
The main coal of this paper was to study the feasibility of 
an anaerobic digestion process as a final treatment of the 
skim of IAF unit that handles dairy industry`s waste 
water, and the potential of such process as renewable 
energy source, under different set ups of digest mixtures 
(IAF skim and livestock manure) and operation 
temperatures. Livestock manure was collected from 
Green Grass Farms, Athens, Ohio, USA. 
 

      1.1  Characteristics of IAF skim  
The characteristic of having high COD concentration 
(425 g/L) as shown in Table 1 gave the IAF skim a high 
potential of biogas production and encouraged increasing 
the ratio of IAF skim to manure in the reactor feed to 
supply a promising source of economic renewable 
energy, subject to the constraints due to microbial 
nutrition and pH buffering. 
 

     1.2 Experimental Setup 
Five batch reactors (10 L working volume) were adopted 
for the test of anaerobic digestion parameters, as 

ABSTRACT 
 
  Five laboratory scale batch reactors (each of 10 L working volume) were used  to test the effect of different Induced  
Air Flotation IAF skim to working volume ratios; namely 0.5, 1.5, 2.5, 4.0, 5.0:10 (R1-R5), with the rest of working 
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illustrated in Fig.1. Each reactor has an independent 
rotary blade mixer LIGHTNIN SPX so as to maintain 
uniform moisture content and to homogenize the soluble 
substrate and bacterial distribution.  Also, an internal 
DUREX coil heater was inserted in each reactor, with 
thermostat so as to supply the required heat to meet the 
test`s operational temperature. 
Under Each set of operational parameters, reactors were 
fed initially with 10 L of diluted sludge (animal manure 
diluted with fresh water) until the appearance of some 
low biogas production rates for successive operation 
days and in turn the obtained digested sludge would 
serve as inoculums for reactors.   
Sludge masses were made of dewatered IAF unit skim 
and kept at -20 C prior to use as the feed for reactors. 
Initially, the pH of digested sludge was adjusted to the 
range 6- 8 via 2N solution of Sodium Hydroxide. This 
pH was monitored continuously to make sure it is in that 
range. 
Analysis of COD, TSS and pH were determined 
according to the standard methods (APHA, 2010). The 
biogas production was determined by the displacement 
of water in a graduated column. 
Digest substrates were made of 0.5, 1.5, 2.5, 4.0 and 
5.0:10, IAF skim to the total working volume (each in 
one reactor; R1, R2, R3, R4 and R5 respectively) at each 
of the test temperatures (25C and 45C).These 
combinations were initially mixed via a commercial 
laboratory blender LBC15.    
The five reactors were operated for a period of 30 days 
under each certain set of operational parameters. 
 
 
2. Results and Discussions 
Although disturbances in reactors performance were 
expected for the early periods of operation, pH values 
were mainly within the acceptable rang of 6-8 as shown 
in Fig.2 for the majority of reactors life times, which 
indicates well buffering balance of substrate mixtures.  
 

      2.1 Digestion Performance 
In general, it takes a period of time for the reactor to 
acclimate and start being effective in the sense of COD 
removal due to long-chain fatty acids released from the 
hydrolysis of triglycerides constituents of OG, and the 
length of this lag period depends upon the IAF skim: 
working volume ratio; the higher it was, the longer the 
lag period. From another side, Fig. 3 (a) indicates that 
higher IAF skim portions had led to lower COD removal 
efficiency; that is, while the maximum achieved 
efficiency with reactor R1 was about 72.6%, it did not 
exceed 43.25% with reactor R5, when operated at 
temperature of 25C (68.6%, 60.1% and  52.1% for 
R2-R4 respectively). Remarkable enhancements were 
achieved for the COD removal efficiencies that reached 
the values of 91.2%, 81.5%, 72.1%, 60.7% and about 
50% for R1- R5 respectively, by operating the reactors at 
higher temperature of 45 C, as shown by Fig.3 (b). This 
may be attributed to the thermophilic characteristic of 

OG content of the IAF skim; e.g., at higher temperatures, 
OG tends to be more soluble that in turn enhances its 
biodegradability. 
Regarding the TSS constituent, the performance trend of 
reduction was almost similar to that of COD, which is a 
reference to the degradable organic composition of the 
majority of these solids. At operation temperature of 
25C, the reduction percentages were 83- 49% for the 
reactors R1-R5, respectively. The same scenario of high 
COD removal enhancement at operation temperature of 
45C, was repeated with the TSS, where these percentages 
had the values of 95- 77% for the same mixing ratios. 
 

       2.2 Biogas Production 
Biogas production in Fig.4 (a) and (b) has shown 
significant increase via operating the different reactors 
with the mixed substrates compared to that during the 
anaerobic digestion of the diluted livestock manure only, 
as shown in Fig.5. Also, these results had clearly 
demonstrated, that higher IAF skim (higher COD) has 
the tendency of higher biogas production at both 
operation temperatures (25C and 45C). The greater 
biodegradability and energy potential of carbohydrates 
that constitute IAF skims might be the main causal for 
that, in agreement with Thomas et al. (2007). 
Highest biogas production rate was measured for R2 
(about 4.2 l/day), in comparison with that for R1 (about 
3.7 l/day), that hosted the highest IAF skim: working 
volume ratio at an operation temperature of 25C (Fig.4 
(a)). This may be attributed to the higher OG content and 
salt concentration in the later mixture that inhibits 
biological transformation at that temperature, and hence, 
adversely affects the biological activity. That decrease of 
biogas production rate at higher concentration of IAF 
skim was overcame by operating the digestion reactors at 
45C, (rates of 5.8 l/day and about 5.0 l/day were achieved 
with R1 and R2 respectively), due to the enhanced 
solubility at high operation temperatures as shown in 
Fig.4 (b).    
 
 
3. Conclusions 
The anaerobic digestion of wastes that are characterized 
by high constituency of COD and OG (IAF skim for this 
study) was tested via co-digestion with livestock manure 
at different mixing ratios and two operation temperatures 
in laboratory scaled batch reactors. Good COD removal 
efficiencies (about 72.6%- 68.6%) were achieved while 
using low portion of these wastes (5% - 15% of the total 
working volume, respectively) at operation temperature 
of 25C. This removal efficiency was significantly 
improved to the values of 91.2%- 81.5% for the same 
mixing ratios, at operation temperature of 45C, which 
leads to the recommendation of operating such digesters 
at high temperatures to make benefit of the thermophilic 
characteristic of such wastes. That later conclusion was 
so demonstrated by the great enhancement of the biogas 
production rate of such reactors when operated at high 
temperatures; while the highest biogas production rate 
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was in the range of 3-4 l/day at temperature 25C, it was 
raised to the range of 4.5- 6 l/day at the temperature 45C.    
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Table 1 Characteristics of IAF skim under study 
 

 
 
 

 
 
 

 
 
 
 
 

Characteristic Amount  
pH 4.5- 5 
COD (g/l) 425 
TSS (g/l) 120 
OG (mg/l) 870 
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Figure 3. Daily COD removal efficiencies for the reactors 
R1-R5at; (a) Temperature of 25C. (b) Temperature of 45C. 
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Figure 4. Daily biogas production rate for the reactors 
R1-R5at; (a) Temperature of 25C. (b) Temperature of 45C. 
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Figure 5.Biogas production rate for anaerobic digestion of 
livestock manure only. 
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Abstract 
The more widespread use of soil nailed walls contemporary is due in large part to the demand for the 
construction of high-rise structures and shopping malls. Design of retaining wall needs the complete knowledge 
of earth pressures for both active and passive conditions. Moreover under earthquake condition, the design 
requires special attention. In this paper NARGES soil nailed model has been employed to study the seismic 
behavior. It is attempted to achieve a relation between ground seismic coefficient and ground motion amplitude 
to conclude the value of seismic coefficient and seismic study of this wall. Two numerical analysis methods (i.e. 
cyclic time history and pseudo-static) are applied to simulate the seismic behavior. The computational results 
show that seismic coefficient is in form of a limited range of ground seismic normalized horizontal acceleration. 
 
Keywords: soil nailed walls, natural frequency, resonance,  seismic coefficient 

 
1.Introduction  
 
Soil nailing consists of the passive reinforcement 
(i.e., no post-tensioning) of existing ground by 
installing closely spaced steel bars (i.e., nails), 
which are subsequently encased in grout. As 
construction proceeds from the top to bottom, 
shotcrete or concrete is also applied on the 
excavation face to provide continuity [1]. Deep 
excavations and retaining structures are constructed 
in the city of Tehran at different locations of the 
city due to the recent demand for the construction 
of high-rise structures having various basements. 
Tehran is located at a very seismically active 
region and a major earthquake magnitude of 
Mw>7.0 is expected to occur. It is well known that 
flexible earth retaining structures in cuts, such as 
soil nailed walls, offer a great advantage for 
seismic conditions. As a result many soil nailed 
walls having of different heights have been 
constructed recently in the city. 
The pseudo-static method is routinely used for the 
seismic stability analysis of soil nail walls. In this 
method, an equivalent seismic coefficient (k) is 
used within a numerical slope stability calculation. 
Since the seismic coefficient (k) designates the 
horizontal force to be used in the stability analysis, 
its selection is crucial. The coefficient is related to 
the site peak ground acceleration components. 
 

The objectives of current paper are to observe the 
stability of a specific wall  under seismic loads, 
determine the value of seismic coefficient and 
seismic study by pseudo static method, it is 
attempted to use the gained relation between 
ground seismic coefficient and ground motion 
amplitude. 
 
2. NARGES soil nailed wall 
In this research, a soil nailed wall which is located 
in Tehran is selected as a case study. The soil 
nailed wall has a depth of 23 m. The properties of 
the soil layers are presented in Table I. The model 
used in analysis was Hardening model. Fig. 1 
illustrates a profile of the soil nailed wall.  
 
Table I. Geotechnical properties of excavation 

 
 
The stability analysis was carried out by using 
PLAXIS software which is based on the finite 
element method. Recommendations for the 
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minimum factor of safety for pull out resistance 
and nail bar tensile strength are set at 2 and 1.8 
respectively [1]. Table II presents Characteristics of 
nails used in the designed excavation. 
 
 
 

 
Fig. 1 Soil nailed wall with depth 23m 
 

Geogrid and Beam elements were used to model 
nails and facing elements, respectively. Input 
parameter definitions in PLAXIS require averaging 
the effect of a three-dimensional problem to a two-
dimensional problem. The simulation of the entire 
soil-nail wall construction process was carried out 
in a sequence of stages. In each construction stage 
a sufficient number of calculation steps was used to 
obtain an equilibrium-state. 

Table II. Characteristics of nails used in the 
designed excavation 
 

Diameter
(mm) 

Length(m)  Horizontal 
distance(m) 

No. 

28 12 2 1 

28 12 2 2 

32 14 1.5 3 

32 14 1.5 4 

32 14 1.5 5 

32 14 1.5 6 

32 14 1.5 7 

32 14 1.5 8 

32 14 1.5 9 

32 14 1.5 10 

32 14 1.5 11 

32 14 1.5 12 

32 14 1.5 13 

 
2.1 Hardening Model 
The hardening soil model is an advanced model for 
the simulation of soil behavior. In contrast to an 
elastic perfectly – plastic model, the yield surface 
of a hardening plasticity model is not fixed in 
principal stress space, but it can expand due to 
plastic straining. Distinction can be made between 
two main types of hardening, namely shear 
hardening and compression hardening. Shear 
hardening is used to model irreversible  strains due 
to primary deviatoric loading. Compression 
hardening is used to model irreversible plastic 
strains due to primary compression in oedometer 
loading and isotropic loading. Both types of 
hardening are contained in the present model [2]. 

 

2.2  Damping 

Natural dynamic systems contain some degree of 
damping of the vibration energy within the system; 
otherwise, the system would oscillate indefinitely 
when subjected to driving forces. In soil and rock, 
natural damping is mainly hysteretic — i.e., 
independent of frequency (Gemant and 
Jackson(1937) and Wegel and Walther (1935)). 
Rayleigh damping was originally used in the 
analysis of structures and elastic continua, to damp 
the natural oscillation modes of the system. A 
damping matrix, C, is used, with components 
proportional to the mass (M) and stiffness (K) 
matrices: 

C = α M +βK                                                    (1) 

where α = the mass-proportional damping constant; 
and β= the stiffness-proportional damping constant 
[2]. The damping ratio of soils generally varies 
between 2 – 5%, and this value for the structures 
varies between 2 – 10% (Biggs 1969) [3]. Within 
the scope of this study, the damping ratio used is 
5%. 
 
3.  Problem Analysis 
It is attempted to achieve a relation between ground 
seismic coefficient and ground motion amplitude to 
conclude the value of seismic coefficient and 
seismic study of this wall. The procedure of 
analysis is as follows: 
- Dominant frequency was obtained by the 
following procedure. First of all different loading 
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frequency with a specific duration was applied to 
the model. Amplitude of the vibration is a factor of 
system response; so the vibration amplitude of each 
selected loading frequency was extracted and 
finally the Frequency corresponding to maximum 
response of the system is the dominant frequency 
of the structure. Usage of this method, was 
concluded to the natural frequency of 2hz  for this 
wall (see fig. 2). 

 

Fig 2: Reactions by different parts of wall to 
different frequencies 

- The wall was induced by different pseudo static 
analysis to obtain critical seismic coefficient (a 
factor of safety equal to one). The kh is defined as 
fraction of the normalized horizontal acceleration 
(Am), which acts at the center of gravity of the 
wall-soil mass (AASHTO, 1996). Am is a function 
of the normalized peak ground acceleration 
coefficient (A), which is the actual peak ground 
acceleration normalized by the acceleration of 
gravity (g), and is defined as[1]: 

Am =A (1.45 - A)        (2) 

 Assuming linearity of variable changes, the critical 
pullout displacement was achieved. 

- At last through cyclic loading the wall was 
induced by different seismic amplitudes. 

- By using plot of peak seismic amplitude versus 
critical pullout displacement which has been 
achieved through second step, the critical seismic 
amplitude can be obtained. 

4. Analysis Results 
The maximum axial forces mobilize in the bottom-
row nails with increasing the dynamic forces. 

Therefore these bottom-row nails avoid from slope 
failure by having anchoring effect and whenever 
plastic surfaces propagate behind the whole nails, It 
means that the bottom-row nails lost theirs 
anchoring effect and the structure will fail. Failure 
may occur at a specified pullout displacement of 
bottom-row nails. Hereafter the mentioned pulling 
out displacement will be  known as critical pulling 
out displacement[4]. 

This method is based on supposition that failure 
occurs at the constant pullout displacement of 
bottom-row nails for both cyclic and pseudo-static 
analysis methods. Using this concept, relation 
between the critical seismic coefficient and the 
critical peak acceleration can be achieved. The wall 
was induced by different pseudo static analysis to 
obtain critical seismic coefficient (a factor of safety 
equal to one). Clearly, critical seismic coefficient is 
obtainable by a linear regression between seismic 
coefficient with the factor of safety values. The 
below diagram (Fig.3) presents safety factors 
obtained for different seismic coefficient by pseudo 
static analysis. 

 
Fig. 3 Safety factors obtained for pseudo static 
analysis against horizontal seismic coefficient 

From the above data (Fig.3), critical seismic 
coefficient (a factor of safety equal to one) by 
assuming linear change of variables and through 
linear regression would be achieved 0.165g. Plot of 
pullout displacement for bottom-row nails versus 
different seismic coefficients is presented in Fig. 4. 
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Fig 4: displacements caused by pseudo static 

analysis versus corresponding seismic coefficients 

Assuming linearity of variable changes, based on 
the above diagram (Fig.4), critical displacement for 
critical seismic coefficient of 0.165g was obtained 
8.3cm. From the above results, the critical pullout 
displacement achieved. Through cyclic loading the 
wall was induced by different seismic amplitudes 
and different number of cycles. 

- Results of loading with frequency of 2hz and 5 
cycles on the soil nailed wall is illustrated as below 
(see Fig.5) : 

 

Fig. 5 displacements were conducted by seismic 
loading on wall for 5 cycles, frequency of 2hz and 

different peak amplitudes 

By using the plot of peak seismic amplitude versus 
critical pullout displacement and the estimate of 
seismic amplitude at the critical pullout 
displacement, the critical seismic amplitude can be 
obtained (see Fig 5). Based on the Fig.5, maximum 
seismic acceleration (A) was obtained 0.22g. This 
value equals to 0.27g for normalized seismic 
acceleration (Am). 

Am=A*(1.45 –A)                                                  (2)    

kRhR/ARmR=0.16/0.27=0.59 

- Results of loading with frequency of 2hz and 8 
cycles is expressed as follows (see Fig 6):  

 

Fig. 6 displacement caused by seismic loading on 
the wall for 8 cycles, frequency of 2hz and 

different amplitude 

As illustrated in the Fig.6 maximum seismic 
acceleration was obtained 0.18g. This amount is 
comparable with 0.23g for normalized seismic 
acceleration (Am). 

Am=A*(1.45 –A) 

kRhR/ARmR=0.16/0.23=0.69 

 - Results of  loading with frequency of 2hz for 10 
cycles is as follows: 

 
Fig. 7 displacement caused by seismic loading on 
the wall for 10 cycles, frequency of 2hz and 

different amplitudes  

As illustrated in the Fig.7, maximum seismic 
acceleration was obtained 0.172g. This amount is 
comparable with 0.22g for normalized seismic 
acceleration (Am). 

Am=A*(1.45 –A) 
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kh/Am=0.16/0.22=0.72 

The rate of critical seismic coefficient to 
normalized critical seismic coefficient, as shown by 
the results (see Fig 5 to 7), is a limited range 
between 0.59 to 0.72.  

5.Conclusion 

The results of seismic analysis of soil nailed wall in 
the project of NARGES have been reported. Two 
numerical analysis methods are applied to simulate 
the seismic behavior. The computational results are 
as below: 

The values of Am depend on the regional tectonic 
setting and are obtained from seismic maps, for the 
project region this amount is 0.35g. Obtained 
results from this method indicates that seismic 
coefficient is in form of a limited range of ground 
seismic normalized horizontal acceleration 
(i.e.,0.59 - 0.72). It means that the seismic 
coefficient is in form of a range (0.2g to 0.25g) 
which it is higher than critical seismic coefficient 
(0.165g).  

The comparison of these values with the critical 
seismic coefficient indicates that this wall is 
probably vulnerable under earthquake effects, so its 
seismic resistance should be increased. 
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1. INTRODUCTION 
It is very important to reduce sedimentary sludge in the ocean. 
Plans to reduce the sludge are usually dreading or sand 
covering. Dredging is a simple way and aims to cut off the 
sludge. But after cutting off, treating the dredged sludge takes 
much more time and, of course, cost. Sand covering, in 
general, gives a big load to living organisms and the 
ecological system. Here, a more efficient way is needed to 
reduce the sludge while not imparting environmental load in 
the local sea area. 
Now, we have micro-bubble technology. Micro-bubbles (that 
is MB) can change conditions into an aerobic state. So, we 
had developed a method for decomposing the sludge by using 
of microorganisms in an aerobic state by micro-bubble. We 
had very good results by the method in [1], [2]; for example, it 
could be reduced the treatment days to 5 days. We had also 
understood that hydrogen sulfide is reduced at first in an 
aerobic state by micro-bubble and then the nutrients will be 
reduced, shown in Fig. 1.  
Here, we have also a technique for purification by using 
“coagulants”. We had also very good results by using 
coagulants in [3]. 
Therefore, we propose the way which hydrogen sulfide is 
reduced at first by using coagulants and then the nutrients will 
be reduced in an aerobic state by micro-bubble and activating 
microorganisms, since we are going to reduce the treatment 
days more.  
We used the detergents including enzyme as the 
microorganism activator, since we can obtain it easily and 
also put on the market, in [4]. 

 
 

 
 
 
 
 
 
 
 
 
 
 
 
Our research object in this paper is to check the purification 
performance for sludge by our proposed experimental system. 
 

2. EXPERIMENTAL SYESTEM 
 
Our proposed method for purification experiment has 2 steps. 
First step is that a hydrogen sulfide is reduced at first by using 
coagulants. Second step is that the nutrients will be reduced in 
an aerobic state by micro-bubble and activating 
microorganisms. 
 

2.1 Experimental Apparatus and Procedure in Step 1 
Sludge and seawater were put in the tank (Long70 xWidth47 
xHeight 28cm) and then were mixed by a water pump 
(300litter/hour) for 10 minutes after coagulants were put in, 
shown in Fig.2. 
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Fig.2 Schematic Representation of Experimental Apparatus 
in Step 1 
 
 
Here, seawater is 90 (litter) and ocean sludge is 3 (kg) which 
were picked up from Funabashi Port in Tokyo in Japan, as 
shown in Fig.3 and 4. Concentration of coagulants was 400 
(ppm). After sludge was changed into flocculated situation, 
flocculated sludge will be used for reuse and the remaining 
seawater is used for next experiment in step 2. 
 
 
 
 
 
 
 
 
Fig.3 Gathering Instrument for Sludge 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig.4 Catching Point of Sludge at Funabashi Port in Tokyo 
Bay 
 
 
 
 
 
 
 
 
 
Fig. 5 Coagulants in this Research 
 

 
 
 
 
 
 
Fig. 6 Mechanism of Coagulants 
 

2.2 Coagulants in this Paper 
Our used coagulants are neutral and inorganic substance, 
shown in Fig.5. This is neutral and inorganic and the main 
ingredients of this are compound alumina and silicate. When 
we use this, we have to mix strongly with water after putting 
in. This has a characteristic of adsorption and fix-separation 
to cohere not only nasty substance of floating but also 
dissolving. This has also a characteristic of good desiccate 
and fixing heavy metal stable. Reaction mechanism of the 
coagulants is shown in Fig.6, in [5]. 
  

2.3 Experimental Apparatus in Step 2 
The experimental devices in step 2 consist of two parts, 
shown in Fig. 7 and 8. The water circulates through two tanks. 
In one tank (Width40xLength28xHight28cm), micro-bubbles 
are generated. The micro-bubbles have micro-size diameter 
and high solubility. This means the water with high 
concentration of dissolved oxygen circulates through these 
tanks. The other part is the experimental tank (W60xL29 
xH35cm). The remaining seawater in step 1of our experiment 
is put in this tank. Here, a micro-bubble generator is based on 
[6] and the flow rate is 1200 (litter/hour). The flow rate of 
water pumps connected each tanks are 300 (litter/hour).  
 
 
 
 
 
 
 
 
 
 
 
 
Fig. 7 Schematic Representation of Experimental Apparatus 
in Step 2 
 
 
 
 
 
 
 
 
 
Fig. 8 Picture of Experimental Apparatus in Step 2 
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2.4 Experimental Procedure in Step 2 
After creation of flocculated sludge by experiment as Step 1, 
the remaining seawater was put in the tank, and then the 
micro-bubble device and the water pumps were powered on. 
Here, room temperature was set 25 degrees Celsius by an air 
conditioner. After 6 hour, the microorganism activator was 
put in the experimental tank.  
In this experiment, one kind of detergent including enzyme as 
the microorganism activator is used by the reasons denoted 
the best results in [4]. Including enzyme in the detergent are 
mainly lipase, protease and amylase. Amount of the detergent 
as experimental conditions are shown in Table. 1. The 
appropriate weight of this detergent is 10 (gram). For 
comparison, there is one more case by using the 
microorganism activator which had been getting effective 
results in purification for grease trap at gas station, written by 
[2], so this case is named “Case 4, 2008”.  
The amount of sludge and seawater is 1(kg) and 30(litter), per 
an experimental case.  
Dissolved oxygen (DO), water temperature and pH are 
measured by using of multi-parameter water quality meter. 
Ammonium nitrogen (NH4-N), total nitrogen (T-N) and total 
phosphorus (T-P) are measured by using of 
digital-water-analyzer by digital “Packtest”, by water filtered 
after sampling in experimental tank. 
 
 
Table. 1 Amount of Detergents as Experimental Conditions  
 
 
 
 
 
 
 
 
 
 

3 RESULTS AND CONSIDERATION 
 

3.1 Effects on Experiment of Step 1 
 
Results of the experiment of step 1 by using coagulants are 
shown in Table. 2. The results on water temperature and pH 
are a little change, compared with each other. We can see the 
situation changed into an aerobic state from the results on DO 
by mixing sludge with coagulant. We can also see the results 
of H2S were decreased zero by the experiment of Step 1. On 
the other hand, the results on the nutrients; NH4-N and T-N 
also decrease to 70 and 53%.  
 
 
 

 
Table. 2 Results on Experiment of Step 1 

 Before After 
Temp.  [deg. Celsius] 22.32 23.80 
pH 7.37 7.95 
DO                   [mg/l] 0.70 6.82 
H2S                 [mg/l] 0.02 0.00 
NH4-N            [mg/l] 3.42 2.38 
T-N                  [mg/l] 2.6 1.4 

 
 

3.2 Effects on Experiment of Step 2 
 
(1) Effects on the density of sulfate and the contents of sulfur. 
Checking the mechanism in this experimental system, the 
density of sulfate was analyzed in Case 2. The density of 
sulfate is shown in Fig. 8, adding the results by [2] in 2008 
which is Case 4. The results were obtained by the iron 
chromatography. It seems that sulfate increases due to the 
activity of sulfur bacteria in Case 4. But the density of sulfate 
in Case 2 doesn’t increase. It seems the reduction of H2S 
became by lower density of sulfate, and microorganisms also 
were reduced a little by experiment of step 1. 
The content of sulfur is shown in Fig.9, adding the results by 
[2] in 2008 which is Case 4. The results were obtained by the 
elementary analysis. Especially in Case 4, the content of 
sulfur up to 6 hours did not change but after 6 hours it 
decreased rapidly since the activator of microorganisms was 
put in the experimental tank after 6 hours. But the content of 
sulfur in Case 2 is almost zero. It seems that microorganisms 
changed the sludge into the sulfur by the ordinary method, but 
the present method could not change the sludge into the 
sulfur.  
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 Case
Amount(Times)

(Additional / Appropriate)

① 5
② 6
③ 7
④ Reference by Okamoto et al. in 2008

  

 Fig. 8 Results of the Density of Sulfate in Step 2 
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Fig.9 Results of the Content of Sulfur in Step 2 
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(2)Effects on H2S.  
Measured results of H2S in all cases are shown in Fig.10. The 
result in Case 4 is a usual tendency. On the other hand, the 
results in Case 1, 2 and 3 are almost zero. It seemed 
coagulants in the experiment of Step 1 reduced H2S. From the 
results, our method is very good.  
 
(3)Water Temperature, pH and DO as Environmental 
Conditions for Experiment of Step 2.  
Measured results of water temperature, pH and DO in all 
experimental cases are shown in Fig.11 to Fig.13, 
respectively. Water temperature up to 24 hours increased 
rapidly and then became constant about 25 to 30 degree 
Celsius. It seems this was caused by the heat from friction of 
the micro-bubble device. The tendency of pH has up and 
down in Case 1, 2 and 3, but became constant about 7.6 to 8.5. 
It seemed it is better to use for experiment. Dissolved oxygen 
(DO) in Case 4 up to 12 hours increased and then became 
constant. It seems oxygen dissolved and reached the 
saturation point. Case 1, 2 and 3 have a tendency of up and 
down but these have enough oxygen by experiment of Step 1. 
From these results, we can recognize anaerobic state 
changing into aerobic state. It seems that these results are very 
good conditions for growth of microorganisms.  
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig.10 Changes in H2S by Experiment of Step 2 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig.11 Changes in Water Temperature as Environmental 
Conditions by Experiment of Step 2  

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig.12 Changes in pH as Environmental Conditions by 
Experiment of Step 2 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig.13 Changes in DO as Environmental Conditions by 
Experiment of Step 2 
 
 
(4)Effects on NH4-N, T-N and T-P.  
Measured results of NH4-N in Cases 1, 2 and 3 are shown in 
Fig.14. The results of NH4-N in Case 1 and 2 decrease and 
become zero until 24 hours. But the result after 84 hours in 
Case 1 and 3 increase a little. It seemed the Case 2 has very 
good result, compared with Case 1 but Case 1 and 3 become 
no effect after 84 hours. Measured results of T-N and T-P in 
all cases are shown in Fig.15 and Fig.16. The results of T-N 
have a tendency of decrease until 84 hours. Case 2 has very 
good results that T-N is purified until 24 hours. On the other 
hand, the results in Case 1, 2 and 3 after 96 hours increase 
unexpectedly. It seemed Case 2 has very good performance 
for T-N, but the results are not effective after 96 hours.  
The results of T-P in Case 1 and 2 have good performance, 
compared with Case 4 by results in 2008. The results of T-P 
in Case 2 become no effect after 96 hours. From this 
experiment, we pointed out the decrease on T-N 
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Fig. 14 Changes in NH4-N for Experiment of Step 2 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig. 15 Changes in T-N for Experiment of Step 2 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig. 16 Changes in T-P for Experiment of Step 2 
 
 

4 RSULTS OF RE-EXPERIMENT AND 
CONSIDERATION 

It seems our proposed method is very good until 84 hours 
from the results of experiment of Step 2. For getting the best 
purification, we had carried out re-experiments to put the 
activator twice in experiment of step 2, because the results are 
not effective after 96 hours.  

 

4.1 Re-Experiments  
Experimental conditions for the method of adding the 
activator twice are shown in Table. 3. Second adding amount 
of Case 5, 6, 7 is 2, 4, 6 times of activator at time=60hours, 
respectively. For comparing the effects, the results of Case 2 
in experiment of step 2 are used. The other conditions are 
almost same of experimental of step 2. Measured results on 
environmental condition of this re-experiment were also 
almost same of experiment of step 2. 
 
 

4.2 Effects on NH4-N and T-N 
Measured results of NH4-N in Cases 5, 6 and 7 are shown 

in Fig.17, with Case 2 in experiment of step 2. The results of 
T-N are also shown in Fig.18. 

The re-experimental system has very good performance 
from these results. NH4-N of Case 5 can be purified until 72 
fours. T-N of Case 5 and 6 can be also purified until 84 hours. 
It seems that we could get very good performance for 
purification by adding the activator of microorganisms and 
reduce the time for purification, since purification 
performance was shortage from the results in experiment of 
step 2. 
 
 
 
Table. 3 Method of Adding Activator as Re-Experimental 
Conditions 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig.16 Results on NH4-N by Re-Experiment 
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5 CONCLUSIONS 
 
We proposed the system which hydrogen sulfide is reduced at 
first by using coagulants and then the nutrients is reduced in 
an aerobic state by micro-bubble and activating 
microorganisms. Here, we used the detergents including 
enzyme as the microorganism activator. 
We also carried out purification experiments and then 
checked the purification performance for sludge by our 
proposed experimental system. From the results by the 
experiment of Step 1 and 2, 
1) It seemed coagulants in the experiment of Step 1 reduced 

H2S.  
2) It seemed microorganisms also are reduced a little by 

coagulants in the experiment of step 1.  
3) The performance of purification in Case 2 is very good for 

the results on T-N and also NH4-N, until 84 hours. 
4) The results of T-P in Case 1 and 2 have good performance, 

compared with the results in 2008. 
Here, we carried out re-experiment which was put twice of 
activator at 0 and 60 hours, since the purification performance 
was shortage from the results in experiment of step 2.  
From the results by re-experiment, we could get very good 
performance for purification and reduced the time for 
purification. 
Finally, it is seemed our proposed experimental system is 
very good. 
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1. INTRODUCTION 
Mt. Shinmoedake and Mt. Sakurajima are located in Southern 
Kyushu and are both active volcanoes in Japan.  Due to the recent 
serious seismic activities in Japan, these eruptions have been 
recently activated. A large amount of volcanic products are 
already supplied in the Southern Kyushu area and the constant 
supply of these products is anticipated from now on. The purpose 
of this study is to contribute to the formation of recycling-oriented 
society by utilizing the volcanic products as local natural 
resources. This study investigates the mechanical properties of the 
volcanic products  mixed with industrial wastes for environmental 
protection. The mixture of industrial wastes is scrapped ceramics, 
reclaimed (recycled) gypsum and slaked lime, etc. The mixture 
ratio is the weight ratio for the natural water content of the 
volcanic products. In this paper, the possibility of the effective use 
as a frictional geomaterial (φ  materials) is considered.  
 

2. PHYSICO-CHEMICAL PROPERTIES OF 
VOLCANIC PRODUCTS 
The volcanic products of Mt. Shinmoedake and Mt. 
Sakurajima sampled in Miyakonojyo and Kagoshima, as 
shown in Figure 1. Figure 2 shows the microscopic 
observation of each volcanic product. It can be observed that 
the particle size of Shinmoedake is obviously larger than that 
of Sakurajima. Table 1 shows the physico-chemical 
properties of each volcanic product. The volcanic products of 
Sakurajima showed heavier density and lower permeability 
than those of Shinmoedake. In addition, those of 
Shinmoedake and Sakurajima were found to have weak 
acidity and alkaline, respectively. 

 
 

 
Figure 3 shows the grain size distribution curve. The 

volcanic products of Shinmoedake were mainly sand, but the 
content (by percentage) of fines was higher for material from 
Sakurajima. Thus, the mixture of each volcanic product was 
taken into account, because the properties of pH and grain 
size distribution were different. The mixture ratio was set as 
the weight ratio 70:30, 50:50, 30:70 (%) for the natural water 
content of each volcanic product. When the mixture ratio of 
Shinmoedake increases, the percentage content of fines is 
reduced. Next, Figure 4 shows the compaction curve for each 
volcanic product. The compaction test [1] was conducted by 
A-a method, where the compaction energy is low and the 
sample is repeatedly used. It is found that the volcanic 
products of Shinmoedake show a higher optimum water 
content and lower maximum dry density than those of 
Sakurajima. 
 

3. RESULTS AND DISCUSSION 
The California bearing ratio (CBR) test [2], which is available 
for the evaluation of the strength of subgrade or subbase was 
carried out in the laboratory to obtain the design CBR value. 
Slaked lime, reclaimed gypsum and scrapped ceramics are 
used as the mixture of industrial wastes, and the mixture ratio 
is the weight ratio for the natural water content of each 
volcanic product. Figure 5 shows the loading 
pressure-penetration curve for each artificial geomaterial. 
Figures 5(a) and (b) are the cases of Shinmoedake and 
Sakurajima mixed with slaked lime. The loading pressure of 
mixtures of Shinmoedake is higher than that of only 
Shinmoedake, when the mixture ratio of slaked lime increases. 
On the other hand, Sakurajima mixed with slaked lime at 
ratios of 10% and 20% can not exceed the loading pressure of 
only Sakurajima. This is because the volcanic products of  

ABSTRACT 
Mt. Shinmoedake, located on the boundary between Kagoshima and Miyazaki has erupted on January 26, 2011 after an 
interval of 189 years. The Volcanic products are estimated to be a maximum of 40-80 million tons. On the other hand, 
the frequency of eruptions at Mt. Sakurajima in Kagoshima peaked in 2011, the highest since observations began in 
1955. Large amounts of volcanic ashes from Mt. Sakurajima were falling in the surrounding areas. Most of volcanic 
products have been disposed as industrial wastes, but the supply of these volcanic products is anticipated to be unending 
for the foreseeable future. The purpose of this study is to contribute to the formation of a recycling-oriented society in 
the Southern Kyushu area by utilizing the volcanic products as local natural resources. This study investigates the 
mechanical properties of these volcanic products mixed with industrial wastes for environmental protection. 
 
Keywords: volcanic products, compaction, California bearing ratio, recycling-oriented society 
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(a)  Shinmoedake    (b)  Sakurajima 
 

Figure 2  Microscopic observation of volcanic products. 

Figure 1  Volcanic products sampled in southern Kyushu area. 
 

   (b)  Sakurajima 
 

(a)  Shinmoedake 

Shinmoedake Sakurajima
Natural water content (%) 10.5 10.5

Soil particle density (g/cm3) 2.685 2.708

Minimum density (g/cm3) 1.126 1.385

Maximum density (g/cm3) 1.460 1.654
Permeability coefficient (cm/s) 1.6×10-2 2.0×10-4

pH 6.40 7.91

Table 1.  Physico-chemical properties of volcanic products 

Figure 3.  Grain size distribution curve. 
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Shinmoedake are mainly sand with weak acidity and those of 
Sakurajima are a finer sand and alkalinity.  

Figure 5(c) shows the case of the mixture of each volcanic 
product (Shinmoedake and Sakurajima). The obvious 
difference in the loading pressure between only Shinmoedake 
and Sakurajima is seen and the loading pressure-penetration 
curves of the mixture of each volcanic product are caught 
between the curves of only Shinmoedake and Sakurajima. 
The loading pressure of Sakurajima is clearly higher than that 
of Shinmoedake. Additionally, we have confirmed that the  

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

loading pressure is somewhat dependent on the mixture of 
samples by the inside observation of samples after the 
penetration. 
   Figure 5(d) is the case of Sakurajima mixed with scrapped 
ceramics. When the mixture ratio of scrapped ceramics 
increases, the loading pressure tends to become higher. But 
the mixture of scrapped ceramics to Sakurajima has no effect 
before the penetration reaches 5 mm. The trend was the same 
for Shinmoedake. It is thought that the interlocking between 
these volcanic products and scrapped ceramics would not be  

(a)  Shinmoedake                                                                 (b)  Sakurajima 
Figure 4  Compaction curve. 
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Figure 5  Loading pressure-penetration curve. 
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effective. Note that there was no expansion in all cases shown 
in Figure 5. Furthermore, the mixture of reclaimed gypsum to 
each volcanic product is more effective than that of slaked 
lime for the loading pressure-penetration curve. Finally, the 
design CBR(%) values from volcanic products and these 
mixtures are summarized in Table 2. The volcanic products of 
Shinmoedake mixed with slaked lime 10% and 20% show 
higher CBR values than those of Sakurajima. In other all 
cases, the tendency was the reverse (the mixtures of 
Sakurajima are almost always a higher loading pressure than 
those of Shinmoedake). 
 

4. CONCLUSIONS 
In general, it would be valid to utilize these volcanic products 
as frictional geomaterials under sufficient compaction control. 
Also, there are no problems in using each volcanic product as 
a subgrade soil because the design CBR values of volcanic 
products only are greater than 10% with no expansion. The 
mixture of slaked lime and reclaimed gypsum were effective 
for the volcanic products of Shinmoedake, but the mixture of 
reclaimed gypsum was more effective than that of slaked lime 
for those of Sakurajima. Furthermore, since the volcanic 
products of Sakurajima are mainly finer sand and very little 
spread, the strength of the mixtures of Sakurajima tends to 
vary a little than those of Shinmoedake. 

For future work, it will be possible to consider the 
development of  base materials for fishing banks and seaweed 
beds as a practical use of these volcanic products and 
industrial wastes. 
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Table 2.  CBR (%) obtained from volcanic products and those mixture 

Shinmoedake Sakurajima Mixture
only volcanic products 11.59 25.86
volcanic products plus slaked lime 10% 21.04 17.30
volcanic products plus slaked lime 20% 33.88 21.40
volcanic products plus slaked lime 30% 44.40 59.74
volcanic products plus reclaimed gypsum 10% 28.09 51.07
volcanic products plus reclaimed gypsum 20% 42.65 113.43
volcanic products (70%) plus scrapped ceramics (30%) 5.44 14.89
volcanic products (50%) plus scrapped ceramics (50%) 4.28 21.22
volcanic products (30%) plus scrapped ceramics (70%) - 21.31
Sakurajima (30%) plus Shinmoedake (70%) 27.64
Sakurajima (50%) plus Shinmoedake (50%) 22.29
Sakurajima (70%) plus Shinmoedake (30%) 19.62



  

 

 

1. INTRODUCTION 
Peat ground, which consists of very soft and problematic soil, 
is widely distributed in Hokkaido, Japan.  When constructing 
embankments on soft ground types such as peat, considerable 
ground deformation occurs caused by both the consolidation 
and shear (Fig. 1). A highly effective method of analyzing 
such ground deformation is soil/water coupled finite element 
analysis (FE analysis) using a constitutive model that can take 
both consolidation and shear into account.  Hayashi et al. [1] 
clarified that FE analysis using Cam clay model (Schofield 
and Wroth [2]) was effective in analyzing peat ground.   It can 
therefore be understood that FE analysis using an 
elasto-plastic or visco-plastic model for clay is a suitable 
method for clarifying the deformation of peat ground.  

Peat ground has many engineering properties that have 
not yet been clarified, which poses the practical problem of 
how to determine the soil parameters for analysis.  Hayashi et 
al. [3] proposed a method of determining parameters for 
elasto-plastic FE analysis of peat, but merely reached a 
tentative conclusion in terms of hydraulic conductivity 
(coefficient of permeability) determination.  Therefore, the 

 
 

coefficient of permeability and changes in this value resulting 
from consolidation for peat ground were investigated based 
on the results of an in-situ permeability test and oedometer 
test, and influences related to differences in the coefficient in 
peat ground on the results of FE analysis were studied. 

2. INVESTIGATION SITES 
The permeability characteristics of peat ground were 
investigated at nine sites (Mihara and Shinotsu in Ebetsu City, 
Tsuruno in Kushiro City, Warabidai in Toubetsu Town, 
Riyamunai and Kami-Riyamunai in Kyowa Town, Taura in 
Mukawa Town, Onobunai in Teshio Town and Asajino in 
Sarufutsu Village) in Japan’s Hokkaido area.   

The natural water content (Wn) of the peat studied ranged 
from 240 to 1,023%, and ignition loss (Li) was 23 to 95%.  
The study was conducted for peat with a wide variety of 
engineering properties, from the mostly decomposed 
low-water-content type to the high-water-content fibrous type.  
For comparison with peat, organic clay and clay underlying 
the peat ground were also tested.  

3. TEST PROCEDURES  
An in-situ permeability examination involving a borehole and 
dissipation of pore water pressure using the electric cone 
penetration test (CPTU) method was conducted.  In the 
laboratory, an oedometer test was conducted with undisturbed 
samples, and the results were used to determine coefficients 
of permeability.  The test methods are detailed below.  

3.1 In-situ permeability test  
The in-situ permeability test was conducted in accordance 
with the Method for Determination of Hydraulic Properties of 
Aquifer in Single Borehole (JGS 1314-2003) in the Japanese 
Geotechnical Society standards (Fig. 2).  The in-situ 
coefficients of permeability were found using Eq. (1), in 
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In-situ permeability tests were conducted on peaty ground in Hokkaido, Japan to clarify the permeability of such ground 
and a method for determining permeability parameters for related finite element (FE) analysis.  As a result, it was 
confirmed that the hydraulic conductivity (coefficient of permeability ki) obtained from in-situ permeability testing 
which presents the mean permeability of the peat layer ranged from 1.7×10-7 to 1.1×10-5 (m/s).  In addition, a 
dissipation test using the CPTU was conducted and time values for 50% dissipation of excess pore water pressure (t50) 
were measured.  It was found that the coefficient of permeability ki of peat decreased with an increase in the t50.  
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which ki is the on-site coefficient of permeability (m/s), d is 
the diameter of the water level measurement section (m), L is 
the length of the test section (m), D is the diameter of the test 
section (m), m is the slope of the straight section of the log s-t 
curve found from water level measurement, s is the difference 
between the steady and measured water levels (m), and t is the 
elapsed time (s).  

 
ki = 0.66 d2 / L log (2L / D) m                                     (1) 
 

3.2 Dissipation test using the CPTU method  
In the CPTU method, pore water pressure is generated when a 
cone penetrates the ground.  If the ground is left untouched 
after penetration stops, the pore water pressure generated 
dissipates over time, and the time it takes to do so is closely 
related to ground permeability.  Dissipation testing of pore 
water pressure using the CPTU method involves estimation 
for the coefficients of ground permeability and consolidation 
based on this phenomenon.  High applicability of the test for 
clay ground has been reported previously (e.g., Robertson et 
al. [4]; Tanaka et al. [5]). 

Figure 3 shows the shape of the cone used in this study.  
It had a base area of 1,000 mm2 and a point angle of 60°.  
The filter for pore water pressure measurement was placed 
19.0 mm behind the base of the cone, as shown in Fig. 3.  The 
filter was ceramic and saturated with deaired water.  The cone 
was used to penetrate the ground with these specifications at a 
rate of 20 mm/s, and penetration was stopped at the depth 
where the in-situ permeability test was conducted.  Changes 
in pore water pressure were subsequently measured with the 
cone in place.  To avoid interference between the in-situ 
permeability test and CPTU application, the test sections 
were positioned at least 2 m apart.  

3.3 Oedometer test 
The oedometer test was conducted in accordance with the 
Japanese Geotechnical Society standard on undisturbed 
samples (dimensions: 60 mm in diameter and 20 mm in 
thickness) collected using a thin-walled tube sampler with a 
fixed piston.  As the effective overburden pressure of peat is 
very small, consolidation pressure at the first stage was set to 
4.9 kN/m2, which was half the standard value.  The laboratory 
coefficient of permeability was found using Eq. (2), where kl 
is the laboratory coefficient of permeability (m/s), cv is the 
coefficient of consolidation (cm2/d), mv is the coefficient of 
volume compressibility (m2/kN) and w is the unit weight of 
water (= 9.81 kN/m3). 

 
  kl = cv mv w / (8.64 × 108)                                     (2) 

 

4. COEFFICIENT OF PERMEABILITY OBTAINED 
FROM IN-SITU PERMEABILITY TESTS AND 
OEDOMETER TESTS 
Figure 4 shows the relationship between the natural void ratio 

and the field coefficient of permeability.  Permeability 
coefficient of peat, which ranged from 1.7×10-7 to 1.1×10-5 
(m/s), was greater by one or two orders of magnitude than 
those of clay and organic clay.  The field permeability 
coefficient of peat increased almost linearly on the 
logarithmic axis with higher values of the natural void ratio.  
The natural void ratio of peat approximately ranged from 8 to 
15.  These values were much larger than those for ordinary 
soils, indicating that peat is predominantly composed of voids.  
It should be noted, however, that the coefficient of 
permeability for peat is smaller than that for sand, which has a 
lower natural void ratio.  Ohira [6] pointed out that most voids 
in peat were enclosed in plant remains and only 
approximately 20% of all voids were effective as 
macroscopic pore water flow paths.  Kogure [7] reported that 
water in peat contained humus formed as organic matter 
decomposition, and was there-fore higher in viscosity than 
that found in ordinary soil.  These factors can support that the 
coefficient of permeability in peat shows middle value 
between that of clay and sand despite of its very high natural 
void ratio. 

The relationship between the field and laboratory 
coefficients of permeability is shown in Fig. 5.  The 

Water- level gauge

casing pipe 

test section L 

Fig. 2 In-situ permeability testing method 

Fig. 3 Shape of CPTU 
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laboratory coefficient values correspond to the effective 
overburden pressure from the relationship between the 
consolidation pressure P and the coefficient of permeability k 
(the log P-log k relationship) obtained in the oedometer test.  
The ratio of the field coefficient to the laboratory coefficient 
of permeability (ki/kl) ranged approximately from 3 to 7 for 
clay but was larger for peat, mostly ranging approximately 
from 10 to 100.  Kogure [7] pointed out that areas 
surrounding large dead plant and shrub remains in peat 
ground likely became to water flow paths.  In oedometer tests 
for peat, samples are limited in size and need to be prepared 
while avoiding large dead plant remains.  For this reason, the 
coefficient of permeability obtained from oedometer tests 
fails to evaluate macroscopic water flow paths in peat, and 
may underestimate the permeability of the entire soil layer. 

The relationship between in-situ void ratio and ki/kl is 
shown in Fig. 6.  ki/kl roughly increases with an increase in 
in-situ void ratio.  Peat with higher values of in-situ void ratio 
contains larger amounts of undecomposed large dead plant 
re-mains.  It can be inferred that this tendency is a result of 
accumulation containing a large number of macroscopic pore 
water flow paths. 

5. IN-SITU PERMEABILITY ESTIMATION FROM 
DISSIPATION TESTING USING THE CPTU  
This section describes estimation of the in-situ coefficient of 
permeability in peat ground based on dissipation testing of 
pore water pressure using the CPTU method.  Figure 7 shows 
the time history of pore water pressure generated by cone 
penetration (for the Riyamunai site at a depth of 3.0 m) as a 
typical measurement result.  The pressure reached an almost 
steady state approximately 1,000 seconds after penetration 
stopped, and showed a value of 28.1 kPa thereafter.  The 
result of pore water pressure estimation after the 
measurement period (until 10,000 seconds) using the 
hyperbola method also confirmed that the steady water 
pressure (Uf) value was 28 kPa.  As the groundwater level of 
this site was 0.26 m below the surface, the static water 
pressure at the depth where the dissipation test was conducted 
(G.L. -3.0 m) was 27.4 kPa, which was almost the same as the 
Uf value.  Similar results were obtained at other sites.  

Past studies (e.g., Robertson et al. [4]; Tanaka et al. [7]) 
used the time taken for 50% of pore water pressure to 
dissipate (t50) in the dissipation curve (Fig. 7) as an index to 
represent the dissipation status.  Figure 8 shows the 
relationship between t50 and the in-situ coefficient of 
permeability described in Section 5 based on a double 
logarithm.  There is a proportional relationship between the 
two, and the in-situ coefficient of permeability decreases 
linearly with higher values of t50.  Robertson et al. [7] also 
reported that the coefficient of permeability fell with 
increases in t50 based on examination of the relationship 
between these values for clay.   

The relationship shown in Fig. 8 is approximated using 
Eq. (3), where ki is the in-situ coefficient of permeability 
(m/s) and t50 is the time taken for 50% of the pore water 
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pressure to dissipate (min.).  It is considered possible to 
estimate the in-situ coefficient of permeability in peat ground 
based on this relationship from dissipation testing of pore 
water pressure and Eq. (3).  Tanaka et al. [8] reported that the 
accuracy of pore water pressure estimation is low when Uf is 
calculated using the hyperbola method under conditions 
without pore water pressure measurement over a sufficient 
period of time.  Attention must be paid to the problem when 
this estimation method is used.  

 
ki = 5.3×10-6 t50

-0.75                                                        (3) 

6. CONCLUSION 
In this study, tests relating to in-situ permeability were 

conducted to determine the permeability characteristics of 
peat ground.  The results can be summarized as follows:  
(1) The in-situ coefficient of permeability in peat ground was 

one or two orders of magnitude greater than that of clay or 
organic clay, ranging from 1.7×10-7 to 1.1×10-5 (m/s).  

(2) The laboratory coefficient of permeability in peat ground 
ranged from around 1/10 to 1/100 of the in-situ coefficient.  
Matter from large plants and other objects must be 
avoided when consolidation testing of peat ground is 
conducted.  Accordingly, the laboratory values obtained 
in this test are considered to represent underestimations of 
the ground’s macroscopic permeability.  

(3) The ratio of the in-situ coefficient of permeability ki to the 
coefficient of permeability kl (ki/kl) rose with higher 
in-situ void ratio, indicating that the influence of the 
volume of water passages in peat ground becomes 
significant with greater in-situ void ratio.   

(4) The in-situ coefficient of permeability decreased linearly 
with higher values of t50, which is the result of the pore 
water pressure dissipation test using the CPTU method.  
This relationship can be used to estimate the in-situ 
coefficient of permeability in peat ground.   
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1. INTRODUCTION 
It is fairly obvious that precipitation affects benthos in river 
such as rivers snails, as well as civil parameters such as flow 
discharge and bed materials. These are closely related to 
each other. 
Biological monitoring methods in Japan have been improved, 
and their data has been accumulated for many years [1]. Part 
of the data is made public on the Internet. It is expected that 
monitoring data will be investigated and applied. While 
public work is carried out considering the care of rare species 
and their habitat, sometimes the care is not sensitive enough 
to the environment. Water channels suitable for fireflies 
similar to habitats in natural environments are often 
developed to enrich human life quality [2]. It is expected that 
monitoring data will be used to develop management 
procedures and protection procedures for habitats. 
Mie Prefecture is suitable to investigate the impact of rivers 
on benthos as shown in Fig. 1. Because Mie Pref. stretches 
far to the north and south, and a local region in Mie Pref. has 
one of the heaviest rainfalls. Rainfall can affect the habitat of 
benthos in rivers such as snails. In this study, the relation 
between civil parameters, habitat, and their properties is 
grasped. First, the time series properties and local area 
properties are grasped by quantification theory. Next, the 
properties of potential habitats are extracted by 
self-organizing map (SOM). 
 

 
 

2. DATA AND METHOD 

2.1 Data and Quantification Theory 

2.1.1 Data of Hydraulics, Water Quality, Soil, and 
Biology 
Data of National Monitoring of Biological Indices in Rivers 
are offered by Ministry of the Environment [3] in Japan. It is 
characterized that monitoring is carried out on the basis of  
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A lot of fireflies, which are seen in early summer night, feed on snails. In recent years, public works are increasingly 
carried out with sufficient attention given to biology in the way to low-impact. There are water channel suitable for 
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on snail, but it seems to be less study in terms of hydrological study and water quality. In this study area properties and 
temporal properties on snails were obtained by analyzing data set on stream in Mie Prefecture using quantification 
theory. Properties of habitat were investigated on Oomatagawa River in the south of Mie Prefecture. 
Analysis of data showed useful results on temporal properties and areal properties of snail habitat. It is noted that 
quantification theory resulted that snail adjust to the environment of the area such as river width and bed material in 
river, which are important parameters. It is expected that potentiality of habitat on snail are evaluated by SOMs. 
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Fig.1 Location of (A) Mie Pref., (B) local areas, (C) 
Oomatagawa River, and observation stations in the river 
(JDG2000) 
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Year Number of observation
station in all Mie Pref. Local area Number of observation

station for six year
2004 50 Area A / Hokusei 93
2005 50 Area B / Iga 14
2006 51 Area C / Tyusei 37
2007 37 Area D / Nansei 36
2008 40 Area E / Higashi-kisyu 90
2009 42
Total 270 Total 270

Analysis of time series Analysis of local area

Soil Biology

Width Depth Flow velocity Water temperature Turbidity Bed material Snail

1 0 -  5 m 0 - 10 cm Slow
/ 0 - 30 cm/s      <10°C Clear Head-sized

gravel 0 None

2 5 - 10 m 10 - 20 cm Normal
/ 30-60 cm/s  10 - 20°C Low Fist-sized

gravel 1 Few

3 10 - 20 m 20 - 30 cm Fast
/ >60 cm/s  20 - 30°C High Small gravel

and sand 2 Many

4 >20 m >30 cm >30°C Sand and mud

5 Wide particle
size distribution

6 Others

Hydraulics Water quality
Quantity Quantity

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
 
 

 
 
 
 
 
 
 
 
reliable procedures and not only organism species in rivers 
but also civil parameters are measured. Almost all of the 
monitoring was carried out in the summer vacation because 
many elementary and junior high school students 
participated in the monitoring. They identified organism 
species with the assistance from experts in biology. 
The data on rivers selected in all of Mie Pref. were analyzed 
between June and September between 2004 and 2009. Fig. 2 
shows the location of observation stations for analysis. Table 
1 shows the number of observation stations. A total of 270 
stations for 58 rivers were investigated for six years. 
The number of stations where one-year analysis was used 
was between 37 and 51 stations. The number of station of the 
local area analysis totaled between 14 and 93 stations during 
2004 - 2009. 
Hydraulics parameters such as river width, depth, and flow 
velocity, and water quality parameters such as temperature, 
turbidity, and soil parameters of bed material are selected for 
analysis from the many items measured in civil parameters. 
We analyzed the river snail as benthos. 

 
 
 
 
 
 
 
 
 
 
 
 

2.1.2 Rejection and Translation of Datasets 
After rejecting incorrect datasets, the qualitative datasets are 
quantified for analysis. Datasets lacking in analysis items 
and a few datasets measured on rainy days were rejected 
from analysis. Furthermore, the research manual advised 
avoiding swollen streams and rivers [4]. Thus, datasets used 
in analysis seem to be the ones for normal river conditions. It 
appears that turbidity is composed of less soil particle 
components and more organic algae component. Next, 
datasets suitable for analysis of hydraulics, water quality, 
soil, and river snails were translated into integers on the basis 
of Table 2. 

2.1.3 Precipitation, BOD, and COD 
Using data on precipitation between 2004 and 2009 provided 
by the Japan Meteorological Agency [5], the annual amount 
of precipitation was calculated for five regions in Mie. Mie 
Pref. publishes monthly data on biochemical oxygen demand 
(BOD) and chemical oxygen demand (COD), which are 
reported on the Yearly Data Book of Water Quality in Public 
Waters [6]. Annual average BOD and COD are calculated 
for five regions in Mie during 2004 and 2008. 

2.1.4 Analysis by Quantification Theory 
Mathematical quantification theory class II shows the 
explanation of external criterion as qualitative through 
explanatory variables shown as qualitative [7], [8]. Civil 
parameters such as hydraulics, water quality, and soil 
correspond to explanatory variables, and the snail parameter 
is equal to the external criterion.  
The method of mathematical quantification theory class II 
was used for time series analysis and local area analysis. 
Concerning time series analysis, datasets in all of Mie Pref. 
were subjected to analysis one by one year as shown in Fig. 2 
(A) - (F). the area and data of Mie Pref. is divided into five 
regions: Hokusei, Iga, Tyusei, Nansei, and Higashi-Kisyu as 
shown in Fig. 1 (B). Data composited for six years for each 
area were analyzed (Fig. 2 (G)). 
2.2 Data on Oomatagawa River and Analysis by 
Self-Organizing Map 
The studying of potential of habitat focused on only 
Oomatagawa River as shown in Fig. 1 (B) and (C). The fact 
that there were few snails in the rivers of Higashi-Kisyu 
indicates that the environment will be sensitive to the effects 

Fig.2 Location of observation stations between 2004 and 
2009 for analysis, (A) to (F), for time series analysis; (G), 
for local area analysis (Numbers showed at each local 
area are one of station) 

Table 1 Number of observation station 

Table 2 Measured item and quantify 
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Fig.3 (A) Change of amount of river snail 
with time in all Mie Pref., (B) amount of 
river snail in local area for six year. 

1 2 3 4 5 6 7 8 9 10 11 12 13 14 15 16 17 18
WT Width Depth

Asuka elementary school St.1 ★飛04 22 10 30 0 1 0 1 0 0 0 0 0 1 0 0 0 1 0
Tyobokujyou lumberyard St.2 貯04 20 10 25 0 1 0 0 0 1 0 0 0 1 0 0 1 0 0
Shikinosato St.3 ★四04 23.5 8 30 0 1 0 0 1 0 0 0 0 1 0 0 0 1 0
Genbokuichiba market St.4 原04 24 10 30 1 0 0 1 0 0 0 0 0 1 0 0 1 0 0
Sawataribashi bridge St.5 佐04 23.9 20 20 1 0 0 0 1 0 0 0 0 1 0 0 1 0 0
Nishin elementary school St.6 ☆日04 22 13 20 0 0 1 1 0 0 0 0 0 1 0 0 1 0 0
Itsusato elementary school St.7 五04 24.7 30 40 0 1 0 0 1 0 0 0 0 1 0 0 1 0 0
Itsusato elementary school St.7 五04 26.7 30 30 1 0 0 0 1 0 0 0 0 1 0 0 1 0 0
Tyobokujyou St.2 貯05 18 8 15 0 1 0 0 0 0 0 1 0 1 0 0 1 0 0
Asuka elementary school St.1 ☆飛05 19 10 15 0 0 1 0 0 0 0 1 0 1 0 0 1 0 0
Shikinosato St.3 ☆四05 21 10 20 0 0 1 0 0 0 0 1 0 1 0 0 1 0 0
Genbokuichiba St.4 原05 24 15 15 1 0 0 0 0 0 0 1 0 1 0 0 1 0 0
Sawataribashi Bridge St.5 佐05 21 10 10 0 1 0 0 0 0 0 1 0 1 0 0 1 0 0
Nishin elementary school St.6 ☆日05 19 10 15 0 1 0 0 1 0 0 0 0 1 0 0 1 0 0
Itsusato elementary school St.7 五05 23.5 15 20 0 1 0 1 0 0 0 0 0 1 0 0 1 0 0
Itsusato elementary school St.7 五05 23.5 15 20 1 0 0 0 0 1 0 0 0 1 0 0 1 0 0
Asuka elementary school St.1 ☆飛06 20.5 10 20 0 0 1 1 0 0 0 0 0 1 0 0 1 0 0
Tyobokujyou St.2 貯06 19 10 20 0 1 0 0 1 0 0 0 0 1 0 0 1 0 0
Shikinosato St.3 ★四06 21.5 10 20 0 0 1 0 0 1 0 0 0 1 0 0 0 1 0
Genbokuichiba St.4 原06 23 10 20 1 0 0 0 0 1 0 0 0 1 0 0 1 0 0
Nishin elementary school St.6 ☆日06 20.5 18 25 0 0 1 0 0 1 0 0 0 1 0 0 1 0 0
Sawataribashi Bridge St.5 佐06 22 10 10 0 1 0 0 0 0 0 1 0 1 0 0 1 0 0
Itsusato elementary school St.7 五06 22.5 15 40 1 0 0 0 1 0 0 0 0 1 0 0 1 0 0
Itsusato elementary school St.7 五06 25 15 20 1 0 0 0 1 0 0 0 0 1 0 0 1 0 0
Itsusato elementary school St.7 五06 23.5 10 15 1 0 0 0 0 1 0 0 0 1 0 0 1 0 0
Itsusato elementary school St.7 五06 25.5 8 15 1 0 0 0 0 0 0 1 0 0 1 0 1 0 0
Nishin elementary school St.6 ★日07 19 20 20 0 0 1 0 0 0 0 1 0 1 0 0 0 1 0
Sawataribashi Bridge St.5 佐07 18.8 15 20 0 1 0 0 0 0 0 1 0 1 0 0 1 0 0
Asuka elementary school St.1 ☆飛07 20.5 10 25 0 0 1 0 0 0 0 1 0 1 0 0 1 0 0
Tyobokujyou St.2 貯07 19 10 25 0 1 0 0 0 0 0 1 0 1 0 0 1 0 0
Marubuchi St.8 ☆ま07 22.5 15 30 0 1 0 0 0 0 0 1 0 1 0 0 1 0 0
Itsusato elementary school St.7 五07 24.8 15 40 1 0 0 0 0 0 0 1 0 1 0 0 1 0 0
Itsusato elementary school St.7 五07 24.5 15 20 1 0 0 0 0 0 0 1 0 1 0 0 1 0 0
Asuka elementary school St.1 ★飛08 18.2 10 20 0 1 0 0 0 0 0 1 0 1 0 0 0 1 0
Marubuchi St.8 ★ま08 21.8 10 25 1 0 0 0 0 0 0 1 0 1 0 0 0 1 0
Noguchi St.9 ☆野08 19 20 25 0 0 1 0 1 0 0 0 0 1 0 0 1 0 0
Itsusato elementary school St.7 五08 27 10 35 1 0 0 1 0 0 0 0 0 1 0 0 1 0 0
Itsusato elementary school St.7 五09 19.2 10 40 1 0 0 1 0 0 0 0 0 1 0 0 1 0 0
Marubuchi St.8 ☆ま09 18 10 25 1 0 0 0 0 0 0 1 0 1 0 0 1 0 0
Noguchi St.9 ★野09 19 20 25 0 1 0 0 0 0 0 1 0 1 0 0 0 1 0
Tyobokujyou St.2 貯09 16.8 10 25 0 0 1 0 0 0 0 1 0 1 0 0 1 0 0
Asuka elementary school St.1 ☆飛09 18.7 10 20 0 1 0 0 0 0 0 1 0 1 0 0 1 0 0
Ikedataira St.10 池09 21 20 30 0 1 0 0 1 0 0 0 0 1 0 0 1 0 0

Note; WT=Water temperature
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on snails. A lot of monitoring points were set up and have 
continued to investigate the situation in Oomatagawa River. 
Oomatagawa River is suitable for investigating the existence 
of habitat. 
It is noted that only Oomatagawa River was focused on than 
comparing various rivers because of avoiding the particular 
effect of pesticide, releasing snail in river, and heavy metals 
[9]. Furthermore, it is difficult to analyze rivers of many 
snails because of keeping the same condition. 

2.2.1 Data on Oomatagawa River 
Table 3 lists the monitoring data of observation stations for 
Oomatagawa River shown in Fig. 1 (C). The data are 
selected between June and September between 2004 and 
2009 to grasp the recent trend. Parameters, such as river 
width, depth, and water temperature in Table 3 are 
continuous values, the others are flag values. The parameter 
of river snails is excluded from analysis. The analysis data 
has 15 dimensions. The values of BOD and COD are not 
measured in individual observation stations. 

Analysis data are normalized in most of the SOM study. In 
this study, data are normalized so that the mean is equal to 
zero and dispersion is equal to one. 

2.2.2 Analysis by Self-Organizing Map 
A self-organizing map (SOM, also called Kohonen’s map) 
was used as an analysis method [10], [11]. The SOM 
produced a two-dimension map from multidimensional 
elements on monitoring data, and it visualized classification. 
Kohonen et al. (1995) of Helsinki University of Technology 
developed the software of SOM_PAK called Basic SOM and 
publish it on their website [12]. The 15-dimension data of 
Oomatagawa River on factors such as hydraulics, water 
quality, and soil property were applied to the analysis. The 
class of observation station is visualized to consider the 
results. 
Values of learning parameters for SOM were set as follows: 
map size is 15 in the x-direction and 10 in the y-direction, 
limit on time iteration is 10,000, learning restraint is 0.05, 
and neighborhood function is 21. 

Fig.4 Annual precipitation in local area 

Fig.5 (A) Annual-average BOD concentration, (B) annual-average COD 
concentration in local area 

Table 3 Data list of Oomatagawa River for SOM analysis 

(A) 

(B) 
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(A) (B)
No.1 No.2 No.3 No.4 No.5 No.6 No.1 No.2 No.3 No.4 No.5 No.6
6 pt 5 pt 4 pt 3 pt 2 pt 1 pt

2004 Bed Turbidity Depth Flow Width WT 2004 Wide particle
size distribution Cloudy 20-30cm Normal 0-5m 20-30°C

2005 Bed Depth Turbidity Flow Width WT 2005 Sand and mud >30cm Dirty Normal 0-5m 20-30°C

2006 Bed Turbidity Width Flow Depth WT 2006 Others Dirty 0-5m Fast 20-30cm 10-20°C

2007 Bed Turbidity Width Depth Flow WT 2007 Sand and mud Clear 0-5m 10-20cm Normal 20-30°C

2008 Width Bed Flow Turbidity Depth WT 2008 0-5m Sand and mud Fast Cloudy >30cm 10-20°C

2009 Width Bed Turbidity Depth Flow WT 2009 0-5m Wide particle
size distribution Clear 0-10cm Slow 20-30°C

Note; Bed=bed material; WT=water temperature; Flow=flow velocity

Year Year

Ranking of details (DB )Ranking and score (SA ) of items

(C)
Item

24pt 0pt 0pt 0pt

3pt 3pt 6pt 7pt

2pt 8pt 7pt

0pt 2pt 4pt 0pt

9pt 8pt 9pt

0pt 0pt 0pt 17pt 11pt 6pt

Note; Bed=bed material; WT=water temperature; Flow=flow velocity
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3. RESULT AND DISCUSSION 

3.1 Characteristics for Analysis Data Based on Statistics 
The modal class on civil parameters is: 5-10 m of river width, 
20-30 m of depth, normal flow velocity, fist-sized gravel bed 
material. Data selected during the summer observation 
caused the water temperature to be 20-30°C at most, and 
there was no data for below 10°C. Clear turbidity was most 
common, low turbidity was present in 52 out of 270, and 
high turbidity, which was rare, was present in three out of 
270. 
Fig. 3 indicates the amount of river snails for the time series 
and each local area. River snails were observed in many sites 
in 2008 as shown in Fig. 3 (A). Iga and Tyusei, Hokusei and 
Nansei, and Higashi-Kisyu were ranked in descending order 
of snails in each area. There were fewer snails in 
Higashi-Kisyu/Area E than in other areas. 
Fig. 4 shows the amount of rainfall in each local area. In 
accordance with the local area, rainfall in 
Higashi-Kisyu/Area E, where it naturally rains a lot, is 
markedly high. 
Fig. 5 shows annual average BOD and COD in rivers. BOD 
and COD are low in all of Mie pref. In accordance with the 
environmental quality standard in Japan [13], river water 

meets the level of drinking water needing normal 
purification. Water in all of Mie Pref. is recognized as clear; 
in particular, water from Higashi-Kisyu, showed in Fig. 1 
(B) as Area E, is clear. Therefore, the organic matter on 
which snails feed is less in Higashi-Kisyu. 

3.2 Properties of Time Series Using Quantification 
Theory 
Table 4 indicates the results of the analysis. Bed material, 
river width, and turbidity seem to contribute highly to snail 
habitat as shown in Table 4(A). It is difficult to understand 
the properties without including the data shown in Table 
4(B). To provide the scores depending on the order, Table 
4(C) was rearranged using the following equation (1): 
 

    ( ) ( ){ }∑ −×=
yr

iyri DBXYSAXSC            (1) 

 
where SC is a score of Xi, Xi is a detail in Table 4(C), DB is a 
detail in Table 4(B), yr is year, SA is the score in Table 4(A), 
and Y is the step function; if Xi = DB, Y = 1, and if Xi is not 
equal to DB, Y = 0. 
Table 4(C) shows that the properties of the time series 
resulting from aggregating the contents shown in both Table 
4 (A) and (B) have greater accuracy. 0-5 m of river width (24 
points), sand and mud bed material (17 points), clear or high 
turbidity (both 9 points), and other items such as flow 
velocity, depth, and water temperature are presented in 
descending order of points. 
First, the top three of all items: river width, bed material, and 
turbidity are explained as follows. The relatively narrow 0-5 
m river width corresponds to a flume or small stream in 
Japan. Snails prefer narrow rivers into wide rivers 
(Murakami (2007) [14]). The analysis results agree with his 
description. 
Sand and mud bed material showed high point. Furujo and 
Tomiyama (2000) [15] indicated that snails prefer gravel, 
sand, and mud. Murakami (2007) [16] also indeicated that 
that snails in upstream sites feed on periphyton on gravel and 
withered leaves. It is considered that since the light material 
such as sand, mud, and withered leaves are easy to sediment 
in the condition of low velocity, snails prefer the 
sedimentary surrounding. 
 

Table 4 Result of time series analysis ((A), Item; (B), detail; (C), total evaluation) 
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(A) (B)

Area A /
 Hokusei Bed Turbidity Width Flow Depth WT Area A /

 Hokusei Sand and mud Low 0-5m Slow 20-30cm 20-30°C

Area B /
 Iga Bed Flow Width Depth WT Turbidity Area B /

 Iga
Head-sized

gravel Fast 0-5m 0-10cm 10-20°C Low

Area C /
 Tyusei Bed Width Depth Flow Turbidity WT Area C /

 Tyusei
Wide particle

size distribution 5-10m 10-20cm Normal High 20-30°C

Area D /
 Nansei Depth Bed Width Flow Turbidity WT Area D /

 Nansei >30cm Others 5-10m Slow Low 20-30°C

Area E /
 Higashi-kisyu Turbidity Depth Bed WT Width Flow Area E /

 Higashi-kisyu Low 0-10cm Fist-sized
gravel 10-20°C >20m Normal

Note; Bed=bed material; WT=water temperature; Flow=flow velocity

No.2No.1 No.6No.5No.4No.3Local area Local area

Ranking and score of items Ranking of details

No.6No.5No.4No.3No.2No.1

 
 

 

 
 
 
 
 
 
 
 
 
 
 
 
The effect of turbidity as feed will be an important factor for 
snails because non-clear turbidity, summing up eight points 
of low and nine points of high turbidity, is more than the nine 
points of clear turbidity. Non-clear turbidity affects the 
habitat of snails. 
Next, Flow velocity, depth, and water temperature in the low 
ranks are explained. Snail on river beds can be flushed away 
at flow velocities of more than one m/s [17]. Snails are 
observed in riffles with high velocities [15]. It does not mean 
that high velocity is a bad condition. Thus, the fact that the 
flow condition is uncertain leads to a low position in Table 4. 
Snails are fed on by enemies such as fireflies, river crabs, 
rats [18]. Deep water may protect snails from these enemies. 
However, snails are observed regardless of the depth of the 
river [15]. It is considered that the habitat condition on depth 
is ambiguous. 
The reason why data of water temperature was restricted in 
summer caused to be low points in Table 4. 

3.3 Properties of Local Area Using Quantification 
Theory 
Table 5 indicates the results of local area analysis. As shown 
in Table 5(A) and (B), the analyzed order of local area 
resulted in difference from each other. Area A / Hokusei has 
sand and mud bed material, low turbidity, and 0-5 m river 
width in sequence. Area B / Iga has head-sized gravel bed 
material, fast flow velocity, and 0-5 m river width. Area C / 
Tyusei has wide particle size distribution bed material, 5-10 
m river width, and 10-20 cm depth. Area D / Nansei has over 
30 cm depth, other bed material, and 5-10 m river width. 
Area E / Higashi-Kisyu has low turbidity, 0-10 cm depth, 
and fist-sized gravel bed material. 
Thus, the property of a local area is similar to the property of 
time series regarding of an importance of river width, bed 
material, and turbidity. The property of Higashi-Kisyu is 
different from the others; turbidity resulted in high 
contribution toward the habitat of snails. 
There are few snails in Higashi-Kisyu as described in section 
3.1. Snails in clear or pure rivers like the upper portion of a 
river feed on periphyton on gravel or spoiled leaves [16]. A 
lot of rainfall causes damage to the surface of gravel by their 
rolling, and it is hard for periphyton to grow on gravel. This 
may result in few snails and in less BOD and COD  

 
 
 
 
 
 
 
 
 
 
 
 

 
considered as a feed index. 

3.4 Results using SOM 
Fig. 6 indicates the SOM on Oomatagawa River. A black star 
means that the snail was captured, a white star means the 
snail was not captured but was captured in another year, no 
mark means the snail was not captured. Not-captured sites 
like Itsusato are located on the left side of the map. Most of 
the black stars, all of the white stars, and a few of the 
locations with no marks such as Sawataribashi Bridge and 
Tyobokujyou lumberyard are located on the right side. The 
right side is under the mixed conditions. 
The results of analysis are interpreted as follows; it is almost 
impossible to observe snails on the site of left side because 
almost all were not captured. However, it is highly possible 
to observe snails on site of the right side because of the 
mixing conditions. 
Snails have not been observed at the Itsusato site. It will be 
hard to observe snails there. The Itsusato site is located on 
nearby reservoir and downstream with wide river width (Fig. 
1(C)). Thus, it is considered that sand accumulated around 
the Itsusato site damages periphyton on the gravel surface 
and no snails are observed. 

4. CONCLUSION 
In this study, it was investigated that the civil parameters 

Table 5 Result of local area analysis ((A), Item; (B), detail) 

Fig.6 Self-organizing map on observation stations in 
Oomatagawa River (Marks in the figure are showed in 
Fig.1 and Table 3) 
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exerted on habitat of river snail and the possibility of habitat. 
Data of civil parameter on rivers and snail concerning Mie 
Pref. in Japan were subject to the analysis by the method of 
both quantification theory and self-organizing map. 
1) Relationship between habitat of snail and quantification 
theory was investigated. Compared with references 
published by the experts and their experience, river width, 
bed material, and turbidity made a large contribution to 
habitat. 
2) Possibility of habitat for river snail is showed on a SOM. 
It is possible to distinguish between easy habitat and difficult 
one to live. It suggested that the rolling of gravel and 
sedimentation cause bed variable to make hard habitat for 
continuously-growing snail. 
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1. INTRODUCTION 
Maintaining and restoring the quality of air, water and soil is 
one of the great challenges of our time. Most countries face 
serious environmental problems, such as the availability of 
drinking water, the treatment of waste and wastewater, air 
pollution and the contamination of soil and groundwater. 
Enormous effort has been made to find efficient and effective 
ways to remediate petroleum contamination in soil and 
groundwater [1]. 
Petroleum compounds and its derivatives are cause 
contamination groundwater and soil, however petroleum 
materials penetrated to more depth of soil, decontamination 
will be more difficult. Techniques that are used for cleanup of 
soil and ground water include the use of water for to remove 
pollutants, chemical solvent, incineration and help to 
organism to break down the pollutant molecules.   
Thousands of sites exist in the United States and worldwide 
where subsurface soils and groundwater have been 
contaminated with a wide range of toxic organic compounds 
and heavy metals. 
In particular, halogenated organic contaminants, such as 
Pentachlorophenol, Trichloroethylene, Trichloroethane, 
Dinitrotoulene, and Trinitrotoluene, are present at several 
sites, and these contaminants are listed as priority pollutants 
by the United States Environmental Protection Agency 
(USEPA) due to their toxicity and carcinogenicity. 

These contaminants are persistent in the environment slowly 
by natural processes [2]. 
 

 
 

 
 

The conventional methods of treating these contaminants 
include soil washing/ flushing, thermal desorption, 
vitrification, and bioremediation; however, these methods are 
relatively expensive, slow, or limited by the production of 
secondary waste streams that require subsequent disposal or 
treatment[3]. 
Nanoscale iron particles represent a new generation of 
environmental remediation technologies that could provide 
cost-effective solutions to some of the most challenging 
environmental cleanup problems. Nanoparticles show a 
higher catalytic activity because of their small size (10-100 
nm) and their large specifiic area. 
Nanotechnology is a branch of applied sciences that can be 
defined as particles of size ranging from one to hundred 
nanometers (nm) in any dimension. The size of nano particles 
is of several times smaller than even the red blood cells.  
Nanotechnology is very diverse, ranging from extensions of 
conventional device physics to completely new approaches 
based upon molecular self-assembly, from developing new 
materials with dimensions on the nanoscale to direct control 
of matter on the atomic scale [4]. 

Andreta is showed that nanotechnology is the actions and 
reactions that occur at the atomic level, a more accurate 
interpretation  nanotechnology is new revolution for all 
science in the future. This technology can improve methods 
assessment , management and reduce risks for the 
environment and will provide opportunities for new products 
[5]. 
2. NANOTECHNOLOGY APPLICATION IN 
ENVIRONMENTAL 
Nanotechnology has provided the possibility of producing 
product with high quality, low cost and high speed. One of the 
important areas of application of nanotechnology in the 
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environmental is removal or cleanup of chemical 
contaminants such as chemical pesticides or convert them to 
substances that have less risk of toxicity. For example, can be 
used of nano zero valent iron for the cleanup of soil and 
groundwater for a variety of chemical contaminants. These 
nanoparticles as a catalyst was caused accelerate the 
oxidation process and cause the Organic pollutants such 
as chemical pesticides are broken down into smaller carbon 
compounds that have less toxicity. The same projects about 
removal of microbial and chemical contaminants of  water, 
soil and air is in progress in anotechnologies centers at 
various countries around the world, that represent the 
capabilities of nanotechnology in this field. 
 
2.1 ENVIRONMENTAL CLEANUP OF 
HYDROCARBON CONTAMINANTS  
 
There are different methods for improvement and cleanup of 
soil and groundwater, for example in pump and treat method, 
which is one of the conventional methods, groundwater 
pumped and after filtration and removal of contaminants, 
groundwater aquifers are returned again, this method is very 
costly and take a long time. 
Iron was first recognized and patented in 1972 as a 
chlorinated pesticide degrader. In 1981, Sweeny utilized iron 
powders to degrade various hydrocarbons, such as 
trichloroethylene [6]. Additional suggestions for using zero 
valent iron to degrade trichloroethylene and trichloroethane 
were made in the late 1980,s by Senzaki (1988) [7]. In 1993 a 
patent was lodged by the University of Waterloo for using 
zero valent iron for treating contaminated groundwater 
in-situ, demonstrating the identification of zero valent iron as 
a remediation constituent. 
Nanoscale zero valent iron (NZVI) is more effective at 
reaching deep zones of contamination, and is more effective 
at contaminant degradation than iron of larger size. (NZVI) 
can induce greater rates of reaction because of its greater 
specific surface area, which allows a greater exposure of the 
iron particle to the contaminant per unit weight of iron than 
other larger particles. Additionally, as particle size decreases 
and tend towards 10 nm, thermodynamic properties, such as 
work-function and free energy being to alter and can increase 
reactivity. Gavaskar et al has found that NZVI is significantly 
more reactive than granular iron, and states that it can 
remediate a plume in a much shorter time scale [8]. Henry et 
al states that nanoscale zero iron has a superior pore 
penetration ability when compared to larger particulate zero 
valent iron [9]. 
Zero valent iron has been shown to react and degrade many 
types of chemicals[8], including halogenated aliphatics, 
polyhalogenated aromatics and nitrates  and trichloroethene 
[10],[9].  
The standard half reaction for zero valent iron reacting to 
yield a ferrous cation and 2 electrons is: 
                                                                                    

                                                               (1) 
                                    
 

This reaction has a standard reduction potential of +0.44 V 
[11]. 
Alkyl halides have a typical half reaction as such, where RX 
indicates a halogenated hydrocarbon, and XP

-
P represents a 

halogen anion:                                                                      
 (2) 

These types of half reactions have reduction potentials 
ranging from +0.5 V to +1.5V at pH 7 (Matheson 1994), the 
variation is attributed to the wide range of alkyl halides that 
this reaction applies to. 
When combined, these two half reactions yield a 
thermodynamically spontaneous reaction: 

 (3) 
This constitutes the most basic mechanism for halogenated 
hydrocarbon degradation by zero valent iron, yielding a 
ferrous cation, an aliphatic hydrocarbon and a halogen anion 
(Matheson 1994). 
A second mechanism for degradation of halogenated 
hydrocarbon by zero valent iron is the oxidation of zero 
valent iron to a ferrous cation by water (Matheson 1994). The 
ferrous ion then further oxidizes to a ferric cation by the 
following half equation: 

 (4) 
This oxidation reaction can be coupled with the reduction half 
equation to reduce the alkyl halide shown above to yield: 

 (5) 
This is a second mechanism for the degradation of an alkyl 
halide (Matheson 1994) by zero valent iron. 
Matheson (1994) describes a third mechanism, which 
involves the zero valent iron reacting with water to yield the 
ferrous cation, the hydroxyl anion and hydrogen gas (HR2R). It 
is combination of the two following half reaction:                  
                                

 (6) 
 

                                                      
(7)  

                                                  
 (8) 

                                             
The HR2R gas generated can then continue on to react with an 
alkyl halide in a reaction known as addition reaction to yield a 
dehalogenated aliphatic, a halogen anion and a proton in the 
following manner: 
     
RX+ HR2 R→ RX + XP

- (9) 
It is important to note that the HR2R can only react with the alkyl 
halide if a suitable catalyst is present. 
 
3. ADVANTAGES OF ZERO VALENT IRON 
NANOPARTICLES 
Using zero valent iron has the following advantages as a 
remediation technology [10]: 

I. It is relatively inexpensive. 
II. It is non-toxic. 
III. It degrades certain chemical faster than other techniques 

of remediation, such as biotic remediation 
IV. It has high energy effectiveness. 
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A widely used technique to treat contaminated groundwater 
in-situ is by utilizing Passive Reactive Barriers (PRB). The 
location of the PRB must first be ascertained, then the 
existing soil must be excavated and the void space filled with 
the reactive medium with relatively high hydraulic 
conductivity. 
Some of the initial field testing of PRBs was done using zero 
valent elemental iron filings [12],[13]. Incorrect 
understanding of the frequently complex hydrogeology of 
various contamination sites can lead to incorrect barrier wall 
placement, which can leave contaminated zones outside of 
the barriers untreated. 
Passive Reactive Barrier have proven  to be effective at 
treating a great number of contaminated groundwater plumes; 
they have certain limitations [14]: 

I. They only target contaminant plume, and not the source 
of contamination. They therefore have to wait for the 
contaminant to be leached into or advected with the 
groundwater before  treatment can be initiated. 

II. They are unfeasible solutions in certain situations of 
complex hydrogeological conditions, such as fractured 
rock. 

III. Most Passive Reactive Barriers have been installed to a 
depth of approximately 15 meters, although there have 
been instances of depths up to 35 meters[9]. They cannot 
penetrate deep into the soil, rendering them wholly 
ineffective with deep plumes, as they cannot reach the 
target zone. 

A comprehensive understanding of the hydrogeological 
conditions at the contamination site is required for this 
technology to work, as the positioning of PRB is of utmost 
importance. 
  
4. SOIL AND GROUNDWATER REMEDIATION 
WITH NANOPARTICLES 
Environmental remediation methods can be classified as 
adsorptive and reactive and as in situ or ex situ [15],[16]. The 
use of nanomaterial in all these scenarios has been 
investigation. In soil and groundwater remediation, for in situ 
treatment, it is necessary to create either an in situ reactive 
zone with relatively immobile nanoparticles or a reactive 
nanoparticles plume that migrates to contaminated zones. 
There are two ways to use nZVI in groundwater and soil 
remediation[15],[17]: 

• nZVI is injected to form a reactive barrier of iron 
particles. 

• nZVI is injected in surface- modified form to establish 
a plume of reactive iron, which destroys any organic 
contaminants within the aqueous phase 

Several studies have shown that nZVI as a reactive barrier is 
very effective in the reductive degradation of halogenated 
solvents, such as chlorinated methane, brominated methane, 
trihalomethane, chlorinated ethene, chlorinated benzenes and 
other polychlorinated hydrocarbons, in groundwater [18], 
[19]. nZVI has also been shown to be effective against 
pesticides and dyes [18]. Efficient removal by nZVI of 

polycyclic aromatic hydrocarbons (PAHs) adsorbed to soils 
has been reporter at room temperature [20],[21], while under 
the same conditions only 38% of the polychlorinated 
biphenyls (PCBs) were destroyed because of the very strong 
sorption of PCBs to the soil matrix [22]. 
Krishna investigated electrokinetic delivery of nanoscale iron 
particles for remediation of pentachlorophenol in clayey soil. 
The results showed that 80 to 98% PCP was removed from 
the soil within an hour, but PCP reduction was increased from 
50 to 78% at 1h to 40 to 90% at 24h reaction time for different 
NIP concentrations. There was no significant effect of NIPs 
concentration on the PCP removal, but the amount of PCP 
reduction increased with increase concentration of NIP. 
According to Tratnyek and Johnson (2006), nZVI used in 
real- world groundwater remediation has a particle size larger 
than 100 nm and is thus strictly speaking outside the standard 
definition of NP size. These authors also state that the 
mobility of nZVI will be less than a few meters under almost 
all relevant conditions as nZVI tends o aggregate, producing 
clusters that may approach several micrometers in size and 
thus be easily removed from the pore water[15]. Companies 
are therefore functionalizing nZVI particles to stop them from 
aggregating, for example, with surfactants or polymers. Other 
approaches combine the nZVI with carbon plateles or embed 
the nZVI in oil droplets to facilitate particle delivery into the 
contaminated area [19]. In the United States, it is common to 
combine the nZVI with other metals, such as palladium, to 
increase the reactivity. In Europe such bimetallic particles are 
not used due to their possible toxicity and the limited 
additional benefit [19]. 
 
Tratnyek and Johnson (2006) state that high reactivity tends 
to correlate with low selectivity. For this reason, remediation 
with nZVI may be inefficient because nZVI particles may 
react with non-target substances, including dissolved oxygen, 
sulphate, nitrate and water. This also implies that nZVI will 
have a limited lifetime in porous media and reinjection of 
nZVI may be necessary, which makes the treatment more 
costly[15].  
 

5. CONCLUSION 
Emergence of nanotechnology, particularly synthesis of 
nanoscale iron particles (NIP), has provided opportunities to 
develop innovative site remediation technologies. The small 
particles have great sorption capacity. However, technical 
challenges, such as the delivery of the particles to the target 
area, have to be solved. 
The reaction pathways of NIP with target halogenated 
organic contaminants are similar to that of zero-valent iron 
(iron filings) commonly used in a permeable reactive barrier 
technology. However, due to their infinitesimally small size, 
NIP can be highly reactive due to their high surface to volume 
ratio and greater number of reactive sites and higher intrinsic 
reactivity on reactive sites. In addition, NIP can be injected 
directly into the contaminated zones, making the in-situ 
remediation faster and effective. Due to their small size, the 
particles are very reactive (more reactive than granular iron 
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which is conventionally applied in reactive barriers) and can 
be used for in situ treatment. NZVI effectively reduces 
chlorinated organic contaminants (e.g. PCB, TCE, PCE, 
TCA, pesticides, solvents) and also inorganic anions 
(perchlorate). It can even be used to recover/remove 
dissolved metals from solution (e.g. Cr (VI), U (VI)). Also 
nanoscale zero valent iron is more effective at reaching deep 
zones of contamination, and is more effective at contaminant 
degradation than iron of larger size. 
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1. INTRODUCTION 
Environmental assessment has multiple scheme [1][2]. The 
assessments for environmental acts implementation in the 
higher planning processes than project level is particularly 
categorized as strategic environmental assessment (SEA) [1]. 
Then, the conventional environmental impact assessment 
(EIA) functions under the SEA at project level [2]. It is clear 
from the viewpoint of environmental decision- making 
processes, in the sense that as one move down the hierarchy 
from policies, plans, program (PPPs), and then to project, the 
nature of decision-making has prescribed specifications [2]. 
There in the water matters, standard methods for water 
quality analysis [3] have been main technical procedure for 
EIA under such object specified conditions. On the other 
hand, even though SEA at higher PPPs process has unique 
function to enhance more useful problem prospecting and 
effective environmental programs-projects development 
[1][2], however the methodologies for suitable water quality 
monitoring for SEA are still on a development process [4][5]. 
Hence, technical development for strategic water quality 
assessment for SEA has been focused on in this study. 

Elevated levels of phosphorous in conjunction with 
nitrogen can negatively affect aquatic ecosystems in many 
ways in terrestrial fresh water bodies [6][7]. The increased 
growth of algae and aquatic macrophytes and distinct shifts in 
species composition are a prominent symptom of 
eutrophication [8]. These blooms generally contribute to a 
wide range of water quality problems including summer fish 
kills, foul odours, and tainted drinking water. Furthermore, 
certain cyanobacteria produce and release toxins that can kill 
livestock and may pose serious health threat to humans. To 
monitor phosphorous and nitrogen concentration of 
 
 

environmental water is important [6][7]. From another view 
point in general environmental water quality monitoring, the 
measurement of common anions (SO4

2-, Cl-, and NO3
-) and 

cations (Na+, K+, NH4+, Mg2+, and Ca2+) found in 
environmental water is essential for some environmental 
waters including rain, lake, underground, and river water [9]. 
 Ion Chromatography (IC) have been recognized to be very 
useful approach for the determination of anions and cations, 
and Flow Injection Analysis (FIA) is also very fundamental 
for environmental chemistry. Herein an integration of IC and 
FIA was examined on analysis for phosphorus, inorganic 
nitrogen ions, other common anions and cations analysis by 
only one vial of 2mL onsite filtered sample as a convenient 
multi-parameter water quality analysis.  

2. Experimental 

2.1 IC-FIA integration 
IC-FIA integration was performed on a TOSOH model 
IC2010 equipped with the following devices: vacuum 
degasser, double plunger pump that capacity is 6uL x 2, 
column oven, auto sampler of capacity 150-300 samples, and 
conductivity detector (TOSOH, Tokyo, Japan). The 
integration with FIA was proceeded by modification of 
merging process of double plunger pump by installing a 1-2, 3 
switching valve (Fig. 1). Applying 1-2 position of the 
switching valve, eluent from double plunger pumps were 
merged before sample injector as conventional IC system. 
Then, applying 1-3 position of the switching valve, a plunger 
pump sent carrier and a sample segment was injected in the 
carrier flowing, and reagent sent by the other plunger pump 
was merged after the sample injector. Whereas, injected 
sample and reagent were merged for every 6uL alternately. 

ABSTRACT 
A new approach for ecosystem level water quality prospecting was examined. Full-automated Ion Chromatography 
system (TOSOH IC2010) was modified for integration with Flow Injection Analysis. 13 of 2mL samples were collected 
after onsite filtration by 0.45um syringe filter from river in UTM Johor campus, representing common human impacted 
river environment, on 24 February 2012. Then four analytical modes were applied for standard solutions and the 
environmental samples. The detection limit that was signal-noise ratio three in µM/L were as follows, SO4

2- (0.31), 
Cl- (0.50), NO3

- (0.89), Na+ (0.52), NH4
+ (0.94), K+ (1.24), Mg2+ (0.76), Ca2+ (1.75), NO2

- (0.02), and PO4
3- (0.12), and 

its EC was 0.03 µS/cm. Comparing these values with water qualities of environmental samples, our analytical approach 
was satisfactory. The onsite filtration drastically improved the sampling process as simple, and µM/L level analyses 
were obtained by only one equipment with 2mL sample. This analysis can be extend to COD, total nitrogen/ 
phosphorous, and etc, which will contribute strategic environmental assessment due to rapid delivered, low-cost, and 
integrated data. 
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Fig. 1. Schematic depiction of IC and FIA system, and its 
integration by a switching valve.  

 

2.2 Manifold for IC and FIA analysis 
Using, IC mode that was by 1-3 position of switching valve, 
simultaneous anions and cations separation was carried out 
using TSK gel Super-IC-A/C (3 um particle size, 0.2 mequiv./ 
ml cationic exchange capacity, 150 x 6.0mm I.D.) with 
conductivity detector. Using FIA mode that was by 1-2 
position of switching valve, two channels FIA manifolds 
were carried out, in which, 2m SAS tube was applied for 
reaction at 40 oC for EC analysis, and 5.5m and 4.0m PTFE 
tube were applied for reaction at 40 oC for NO3

- and PO4
3- 

analysis, with 540nm and 660nm spectrophorometric detector, 
respectively. 

2.3 Chemicals and analytical conditions 
All reagents used in this study were analytical-reagent grade 
purchased from Sigma Aldrich and Merck, and ultra pure 
water system (Millipore Direct Q3) was used to prepare 
standard solutions, washing solvents and eluents. Analytical 
balance, ATY 224 (Shimadzu, Tokyo, Japan) was used to 
balance reagents.  

Common Anion and Cation analysis: A stock solution of 
Na2SO4, KNO3, NH4NO3, and MgSO4, and a different 
CaCl2 solution were solved to 0.1M/L, respectively. These 
two stock solutions were mixed with the ultra pure water for 
calibration purpose for common anions and cations 
simultaneous analysis. 10m M/L tartaric acid with 3m M/L 
18-C-6 was prepared for eluents [10]. Flow rate was 1.0 
mL/min, injection volume was 50uL, and duration of an 
analysis was 7.5min. 

NO2
- analysis: Stock solution of NaNO2 (0.069g) was 

solved to 50mL ultra pure water as 20mM/L stock solution, 
and mixed with the ultra pure water for calibration purpose 
for NO2

- analysis. Concentrated hydrochloric acid (12M/L, 
417uL) was dissolved to 50mL ultra pure water as 0.1M/L 
HCl solution. Sulfanil amide (0.5g) was dissolved to 50mL 

0.1Mol/L HCl as reagent solution A, and 
N-(1-Naphthyl)ethylene diamine dihydrochloride (0.05g) 
was dissolved to 50mL ultra pure water as reagent solution B. 
The reagent solution A and B are mixed just before analysis 
as coloring reagent for FIA to analyze NO2

- [11].  Flow rate 
was 0.25 mL/min x 2, injection volume was 50uL, and 
duration of an analysis was 3min. 

PO4
3- analysis: Stock solution of KH2PO4 (0.06804g) was 

solved to 50ml ultra pure water as 0.01 M/L stock solution, 
and mixed with the ultra pure water for calibration purpose 
for PO4

3- analysis. Ammonium molybdate (0.274g), 
antimony potassium tartrate (0.0125g), concentrated sulfuric 
acid (3.35mL), L-ascorbic acid (1.5g), and sodium 
dodecylsulfate (0.05g) were dissolved to 50mL ultra pure 
water as coloring reagent [12]. Flow rate was 0.5 mL/min x 2, 
injection volume was 50uL, and duration of an analysis was 
3min. 

EC analysis: 0.1 mM/L KCl was used for 147uS/cm 
standard solution for EC at 40oC. Flow rate was 1.0 mL/min, 
injection volume was 50uL, and duration of an analysis was 
3min. 

2.4 Field sampling (add onsite filtration) 
13 environmental water samples were collected into each of 
2mL plastic vials by onsite filtration (0.45 um nylon filter). 
Sampling locations were where groundwater discharging 
from a cut slope beside a road (S1), forested upstream (S2-S3) 
and its downstream of developed campus area (S4-S6), and 
discharge from the campus (S7), and oxidation pond (S8-S13)  
that discharge to river between S5 and S6 in UTM Johor 
campus. These are representing human impacted water 
environment. The sampling was performed of 12:00 to 13:00 
on 24 Feb. 2012.  

3 RESULTS 
Calibration graphs were obtained by plotting peak area 
against the concentration of standard solutions. Linear 
calibration graphs (r2>0.999) were obtained for anions and 
cations simultaneous analysis in the concentration range 
0-0.8mM for common anions (SO4

2-, Cl-, and NO3
-), 

0-0.4mM for cations (Na+, NH4
+, K+, Mg2+, and Ca2+), 

0.0002-0.025mM for NO2
-, 0.00005-0.05mM for PO4

3-, and 
0.005-2.0mM (7.35-2940 uS/cm) for KCl.  

The detection limits determined at a signal-to-noise ratio of 
three were 0.31 uM/L for SO4

2- (29.5 ppb), 0.50 uM/L for 
Cl- (17.7 ppb), 0.89 uM/L for NO3

- (12.5 ppb), 0.52 uM/L for 
Na+ (11.9 ppb), 0.94 uM/L for NH4

+ (13.2 ppb), 1.24 uM/L for 
K+ (48.5 ppb), 0.76 uM/L for Mg2+ (18.4 ppb), 1.75 uM/L for 
Ca2+ (70.0 ppb), 0.02 uM/L for NO2

- (0.7 ppb), 0.12 uM/L for 
PO4

3- (11.4 ppb), and 0.03 uS/cm for EC (Table 1). 
As shown in Table 1, the water quality of stream water 

were ranging 4.6-213.4 uM/L for SO4
2-, 68.6-689 uM/L for 

Cl-, 3.0-19.0 uM/L for NO3
-, 79.1-592.8 uM/L for Na+, 

1.2-416.5 uM/L for NH4
+, 3.8-91.9 uM/L for K+, 32.9-96.2 

uM/L for Mg2+, 61.6-360.4 uM/L for Ca2+, 0.2-2.4 uM/L for 
NO2

- ,  0.2-22.4 uM/L for PO4
3-, and 292.4-2490.9 uS/cm for 
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EC (Table 1). Comparing to detection limit shown in Table 1, 
the resolution among analyte anions, cations, and EC were 
satisfactory in order to assess the trend of environmental 
water quality difference in UTM campus (Fig. 2). 

4  DISCUSSION 
In this study, common anions and cations simultaneous 
analysis for SO4

2-, Cl-, NO3
-, Na+, NH4

+, K+, Mg2+, and 
Ca2+ were performed by IC mode. Then the analytical 
resolution was satisfactory and can be considered useful for 
the accurate determination of these common anions and 
cations. Moreover, the analysis is a part of an advanced 
non-suppressor type IC by “polyacrylate– based weakly 
acidic cation-exchange resin column” with weak-acid eluent 
[13][14]. By the analytical column, a series of very functional 
water quality analysis are obtained, such as, these 8 ions plus 
PO4

3- and SiO4
2- simultaneous analysis[15], 

HCO3
- analysis[16], simultaneous heavy metal analysis for 

Ni2+, Zn2+, Co2+, Mn2+, and Cd2+ [17].   Applying this 
advanced IC, there is a potential to develop integrated IC for 
common cation and anion, nutrients, and heavy metals by 
only one analytical column and equipment.  

However, some important parameters, for example COD, 
total nitrogen (TN), total phosphorous (TP) are impossible to 
analyze by conventional IC, and generally seawater samples 
are not applicable for IC. In addition, some parameters, for 
example IC for phosphorous has low sensitivity for 
environmental monitoring [15]. On the contrary, FIA has 

advantage for these analyses [11][12][18][19]. Accordingly, 
because of similarity for system design between IC and FIA, 
these analytical systems were integrated in this study (Fig. 1). 
Consequently, SO4

2-, Cl-, NO3
-, Na+, NH4

+, K+, Mg2+, Ca2+, 
NO2

-, PO4
3-, and EC were able to be analyzed from only 2mL 

onsite filtered sample in a plastic vial. This multi-parameter 
analysis can be extended to TP [12], TN [18], COD [19], 
HCO3

- [16] within another one 2mL vial sample, easily, and 
the analytical capacity is several hundred samples regarding 
the capacity of auto sampler of IC2010. 

In order to embark on effective environmental restoration 
programs and projects, SEA is quite important [1], where new 
methodologies for SEA need to be developed [8][9]. 
According to literature [8][9], expected properties of such 
new approach is “rapid delivery of results, on-site, low-cost, 
and capacity to acquire large number of observations within a 
short time frame”.  Regarding the requirement, the concept of 
on-site analysis was eliminated, and time frame for rapid 
delivery of result is assumed as one day, and then, convenient 
experiment procedure, satisfactory accuracy, capacity of 
automated large number sample analysis, and integrated 
multi-parameter analysis were  of more concern in this study. 
According to our analytical approach, because of reduction of 
sample volume, even concept of onsite analysis was 
eliminated, field sampling process and sample transportation 
process were drastically improved, and then, convenient and 
enough accuracy of multi-parameter large number sample 
was available, which will contribute to SEA as a new 

Fig. 2 Water quality of stream water in Universiti Teknologi malaysia on 24 Feb. 2012. Comparing to 
detection limit shown in table 1, the resolution among analyte anions, cations, and EC were quite satisfactory, 
and the methods were useful for the accurate determination of these parameters in common river water. 
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[uM/L ] [uM/L ] [uM/L ] [uM/L ] [uM/L ] [uM/L ] [uM/L ] [uM/L ] [uM/L ] [uM/L ] [uS/cm ]
S1 Groundwater discharging from cut slope 14.7 124.1 18.8 111.9 3.6 3.8 45.3 61.6 2.4 0.190 344.9
S2 Natural stream in forested area 4.6 68.6 6.3 79.1 2.6 5.7 52.5 72.5 0.2 0.174 292.4
S3 Nagural stream after small human effect 15.3 93.5 15.4 105.8 2.7 8.5 45.4 79.4 0.8 0.183 358.2
S4 Up stream, open water 14.1 77.4 8.8 93.7 2.6 7.5 96.2 165.6 0.2 0.207 554.1
S5 River, upstram of oxdation pond 36.9 109.5 3.0 130.2 1.2 17.8 33.6 200.7 0.2 0.168 594.6
S6 Downstream of oxdation pond 108.5 287.9 9.9 259.0 119.3 43.5 36.3 292.1 0.9 0.280 1166.6
S7 River, infront of security gate 110.2 311.0 19.0 263.3 111.8 50.4 37.3 294.4 1.6 0.620 1206.0
S8 Oxdation pond (NE) 160.4 404.3 9.2 318.0 143.4 58.5 40.0 315.9 2.0 0.348 1451.8
S9 Discharge from oxdation pond 157.2 428.8 11.5 352.5 235.9 61.4 37.6 327.9 0.9 0.504 1641.2
S10 Oxdation pond (NW) 155.3 454.1 6.4 371.3 227.0 65.7 34.9 314.1 0.5 0.541 1610.5
S11 Oxdation pond (SE) 167.0 481.9 6.8 379.7 255.6 70.1 32.9 315.5 0.2 0.696 1720.7
S12 Oxdation pond (SW) 174.6 517.1 7.9 404.6 360.5 78.4 37.8 352.9 0.2 7.340 2022.1
S13 Inflow water to oxdation pond 213.4 689.0 12.9 592.8 416.5 91.9 40.6 360.4 1.7 22.364 2490.9

Environmental sample data (max ) 213.4 689.0 19.0 592.8 416.5 91.9 96.2 360.4 2.4 22.4 2490.9
Environmental sample data (min ) 4.6 68.6 3.0 79.1 1.2 3.8 32.9 61.6 0.2 0.2 292.4

Caribration graph range (max ) 400 400 400 400 400 400 400 400 25 50 2940
Caribration graph range (min ) 0 0 0 0 0 0 0 0 0.2 0.05 7.4

Detection Limit* 0.31 0.5 0.89 0.52 0.94 1.24 0.76 1.75 0.02 0.12 0.03
*: The detection limits determined at a signal-to-noise ratio of three.

Table 1. Water quality of stream water in Univeristy Teknologi Malaysia on 24 Feb. 2012.
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technical approach that improves problem recognition 
processes in environmental prospective and profiling.  

In water environmental management, the communication 
gap (CG) between water authorities and public causes 
difficult chronic management problem in water-environment 
monitoring and assessment [5]. The potential solution is to 
prepare useful information, where our multi-parameter 
convenient approach will contribute to give new approach to 
solve the CG by rapid delivery of data, low-cost, and high 
capacity to acquire large number of observations of integrated 
data. 

5.  CONCLUSION 
Ion Chromatography and Flow Injection Analysis integration 
was performed, which was satisfactory to analyze SO4

2-, Cl-, 
NO3

-, Na+, NH4
+, K+, Mg2+, Ca2+, NO2

-, and PO4
3- in uM/L 

level, and EC in  s 0.03 µS/cm by only one equipment within 
2mL onsite filtered sample. The analysis can be extended to 
COD, TP, and TN. A convenient water quality prospecting 
was available for strategic environmental monitoring due to 
rapid delivered, low-cost, and integrated data. 
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ABSTRACT: 
 
Increasing population, growth and diversity of the people demands in the work and communal activity and living 
issues like achieving to the participated aims, move welfare, change the life culture and public in structure and or 
expansion of the building's foundation level and or possibility to enjoy of the day and fresh technology in the life 
brought out  the unused issues in the different fields such as safe, protection, repair and maintain of the instruments 
and installations, presenting the favorable service, suitable consumption and consumption optimization in the 
various energies  
in collection.   Remedies about the protection issues in scattered and some had acceptable solutions, Supervision                
on good performance and leading of installations and instruments in order to the suitable exploitation and the move 
suitable service presentation has been applied the traditional methods and the limited solutions with significant cost. 
But it needed do the abundant effective practical measures to apply the modern management in order to the suitable 
exploitation of a building in generally such as useful age of installations and instruments, in time service and 
maintenance, optimum consumption     of kinds of energy and determining at least cost in any country.  
It can be said in courage that is needed a basic turn to the views.  Perhaps, there are fewer green buildings in the 
world that presents   a statistic of the energy consumptions, their wastes, to determine the costs based on statistics of 
them.  
In the present paper management techniques and integrated quick control equipment while define                           
the mechanical and electrical installations and instruments coordinated clever management system and this system. 
How has efficiency a powerful instrument to manage a building (construction) 
 
Keywords: Intelligent, Performance Installations, Energy Efficiency, Green Buildings 
 
 
INTRODUCTION 
Increasing energy consumption and as a result 
increasing prices during the current decade caused many 
energy consumers, and even retail consumers try                  
to reduce consumption, and it results from various kinds                
of savings. Meanwhile, some scholars believe that 
increasing price of energy as a driving factor for 
savings, although bio environmental damages resulted 
from excessive consumption of energy caused to 
consume wisely too. For answering new requirements 
such as lower consumption and more efficiency, notice 
and resorting to innovation  and inventions and utilizing 
new technologies in all sections of production, as well 
as transportation and distribution of energy, and also in 
consumption section is unavoidable. Therefore, for 
managing and steering a building and dealing with 
events with the lowest unsuitable effect for presenting 

proper services need of changing view and exploiting 
management methods from traditional and manual 
methods to contemporary ones can be felt clearly. 
Because humane based on their physiological structure 
and limited capacities in time of unacceptable events are 
vulnerable and will lose their sagacity and mental 
control for resisting or if controlling or supervision 
domain is vast, negative effects of tediousness or lack   
of concentration will occur. accordingly, new modern 
machineries as a type of movement with the goal                 
of subsiding humane force with mechanical and 
electronic ones should be utilized. Geographical 
situation of Iran from one hand and necessity of saving 
in costs and avoiding wasteful and maintaining national 
capital such as water resources, energy, electricity, 
repairs, precautionary service of equipment and 
important huge building infrastructures such as health 
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centers from the other hand demands this change                  
of method in country level, which has stated below: 

1- Relying on sectional scientific specialists and 
topical technical knowledge  

2- Designing and building required mechanical 
equipment inside the country (as much as 
possible) 

3- Having services and customer services after 
implementation  

This movement for building exploitation management 
from the manual system to an effective electronic 
system with an ability of integration in further stages is 
from inside the country and with relying on all of local 
specialist forces and immediate facilities than with a 
proper investment and along with a codified and assured 
plan, this movement for buildings of the country will be 
achieved its goals. It is believed that considering current 
capabilities and facilities and with utilizing them and 
infrastructures with utilizing the intelligent management 
system, this national capital will be maintained and save 
in cost and also functionality of equipment will be 
coordinated and competent. 
A requirement of Management of a building: 
Each building and especially huge buildings such as tall 
or wide in ground level regarding their functional 
requirements and number of infrastructures and 
equipment presented in them have some requirements in 
managing and proper and efficient exploitation of them 
which some of them are as follows: 

• Reducing power consumption without creating 
a lack of services 

• Lack of presence of identity and repair record 
of infrastructures and equipment and number 
of services  

• Lack of precautionary and on time services for 
present equipment 

• Any kind of setting or control is done manually 
by operators, and no automatic setting 
equipment is using. Therefore, settings are 
fully depended on technical knowledge and 
personal preferences of the operator not to                  
a systematic knowledge and what should be 
done technically. 

• High cost of human-resource  wage for 
operating and maintaining equipment 

• High rate of depreciation because lack                    
of the intelligent system as a tool for 
maintainer's forces and operators for 
controlling functional quality  

• Lack of presence of a precautionary 
maintenance program (P.M) for equipment 
and building infrastructures 

• Planning with saving goals in cost of electricity 
power, fossil fuel, etc. is not functional 

because of lack of required information and 
needed equipment that its result is various 
high costs and undesirable and inefficient 
results. 

• Really accurate value of activity of backup 
services manager is not clear because of lack 
of information about the way they work and 
not being familiar with their facilities and 
method of their reactions to needs. 

• Lack of using expert specialists for presenting 
proper technical services to buildings, 
especially in deprived regions 

To the above issues, controlling another equipment 
including always on and non-always on such as starting 
and stopping elevators according to requirements, 
opening and closing special doors such as emergency 
doors in time of disasters and such these will be added. 
Necessity of answering these needs for desirable 
managing a building caused to invent electronic 
systematic solutions that are defined for a specific job 
which efficient management of buildings will be 
possible with relying on these tools.  
What is the meaning of intelligent management of                
a building? 
One of the tasks of management is evaluating deviance 
from the goal and guiding the set in each time period 
intervals so the set under management is moving toward 
goals and achieve its goal. Building management with 
the aim of presenting on time and desirable services and 
with optimum cost is not separated from this subject 
too. For this reason, some tools are needed including 
gathering information from equipment and installations 
of building in form of signals such as temperature                
of warm water, the amount of consumed cold water, 
being in ON or OFF state of equipment, pumps and 
such as these installations. Being in move or stopped 
state             of facilities such as elevators or some 
information               of the security system, lighting 
system, Coccus and, etc. and then this gathered 
information is placed for analysis process that can be 
handled by one or more persons manually or through 
electronic systems and by computer automatically. It 
seems that regarding                 the number of signals 
and number of different requirements of exploitation 
and capabilities                        of electronic machines 
and present today microprocessor equipped machines 
such as computers, analyzing these signals 
automatically is unavoidable.             In this situation, 
all the varying possibility is predicted by functional 
software or a desirable algorithm, logical continuity of 
cases observed and in case of mistakes,             a 
warning will be issued or another decision will be made 
an issue order to implement that.  
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Results of analysis prepared in form of made decisions 
ready for implementation, and managerial order will 
issue. These orders and commands can be in various 
digital forms such as make consumer keys on or off 
such as lighting keys, starting pumps and electrometer 
or includes combined and group functions such as 
stopping all of elevators or opening all emergency 
doors. Implementing decisions too can be granted to                 
a person or a group, or it can be granted to some 
machines because most of the information is gathered 
during 24-hour  day and night, therefore, management      
of a building is like management of a factory that is 
running 24/7. In addition to managing daily routines, 
another management requirement is observing 
functional in building in time, day, month, season and 
year, which are relying on the same gathered 
information that preparing statistics, generating 
periodical reports, and codifying proper algorithm for 
operation of equipment is a part of this task. Such this 
system, including, transmitting and receiving signals, 
commands, reports to remote location and having 
records of operations in an active archive called 
intelligent management of building, which is consisted             
of hardware, software, and controlling systems.  
Capabilities and technical advantages of Intelligent 
Management of building:  
Once such these powerful and efficient tools are 
provided for managing a building, in addition to 
habitual and communal jobs in building management 
modern capabilities can be achieved, which were 
impossible,  until now, while even for doing customary 
and shared tasks too, unused definitions and capabilities 
will be stated that below points can be mentioned: 
Collect, register and record all input data: 
Input data are analog and digital signals that transmit all 
required information about situation and state                       
of equipment and installations such as determining 
energy's consumption rate, determining the excessive                 
or shortcoming amount of consumption compared                  
to factors, temperature of water, flow of water, leakage 
in pipes, voltage and amperage and power consumption 
of a machine or a set of consumer machines, being in             
on or off state of an electrometer, state of an elevator in 
each moment of time, or a door or window being open 
or close, and such these data sent to the system. With 
collecting data, record and analyzing and processing 
them, diagrams and process of their changes in a desired 
period of time can be prepared, viewed or study                   
or transmitted for a specific reason to a remote location.  
Controlling decision making based on collected data: 
Recorded data of quantities compared to a source 
quantity, for example, temperature of received warm 
water compared to desired temperature, and decision 
will be made based on it and if water is warm enough 
heater will be turned off. Generally such these 

controlling and commands are done on installations but 
functional history of parameters and mechanism                  
of control will not be recorded. Moreover, any decision 
about controlling circuit should be done in the location 
which equipment is installed while in the intelligent 
management system of building change order in 
reference quantity's values (set points) or mechanism              
of control (such as PID or PI) or operation command 
can be issued from command room and utilize software 
flexibility in the system too.  
It coordinated and on time operation in the building: 
In buildings function of equipment and installations 
traditionally grouped into various groups, for example, 
control and operating powerhouse is grated to a group 
and repairing and supervising power systems is granted 
to other groups and maintain and securing is granted to 
securities, but integrity and coordination between 
functions such as coordination of job of a fire alarm 
system with air-conditioning system and elevators for 
building management is very desirable and have 
importance. This coordination will lead to a major 
saving in costs, energy consumption, and depreciation.  
Expanding managerial services in form of the 
management information system:  
Increasing buildings in country and need of technical 
specialist for control, operate, service, and maintaining 
equipment and installations from one hand and lack of 
the possibility of utilizing required specialists, 
especially in remote areas from other hand state 
necessities                     of intelligent management of 
building so with this method it will be possible to 
transmit registered and recorded information through 
telecommunication networks to users and experts in 
remote location far from building hence management of 
building both technical and non-technical relying on 
transmitted data in form of management information 
system (MIS) and based on real statistics can make 
important decisions that lead to major savings in 
consumption of water, electricity, fuel, depreciation, and 
avoid lack of coordination.  
Scheduling and planning for service and repair: 
One of the weaknesses that there is in maintaining, 
servicing and operating of technical systems of building 
in the country, including industrial and non-industrial is 
that preparing repair history and scheduling for repair 
and precautionary maintenance (PM), if not considered 
as impossible but is very difficult and cost lots of money 
and is inactive. With the intelligent management 
system, it is possible to record functional history of 
equipment and utilize it in the future. This matter, 
especially when it comes to ordering for spare parts, 
warehouse handling, and reducing costs is very 
important. With the help of the intelligent management 
system, it is possible to schedule for periodical repairs 
and determine current or yearly repairs, and with the 
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possibility of necessary predictions reduce most of the 
costs and also for precautionary service and 
maintenance by the system it will be possible to fight 
against majority of dangers and prevent loss.  
Increasing useful life span of equipment: 
Implementing ordered plan and precautionary service 
and maintenance will cause to determine working hours 
of each machine in advance, identity card of each 
machine, including record of all past problems, and 
spare parts replaced should be prepared and through               
a software program service and maintain. Implementing 
these steps will lead to decreasing depreciation and 
energy consumption and will increase the useful life 
span of equipment and make them always stand by and 
ready to work.  
Savings: 
Getting statistics  of consumption of water, electricity, 
gas or diesel is the first step for finding a solution for 
saving that with the help of intelligent management such 
as these statistics is provided easily. And based on it is 
possible to calculate what type of saving in which part 
can be done. These calculations are simply done by 
computers and cost of any type of control for each part 
is determined. Managing power distribution system, 
making lighting system intelligent, controlling air-
conditioning system with observance of saving energy, 
and efficient managing of warm water installations and 
radiators or chillers after implementing parameters              
of savings are all possible with the help of the intelligent 
management system.  
For example, it is reported that in a tall building in 
United States between 20 to 41% in energy cost for each 
unit of infrastructure saved. Moreover, according to 
various reports, including presented information in table 
no.1, recorded statistics showed definitive savings after 
utilization of the intelligent management system in all 
various economic sections, including urban 
installations.  
Economic effects of the intelligent management system: 
Because of various utilizations of buildings, servicing, 
maintaining, and keep all equipment and installations 
including power, mechanical, and low pressure in 
buildings ready to work has special importance and 
necessity of on time and proper service to residents and 
guests is clear. With a glance to maintaining cost of 
building and installations and also fuel, electricity, 
lighting of some buildings including health centers, it 
will be determined that while presenting proper services 
for stopping increasing mentioned case's costs or even 
decreasing them a solution should be thought. 
Equipping buildings with the intelligent management 
system along with technical and efficient effects of that 
which has mentioned because of creating the proper 
basis for creating job opportunity in technical level and 
current technology for university graduates and 

therefore, increasing technical level of services and 
maintaining of buildings from one hand and service, 
maintain, and consumption of fuel, electricity and 
energy from the other hand bring suitable economic 
effects. Moreover, implementation level of this system 
in building with a scheduled plan in a few years can be 
upgraded and utilization of system and level of savings 
will be increased.  
 
 
 
 
CONCLUSION: 
 

Presenting suitable and on time service along with 
economic savings in energy consumption and electricity 
energy is one of the first and most important actions in 
proper management of building. Utilization of buildings 
in all over the country raises another case that for 
presenting suitable services should find new solutions. 
Building management now needs new tools that 
intelligent management system is designed and created 
for answering these needs. With the help of this system 
in addition to common savings, it is possible to manage 
different parts of a building under an integrated and 
coordinated control and from a remote location 
supervise and control buildings and till some extent 
diagnose technical difficulties in them. From other hand 
this system with presenting managerial services such as 
possibility of preparing periodical reports and service 
and maintenance reports and such these present special 
facilities to the managers of buildings. Valuable 
experiences in design, build and implementing this 
system shows that with spending a little cost can 
achieve noticeable savings. 
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ABSTRACT 
 
The soil is considered the most abundant building material in the world and after the only local resource available to the 
engineer for his work. On the other hand, the inclusion of materials such as soil stabilizing agents allowed to improve some of 
its properties (mainly strength, permeability), reduce costs and environmental effects, especially if such materials from 
industrial by products. The aim of this research is to study the effect of PVC addition on the permeability of Anbar soils. 
Permeability testing for these soils by laboratory tests working ( i.e. the addition of different percentages of PVC, 5%, 10%, 
15%, and 20%) to four types of fill soils from different areas in Anbar government. Classification tests were done on these 
soils. The addition of PVC to the soils lead to significant decrease in soil permeability and this serves in improving the soil 
layers that are placed under buildings and roads as sub-base or sub-grade layers. Also, the study found that the addition of 
PVC at least 15% to the soils will reduce the coefficient of permeability, k, by up to 99% and that help to use it instead of 
concrete in the lining of the water treatment plants. The study also found the coefficient of permeability, k decrease 
significantly in soils containing a high proportion of gypsum. 
 
Keywords: Permeability, Soil Stabilize, PVC addition, Anbar soil  

 
 
 

1. INTRODUCTION  
According to Lamb (1999), the soil is considered the most 
abundant building material in the world and after the only 
local resource available to the engineer for has work in 
the case, it is intended that its characteristics meet the 
requirements demanded by these jobs [1]. 
The inclusion of materials such as soil stabilizing agents 
allowed to improve some of its properties (mainly 
strength, permeability), reduce costs and environmental 
effects, especially if such materials from industrial-by 
products or recycling, and updated the stabilization 
techniques, modification or improvement of soils through 
the inclusion of alternative materials. 
The concern to stabilize or modify the soil has generated 
inventive approaches, although based on conventional 
systems make use of additive and processes following this 
trend, we present this research which studies the behavior 
in terms of coefficient permeability in its natural state, 
and the same material added product that until now had 
not been used as modifying agent in this such materials 
PVC. 
The work focuses on the analysis of behavior in terms of 
permeability, for being the most commonly used test in 
the different soils in earth dam, and reservoir dams. 
The purpose of using PVC is improved the coefficient 
permeability, k. These additives can be used with a 
variety of soils help improve their natural soil these 
additives depends on the soil treated and the amount of 
additive used. 
 
2. SOIL STABILIZATION 
The soils are stabilized to modify existing properties 
making them able to best comply with their requirements, 

especially looking for a good stress-strain behavior and 
permeability. 
The properties that are attempting to change into soils 
through a process of stabilization are: volume stability, 
strength, permeability, compressibility and durability. 
With respect to soil stabilization methods, the following 
have been referenced in literature (April & Castrillon, 
1993, Aguirre & Velez, 2005, Amaya et al., 1978, 
Caicedo & Herrera, 2004, and Gomez et al., 1983) to 
stabilize granular sub-bases: mechanical stabilization 
through mixtures, mechanical stabilization by 
compaction, stabilization and drainage, lime stabilization, 
stabilization with lime and fly ash, stabilization with 
asphalt and cement stabilization [2,3,4,5,6]. 
The most commonly used to stabilize granular sub base 
under the concrete, asphalt, compaction and lime; 
however are currently investigating methods and 
unconventional materials which stabilize optimal from the 
standpoint of technical, economic, and environmental [7]. 
 
3. POLYVINYL CHLORIDE (PVC)  
Polyvinyl chloride, -(CH2-CHCL-)n – is a synthetic 
polymer which is obtained by addition polymerization of 
vinyl chloride, and is the raw material for preparation of 
PVC. 
Raw materials which results in the PVC are common salt 
and oil or natural gas. Oil or gas ethylene is obtained 
through a cracking process, the salt dissolves in water and 
subjected to electrolysis to separate the chlorine in it. 
Ethylene, 43%, and chlorine by 57%, are then combined 
under heat to obtain a gas monomer, vinyl chloride.  
Monomer molecules are linked as results of a reaction 
know as polymerization. The product of this process is the 
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PVC resin in its virgin, whose appearance is a fine white 
powder [8]. 
Most times the polyvinyl chloride used with additives that 
improve their finish, these are: plasticizers (give 
flexibility to the polymeric materials), heat stabilizers( to 
prevent thermal degradation during processing and 
increase shelf life), lubricants (help fluidity during 
processing and prevent adhesion to metal surfaces), fillers 
(lower costs) and pigment (give color, opacity and 
weathering). 
Because faculty have mixed resins with various additives, 
PVC has been used for various products, ranging from the 
rigid and durable used for drinking water supply and 
energy to the flexible and extensible films for food 
packaging. 
The construction and infrastructure accounts for 60% of 
products made with PVC benefiting the areas of modern 
life or to meet human needs 
 Plastics are also called synthetic resins and are broadly 
classified into two categories; thermosetting resins and 
thermoplastic resins. The thermosetting resins include 
phenol resin and melamine resin, which are thermally 
hardened and never become soft again. Thermoplastic 
resins include PVC, polyethylene (PE), polystyrene (PS) 
and polypropylene (PP), which can be re-softened by 
heating. 
 
4. PVC’s PHYSICAL PROPERTIES 
PVC, PE, PP and PS are general purpose plastics. The 
features of the particular plastic are determined by its 
chemical composition and type of molecular 
structure(molecular formation: crystalline/amorphous 
structure) PVC has an amorphous structure with polar 
chlorine atoms in the molecular structure. Having chlorine 
atoms and the amorphous molecular structure are 
inseparably related. Although plastics seem very similar 
in the context of daily use, PVC has completely different 
features in terms of performance and functions compared 
with olefin plastics which have only carbon and hydrogen 
atoms in their molecular structures. Chemical stability is a 
common feature among substances containing halogens 
such as chlorine and fluorine. This applies to PVC resins, 
which furthermore possess fire retarding properties, 
durability, and oil/chemical resistance. 

 
5. MECHANICAL STABILITY 
PVC is a chemically stable material, which shows little 
change in molecular structure, and also exhibits little 
change in its mechanical strength. However, long chain 
polymers are viscose astir 1 materials and can be 
deformed by continuous application of exterior force, 
even if the applied force is well below their yield point.  
 
6. PERMEABILITY 

                                                 
 
 

Flow of soil water for non-turbulent conditions has been 
expressed by Darcy as  

ik=ν                                                                             (1) 
Where  
  i = Hydraulic gradient h/L 
  k=Coefficient of permeability (or hydraulic conductivity) 
as proposed by Darcy, Length/time. 
v=Discharge velocity, which is due quantity of water 
flowing in unit time through a unit gross section area of 
soil at right angle to the direction of flow. 
Table (1) lists typical order of magnitude (exponent of 10) 
values for various soils.  
 
Table (1) Order-of-magnitude values for permeability k, 

based on description of soil and by the Unified Soil 
Classification System, m/s [9]. 

 
The quantity of flow q through a cross section of area A is  
 AikQ =              Volume/time                                    (2)  
 Permeability is a measure of the ease in which water can 
flow through a soil volume. It is one of the most 
important geotechnical parameters. However, it is 
probably the most difficult parameter to determine. In 
large part, it controls the strength and deformation 
behavior of soils. It directly affects the following: 
-Quantity of water that will flow toward an excavation 
-Design of cutoffs beneath dams on permeable 

foundations 
-Design of the clay layer for a landfill liner. 
Two tests commonly used in the laboratory to determine k 
are the constant-head and falling-head methods. Figure 1 
gives the schematic diagrams and the equations used for 
computing k. The falling-head test is usually used for k < 
10~5 m/s (cohesive soils), and the constant-head test is 
usually used for cohesionless soils [9]. 
 
7. ORDINARY METHOD 
When the soil k < 10~5 m/s Falling-head permeability test 
using the standard compaction-mold permeameter as 
shown in Figure 3 where both a disassembled device and 
a test setup using a 100-ml burette. Great care is required 
in assembly to avoid leaks. Use a meter stick to measure 
the hydraulic heads, h1and h2, and the coefficient  of 
permeability could be fined by Appling Eq. (3) with small 
hydraulic gradients exercise care that sample does not 
drain [10].   
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2

1log*303.2
h
h

At
aLk =                                                      (3) 

Where : 
 k=Coefficient of permeability (or hydraulic conductivity) 

as proposed by Darcy, Length/time. 
a = Inside area of standpipe, cm2 
A = Cross - sectional area of specimen, cm2 
L = Length of specimen, cm 
t = Elapsed time of test, sec 
h1=Hydraulic head across sample at beginning of test(t=0) 
h2= Hydraulic head across sample at end of test (t=t test) 
 
8. CHARACTERISTIC OF SOILS 
Four soils from different areas in Anbar government were 
selected for use in the admixture evaluation. The soil 
properties were determined in general accordance with 
ASTM and BS. Tests included Grain Size Distribution 
(ASTM D 422-02), Atterberg Limit testing (ASTM D 
4318), compaction test (ASTM D 698), specific gravity 
(D 854) and gypsum Content, (BS 1377). Material 
classifications were made in accordance to the Unified 
Soils Classification System (USCS). A summery of the 
soil properties determined in the laboratory and the 
corresponding standard testing identification is presented 
in Fig.(1) and Table (2). 
 
 
 
 
 
 
 
 
 
 
 

9. TEST PROCEDURE OF PERMEABILITY  
Three SM soils, and one soils of type CL-ML were used. 
PVC addition was mixed with each of the soils. PVC was 
added to the soils at rate of (5, 10, 15, 20) percent by 
weight of the dry soil. Each PVC/ soil combination was 
compacted to maximum dry unit weight and optimum 
moisture content (O.M.C) for each soil. After the prepared 
the compacted test samples which used in falling 
permeability testing [11]. 
 
10. RESULTS AND DISCUSSION 
After examination and obtaining the basic results, PVC 
has been added to each soil and at different rates and in a 
manner to bring the weight of the PVC replaced by 
equivalent weight of the soil then see the changes on soil 
properties by comparing the results of permeability before 
and after Addition.  
10.1 Soil No.1 
The addition of PVC into the soil 1 (SM, silty sand 
gypseous soil) calculated value of k as shown in Fig (2). 
From this figure, it can be seen that the addition of PVC 
to the soil at different rates lead to a decrease in k values. 
The ppercentage decrease in the k value reaches 97% 
when the addition of PVC by 20%. 
10.2 Soil No.2 and 3    
The effect of PVC addition on coefficient of permeability, 
k, for soil 2 and 3 (silty sand) shown in Fig. (3) and (4). 
These figures show that increasing the proportion of 
addition of PVC to the soil leads to a decrease of k values 
and this tells us in improving the soil layers that are under 
the foundations of buildings or roads and prevent the rise 
of groundwater, which causes them to reduce the shear 
strength of soil.The ppercentage decrease in the k value 
reach to 99.2% and 99.7% when the PVC addition of 20% 

Fig. (1) Results of compaction tests for four Soils. 

 

 

 

 

 

 

 

 

 

 

Table (2) Material Index Properties 
Parameters Soil 1 Soil 2 Soil 3 Soil 4 

Location Ramadi West Ramadi East Ramadi North Ramadi 
Liquid Limit, LL (%) NL NL NL 18 
Plasticity Index,PI (%) NP NP NP 7 

Particle Size Distribution 
Finer % 27 14.8 16.6 84.6 
Sand % 73 85.2 83.4 15.4 
Gravel % 0 0 0 0 

Compaction Test 
Dry Unit Weight (kN/m3) 16.38 17.96 18.53 17.46 
Optimum Moisture Content %   7.2 13.4 13.4 16.6 
USCS System SM SM SM CL-ML 
Description of Soil Silty Sand (Gypseous Soil) Silty Sand Silty Sand Silty Clay with Sand 
Specific Gravity (Gs) 2.43 2.64 2.58 2.6 
Gypsum Content % 47 8.02 13.75 7.74 
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and 15% for soil2 and 3. Fig. (5) show effect of PVC 
addition on coefficient of permeability, k, for soil 1 to 3 
respectively. 
10.3 Soil No.4 
The soil is silty clay with sand (CL-ML). The addition of 
PVC will decrease the coefficient of permeability, k, for 
all addition as shown in Fig. (6). The decrease of the 
coefficient of permeability, k, percentage to 99.8% when 
the PVC addition of 20%. In Table (3), we can see the 
final results are calculated to effect PVC addition on 
coefficient of permeability, k, for different soil.  
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Fig. (2) Effect of PVC addition on coefficient of 

permeability, k, for soil 1. 
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Fig. (3): Effect of PVC addition on coefficient of 
permeability, k, for soil2. 
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Fig. (4) Effect of PVC addition on coefficient of 

permeability, k, for soil 3. 
 
 

 
 

Fig. (5) Effect of PVC addition on coefficient of 
permeability, k, for soil 1 to 3. 
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Table (3) Values of permeability coefficient, k, for different soils with 
different PVC addition and the percentage decreasing. 

Type of Soil PVC addition % 
Coefficient of 

Permeability, k, 
cm/s 

The Percentage 
Decreasing, % 

Soil 1 

0 2.02 x10-5 0.00 
5 2.03 x10-6 90.0 
10 3.97 x10-6 80.0 
15 3.13 x 10-6 84.5 
20 5.70 x10-7  97.0 

Soil 2 

0 3.86 x10-5 0.00 
5 1.64 x10-5 57.5 
10 1.22 x10-6 96.8 
15 1.03 x10-6 97.3 
20 2.97 x10-7 99.2 

Soil 3 

0 5.69 x10-5 0.00 
5 1.07 x10-6 98.0 
10 4.17 x10-7 99.0 
15 2.48 x10-7 99.7 
20 7.6 x10-7 98.7 

Soil 4 

0 7.42 x10-6 0.00 
5 2.41 x10-7 96.7 
10 9.28 x10-8 98.7 
15 9.20 x10-8 98.7 
20 1.66 x10-8 99.8 

 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
11. CONCLUSIONS  
The following conclusion can be drawn from the results 
of this research: 
1-The PVC is classified as a durable product that is not 

affected by humus, corrosive, acidic solution, basic 
solutions, saline solution, solvents and chemicals, also 
is resistant to the aggression produced by the 
environmental.  

2-Addition of PVC to the granular soils at different rates 
leads to a decrease in soil permeability significantly and 
this serves us in improving the soil layers that are 
placed under buildings and roads as sub-base or sub-
grade layers. 

3-Addition of PVC to the clay soils at different rates lead 
to a substantial decrease in the permeability of the soil 
and this tells us to use this type of soils in the lining of 
the docks used in water treatment plants as a cheap 
alternative to heavy concrete material. 

4-When used percentages of PVC equal to or greater than 
15%, decrease the permeability coefficient, k until to 
99%. 

5- Addition of PVC to gypseous soils by not less than 
15% lead to a decrease in permeability and significantly 
and this will reduce the melting of crystals of gypsum 
surrounding soil and prevents the occurrence of the 
phenomenon of piping that causes the collapse of the 
soil suddenly. 
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ABSTRACT 
 

Land use changing is considered by decision makers and can be precise evaluated by GIS and RS techniques. 
However, land use alteration should be evaluated for monitoring and curtailing the land degradation, especially 
deforestation and destruction of rangeland. This research carried out in the Merek river basin, west Iran for 
evaluation of land use change during 1955- 2002 using aerial photos (1955) and satellite images (TM 1989, ETM 
2002). The border and area of agriculture, forest and rangeland were distinguished and interpreted for each period 
(1955, 1989 and 2002). Result showed that forest and rangeland suffered from accelerated destruction during 1955– 
2002 period. The area reduction rate in the forest and rangeland were 64 and 172 ha/yr, respectively. In contrast, the 
area of rain-fed agriculture and mixed land use (forest- rangeland and rain-fed) were increased annually 500 ha. Rill 
and gully erosion features usually were obviously found in converted area, especially in the rain-fed lands, indicating 
soil erosion, siltation and other environmental problems such as deforestation and carbon dioxide emission. In 
addition irrigated lands were increased 40 ha annually due to enhancing ground water extraction through water well 
drilling. Currently, excessive water extraction cause negative balance of ground water table and consequently water 
scarcity in this basin. The mix land-use was found more vulnerable to soil erosion and deforestation problems.  
 
Keywords: 
Land use Change, Merk river basin, Rangeland Destruction, SatelliteImage   
 
 
 
 
 
1. Introduction 
 
Land use change is become more concern for relevant expert and decision makers as the main environmental 
problem around the world and has been evaluated in many countries. It is carried out using better and more accurate 
techniques such as Remote Sensing (RS) and Geographic Information System (GIS). Remote sensing through aerial 
photos and satellite images can be used for land use monitoring over time. These techniques are used extensively and 
despite their short history they are increasing at work in modern research on land resources which without them, 
some environmental issues such as land degradation, deforestation and agricultural activities is more difficult and 
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maybe impossible. Aerial photo was prepared for Iran in 1955 at the 1:55,000 scale and was used for evaluation of 
forest, rangeland and soil erosion for first time by Faculty of Natural Resources, Tehran University, Iran [2]. The 
satellite images is common tool for evaluation of forest and rangeland vegetation in Iran and reduction in natural 
vegetation within watershed in the 
Kabir Kouh of Ilam province (Zagros 
area) was evaluated using satellite 
images (1989- 2002). The results 
indicated that forest area was reduced 
1Tfrom 108,000 ha (1989) to 98,000 ha 
(2002) [1]1T.  
      
Nowadays, experts and managers are 
used GIS and RS with developed 
software as the common and 
necessary tools for better and more 
accurate planning in how to use land. 
Because these techniques can enable 
us to determine with much ease 
specify the environmental planning. 
These techniques are also valuable 
tool for soil erosion study in Iran [3]. 
 
 An investigation by Srivastava and 
Gupta [5] showed that during 1994- 
2000 about 8 kmP

2
P of natural resources 

and 2 kmP

2 
Pof arable lands were 

converted to urban area [5]. and use 
change in Catmando valley (Nepal), 
was estimated during 1989- 2005 
using satellite images. The result 
showed 14 % reduction in 
agricultural lands and adversely 17% 
increase in urban and rural area [4]. 
The same investigation in North Iran 
(Roud Sary) showed 7 % reduction in 
forest area during 1967-1994 that 
main forest clearance was found 
where slope was less than 20% [3]. 
This research carried out in the Merek 
sub-basin, west Iran for evaluation of 
land use change during 1955, 1989 
and 2002, using aerial photos (1955) and satellite images (TM 1989, ETM 2002) and the border and area of 
agriculture, forest and rangeland were distinguished and interpreted for each period. 
 
 
2. Materials and methods 
2.1. The study area 
 
This study was conducted at the Merek river sub-basin, located in Kermanshah, Iran. It is the upper catchment of the 
Karkheh River Basin (KRB) within the Zagros Mountain Chains (western Iran) (Fig. 1). This watershed has an area 
of 149330 ha lies between 34º 00' 38" and 34º 09' 3" N and 47º 04' 25" and 47º 22' 18" E, comprising plains, hilly 
and mountainous areas with forest, rangeland and agricultural lands. The mean annual precipitation and temperature 
are 481 mm and 17.7 °C, respectively. The minimum and maximum altitude above the sea level is 1360 and 2774 m, 
1Trespectively. 1T  
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 2.2. Main land use 
 
Land use alteration during 1955-2002 was evaluated for main land use including forest, rangeland, rain-fed and 
irrigated agriculture. The maps of land use prepared for three periods of 1955, 1989 and 2002 using aerial photo 
(1955) and satellite image (TM 1989 and ETM 2002). The borders of each land use verified in the field and digitized 
using GIS (Arc.Gis 9.1) and change in area of them during these three periods were mapped (Figure2). Land use on 
satellite images was separated from each other using vegetation indexes (NDVI).  
 
 
3. Results and Discussion  
3.1. Change in the Forest Area 
 
This investigation showed that the forest has been reduced from 13928.4 ha (1955) to 9384.40 ha (2002) which is 
annually 63 ha. The respective area of forest in 1955, 1989 and 2002 is 13923.5, 10135.2 and 9384.4 ha (Table 1). 
This deforestation was occurred mainly due to population growth, increase in agricultural machinery and ineffective 
official control as well as enhancing the land value.  
 
3.2. Rangeland Changing 
 
As shown in Table 1, the respective change in rangeland in 1955, 1989 and 2002, is 22031.0, 17685.0 and 13907.0 
ha. However, this study revealed that rangelands were reduced annually 173 during 47 years (Table 1). Field survey 
showed that the some parts of rangeland which were converted to steep rain-fed agriculture were observed in vicinity 
of agricultural land with slope of 10-25 present. In this process, farmers change borders between their land and 
rangeland and convert some parts of rangelands to rain-fed areas annually through tillage practice. This area is 
subjected to unsuitable agricultural activities (mainly up-down the slope plowing) and consequently siltation 
phenomenon (Fig.1). 
 
 
Table1. Change in land use area during three periods 1955, 1989 and 2002 in the Merek river basin 

2002 1989 1955  
Land use (%) (ha) (%) (ha) (%) (ha) 

6.3 9384.4 6.8 10135.2 9.3 13928.4 Forest 
9.3 13907 11.8 17685 14.8 22031.6 Rangeland 

62.3 97480.4 68.4 102081.2 63.2 94383.6 Rain-fed agriculture 
2.3 3383.9 1.2 1887.3 1.0 1520 Irrigation agriculture 

19.8 25175.1 11.8 17542.1 11.7 17467.2 Mix land use 
100 149330.8 100 149330.8 100 149330.8 Sum 

 
 
3.3. Change in the Rain-fed Land 
 
1TAs1T shown 1Tin1T 1TTable 1and Fig.2, 1T 1Tthe respective 1Tchange1T in1T 1Train-fed agriculture in 1955 1T, 1989 1Tand 20021T, was 1T94383.6, 
102081.2 1T 1Tand 97480.4 ha1T. However, the rate of 1Tchange for rain-fed lands1T was 1T66 ha/yr since 1955 until 2002 (47 
years). Field verification explored that the rangeland and forest area were converted to steep rain-fed agriculture 
which are characterized by steep slope, low soil quality, high soil erosion hazard and consequently low crop 
productivity potential. The area of rain-fed land has been increased from 94383 (1955) to 102081 (1989) and 
adversely faced a reduction during last period (1989-2002) due to development of irrigated area which has been 
occurred among rain-fed lands (Fig.2).   
 
3.4. Change in the Irrigated land 
 
1TThe respective 1Tchange1T in1T 1Tirrigated land in the 19551T, 1989 1Tand 20021T, is 1520.01T, 1T1887.3 1Tand 1T3383.9 1Tha indicating 40 
ha/yr increase in this land-use type (Table 1) 1T. 1TField survey showed that the rain-fed area was changed to irrigate 
lands in plain1T4T 1T4Tareas where slope is mainly less than 5 present due to groundwater extraction. It is carried out through 
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drilled wells and has been increased during recent years affecting reduction of aquifer water and chemical fertilizer 
application for irrigated crops such as corn and sugar beet.    
 
 
3.5. Mix Land-use 
 
In some area, the border of rangeland, 
forest and agriculture on the satellite 
image was mixed and separation their 
borders were difficult because of small 
areas. So these pieces were selected as the 
mix land-use. These lands occupy 25177.1 
ha (19.8%) of the study area. This type of 
land-use has been increased from 17467.2 
ha (1955) to 25175.1 ha (2002) (Table 1). 
Field survey showed that the mix land-use 
is more related to land degradation, 
especially deforestation over grazing and 
improper plowing. In addition, forest and 
rangeland in these areas are fragmented 
pieces and mainly are surrounded by 
arable lands.  
 
5. Conclusions 
 
The result of this study showed that 
converting the forest and rangeland to 
arable lands is the certain land use 
alteration within the Merek river basin. 
Periodic comparing the land use alteration 
during 1955-2002 indicates 5544 and 
8124.6 ha reduction in forest and 
rangeland areas resulting in development 
of arable lands. During 1955-2002 
13668.6 ha (9.1%) of natural resources 
was degraded trough forest clearance and 
rangeland destruction. In addition, forest 
and rangeland in vicinity of agricultural 
lands are more vulnerable to alteration 
and consequently as the critical areas for 
sustain environment due improper 
agricultural activities and soil erosion 
hazards. Furthermore, increase in irrigated 
areas through water well drilling is also 
related to land use change, especially rain-
fed area. This land use change not only 
contribute to soil erosion and siltation 
problems, but negatively also cause plant 
biodiversity issue mainly destruction of 
some valuable vegetation species such as 
Quercus sp, Agropirom sp and Festuca sp.   
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1. INTRODUCTION 
Over the past years, Rapid increase in population Increase 
fuel consumption, industrial chemicals, fertilizers and 
pesticides. Despite the use of these materials, part of these 
materials into the environment, and Actual and potential 
environmental hazards are created. One of the important 
issues that different communities are facing is Soil 
contamination in the environment. Soil is considered unique 
environment for life forms, especially plants. Soil is a natural 
purified, and These features  are result in physical, chemical 
and biological properties, but it is long that oil and its 
derivatives in transport or storage are cause  the soil 
contamination. Petroleum hydrocarbons are one of a variety 
of environmentally persistent organic pollutants, which are 
hazardous for living organisms. Sources of petroleum 
hydrocarbons in soil are crude oil extraction, transportation, 
refining and fuel. Soil remediation of petroleum 
hydrocarbons is very costly and time consuming. Improved 
purification methods, Elimination or reduction of total 
petroleum hydrocarbons in soil, may require mechanical 
ways to stimulate microbial activity. Expansion of soils 
contaminated with petroleum hydrocarbons, the effective and 
economic method is one of the environmental problems. 
There are various physical, chemical and biological methods 
to deal with oil pollution of soils in which many of them due 
to high cost and harmful side effects are used less. Among 
these methods, phytoremediation and electrokinetic to 
remove oil contaminants, are more economical and yet is 
harmless. According to the importance of soil contamination, 
in this study, phytoremediation and electrokinetic in refining 
 
 

contaminated soils is introduced and Performance, 
advantages and disadvantages of each of the methods and 
results of various researchers in this field were compared. 
 

2. Phytoremediation 
Phytoremediation is a relatively new technology and 
economic purification of contaminated soils that use Suitable 
plants to remove or reduce the concentration of inorganic 
pollutants, radioactive and organic compounds, especially oil 
from the environment. This method the first time in 1983 has 
been used to remove metals and other pollutants in soil. 
Phytoremediation technology is based on combining its 
operations with plants and microbial community that  
analysis, transmission, and living off the pollutants 
compound of  soil and groundwater[1]. In Phytoremediation 
technology, plant roots have stimulatory effect on microbial 
activity which causes suitable environmental conditions for 
growth and proliferation of the microbial population. The 
result is soil degradation and further reduces emissions oil 
from soil. Plants can also supply carbon, nutrients, and ... in 
the soil. Thus heterotrophic bacteria grow and decompose 
pollutants[2]. In general, plants provide to purify 
contaminated soils direct and indirect state. Direct 
refinement, plants through the absorption of pollutants and 
accumulation within their cells and then degradation and 
analyzed them, in result these pollutants are reduced or 
eliminated. As well as in indirect refining, Plants through 
their discharge stimulate microorganisms in the rhizosphere 
and increase microbial degradation of organic pollutants.  
Root discharge such as amino acids, carbohydrates, nucleic 
acids, growth factors, enzymes and other compounds with 
supply of energy resources, carbon and nitrogen requirements 

ABSTRACT 
 
Total petroleum hydrocarbons (TPHs) are toxic micro pollutants which are resistant to environmental degradation have 
adverse effect on human’s health. Multiple methods that affect different aspects of contaminant removal can improve 
remediation of petroleum hydrocarbons from soils. Phytoremediation and electrokinetic are innovative methods for 
degradation different contaminant in soils. Phytoremediation is insitu method that use of plants and their associated 
microorganisms to degrade, contain or render harmless contaminants in soils or groundwater. Electrokinetc remediation 
is a technology that applies current electric field in soil to generate a voltage gradient drives soluble pollutants out of 
soil by electromigration, electroosmosis and electrophoresis. In this study, the ability of phytoremediation and 
electrokinetic methods in remediation of hydrocarbons contaminated soils was investigated. According to this study, 
plants with wide fiber roots, enhance degradation of petroleum contaminants, and are low-cost effective method, but 
need a lot of time, while electrokinetic is more effective method in degradation of petroleum contaminant in short time 
and more expensive method. In short sentence, combined electrokinetic and phytoremediation technology can uptake 
more contaminant, and electro-phytoremediation is the best technology for remediation of contaminated soils. 
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of dominant microorganism in the soil, cause accelerate and 
intensify the destruction of these pollutants in soil[3].  

2.1 Phytoremediation mechanism 
Phytoremediation on the type of substance that are refined, 
(metals or chemicals) are classified 7 types of stem: 
phytoextraction, Phytovolatalization, Phytodegradation, 
Rhizodegradation, Rhizofiltration, Phytostabilization and 
Hydraulic control. phytoextraction is absorbed pollutants 
by roots and accumulation them in the shoot and 
then The plant biomass is harvested and destroyed[4]. 
Phytovolatalization is 
the plant uptake of pollutants and evaporation from the folia
ge. Phytovolatalization is 
including pollution absorption by plants and then 
release the steam of pollutants out. The 
resulting product, the vapor should be less toxic than the 
original contaminants. Phytodegradation is performed 
by uptake and metabolism of contaminants in 
the roots, stems or leaves. This method 
is degradation Pollutants a process in which 
Including absorption, metabolism and analysis 
of contaminants in soil, Sediment, sludge, 
and groundwater or surface by produced and released 
enzymes by the plant[5]. Rhizodegradation is performed by 
root absorption of pollutants and no transfer take place to 
shoot. Rhizofiltration is extraction of pollutants by root 
from surface water, waste water or ground water by 
sedimentation on the root or absorbed into the roots. 
Phytostabilization is due to inactivity of Contaminant 
materials in the soil.  Phytostabilization is the use of green 
plant for the cleanup of existing pollution in soil 
through improved physical, chemical and biological soil 
conditions. Hydraulic control is the use of green 
plant to impress the groundwater and soil water from the way 
of uptake and consumption of large volumes of water. 
 
 

2.2 Factors in phytoremediation 
In order to be successful and achieve the greatest reduction, 
in order to be successful and achieve the greatest reduction 
of these compounds concentrations in soil, 
various environmental factors are important. Type of 
soil and organic matter present in it, can be effective in 
the biological availability of petroleum product. Soil moisture 
is effective on plant grows and microbial activity of plants.  
 

2.3 Advantages of  Phytoremediation 
 A significant advantage of phytoremediation is that a variety 
of organic and inorganic compounds are amenable to the 
phytoremediation process. Phytoremediation can be used 
either as an in situ or ex situ application. Another advantage 
of phytoremediation is that it is a green technology and when 
properly implemented is both environmentally friendly and 
aesthetically pleasing to the public.  
 
 

2.4 Disadvantages and Limitations of Phytoremediation  
In contrast to its many positive aspects, phytoremediation 
does have a few disadvantages and limitations. It is restricted 
to the rooting depth of premeditative plants. Remediation 
with plants is a lengthy process, thus it may take several years 
or longer to clean up a hazardous waste site, and the 
contamination may still not be fully remediated. 
 

2.5 Plant Selection Criteria  
Plants should be selected according to the needs of the 
application, the contaminants of concern and their potential to 
thrive on contaminated soil. Design requirements should 
include the use of native plants to avoid introduction of 
invasive species. The main aim is to ensure that roots expand 
throughout the entire contaminated zone. Plant tolerance to 
high contaminant concentrations is also a very important 
factor to keep in mind. The phytotoxicity of petroleum 
hydrocarbons is a function of the specific contaminant 
composition, its concentration, and the plant species used[6]. 
 

3 ELECTROKINETICS  
The term "electrokinetics" (EK) refers to the introduction of 
an electrical gradient (as opposed to a hydraulic or pressure 
gradient) in the soil to mobilize or promote the migration of 
water and/or various chemical species towards the preferred 
electrode. Electrokinetics as a soil remediation technology is 
relatively young, having become an alternative procedure for 
the removal of toxic chemical species in ionic form in the soil 
in the late 1980's[7]. Electrokinetics is a process that 
separates and extracts heavy metals, radionuclide and organic 
contaminants from saturated or unsaturated soils, sludge, and 
sediments. A low intensity direct current is applied across 
electrode pairs that have been implanted in the ground on 
each side of the contaminated soil mass. The electrical current 
causes electro osmosis and ion migration (electromigration) 
and electrophoresis, which move the aqueous phase 
contaminants in the subsurface from one electrode to the 
other. Contaminants in the aqueous phase or contaminants 
desorbed from the soil surface are transported towards 
respective electrodes depending on their charge. The 
contaminants may then be extracted to a recovery system or 
deposited at the electrode. Surfactants and complexing agents 
can be used to increase solubility and assist in the movement 
of the contaminant. 
 
 

3.1 Process and mechanisms 
When an electric field is created across a soil volume, it 
provides a driving force that may induce mass movement of 
particles, similar to the effect of other driving forces, such as 
pressure gradient, concentration gradient and thermal 
gradient. In particular, the application of an electric field 
causes the following main transport phenomena in soils: 
Electroosmosis, electro migration, electrophoresis. All these 
electrokinetic phenomena are highly influenced by the 
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surface charge densities of the soil particles, and therefore by 
the soil mineralogical 
Composition. 
 

3.1.1 Electroosmosis 
Electroosmosis is a bulk transport of water, which flows 
through the soil as a result of the applied electrical field. The 
fluid migration occurs mostly from the anode to the cathode, 
due to the predominance of a negative charge on the soil 
particle surfaces. In fact, the electroosmotic flow is caused by 
the fact that when an electric field is applied to a soil, the 
excess of cations close to soil particles surface (double layer) 
tend to move towards the cathode. The movement of these 
ions and of the water molecules associated with these species 
(hydration shells), imparts a net strain on the pore fluid 
surrounding the hydrations shell. This strain is transformed 
into a shear force because of the viscosity of the pore fluid. In 
sum, as there is usually an excess of cations close to soil 
particles, the electric fields leads to a net force towards the 
cathode which results in a pore fluid flux in this direction. 
Hence, the electric field causes the pore fluid to flow from the 
anode compartment to the cathode, producing a flux and 
forcing the water table to arise in the cathode 
compartment[8]. 

 
3.1.2 Electromigration 
The second transport mechanism generated by the voltage 
gradient is electro migration, which is the Movement of ions 
in the pore solution under the influence of an electric field. 
Positive ions (cations) migrate towards the cathode while 
negative ions (anions) are transported towards the anode. 
Because of electro migration, ions tend to concentrate near 
the opposite charged electrode. The electro migration of 
cations and anions towards the electrode opposite in charge is 
proportional to the ion concentration in the pore water 
solution and to the electric field strength. The ionic mobility 
is a term used to describe the rate of migration of a specific 
ion species under a unit electric field. In soils, the rate of ionic 
migration can be better defined by the effective ionic 
mobility, which also accounts for soil porosity and tortuosity, 
which can significantly affect ion migration[9]. 
 
3.1.3 Electrophoresis 
Electrophoresis consists of the movement of charged particles 
and colloids under the influence of an electrical field. When a 
direct current (DC) electric field is applied across a colloidal 
suspension, charged particles and colloids that are suspended 
in the pore fluid are electrostatically attracted to one of the 
electrodes and repelled from the other. Similarly to the electro 
migration process, positively charged particles tend to move 
towards the cathode and negatively charged particles tend to 
move towards the anode. For example, negatively charged 
clay particles tend to move towards anode. Usually, for 
environmental applications, electrophoresis is less important 
than electroosmosis and electromigration in terms of mass 
flux although in some cases electrophoresis may play a role in 
decontamination, e.g. if the migrating colloids have the 
contaminants adsorbed on them[9]. 
 

3.2 Factors affecting electrokinetic technology 
Electromigration rates in the subsurface depend upon grain 
size, ionic mobility, contamination concentration, total ionic 
concentration, and significantly upon the soil pore water 
current density and pH. The direction and quantity of the 
contaminant movement is influenced by the contaminant 
Concentration (anions versus cations), soil type and structure, 
pH, interfacial chemistry, and current density of the soil pore 
water. The efficiency of extraction relies upon several factors 
Such as the type of species, their solubility in the specific soil, 
their electrical charge, their concentration relative to other 
species, their location and form in the soil, and availability of 
organic matter in the soil. Electrokinetics is applicable in 
zones of low hydraulic conductivity, particularly with high 
clay content. 
 

4 CONCLUSIONS  
Phytoremediation involves the use of living plants and their 
associated microorganisms to remove, degrade, or sequester 
inorganic and organic pollutants from soil, sediment, and 
groundwater. The main advantages of this method are low 
cost and ecological friendliness. However, this method is 
limited to shallow depths (limited by the root depth) slow 
plant growth, and also solubility and availability of the 
pollutant. Coupling electrokinetics with phytoremediation is 
aimed at increasing the availability of the contaminants and 
also facilitating their transport toward the root zone. The 
effects of electric field on soil pH, availability of nutrients, 
and so on may also help plant growth. Electrodes are placed 
strategically and a low direct current or voltage gradient is 
applied and the contaminants are transported by 
electromigration and/or electroosmosis processes toward the 
plant root zone. Electrode solutions of reduced toxicity 
toward plants can be used to enhance solubilization of the 
contaminants. Small - scale experiments showed that the 
plants are not affected by the exposed electric fields and that 
overall contaminant removal efficiency is controlled by 
different geochemical reactions. More research is needed to 
address organic contaminants and contaminant mixtures and 
possible effects on soil quality and biology[10]. 
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Abstract 

Listening skill in the procedure of second or foreign language learning has not carried the 

same attention as the other skills. Nevertheless, it’s been apparently elucidated that as a 

receptive skill, listening plays a major role in enabling the language learners to acquire 

linguistic information. Relevant to this fact, the present study aimed at suggesting a way 

to facilitate the process of comprehending foreign/second language listening tasks; 

though so general, listening comprehension tasks in a foreign language class are 

perceived by the researcher so crucial and require special consideration and attention. 

Accordingly, conscious application of metacognitive strategies while doing the listening 

tasks is the major concern of this study, and is intended to be investigated in order to 

answer the question: “Do Metacognitive Strategies have any impact on the Listening 

Comprehension of Iranian Guidance school EFL learners?” 

In this regard, two groups of first graders of guidance school were chosen as the control 

and experimental group. The experimental group went under two months treatment of 

discussing about and applying the introduced metacognitive strategies while doing 

English listening tasks whereas the control group did the same listening tasks without 

receiving any identical treatment. During the treatment phase, the participants got 

familiar with a number of listening metacognitive strategies and were asked to apply 

them in listening comprehension tasks while focusing on their difficulties. Meanwhile, 

they jotted down diaries regarding their perception towards using such strategies.  The t-

test obtained out of the listening comprehension pre-tests and post-tests revealed 

considerable improvement in the experimental group listening comprehension 

performance. The findings of this study could have implications for foreign/second 
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language learners and teachers as well as the designers of a foreign/second language 

course books.  

    

Key Words: Learning Strategies; Metacognitive Strategies; Listening Comprehension 

 

Introduction 

      Listening skill, despite its significant role in the process of foreign language 

learning, has not been often considered seriously in language teaching and learning. To 

this fact, it has been called “Cinderella skill” by Nunan (1997):  

Listening is the Cinderella skill in second language learning. All too often, it has 

been overlooked by its elder sister: speaking. For most people, being able to claim 

knowledge of a second language means being able to speak and write in that 

language. (Para#1) 

         

         However, second/foreign language learners usually find listening comprehension 

task such a tough activity, and difficult to manage. Ur (1984) maintains that a large 

number of foreign language listeners feel anxious while involving in a listening 

comprehension task because of their false expectation that they have to understand every 

word they hear and puts the responsibility of alleviating this worry on the shoulders of 

the teachers. 

           

       In respect to language learning in general and listening skill in particular and the 

difficulties occur to the listeners, the concepts of cognition and metacognition in learning 

comes into one’s mind.  

      

      Based on Miller’s (1983) point of view, cognitive process orientation lead learners 

toward intellectual autonomy and its curriculum “aims to develop skills so that the 

individual can examine problems, consider alternative solutions, evaluate those 

alternatives, choose an alternative, then implement and evaluate the solution” (p.121). 
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     Metacognition, on the other hand, implies the knowledge of this cognitive process that 

particularly used in the realm of learning, based on which learners are consciously got 

involved in the process of learning, to the purpose of being aware of their problematic 

areas and finding out appropriate ways to overcome such difficulties. (Richards & 

Schmidt 1985) 

  

     To this purpose, learners employ some specific strategies required for a particular 

situation to help them progress, known as “learning strategies”. Among the three types of 

learning strategies, metacognitive strategies are at the centre of emphasis in this study. 

Metacognitive strategies play a direct role on self-directed learning and learner’s 

autonomy (Danuwong 2006; Shannon 2008).  

   

     As the final point, a model of metacognitive strategy training developed by 

Vandergrift et al. (2006) is worth describing here, since it’s the primary instrument used 

in the present study as a means of familiarizing the participants with such strategies. 

Metacognitive Awareness Listening Questionnaire (MALQ) consists of 21 item 

questionnaire which is related to five metacognitive factors: problem-solving, planning 

and evaluation, mental translation, personal knowledge, and directed attention. This 

questionnaire helps learners raise their awareness of the process of listening 

comprehension as well as the strategies they intentionally benefit from to enhance 

comprehension. It can also be used for self-assessment purposes by the students or 

diagnostic purposes by the teacher. 

      This study has been run to the aim of boosting foreign language leaners’ awareness 

towards their foreign language listening skill, and suggesting a way that could probably 

help them to tackle listening comprehension tasks. The researcher states her null 

hypothesis as, “There is no significant difference between the listening comprehension of 

Iranian EFL learners who use Metacognitive strategies for listening comprehension and 

that of those who do not.” 
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Method 

Research Design 

      This study was conducted based on the quasi-experimental design in which two 

groups are involved, the experimental group and the control group. The independent 

variable refers to the application of a number of metacognitive strategies, and the 

dependant variable is the listening comprehension skill. 

 

Participants 

      The intended participants of the study were 60 female students of an educational 

complex who were going to start their guidance school as first graders. They were 

generally about 11 or 12 years old.  

 

Materials 

       A complete sample of KET   was administered to determine the participants’ English 

proficiency level and to make sure that they were homogeneous in this regard. The 

listening sections of two different samples of KET were employed as the pre-test and 

post-test   with a time interval. A questionnaire including 21- item of metacognitive 

strategies called MALQ developed by Vandergrift et al. (2006) was applied as a written 

source of such strategies to be used by the participants. Besides, as a peripheral purpose, 

this questionnaire was used to demonstrate the frequency of the strategy used by the 

participants of the experimental group. A supplementary listening book, “Tactics of 

listening” in the basic level appropriate to their level, was also applied during the practice 

phase.  

 

Procedure 

       First a standard proficiency test (KET) was administered to assure the homogeneity 

of the participants, as a result of which, they were divided into two groups. 

     

      Then, the two groups were taken a listening comprehension test (one of the samples 

of KET) as a pre-test. Besides, in order to raise their listening skill awareness, the 

experimental group participants were asked to jot down self reports regarding their 
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listening comprehension skill and their probable weaknesses. At this step, the students 

attempted to reflect on their proficiency in this skill, and many of whom came into 

several problematic areas while involving in a foreign language listening task. These 

reports collected by the researcher, were just considered as a warm up step without any 

statistics computed on them. (Although, the reports were so much in detail and could 

have been analyzed and ideally applied as the descriptive data, , the researcher just aimed 

at raising their sensitivity towards listening tasks through these reports.) 

    

      As the first step of the treatment, which was considered as the introduction phase, a 

number of metacognitive strategies driven from Vandergrift et al’s (2006) 

“Metacognitive Strategy Awareness Listening Questionnaire” was introduced to the 

participants of the experimental group, and for half of a session, each item was explained, 

translated and supported by appropriate examples by the researcher; meanwhile the 

participants got involved and commented on each one.  

          

      Following this very first session, the practice phase started. During this step which 

lasted for about two months, four sessions a week, the strategies were regularly discussed 

and practiced during the tasks of listening comprehension.  Following each sessions of 

metacognitive reflection and application while doing the listening tasks, the participants 

were asked to write a diary and include their perceptions towards the use and effect of the 

strategies.  Simultaneously, the control group received the same listening tasks but in a 

traditional way of listening activities which includes listening to the recorded instruction 

and doing each section as they are required.  

       After this period of two months metacognitive strategy instruction and practice 

during the listening activities, the final phase began with reaching a reasonable 

conclusion driven from a listening comprehension test as a posttest.  

 

 

Results and Discussions 

      The test given as a pre-test, listening section driven from a typical sample of KET led 

to the data shown in the following two tables: 
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Table 1:  results of the paired sample statistics in the pre-test  

  

Mean N 

Std. 

Deviation 

Std. Error 

Mean 

Pair 1 E1 15.3333 30 3.63255 .66321 

C1 15.7000 30 4.06965 .74301 

Note.E1 stands for Experimental group and C1 for the control group before the treatment  

 

 

Table 2: Results of the T-test before the treatment 

  Paired Differences 

t df Sig. (2-tailed) 

 

 
Mean 

Std. 

Deviation 

Std. Error 

Mean 

95% Confidence 

Interval of the 

Difference 

  Lower Upper 

Pair 1   

E1 - C1 

-

.3666

7 

5.77440 1.05426 -2.52286 1.78953 -.348 29 .731 

  

       As it is shown, the mean difference of the two groups in pre-test, with 95% 

confidence of interval, fell between the lower limit of -2.522 and the upper limit of 1.789, 

indicating that the obtained results were meaningful. There must be noted that despite of 

the fact that the mean difference indicated a correlation between the groups, the obtained 

significance exceeded 0.05, a raised issue that will be discussed later.  

             

      Having passed the period of treatment, the experimental group as well as the control 

group took a post-test which was a listening section of another sample of KET. Tables 3 

and 4 demonstrate the obtained results:  
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Table 3: Results of Paired sample statistics in the post-test 

  

Mean N 

Std. 

Deviation 

Std. Error 

Mean 

Pair 1 E2 20.9333 30 2.67728 .48880 

C2 18.8667 30 3.29821 .60217 

 

Table 4: Results of the T-test after the treatment 

  Paired Differences 

t df Sig. (2-tailed) 

  

Mean 

Std. 

Deviation 

Std. 

Error 

Mean 

95% Confidence 

Interval of the 

Difference 

  Lower Upper 

Pair 1 E2 - C2 2.0666

7 
4.57077 

.8345

0 
.35991 3.77342 2.477 29 .019 

 

 

      Accordingly, it can be inferred that with the significance of 0.01<0.05, the mean 

difference of the experimental and control group fell in the range of lower limit and upper 

limit of 95% confidence of interval: 0.3599< m <3.7734. Thus, it can be safely claimed 

that the observed mean difference was meaningful and significant.  

             

     It must be notified that as it was promised before, the computed significance in the 

pre-test which exceeded 0.05 must be justified here. Based on the obtained mean 

difference in the pre-test and post-test, it could be concluded, as a by product, that 

lacking the knowledge of metacognitive strategies while performing listening 

comprehension tasks, could have a negative effect on decision making about their 
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homogeneity in this skill. Actually, even a standard test seems to be incapable in 

reaching a logical conclusion about the homogeneity of the students.  

            

     Consequently, the findings computed from the post-test revealed a meaningful 

difference between the listening comprehension of the two groups with the significance 

of 0.01, comparing to the pre-test, the null hypothesis of the study which maintained that 

“There is no significant difference between the listening comprehension of Iranian 

Guidance school EFL learners who use Metacognitive strategies for listening 

comprehension and that of those who do not”, could be rejected. This conclusion 

supports the previous related studies regarding the application of metacognitive strategies 

in facilitating and promoting listening comprehension of EFL learner. 

        

    The study’s implications and recommendations 

     The findings of the present study could lead to a variety of implications in different 

fields: 

• It suggests syllabus designers to include different types of learning strategies 

particularly metacognitive strategies along with each skill exercises, to 

explicitly familiarize language learners with their required strategies and 

schedule several exercises to create opportunities to apply them. 

• It recommends language teachers to regularly remind learners to take benefit 

from metacognitive strategies and encourage them to become autonomous 

learners, who are aware of their learning processes, as well as their strengths 

and weaknesses.  

• Finally language learners are suggested to reflect on metacognitive strategies 

and their use while engaging in different language tasks, and seek for 

occasions to apply them. 

    

      Furthermore, the researcher states some recommendations for other related studies. 

Firstly, it would be more satisfying to run the same study within larger group of 

participants, so that generalization would be safely implemented. Secondly, the number 

and variety of the taught and practiced metacognitive strategies can be extended to the 
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whole 21-items stated in the “Metacognitive Awareness Listening Questionnaire”, 

obviously within more allocated time. Thirdly, this research will achieve its most 

reasonable and informative results if it could be done in both quantitative and qualitative 

ways of gathering data, since the learners’ individual perceptions and experiences while 

getting familiar with metacognitive strategies gained via self-reports or diaries would be 

as much valuable as their scores in the tests or the questionnaire, and both of which could 

lead to the more comprehensive conclusion.  

      

      Finally, the researcher suggests the test makers running a research to find out more 

about the idea that metacognitive strategy knowledge and use could influence a sensible 

result of learners’ homogeneity through standard tests.  
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Abstract 
Water resources project is for the control or use of water. Where utilization is proposed, the first question is 

usually how much water is needed .This is probably the most difficult of all the design problems to answer 

accurately because it involves social and economical aspect as well as engineering.                                            

  In order to meet the various demands and of water requirements in Hamadan province which is situated in 

west of Iran, more than 28 projects were defined and studied, but only few of them were adopted.                     

This paper presents a criteria based on the ratio of reservoir capacity to volume of earthen dam named as 

feasibility factor (F) for exact evaluation of different alternatives to assure the designer, so that, to obtain 

sufficient quantity of water in a form which can be easily and cheaply made fit for various uses. 

                                                  

Keywords:                                                                                          
 Water requirement, Reservoir capacity, volume of earthen dam, Evaluation of run-off supply, Economic 

analysis 

 

1. Introduction  
Hamadan province is located in the western part of 

Iran with an area of more than 19000 square 

kilometers. Hamadan is a beautiful highland covered 

with huge mountains and green slopes, farmlands, 

pastures, snowcapped peaks , anti fertile valleys under 

a blue sky. 

Annual precipitation is 6822 million cubic meters and 

4000 million cubic meters evaporate. Annual water 

consumption in Hamadan is 2900 million cubic 

meters in which ground water possess 81 percent of 

the demand and 19 percent is supplied through 

surface run-off. Reference [6] shows that, 93 percent 

of the total Water consumption is reserved for 

agricultural activities, 5 percent for urban use and 2 

percent in industrial sector. It may be seen that there 

is severe shortages of water supply through-out the 

year. In the other words, it is necessary to provide 

such a large volume of water scarcity specially in 

drought periods [4]. 

 

 

In the two recent decades, in order to overcome water 

shortages, 28 reservoir dam projects were proposed in 

Hamadan province. Two projects completed, four 

projects put under construction, 11 projects were in 

the feasibility studies and 11 projects rejected. 

 

2. Objectives and scope 
In order to meet various demands and water 

requirements in Hamadan province, more than 28 

projects were proposed and studied, but few of them 

were adopted. There is always an essential question, 

whether these projects are economically feasible and 

could be able to provide water shortages or not? 

Therefore, the main objective of this research, is to 

present a criteria for selecting those projects so that 
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decision makers could be assure of water supply with 

maximum net benefits. 

  

 

3. Methodology 
In order to provide agricultural water requirements, 

few  parameters such as water  quantity, agricultural 

pattern, irrigation method, irrigation efficiency, water 

conveying systems and benefit cost ratio are to be 

considered . Usually, achievement of objective of 

water resources projects is ambiguous. In this 

research, economic evaluation based on the existing 

approaches such as supply cost and reservoir storage 

planning along with suggested criteria, “physical 

characteristics of the project”, have been used for 

estimating run-off supply projects in Hamadan 

Province .These methods could be used in screening 

phase to assure adequate supply and economic 

justification.  

 According to Rogers [5], the real value of water, 

depends upon the user view with respect to quantity 

and quality  and water use to which it is put. The 

exact value, is the summation of intrinsic and 

economic value. In the other words, full cost of water 

use, includes investment costs, operational and 

maintenance costs, a water scarcity rent and the cost 

of negative externalities of water use [8].  

For economic equilibrium, the value of water, should 

equal the full cost of water.  However, in practice, the 

value of water in use is typically expected to be 

higher than the estimated full cost. This is often 

because of difficulties in estimating the externalities 

in the full cost calculations. More ever, in many 

cases, it may be lower than full cost, since political 

and social obligations override the economic issues. 

Full supply cost or average value per cubic meters of 

water which has been used in this research, includes 

the cost associated with the supply of water to 

consumer without consideration of externalities and 

alternate use of the water. 

    

4.Analysis 
4.1 Evaluation on the basis of physical 

characteristics of projects  

Whenever, a water-resources project is planned, it 

must be ensured that the proposed proposal is the 

best, and any other possible alternative will not be 

better than purposed one. To obtain such a criteria for 

selecting optimum proposal, the ratio of  reservoir 

capacity to volume of earth fill dam named as 

feasibility factor (F=C/V) was studied and noticed 

that whenever the actual ratio estimated, is equal or 

greater than F,  the scheme is considered to be 

successful. The average value of F for existing large 

dams in Iran is “20”and”9” for Hamadan. This 

parameter could be used as a primary evaluation and 

project selection. The actual ratio for two proposed 

projects in Hamadan,  namely “Yengjeh” and “Shirin 

sou” dams equaled to 8 and 30 respectively. From the 

above discussion, it is clear that,  Shrin sou dam is 

only feasible in comparison with suggested criteria.   

 

4.2 Evaluation on the basis of Primary investment  

As already discussed earlier, the cost of one cubic 

meter of water is a function of investment costs, 

operational and maintenance costs.  According to [1], 

average value (base value) per cubic meter of water 

estimated on the basis of 2001's tariff given by 

ministry of energy is equal to 520 Rials(0.065$) and 

in accordance with shadow price in agricultural 

sector, is equal to 420 Rials(0.052$) [2]. 

“Reference [3], [7] show that the cost of water  per 

cubic meter with interest rate of 7 to 14 percent for 

Yengjeh and Shirin sou dams in Hamadan is 

estimated to be 650(0.082$) to 1300 Rials(0.16$) and 

307(0.040$) to 717 Rials(0.090$) respectively. 

Comparison of the estimated water cost with the 

water base value, reveals that the average cost of 

water per cubic meter for Shirin sou dams equals the 

base value given by ministry of energy. Therefore, it 

may be concluded that on the basis of primary 
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investment, only Shirin sou dam is economically 

feasible. 

 

4.3 Evaluation on the basis of reservoir storage 

planning   

The storage, capacity of a reservoir is to be planned 

keeping in view the overall objective of the water 

resources development. The policies and guide lines 

of the government in a relation to water resources 

development of the region are to be adhered too. 

Therefore, the determination of storage capacity 

needs detailed and careful study as the same is depend 

on a number of factors. Some of the important factors 

are, inflow, desired annual demand and its 

distribution over time, operating policy and losses 

through evaporation and seepage. If the planned 

storage capacity is small, it may not serve the purpose 

for which it has been designed. On the other hand, 

over estimation of the storage capacity will result in 

considerably high cost of the project rendering the 

project to be uneconomical. Hence, it is necessary to 

make a very judicious estimate of the storage 

capacity.  

Reservoir storage planning for Shirin sou and 

Yengjeh dam have been worked out and the results 

for Yengjeh With a volume equal to 570 thousand 

cubic meter is shown in “tab.”1.  It may be seen that 

during the months of April to October, inflow 

(108000 cubic meter) into the reservoir goes down 

but demand for irrigation (2232000 cubic meter) is 

high. In the other word, out flow decreases and cannot 

meet the demand. Moreover, water scarcity ranges 

from 26 to 100 percent throughout the year. During 

monsoon months (November to March), irrigation 

requirements is small, and reservoir volume rises to 

248 thousand cubic meter which is only 43.50 percent 

of the designed capacity of the reservoir. It may be 

concluded that planned storage capacity of Yengje 

dam is small and can not meet the demand. 

 

 
 

 

“Tab.” 1- Reservoir storage planning for Yengjeh dam  

(Units in thousand cubic meters ) 
  

Remarks 
Water scarcity 

Volume     % 
Overflow 

Reservoir volume 
Outflow 

 
Month 

End Beginning  Demand  Inflow 

Scarcity 119     99 0 0 0 1 120 1 September 

Scarcity 8     8 0 0 0 16 24 16 October 

Normal 0     0 0 39 0 0 0 39 November 

Normal 0     0 0 89 39 0 0 50 December 

Normal 0     0 0 150 89 0 0 61 January 

Normal 0     0 0 248 150 0 0 98 February 

Normal 0     0 0 225 248 168 168 145 March 

Scarcity 105     26 0 0 225 303 408 78 April 

Scarcity  660     98 0 0 0 12 672 12 May 

Scarcity  479     99 0 0 0 1 480 1 June 
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Scarcity  288     100 0 0 0 0 288 0 July 

Scarcity  240     100 0 0 0 0 240 0 August 

 

 

 

5. Conclusions  
This study has been mainly directed towards 

suggesting a suitable criteria for evaluation of run-off 

supply projects  in Hamadan province and the data of 

Yengjeh and Shirin sou dams have been used to 

present the suggested approach.   It may be noted that, 

the existing methods (primary investment and 

reservoir storage planning) take into account the 

various aspects which are required for economical 

evaluation of different alternatives. 

 As discussed earlier, the existing methods, envisage 

that, Shirin sou dams is only economically feasible. 

Furthermore, in this particular case, suggested 

criteria(physical characteristics of the project) 

proposes that, selection of Yengjeh dam is not a 

proper decision but, Shirin sou project is 

economically feasible as well as there is no water 

scarcity during the reservoir operation.  
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1. INTRODUCTION 
March 11th 2011, the northeast part of Honshu Island, Japan, 
seriously suffered severe damage and terrible Tsunami 
disasters due to the gigantic earthquake of M9.0. At coastal 
area of Rikuzen-Takada, 70,000 pine trees were swept away 
by the tsunami and the famous pine forest disappeared. But, 
among them, only a pine tree survived and monumentally 
encouraged local people. It was decided to preserve this pine 
tree as a symbol of recovery (Fig.1).   
However, the ground surface around the monumental pine 
sunk 80cm due to the earthquake and groundwater level rose 
near the ground surface. There occurred concerns that roots of 
the monumental pine are soaked in seawater and salt might 
accumulate around the roots resulting in letting the pine tree 
die. Then, the protection project of the monumental pine was 
operated. Namely, steel sheet piles (15m×15m) were driven 
to prevent infiltration of seawater and pumping up the water 
near the pine tree was operated to lower the ground water 
level around the pine tree. However, these efforts did not 
effectively work and it was not possible to stop that the pine 
tree was dying. 

 
 

In this study, such measures to preserve the monumental pine 
tree are discussed based on a series of numerical simulations 
suing the soil/water/air coupled F. E. technique. And other 
possible measures are examined. 

2. Governing equations for soil-water-air-solved material 
coupled problem[2] 

In order to simulate environmental and mechanical response 
that the monumental pine tree experiences after the 
earthquake, soil/water/air 3 phase mixture coupled 
formulation considering advection-diffusion is employed as 
follows, for details, see Nomura et al. 
  Equilibrium              , 0,ij j ij jiσ σ σ= =                             (1) 
  Effective stress 

 ,N N
ij ij s ij ij ji a ijp pσ σ δ σ σ δ′ = + = −                             (2) 

 Constitutive equation      s
ij ijkl kl ij eD c Sσ ε′ = −                        (3) 

 Compatibility equation    
, ,

1 ( )
2kl i j j iu uε = − +                           (4) 

  Darcy’s law (water)       , ,i ij ijw w i rw w iv K h k k h= − = −              (5) 

  Darcy’s law (air)            
, ,i ij j ij ja a a ra a av K h k k h= − = −           (6) 

  Fick’s law (solved material)       
,i ij jJ D c= −                      (7) 

  Continuity equation (water)  
, 1i iw v r r rv S nS nS c

c
γε
γ

= − −
+

     (8) 

 Continuity equation (air)  
,

(1 )(1 )
i i

r a
a r v r

a

n S pv S nS
K

ε −
= − + −

   (9) 

 Advection-diffusion equation 

, , 0
i ir v r r w r i iS c nS c nS c cv nS Jε− + + + + =        (10) 

Here,
 ijσ  is total stress tensor, ijσ ′ is effective stress tensor, 

N
ijσ is net stress tensor, sp is suction stress, ap is pore air 

pressure, 
ijklD is elastic-stiffness tensor, ijε is strain tensor, 
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Fig.1 Takadanomatsubara before earthquake[1] 

and the monumental pine 
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Fig.3 Climate conditions 

s
ijc is coefficient tensor, eS is effective saturation, rS is 

degree of saturation, iu is displacement tensor, vε is volume 
strain, n  is porosity, γ  is saturated solubility, c is 
concentration, ijwK is unsaturated permeability coefficient 

tensor, rwk is specific permeability, ijwk is saturated 

permeability coefficient tensor, m is Mualem’s coefficient, 
aK is compressibility of pore air, ijaK is unsaturated 

extinction coefficient tensor, rak is permeability coefficient 

ratio, ijak is saturated extinction coefficient tensor, fv  and 

av  are velocity of water flow and air flow, iJ  is density flux, 

ijD  is coefficient of diffusion tensor, respectively, h is total 
water head, and ap is atmospheric pressure. 

3. Simulations of advective diffusion 

3.1 Analysis condition 
F.E. mesh and geometric boundary conditions employed in 
the computation are summarized in Fig.2. Analysis domain is 
assumed to be a half space because of geometric symmetry.  
The ground water level is set to be 1.0m deep from the ground 
surface as a water head boundary. Right hand side of domain 
is assumed to be permeable. Climate conditions such as 
precipitation and evaporation employed in the computation as 
input data are indicated in Fig.3. The amount of evaporation 
is estimated using Penman model[3]. But actual amount of 
evaporation from the ground surface varies depending on the 
degree of saturation of the surface layer. Sheet piles are 
installed 5.0m deep. And it is initially assumed that seawater 
under the bottom of the sheet piles contains salt of which 
initial concentration is C=0.1 but the ground water above the 
bottom of sheet piles is fresh water containing no salt. In 
order to account for bio-mechanical response of the pine tree 
such as transpiration, root elements[4] are employed to model 

the root system. Since the monumental pine is categorized to 
be Akamatsu, transpiration ability can be estimated to be 
0.01m3/day and  the limit of salinity tolerance can be set to be 
C=0.01[5]. 
The ground consists of sandy layer (0 to 6m deep) and silt 
layer (6 to 14.0m deep), according to field survey[6]. 
Coefficients of permeability for both layers are estimated 
using Creager method[7]. The moisture characteristic curves 
of both soil materials are assumed as in Fig.4. Input 
parameters used in the computation are tabulated in Table.1. 
Computed cases are summarized in Table.2. In CASE-1, 
influence of the weather condition and transpiration is 
examined. In CASE-2, the actual measure employed to 
protect the monumental pine by pumping up the water from 
2.0m deep is simulated. In CASE-3 and CASE-4, differences 
of the depth from which water is pumped up, that is, 5.0m 
deep and 8.0m deep, are examined. In CASE-5, the effect of 
flashing on the ground surface is examined. 

3.2 Influence of weather condition and transpiration 
(CASE-1) 
Fig.5 shows the salt concentration distribution which was 
computed in CASE-1. The white color in Fig.5 indicates the 
limit value of salt tolerance of the pine. According to the 
computed results of CASE-1, the salt concentration rises 
upward to the ground surface gradually. The first six months 
were rich in rain comparing with evaporation but after the 
difference between precipitation and evaporation becomes 
smaller. The distribution of total water head is shown in Fig.6, 
in which total water heads under the roots of pine and outside 
of sheet pile are compared. Hydraulic gradient varies with 
seasons and pore water migrates in accordance with it. Also, 
since the total water head at the inside of the sheet pile is 
lower than that at the outside of the sheet pile due to the water 
absorption by the root of pine, the ground water migration 
occurs from the outside of the sheet pile resulting in 
supplying the saline water to the inside of the sheet pile. As to 
the influence of climate conditions such as precipitation and 
evaporation at this site, the precipitation is generally more 
dominant than the evaporation and it urges the downward 
flow of the ground water. However, it is not enough to 
prevent the migration of salt content to the area of roots of 
pine tree. According to the computed results, it is predicted 
that the salt concentration exceeds the limit value of salt 
tolerance of the pine tree at 6 months later and the pine tree 

 
Fig.2 Analysis mesh and geometric boundary condition 
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Table. 1 Parameters for analysis 
 λ  κ  M  ν  ie  

sand 
silt 

sheet 
-pile 

0.30 0.06 1.38 0.30 1.0 

      
 (m day)fk  (m day)ak  m  2(m day)D   

sand 2.3×100 2.3×102 

0.8 

2.3×10-2  
silt 2.4×10-1 2.4×10 2.4×10-3  

sheet 
-pile 1.0×10-10 1.0×10-10 1.0×10-10  

                                                               m : Mualem[9] 
 

0 50 100
0

0.2

0.4

0.6

0.8

1

Suction (kPa)

D
eg

re
e 

of
 sa

tu
ra

tio
n

Drying: A=-29.3, B=6.7, 

S
ra=0.3

Wetting: A=--9.9, B=2.7,

S
ra=0.3

Sr=
      Srf - Sra        +Sra      1+exp(A+Blns)

Logistic curve Eq. 11)

Drying: A=-16.5, B=7.0, 

Sra=0.22
Wetting: A=-8.2, B=4.3, 

Sra=0.22  Silt
 Sand

 
Fig.4 Moisture characteristic curves of the soil material 

 
Table.2 CASES of analysis 

 
Weather 
condition 

(rain-evaporation) 
transpiration 

Depth of 
pumping 
water 
up(m) 

flashing 

CASE1 ○ ○ × × 
CASE2 ○ ○ 2.0m × 
CASE3 ○ ○ 5.0m × 
CASE4 ○ ○ 8.0m × 
CASE5 ○ ○ 8.0m ○ 

 

 will die. It is found that the measure of sheet pile installation 
and pumping up water from the inside of the sheet pile is not 
sufficiently effective to protect the monumental pine tree.   
Furthermore the ground water level cannot be kept lower at 
the inside of the sheet pile as shown in Fig.7.  
 

4. Simulation of pumping water up 
In this section, it is examined how pumping up the ground 
water influences the migration of salt content in the ground. 

4.1  Analysis condition 
Two pumps were installed at the location of 1.5m inside from 
the sheet pile to take up water from 2.0m deep and operated 
for about 4 months from Jun 13th to Oct 12th, 2011. The 
ground water table at the inside of sheet pile had been lowered 
about 20.0cm during that period. Therefore, the amount of 5.0 
m3 is roughly estimated to be pumped up a day. In the 
computation, it is assumed that pumping up is continuously 
operated after Oct 12th in order to examine its long term 
effectiveness. Also, their intake location in the ground is 

varied to be 2.0m deep (CASE-2), 5.0m deep (CASE-3) and 
8.0m deep (CASE-4) in the computation. 

4.2 Simulation results and discussion 

4.2.1 Result of CASE-2 
Actual effect of pumping up water is evaluated as shown in 
Fig.8, in which changes of salt concentration with time during 
pumping up water are depicted. When the computed results of 
CASE-1 where the operation of pumping up water is not 
considered, are compared with those of CASE-2, it is found 
that the operation of pumping up water urges worse salinity 

  
(a) initial condition 

  
(b) 6 months after 

  
(c) 1 year after 

Fig.5 Salt concentration (CASE-1) 
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Fig.6 Distribution of total water head (CASE-1) 
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development around the roots of  pine tree. The saline sea 
water reaches the inlet of pump in a year. Fig.9 shows the 
total water head distribution. The operation of pumping up 
water develops the hydraulic gradient and draws the salinity 
into the area of root system of the monumental pine tree.  
However, it is recognized that the operation of pumping up 
water lowers the ground water table and prevents 
development of higher degree of saturation in the surface 
layer as shown in Fig.10. In this sense, it can be said that it is 
not effective enough to suppress root rot of the pine tree. 

4.2.2 Result of CASE-3 and CASE-4 
The imaginary cases that the inlet in the ground for pumping 

up water is located at the 5.0m deep (CASE-3) and 8.0m deep 
(CASE-4) are considered. Fig.11 shows change of salt 
concentration (CASE-3). The location of inlet in the ground is 
the same depth with the bottom of sheet pile in this case.  
Similar to the results of CASE-2, it is found that salinity is 
gathered around the tip of sheet pile. Fig.12 indicates 
distribution of total water head. The hydraulic gradient 
generates downward flow of ground water near the ground 
surface but it does not much grow because of water 
absorption by the monumental pine. It is not effective enough 
to suppress the upward advection and diffusion of salinity.   
Also, it does not much contribute to lower the ground water 
table as shown in Fig.13. On the other hand, in CASE-4 that 

  
(a) 4 months after 

  
(b) 8 months after 

  
(c) 1 year after 

Fig.8 Salt concentration (CASE-2) 
 

  
Fig.9 Distribution of Totl water head(CASE-2) 

  

  
Fig.10 Distribution of degree of saturation around 
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Fig.11 Salt concentration (CASE-3) 
 

  
Fig.12 Distribution of Totl water head(CASE-3) 

 

  
Fig.13 Distribution of degree of saturation around the 
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water is pumped up from 8.0m deep in the ground, the effect 
of suppressing rise of salt concentration is more remarkably 
recognized than others as shown in Fig.14 and Fig.15.   
However, it is not effective enough to lower the ground water 
table as seen in Fig.16. 

5. Simulation of flashing (CASE-5) 
In this section, it is examined how fresh water flashing effects 
dilution of salinity and protect the monumental pine tree. 

5.1 Analysis condition 
In the computation, fresh water is supplied into the ground 
surface as Neumann boundary condition. It is expected to 

generate downward flow of the ground water and prevent rise 
of salinity. Simultaneously, pumping up water from 8.0m 
deep in the ground, 5.0m3/day, is also considered in the 
computation. 

5.2  Simulation result and discussion 
When amount of water for flashing was assumed to be 
5.0m3/day, it was found that roots of the pine tree rotted out.  
It is because the ground around roots of the monumental pine 
tree is fully saturated. Then, the amount of water for flashing 
is assumed to be 0.01m3/day, which is the half of the amount 
of water pumped up. Fig.17 shows change of salt 
concentration. It is understood that rise of salinity 
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(c) 1 year after 

Fig.14 Salt concentration (CASE-4) 
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concentration around the roots of pine tree is well suppressed. 
The hydraulic gradient does not much developed as seen in 
Fig.18. Therefore, it can be said that the use of flashing and 
pumping up together is effective to save the monumental pine 
tree. In addition, it is found that the salt concentration does 
not exceed the limit value of salt tolerance of the pine tree.  
Fig.19 shows distribution of the degree of saturation. The 
ground around roots of the monumental pine tree does not 
reach fully saturation in a year. This implies that the root rot 
will be avoided. However, on the other hand, seamless 
operation of pumping up water and flashing at the same time 
would not be actually feasible from economical viewpoint. 

6. Conclusions 
In order to protect a monumental pine that survived from 
tsunami disaster in Rikuzen-Takada, possible measures were 
examined through a series of numerical simulations using 
soil/water/air coupled and advection-diffusion F.E. code, 
DACSAR. First, actual protective measure employed in the 
site was examined. And other possible measures were 
discussed. Concluding remarks are as follows. 
1. The sheet pile of 5.0 m long is not sufficient to interrupt 

inflow of seawater into the area of roots of the pine tree.  
Some supplementary measures are required. 

2. In the operation of pumping up the ground water, the 
location of inlet is important. In the case of relatively 
shallow location of inlet for pumping up water, it does 
not work so as to prevent migration of salinity into the 
area of roots of the pine tree. It urges rise of salinity 
instead. On the contrary, too deep location of it does not 
work to lower the ground water table. It possibly causes 
root rot of the pine tree because roots of the pine tree are 
immersed. 

3.  The use of fresh water flashing together with pumping 
water operation is effective. Continuous supply of fresh 
water into the ground surface prevent rise of salinity.  
And pumping water operation works so as to lower the 
ground water table. However, its feasibility is still 
questionable from economical viewpoint. 
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1. INTRODUCTION 
It’s a long period of time that the oil materials and its 
derivative in transportation or storage develop pollution in 
soil. Oil pollution is an inevitable consequence of a rapid 
increase in population and industrialization processes that 
Soil contamination by substances that followed 
Hydrocarbonate and vast of oil exploration and refining 
facilities in around the broad and topical routes of 
transmission of this material is visible. In addition to direct 
emissions of these pollutants, dust from fuel emission with 
oil, over the years been able to add toxic and harmful 
substances in that soils. Biotechnology is one of the 
branches of the oil business and today the list of services 
offered by companies active in environmental issues is seen, 
is the Biological clear waters and soils contaminated with 
petroleum compounds. According to Iran's oil resources, 
production, Refining and distributing petroleum products, it 
is heavily exposed to oil contaminated soil. Based on this 
and due to the destructive environmental effects, cleanup oil 
contaminated areas has great importance. Mostly purifying 
the contaminated areas is done in two ways including inside 
and outside of place. The electrokinetic process is one of the 
most important ways in clean up the contaminated soils, 
faces with limitation because of low solubility of organics in 
water and their non-ionic nature. In order to enhance the 
biological availability of oil pollution and overcome to the 
hydrophobicity of their property, surfactants are used. The 
purpose of this study is to evaluate the impact of 
biosurfactants at the remediation of oil contaminated soils 
using electrokinetic method. 
1.1 Soil, properties and contamination 

 
 

Soil is one of the important resources and valuable nature 
which is produce human diet of about 95 percent. Without 
healthy soil, Life and living on earth would not be possible, 
therefore having planning for a healthy soil is essential for 
human survival. Soils are Mixture of mineral and organic 
which are formed of Degradation and destruction resulting 
from weathering of rocks, and generally are composed of 
two sections living and dead. Typical soil has 50% minerals 
and organic material and has 50% air and water that fills the 
empty spaces in the soil and keep living organisms in the 
soil. The type and combination of the soils in various regions 
is different depending on the district condition.  
Soil pollution is the presence, distribution or mixing one or 
more foreign substances in the soil, while the amount and 
time that changes the quality of physical, chemical and 
biological of soil, so that it is dangerous for humans or other 
living creatures or plants or works and buildings. In other 
words Soil pollution is any changes in the characteristics of 
the soil forming components So that it is impossible for 
using. Most oil pollution of soil resources is seen around 
refineries. Much oil materials will penetrate deeper into the 
soil, more difficult to fix its pollution and its costs will be 
multiplied. The reason of Retention and stability of oil 
pollutants in soil properties returns due to the 
hydrophobicity of compound. An overall emission in the soil 
takes place in two stages; Initial phase that is short and 
quickly terminated then began the long phase and slowly 
goes away. 
1.2 Soil decontamination methods  
Nowadays the development of effective methods to soil 
remediation is allocated an important part of the research to 
the environment. Most remediation methods have been 
established and protection of human, animal and 
environmental liberation from exposure risks to toxic 
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substances. Many methods are used for the purification of 
contaminated soil, has resulted of research and experience in 
other sciences. 
Broad range of technologies exists for purifying 
contaminated soils, but is generally divided into two 
categories: 
1- In-situ Remediation: To do the process of clearing in 
contaminated site and 
2- Ex-situ Remediation: The contaminated soil is transferred 
from contaminated area to another location for remediation. 
2. Electrokinetic Remediation 
Electrokinetic process consists of applying an electric field 
to the soil environment by placing two electrodes into the 
contaminated soil that flow directly between the electrodes 
is low and provide conditions that are different mechanisms 
of pollutants during pregnancy in the state will move toward 
the electrode with opposite charge. This process has widely 
used today to separate contaminants in soil and is classified 
as one of the methods of physical - chemical cleanup of 
contaminated soils [1]-[2]. Electrokinetic is a controlled 
method which is applicable in every area so that the cleanup 
of contaminated soils would be possible under buildings 
constructed without damage to the building [3]. This process 
was first developed by the Reuss then by Helmotz, Pallat 
and Smolochiwski the theory was presented. For soil and 
sludge samples were also used by Kasagrand [4]-[5]-[6]-[7]. 
2.1. Mechanisms of Electrokinetic process 
Electrokinetic process has different mechanisms (showed  in 
Fig 1) such as: 
1- Electrolysis: Chemical reactions are performed in the 
electrolyte around the electrodes. 
Establish the electric field with the following reactions 
occurs at the electrodes during electrolysis. 
In Anode:                          2HR2RO – 4eP

- 
P          OR2R + 4HP

+ 

In Cathode:                      4HR2RO + 4eP

- 
P        2HR2R +4OHP

- 

HP

+
P production at the anode is decreased causes reduction in 

pH. Acid front generated at the anode will migrate to the 
cathode during the process when water is electrolysed. 
Maybe PH at the anode decreases to less than 2 and at the 
cathode increases to more than 12. As a result, ion of HP

+
P will 

move toward cathode and ion of OHP

-
P toward anode. Ion 

speed for Ion of HP

+
P at least is double Ion of OHP

-
P that the 

flow Electroosmosis becomes more. If the buffering capacity 
of soil is not acidic side of the transmission delay Ion of HP

+
P 

transport within the sample dominates the acidic [8].  
2- Electromigration: Motion of ions under the influence of 
an electrical gradient. 
3- Electrophoresis: Motion of charged particles under the 
influence of colloidal and electrical gradient. 
As for the similar mechanisms of ion migration and 
electrophoresis, generally, both as a general mechanism are 
considered. In general, charged particles including colloids 
and ions move toward the non-pole. Metal ions, Ammonium 
ions and positively charged organic compounds move 

toward the cathode and anions and negatively charged 
organic compounds move toward the anode. After certain 
time, the pollutants accumulate in the Cathode and anode 
and with adequate measures isolation would be available [8]. 
4- Electroosmosis: Water transfer between soil cavities 
under the influence of an electrical gradient. 
The effect of electric field applied along the soil mass, 
Positive charges towards the negative pole (cathode) and 
negative charges toward the positive pole (anode) are 
absorbed. A number of additional positive charges on the 
surface soil are pregnant. When this additional charges move 
toward the negative pole, Water due to friction force with 
the particle moves toward the negative pole. There is also a 
trend toward the positive pole, but because the water flow 
toward the cathode is generally smaller and is called 
electroosmosis [8]. 

 
Fig.1 Mechanisms of electrokinetic process 

 
2.2. Format Mechanisms for various pollutants 
In Electrokinetic process any pollutants are removed from 
the soil to one of the following statements: 
- Minerals by the mechanism of ionic migration in electric 
field move toward opposite poles and are removed from the 
soil. 
- Polar organic compounds are removed from the soil by 
ionic migration. 
- Non-polar organic compounds soluble in water due to 
solubility in water, by electroosmosis mechanism get sent 
the cathodes and are removed from bulk soil. 
- Non-polar organic compounds insoluble in water due to the 
use of solvents and surfactants in the Andes as extraction 
materials they move from the anode to the cathode go to the 
cathode. 
The main purpose of the application process to remove 
contaminants such as heavy metals Electrokinetic, anions 
and polar organic compounds in soil, sludge, mud, dredged 
sediments at sea etc. this method has better yields in soil 
with low permeability soils that soils are generally clay or is 
mixed silt and clay that like, Capabilities of pollutants will 
be better to move some of the mechanisms Electrokinetic. 
On the one hand, Heterogeneous soils with low permeability 
because of the limited movement of pollutants, Bacteria and 
nutrients, bacteria cannot decompose pollutants therefore the 
need for special arrangements is unavoidable. The problem 



 

836 
 

 

is removed with direct current electricity generated by a 
series of electrodes in the soil mass, because the flow is 
resulted in various phenomena such as: osmotic movement, 
ion migration and the particle motion. For removing organic 
contaminants by using the Electrokinetic method, Molecular 
size and tendency to accumulation or adsorption to the soil 
surface are the main factors controlling soil improvement. 
The high concentration of ionic particles in electrochemical 
reactions, Migration of electrolyte and water transfer 
between ions and water are friction factors. Obviously, 
Electrokinetic process efficiency depends on organic 
removal of solubility their being polar [1]-[8]. 
2.3. Advantages and disadvantages of Electrokinetic 
process 
The main advantages of the Electrokinetic process 
application: 
This method is very fast and relatively with high efficiency 
and easily prevents the spread of contamination. 
As well as out of place in situ is applicable. 
Unlike other in-situ recovery methods that are not effective 
in soils with low permeability or small seed, Electrokinetic 
method due to the negative surface charge of clay particles, 
has the highest efficiency in loam soil. So Electrokinetic is 
an effective method for moving water, and colloidal ions in 
soils with a small seed. 
In addition to removing the decontamination, it has so much 
application such as: compassing the contamination, 
Inundation and concentrate dewatering sludge and extracting 
industrial metals in mineral and environmental sectors.  
The most important problems in the Electrokinetic process 
are the Change in pH near the cathode and the sequestration 
of metals in this range. This phenomenon begins when large 
amount of ions OHP

-
P Produced at the cathode and the 

surrounding medium is strongly alkaline. However, 
production HP

+
P around the anode, pH is greatly reduced. 

Usually in this case a sharp pH gradient is created between 
two electrodes. pH changes causes disruption in the transfer 
process, Biological activity of bacteria and adsorption and 
biodegradation of organic matter in the soil [8].  
3. Surfactants  
Surfactants are compounds of amphiphilic that free energy 
of the system by the replacement of large molecules with 
high energy in the medium reduces. They are using for soil 
washing because of the ability to move the pollutants. They 
have a slight hydrophobic environment with low interest 
bulk and hydrophilic groups which are willing to fly to the 
environment (showed in Fig 2).  

 
Fig.2 Schematic of the Amphiphilic molecule of surfactants 

Currently the use of surfactants has extensively developed in 
industry. In industrial applications, the ionic surfactants are 
often classified based on their charge which has at neutral 
pH when dissolving in water. These categories include 
anionic surfactants, cationic and neutral or Amphoters. 
Petrochemical are most traditional users of this material as a 
facilitator for oil removal from tannery wastewater. In this 
application, Petrochemical surfactants increase the solubility 
of compounds. This material also for floating materials are 
used in mining and the pharmaceutical industry and health 
[9].  
Increasing the solubility of oil and liquid petroleum 
compounds which are water insoluble is the main uses of 
surfactants. Increasing the solubility by reducing the surface 
tension and interfacial tension in the layer between the water 
and oil is carried out with petroleum compounds. 2TSurfactants2T 
2Tin the2T 2Tintermediate2T 2Tlevel2T 2Tsolid–liquid, 2T 2Tliquid-liquid2T6T 2T6Tor 2T6T 
2T6Tvapour-liquid2T6T 2T6Tare2T6T 2T6Tgathered 2T. 2TThere are2T 2Ttwo distinct phases2T 
2Tbetween2T 2Tthe2T 2Tinterfaces2T hydrophobic component of water 
when hydrophilic component towards a solution, will 
accumulate on surface. 2TThe effect of2T 2Tsurfactants2T 2Tis 
determined 2T 2Tby2T 2Ttheir ability2T 2Tto reduce2T 2Tsurface tension2T, 
2Tcriterion for 2T 2Tthe2T 2Tsurface free energy2T 2Tper unit area2T 2Tfor the2T 
2Tbringing the bulk 2T 2Tphase2T 2Tto the surface2T 2Tof2T 2Tthe2T 2Tmolecule [9] 2T. 
2TSolubility2T 2Tof non- 2Taqueous 2Tphase2T 2Tliquids2T 2Tby2T 2Tsurfactants2T 2Twith 
reducing the2T 2Tsurface tension2T 2Tbetween2T 2Tthe joint 2T 2Tsurfaces2T 2Tto 
air-water 2T and water 2T–oil2T is 2Tincrease2Td. There is 2Ta2T 2Tcorrelation2T 
2Tbetween2T 2Tsurfactant 2T 2Tconcentration2T 2Tand 2T 2Tsurface tension2T. 2TWhen 
the2T 2Tconcentration2T 2Tincreases2T 2Tthe surface tension2T 2Tis2T 2Treduced2T 2Tto 2T 
2Ta2T 2Tminimum2T 2Tvalue2T. 2TSurfactant 2T 2Tconcentration2T 2Tat 2T 2Tthis2T 2Tpoint 2T 
2Tcalled as2T 2Tthe critical2T 2Tmicelle concentration2T (CMC). 
2TSurfactant 2T 2Tproperties2T 2Tincluding 2T 2Tincreased 2T 2Tsolubility2T, 2Treduc2Ting 
2Tsurface tension2T 2Tand the2T low 2Tcritical2T 2Tmicelle concentration2T. 
2TOne of the2T 2Timportant 2T 2Tcharacteristics2T 2Tis2T 2Tthe critical2T 
2Tconcentration2T 2Tcleansing 2T that depends on 2Tmany of2T 2Ttheir 2T 
2Tphysical properties2T 2Tsuch as2T 2Temulsion2T 2Tformation, compounds2T6T 
2T6Tdissolve2T6T 2T6Toil2T6T 2T6Tand 2T6T 2T6Tpetroleum, Foaming, 2Tcleaning, 2Tthe2T6T 2T6Tsurface2T6T 
2T6Telasticity2T6T 2T6Tand between the surface elasticity2T. 2TThese2T 
2Tproperties2T 2Tare considered 2T 2Timportant criteria to determine2T 2Tthe 
appropriate2T 2Tsurfactants in 2Tsoil 2Twashing 2T 2Tprocess2T. Because of 
2Tsurfactant presence, 2T 2Tless work2T 2Tis needed2T 2Tfor 2T moving 2Tthe2T 
2Tmolecule2T 2Tto the surface2T 2Tand the2T 2Tsurface tension2T 2Tdecreases2T. 
2TSurface tension2T 2Tis related2T 2Tto 2T concentration2T of surface2T 
2Tactivators until2T 2Tthe concentration2T 2Treaches2T to 2Ta critical2T 
2Tmicelle2T. 2TEffective2T 2Tsurfactants2T have 2Twith2T 2Tthe less critical2T 
2TMicelle concentrations2T. 2TCMC2T is defined 2Tas the2T 2Tminimum2T 
2Tconcentration2T 2Trequired initiating 2T 2Tthe creation2T 2Tof2T 2Tmicelle2T. 
Actually, 2TCMC2T6T 2T6Tis2T6T 2T6Tthe2T6T 2T6Tmaximum2T6T 2T6Tmonomer 2T6T 2T6Tsurfactant 2T6T 2T6Tin2T6T 
2T6Twater 2T that i2Tnfluenced by2T6T 2T6TpH2T, 2Ttemperature and 2T6T 2T6Tionic2T6T 2T6Tstrength2T. 
2TRising temperature causes 2Treduction2T in CMC2T 2Tand thus2T 
2Tincreases the2T 2Tefficiency2T 2Tof2T 2Tnon-ion surfactants and also 
increases the solubility of ionic surfactants. Increasing the 
salt concentration in water can also reduce the amount of 
CMC for ionic surfactants but has no significant effect on 
their non-ionic types [9]. Surfactants in terms of production 
are divided into two categories: Synthetic surfactant, 
Biosurfactant. 2T  
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3.1. Synthetic surfactants  
Various types of cleansing which are produced using various 
chemical compounds are known as synthetic Synthetic 
surfactants. Synthetic surfactants are produced in three types 
including anionic, non-ionic, Cations that all of which are 
used for soil washing. SDS, A synthetic anionic surfactant 
that cleans the soil in the field is the most common 
surfactant [10]. In addition, non-ionic surfactant due to their 
lower CMC than the anionic surfactant., Higher degree of 
surface tension reduction and relatively constant properties 
in the presence of salt have better performance and less need 
to use and consequently are used in improved cleaning 
process with surfactant assistance. One of the non-ionic 
synthetic surfactants can be named as Triton X100. Out of 
the cleaners Benefits in the industry, Use of surfactants in 
the environmental engineering can be count on the 
following:  
- Make improvements in the toxins absorbed from the soil 
- Improved desorption of organic contaminants in soil 
- Desorption of organic contaminants from soil 
Like many artefacts of human manufacture of synthetic 
surfactants significant negative have effects on biological 
activity Ecosystems and our environment. One of the major 
disadvantages is the effect that the use of this material is in 
the burning eyes and skin. Although different surfactants 
have effects, the negative effects and toxicity of these 
substances are found for living cells. All arrangements are 
the use of alternatives reason in addition to preventing their 
spread. One of the alternatives for these surfactants are 
synthetic surfactants that have similar properties as 
Biological surfactants And their negative impact is very low 
because they are one of the nature part [11]-[12].  
3.2.  Biosurfactants 
Those surfactants that are obtained from natural compounds 
called biological surfactants. These surfactants besides the 
cleaning animals and plants, by microorganisms, yeast or 
bacteria to biological methods, of different nutrients, 
including sugar, oils, alkenes, and wastes are produced. 
Most Biosurfactants are a kind of non-ionic or anionic 
surfactant and include one or several parts of lipophilic and 
hydrophilic [1]-[13]-[14]. The Lipophilic part can be a 
protein or a lipid with a large number of sidelong 
hydrophobic chains. But often the hydrocarbon chain of a 
fatty acid with 10 to 18 carbon atoms is formed. The Water 
friend sector can be an Esther, A hydroxyl, or a phosphate or 
a carbohydrate group and or a Hydroxilit. Biosurfactant 
based on chemical structure and type of producing 
microorganism have different types and are classified In 
groups of glycolipid, phospholipids, lipid complexes – Poly 
saccharin, Lipoprotein – Lipopidieta Neutral lipids and fatty 
acids Hydroxilat [1]-14].  
3.3. Work of biosurfactants in removal in oil 
combination 
When biosurfactants is added to the soil it collects to name 
of micelle is gathered that polar section toward out and 
hydrophobia tails toward in is stand. In this state the 
hydrophobic hydrocarbons located in the core of this micelle 
and in the form of a hydrophilic colloid in coming and are 
separated from the soil surface if higher concentrations of 

surfactants, afar said colloids even are eventuated to 
solution[15]-[16]-[17]-[18]. This is exactly the same 
function as the soap is fat food. The fat particles in the soap 
micelle and with water from the soil surface are removed. 
Biosurfactant to remove petroleum compounds from soil by 
two main mechanisms are strengthened: 
1- Mobilization: The motion of particles in the oil  
2- Solubilisation: Solubility of oil components in water  
Mechanism of stimulation usually occurs at concentrations 
below the critical concentration and micelle surfactants. 
Reduce surface tension and between the surfaces, reduction 
of capillary force, Moisture variability and increase the 
contact angle is. Surfactant monomers increase the contact 
angle of between hydrophobic pollutants in soil, the 
separation of contaminants develop from soil particles and 
ultimately are removed the oil out of the soil. In this 
mechanism, in concentrations below the CMC surfactants 
are reduce the surface tension between surface the phases of 
surface and air-water, oil-water and soil-water. Surfactants 
that are in contact with the surface between two phases of 
soil and oil, Contact angle increases and are decreases the 
tensile force between soil and oil levels. And therefore the 
main cause of stick to the soil and oil particles that the 
capillary force is reduced. The simulation mechanism 
depends on of ionic time surfactants; therefore, the metals in 
the soil to absorb anionic surfactants may reduce their 
effective concentration in the soil [18]-[19]. With the capture 
of surfactants for their effect on soil and soil stimulation 
may occur with the highest concentrations of surfactants. 
When the amount of surfactant is more than critical 
concentration, pollutants from soil to cores of micelle 
hydrophobic are removed by surfactant. Crude oil Solubility 
in water with production increase fields monomeric 
surfactants. Hydrophobic ends of surfactant molecules to 
form a cluster inside the building had accumulated micelle 
and love water ends them are located  bottom exterior 
surface in contact with the aqueous phase structure if 
micelle, the internal part of a micelle as a medium suitable 
for hydrophobic molecules in the organic material comes 
and is capable oil particles to separating from the soil 
surface and into solution. This process is known as 
dissolution. Biological surfactant to facilitate the desorption 
of oil pollution of soil or by spreading oil particles attached 
to the soil surface droplets into the liquid phase so that 
microorganisms are easily available be modified to process 
and analyze biological compounds, petroleum contaminated 
soils will help. Given the existence of different types of 
hydrocarbon molecules complexity and extent of physical 
and chemical properties are very low solubility in crude oil 
and most of them and lack of access to the very low 
interfacial tension in the soil washing and effect of The 
mechanism of dissolution of crude oil in oil to remove 
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contaminants from soil, Is almost negligible to minor. The 
removal of crude oil composition of the soil would be 
related to the mechanism of stimulation [18]-[19].  
3.4. Biosurfactants benefits of in comparison with 
synthetic surfactants 
The tendency to Bio-surfactants in comparison with 
synthetic surfactants has increased day to day. This is partly 
because of better indicator of bio-surfactants in comparison 
with synthetic surfactants which can be listed as below: - 
Facilitate procurement of renewable natural resources 
- Less toxicity and excellent surface activity than synthetic 
Surfactants 
- Biodegradable 
- Environmental sustainability of industrial effluent 
discharged into the environment of the soil washing process 
- And ability to operate at high temperatures 
- Ability to maintain the high pH, more than 12 
- Ability to tolerate high concentration of salt dissolved in 
water 
- Ability to remove oil contaminants from soil, 1.9 to 2.3 
times more than synthetic surfactants [20] 
4. CONLUSION 
1) Decisions about choosing the best method or methods 
normally, Shall be based on cost And cannot be said with 
certainty which method is more economical than other, 
because some of the technologies depending on the soil can 
be very costly.  
2) Electrokinetic process due to the possibility of being 
implemented in the site and simplicity has widely used in 
recent years. Also, the above process is able to remove a 
wide range of pollutants from the soil. 
3) Low solubility and non-ionic nature of the soil organic 
matter in the water causes electrokinetic process to be 
limited. 
4) Using surfactant and increasing the solubility of liquid 
petroleum compounds insoluble in water and enhance the 
accessibility of their biological can increase the cleanup 
efficiency. 
5) The main biological features of soil after clearing process 
remains unchanged. 
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1. INTRODUCTION 
The river law of Japan was revised in 1997. After then 

"Nature oriented river works" has been done as a stream 
management that considers the environment. "Nature 
oriented river works" means the river is managed for 
maintenance and the creation of a native habitat of the living 
thing that the river originally maintains and various river 
spectacles. Disturbance, destruction and reduction of the 
habitat of wildlife are take place by river improvement. In 
order to evaluate the influence by an artificial disturbance to 
biota, it is important to monitor change of the kind phase of an 
object living thing, and to compare disturbance order. Until 
now, the researches of environment assessments were carried 
out using aquatic insects, butterflies and dragonflies [1]-[9]. 
However there are some problems in using dragonflies and 
butterflies. Dragonflies seriously depend on the water quality, 
and butterflies flight area are very vast, then the quantitative 
investigation are not easy. It is not necessarily appropriate to 
consider it as the index living thing universally used for much 
environment [10].  

The ground-beetles in Japan are which has very many 
numbers of species, and numbers of individuals and in which 
ecological research is also progressing [11]-[13]. The ground 
beetles are a general term for beetles which mainly walk 
along earth surface, carry out surroundings ingestion and are 
living, such as a ground beetle, carabit beetle, a burying 
beetle. Moreover, the ground-beetles forms the community 
structure according to a slight environmental change of each 
habitat, and reacts to an environmental change quickly very 
sensitively [11] [14]. Then, it is indicated that the 
characteristic of the ground-beetles is suitable for prediction 

 
 

of the influence of an artificial disturbance and the index for 
evaluation [15] [16]. Research about the ground-beetles as the 
environmental indicator has been done centering on Europe 
from the 1960s [17]. In Japan, it is these days that research on 
the environmental indicator of the ground-beetles has been 
done [18][19]. 

However, there are few researches on the environment 
assessment using the ground-beetles in the new biotopes 
developed by "Nature oriented river works". So, in this 
research, it aimed at clarifying analysis of the community 
structure of the ground-beetles in an investigation place, 
environment assessment, and correlativity with a plant 
community by investigating quantitatively the number of the 
ground-beetles of the biotope circumference of Yadagawa, 
river and the Shonai river that flows through northern 
Nagoya, the center of Japan. 

Furthermore, from a viewpoint of conservation of the 
ground-beetles, it advocates considering it as one index of the 
future production of the “Nature oriented river works”. 
 

2. Materials and Methods 

2.1 Study site 
The study was carried out on the two biotopes at left bank 

of Yada River at Joganji, Nagoya City (35o 21’ 60’’N, 136o 
91’ 70’’E, altitude 9 m). and at left bank of Shonai River at 
Nishibiwajima, Kiyosu City (35o 19’ 03’’N, 136o 85’ 80’’E, 
altitude 3 m) in Fig.1. Yada river is a urban river in the Shonai 
River water system of the extension 23km and 115 km2 in the 
valley area. Shonai river is a urban river water system of the 
extension 96km and 1010 km2 in the valley area. Each point 
and environmental condition showed in Table 1.  
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Table 1. The environmental condition of each study plots. 
Biotope site Vegetation type Disturbance degree 
Yadagawa Grass land high 
 Floodplain forest low 
Shonai Grass land high 
 Floodplain forest low 
 wetland high 
 

2.2 Field census 
For the census of the ground-beetles, the pitfall trap 

method was set at every 5 plots. It is the method of collecting 
the insect by which buries the with 7 cm in diameter, a depth 
of 10 cm, and a capacity of 280 ml glass made from plastic 
materials with no bate on the ground (Fig. 2). 20 traps were 
set at every 2 m from each other in each plot, a total of 100 of 
a trap buried at a time. The pitfall trap was remained for 2 
days at one census. The species and the numbers of collecting 
the ground-beetles was identified. The recorded beetles were 

removed from the traps. 
Census was carried out 
from August 10, 2010 to 
December 7, 2010 at 
every week, the total of 
23 times census were 
done. 

 
 
 
 

2.3 Statistical analysis 
In order to analysis of the census, five diversity index, an 
evenness index, two expected value and a disturbance index 
were used. Each index was calculated along the Table 2. 
 
Table 2. The equations of each index 
Statistical value Equations 
Diversity  Simpson index  

 
 Shanon-Winner index  

 
evenness Pielou index  
Expected Chao species richness 

index  
Disturbance Ishitani index  

 
ni  : the number of entities belonging to the ith type, N : the total number of 
entities, S : the total number of species, a : the number of species observed 
only one individual per species, b : the number of species observed more than 
one individual per species. Ii  : Environmental index value of the ith type, Nij  
: the number of the ith species in jth investigated plots.  

 
 Detrended correspondence analysis (DCA) was conducted 
to evaluate variations in the ground-beetles assemblages 
among different vegetation plots. DCA was conducted with a 
rearrangement at each plot, and scored. 

3. Results 

3.1 Field census  
A total of 3707 ground-beetles, representing 82 sepecies, was 
collected in the census in Table 3. Only two species, Colichus 
halensis and Harpalus niigataus, were observed in all plots. 
Some species were collected only one plots. Especially in 
grassland in Shonai biotope 6 indegeous species were 
observed. 
 The Statistical analysis of the census was shown in Table 4. 
The value of diversity index was almost same in all plots. But 
the highest Shanon-Winner index was observed in grassland 
in Yadagawa biotope. The same result was shown about the 
evenness of Chao index. From the index of disturbance, 
Ishitani index, the forest plots in both biotopes were classified 
into forest area, and other plots into the flood plain in Fig. 3.  
 The result of DCA of the ground-beetles assemblages was 
shown in Fig. 4. It indicated that different vegetation plots 
placed along the first DCA axis increasingly, 
Shonai-grassland < Shonai-wetland < Yadagawa-grassland < 
Yadagawa-forest < Shonai-forest. It also indicated that 
different ecological characteristics placed along the first DCA 
axis increasingly, grassland-species < generalist < 
forest-species. 
 

4. Discussion 
It became clear that various the ground-beetles communities 
are maintained in two biotopes, Shonai and Yadagawa that 
have same river system, by this research. There were greater 

Fig. 1. The map of study site, Yadagawa biotope and Shonai 
biotope. 

Fig. 2. The picture of a pitfall trap. . 
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differences in the temporal activity density and species 
richness of the ground-beetles among the vegetation types 
with disturbance frequency.  
 
Table 3. The list of collected ground-beetles at each plots. 
 

 
 
Table 4. The statistical values in each plots. 

 
 
 

 

 

 
 

 

4.1 Characteristics of the ground-beetles in Biotopes  
In this investigation, many Harpalus sinicusm, Harpalus 
niigatanus of phytophagy, habitat generalist Campalita 
chinense, were collected in the whole region. From this, it can 
be said that these kinds are representation kinds of the Shonai 
river system in Nagoya. The respectively characteristic 
species was collected in each biotope, Pheropsophus 
jessoensis, Eusilpha japonica and Damaster blaptoides 
blaptoides at Yadagawa biotope, Dolichus halensis and 
Onthophagus tricornisi at Shonai biotope. 
 Campalita chinense has flight capability, the capability to 
produce a large number of eggs and the resistance to 

Fig. 3. The relationship between vegetation type and Ishitani 
disturbance index. The value of the index in each plot were shown 
in circles.  

Fig. 4. DCA of the ground-beetles. ・: each species of collected in 
all plots, circle: the average of each plots.  
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disturbance [20]. Dolichus halensis is carnivore with flight 
ability and is widely distributed over whole extent of Japan 
from mountain land to urban areas. Harpalus species has 
flight capability and eats grasses that distributed widely. This 
genus was observed in all the plots as a generalist.  

Damaster blaptoides blaptoides is an endemic species of 
the area and their food is snails. The distribution of the 
species is widely from a forest to a grassland [21]. Although 
Pheropsophus jessoensis has flight capability and an imago is 
carnivorousness, the ecology of a larva is specialized, it is 
parasitic eggs on Gryllotalpidae. The habitat of the species is 
stable grassland. It is decreasing with reduction in 
Gryllotalpidae in recent years. Eusilpha japonica is a 
common species that has flight ability and is distributed over 
mountain land from the flatland. The habitat of the species is 
a little stable forest. It is thought that the area where these two 
species were collected is comparatively stable. The forest 
specialist who inhabits more stable mature forest was not 
collected. Most forest specialists are indicator species and 
rare species. As mentioned above, the ground beetles 
community of the Shonai river system is consist of the species 
that has flight capability, power of resistance to disturbance. 
Because of the Shonai biotope was constructed one years ago, 
the community structure of the Shonai biotope is consist of 
disturbance dependence species. On the other hands, it passed 
three years after the construction of Yadagawa biotope, the 
species of the community structure is consisted of the species 
that likes stable grassland. 

Saprinusspl endens is a kind of Histeridae which likes 
stable environment[22]. In this research, only one species was 
collected in the Shonai river wetland. It did not breed and 
generate in the wetland one year after development, but it is 
thought that it came flying from other habitats. The same 
way, the species of Nepa hoffmanni can be considered the 
migration from another habitat.  

Damaster blaptoides blaptoides, Carabus arrowianus and 
Onthophaqus tricornis are generalists, that live in the places 
where many kinds of vegetation is mixed. The species was 
collected all over the plots, then when disturbance happened, 
the species evacuates a surrounding grassland area or 
woodland area temporarily. 

4.2 The cause of the biodiversity in biotopes 
Through all the research periods, there were most the 

numbers of individuals and the species of the Yadagawa 
biotope grassland plot. It was shown that there was a twice as 
amount of biomass as this by simple calculation. However, 
there is no difference of diversity index among five plots. It is 
because the collected number of Phropsophus jessoensis 
loses the balance of the species composition of each 
investigation plot (291 individuals) of the Yadagawa 
grassland plot. If the dominant species collected over 40 
individuals is removed, the other species are collected with 
sufficient balance, became a factor of high biodiversity and 
showed the characteristics of each community of the 
ground-beetles.  

The result in which the classification result of the 
investigation plots, grassland, forest, wetland, by Ishitani's 

disturbance index[17] reflected the feature of the 
investigation plots well was obtained. But only a few 
individuals of the species that reflect the wetland, such as 
Archipatrobus flavipes, Scarites terricola pacificus, Drypta 
japonia, Chlaenius variicornis, and Pterostichus sulcitarsis, 
were collected in Shonai wetland plots. And also the species 
of Bembidiinae was not checked. On the other hands, forest 
species, such as Haplochiaenius costiger in Yadagawa forest 
and Pterostichus noguchii in Shonai forest plot, were 
collected. This is considered that the construction time of the 
habitat affected the community of each plot.  

Some studies indicated the axis 1 of DCA is environmental 
fastidiousness [23]-[25], on the other hands the axis 2 of DCA 
showed nothing. The same result was shown in this study. 
Since the biotopes of this research was recently constructed, 
the litters layer has piled up only about 1 cm in depth. Then 
the biotopes are not evacuation habitat yet for the 
ground-beetles. It is thought that the biotopes became the 
collecting feeds area and laying eggs area. In Shonai bitope 
grassland plot the mowing is done completely, but the 
production of seeds by Gramineae was observed. There are a 
sufficient biomass to maintain the Harpalus community in 
Shonai biotope grassland plot. Pheropsophus jessoensis was 
collected in grassland plots and wetland plot in both biotopes. 
The species has a special feature that larva of the species lives 
on Gryllotalpa orientalis. But G. orientalis was not collected 
sufficiently in Yadagawa Biotope, then it is not showed that 
the reproduction of the species was occurred. The Adult of the 
species utilize as the feed area, and in the other plots they 
breed and laid eggs. In the Shonai biotope collection, 
sufficient number of G. orientalis was collected, the 
reproduction of P. jessoensis was occurred.  

It was pointed out that Chlaeniu micans lives in forest and 
their larva feed the caterpillars on the vegetation [26][27]. In 
both biotopes C. micans was collected in early autumn. The 
reason is that a mowing in September was reduced the 
caterpillars, then there was no feeds in the biotopes. 

4.3 The conservation of the biodiversity in biotopes 
Many researchers have pointed out that the management 
method of vegetation has seriously influence on a biological 
community [27]-[31]. Forest specialists can invade the areas 
that maintaining the stable forest environment, accordingly 
succession degree be established gradually. It can be said that 
the succession degree affects influence on the ground beetles 
community also in the riverbed. From the data of Shonai 
biotope, completely mowing affects the biodiversity, then it is 
important by leaving without cutting down some willows to 
aim at recovery of the ground beetle community which makes 
that a habitation base. The immigrant from the habitat of the 
circumference of a biotope was suggested. It is important that 
stepping stones or corridor to which the import to a biotope is 
urged to form a habitat network.  
 

5. CONCLUSION 
We get two main conclusion. 
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1) Investigated the ground beetles community was the same 
tendency as the structure of the community of a general 
riverbed. Although the species that is characterized by  the 
biotopes was not checked, the ground-beetle community of 
forest habitat was collected also in small-scale riverbed 
forest. 
2) In the newly constructed biotopes, the ground beetles 
community was reflecting the characteristic of the area, and 
can use it for environment assessment as an index which 
shows maturity and disturbance degree. 

Based on these conclusions, three proposals about the 
management method of a biotope are made. 
1) In a part of low riverbed area, it refrains from felling, 
willows are grown up naturally, and small-scale riverbed 
forest is made. 
2) Within the distance from which a grassland species can 
escape, mowing makes a mowing zone and a non-mowing 
zone like "tiger cutting", and various vegetations are arranged 
like a mosaic. 
3) In the tall grassland and riverbed forest like a reed or 
willows, the conservation area leave the natural succession is 
set up. 
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1. INTRODUCTION 

In the last 50 years, the risk of landslides has increased 

enormously. The soil characteristics have already been 

explored, but there is still a lack of studies focused on the 

properties of the ‘post-failure’ material. Within the frame of a 

fluid mechanics treatment, the rheological characteristics of 

the flowing material would be useful for a better 

understanding of the flow characteristics of such events. In 

this paper, interesting informations in that field have been got 

by studying the rheological characteristics of a debris flow 

dry soil remixed with different amounts of water and a natural 

monogranular sand remixed with Newtonian fluids having 

different viscosity. These are materials that may behave like a 

yield stress fluid and their rheological parameters are strictly 

related to grain characteristics (i.e., size, shape, etc) and to 

interstitial fluid viscosity [1]-[2]-[3]-[4]-[5]-[10]-[11]-[13]. 

Because of the wide grain size distribution of the debris flow 

material (varying from clay to gravel), it has been prefer to 

refer as the solid volumetric concentration, which is a 

parameter that relates the solid amount to the total volume of 

the entire mixture. On one hand, with a conventional 

rheometer it is possible to analyze the rheological behaviour 

of the debris flow material considering a 70% of the whole 

grain size distribution and to study the changing of the 

rheological parameter with the variation of the solid fraction. 

On the other hand, with a large scale annular rheometer it is 

possible to analyze the rheological behaviour of a large 

particles mixtures (i.e., the monogranular-sand suspensions) 

and the influence of the grain size and of the interstitial fluid 

viscosity on different characteristic flowing parameters. 

 

 
 

2. EXPERIMENTAL SETUP, PROCEDURES AND 

MATERIALS TESTED  

A rotational rheometer CVOR (Bohlin Instruments) equipped 

with a vane rotor geometry system had been used, which 

consists of four thin blades arranged at equal angles around a 

small cylindrical shaft. The blade radius was R1=13 mm, and 

the blade height was L=48 mm. The vane rotor was immersed 

in the sample (the sample volume was roughly 27 ml) 

contained in a cylindrical cup of radius R2 = 18.5 mm. During 

the test, a part of the material is trapped in the blades so that as 

a first approximation the flow characteristics are similar to 

those between two solid coaxial cylinders, with the inner 

radius equal to that of the blade [12]. Under usual 

assumptions (no inertia effects, negligible normal stress 

differences) one can estimate the shear stress τ and the shear 

rate  within the material from the following formulae: 

 
2

1/ 2T R L                                                                 (1) 

 

1 2 1/R R R                                                                 (2) 

 

It was possible to define the deformation undergone by the 

material from the initial time. At time t, the deformation γ is 

equal to: 

 

0

t

dt                                                                             (3) 

 

Creep tests were carried out, which consisted of imposing a 

constant stress and measuring the induced deformation of the 

material over time. The deformation is expressed in terms of 
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angle of rotation of the inner cylinder since the initial 

application of the stress. A complete test consists of imposing 

various values of stress, preparing each sample in the same 

initial state before each new stress value.  

A large scale annular rheometer has also been used, which 

consists of two concentric horizontal aluminium circular 

disks assemblies mounted on a vertical shaft fixed on the 

basement of the apparatus. The lower disk assembly is 

mounted on the shaft with two roller bearings allowing 

rotation but no vertical motion. The lower disk is restrained 

from rotating by a torque arm connected to a load cell. This 

lower part has an annular trough 100 mm wide and 35 mm 

deep and has a mean radius of 200 mm; it is therefore called 

channel. The channel is closed above by a heavy rotating 

upper disk assembly mounted on the same vertical shaft 

through two roller bearings allowing both rotation and 

vertical movements. The surfaces of the upper (i.e. the ceiling 

of the channel) and of the lower disk (i.e. the bottom of the 

channel) were made rough with a glued sand paper sheet 

having a roughness of about 1.2 mm. The angular velocity is 

obtained by recording the pulse rate and, knowing the size of 

the gear and of the cogged wheel, the rotation speed of the 

upper plate of the shear cell is easily obtained. The vertical 

displacement of the upper disk is measured, with respect to 

the channel bottom, via a cable linear position transducer. 

Before starting a run, the shearing channel is filled with a 

known amount of granular material, carefully mixed with the 

liquid (special attention is paid to removing any trapped air). 

After a few rotations aiming to settle the material (the lower 

plate remaining at rest), the vertical position of the disk is 

measured. The counter weight strictly necessary to balance 

the disk weight is determined and, by unloading the 

counterweight, a fixed vertical pressure is caused. The disk is 

then let turn and a run is performed according to one of the 

two following procedures: one or more assigned velocities of 

the upper disk are reached, and the corresponding upper disk 

displacements are measured; the velocity is increased until a 

desired displacement of the rotating disk is reached; the 

velocity of the upper disk is increased step by step and 

subsequently decreased as well. During the test several 

desired velocities are reached. Torque, velocity and 

displacement are anyway monitored and a video record is 

taken.  

The debris flow material has been tested with the rotational 

rheometer. It was sampled from the source area of a debris 

flows occurred in the Campania region (Nocera, Salerno, 

southern Italy, March 2005). The soil type, in a thickness of 

about a meter, depends on the most recent pyroclastic 

deposits deriving from the volcanic activity of Mount 

Somma/Vesuvius. The grain size distributions of the 

collected sample are reported in Fig. 2.1: the soil is a sandy 

silt with a small clay fraction. The bedrock underlying the soil 

is limestone, the specific gravity of soil particles is 2.61, the 

dry and total weight of soil per unit volume are respectively 

9.08 and 11.35 kN/m
3
 and the porosity is 0.66. With the 

debris flow material, it was decided to perform tests on the 

soil fraction with a particle diameter less than 0.5 mm, in 

order to respect at best the continuum assumption (it is 

necessary to have a material thickness much larger than the 

particle size in the material). Doing so retains about 50–70% 

of the whole grain size distribution, as shown in Fig. 2.1. 

 

 
Fig. 2.1 Grain size distribution of the collected debris flow 

material. 

 

All the experiments involving debris flow materials were 

carried out with mixtures of dry soils with different amounts 

of water. The solid concentration is described with the help of 

the solid volume fraction Φ, that is, the ratio of the volume of 

solids, VS, to the total volume VT (water plus solids) of the 

sample. In fact, according to the mixtures involving debris 

flow material and water, it is not possible to determine exactly 

how much of the dry material contributes to the formation of 

interstitial fluid (i.e., composed by water and smaller 

particles) and how much of the material set up the solid phase 

of the mixture (see Fig. 2.2). For each material tested, 

material mixtures of about 500 ml were prepared, mixing 

soils and distilled water with an electronic mixer (at about 30 

rev/min) for 15 min. Then a sample volume of about 30 ml 

was used for each test at a constant temperature (23°C). 

 

 
Fig. 2.2 Tested materials. a) debris flow material; b) 

natural sand. 

 

The natural sand has been tested with the annular rheometer. 

The natural sand have uniform granulometric distribution 

(d=1.4-1.68 mm), the shape of the grains is irregular and the 

density is equal to 2670 Kg/m
3
. All experiments were carried 

out with mixtures of dry sand remixed with different fluids: 

clear water (low viscosity interstitial fluid, 0,001 Pa·s) and. 

Glycerine (high viscosity interstitial Newtonian fluid, 0,394 

and 0,598 Pa·s). The combinations of fluid and grains lead to 

mixtures of fluid and irregular grains having solid-fluid 

density ratios ranging from 1 to 3. According to [13] the 

linear concentration λ, i.e. the ratio between particle diameter 

and their relative distance, related to the actual concentration 

Φ and to the maximum theoretical bulk concentration Φ0 (i.e. 

the concentration at which all particles are in reciprocal 

contact) has been used. As reference concentration, the 
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maximum concentration Φm = 0.56 has been used. The actual 

concentration has been derived from the displacement of the 

upper disk. The residual volume was measured and taking 

into account the residual volume and the corresponding 

displacement of the upper disk, the granular concentration of 

the shearing layer is then derived. It is important to note that 

in the case of the natural sand has been possible to accurately 

determine the maximum packing concentration (for the 

detailed procedure see [4]) while for the debris flow material 

it has been simply deduced. 

3 EXPERIMENTAL RESULTS 

3.1 Creep tests 

Creep tests were carried out imposing a constant stress to the 

debris flow material mixtures and measuring the induced 

deformation over time. A complete test consists of imposing 

various values of stress, lower and larger than a critical stress, 

called static yield stress (i.e. the value of stress after that the 

mixture starts to flow like a fluid) [9]. The value of the static 

yield stress for each debris flow material mixtures analyzed 

was determined with some stress sweep tests carried out using 

the rotational rheometer. The stress sweep tests consist in 

measuring the apparent flow curves by applying an increasing 

shear stress ramp. The shear stress was continuously 

increased in a logarithmic way from 0.1 Pa to a large 

(maximum) value, and the corresponding shear rate was 

measured. The maximum stress value was specifically 

determined for each sample from independent (rheometrical) 

tests under similar technical conditions so as to get a rapid 

flow in the liquid regime without fluid expulsion out of the 

geometry (for the complete procedures and results see [11]). 

Before each creep test performed, the material was set up 

inside the geometry, immediately imposing a pre-shear at the 

maximum stress value above described for 30 s, and then 

starting the test in order to homogenize the sample. In Fig. 3.1 

is showed the experimental results obtained with a creep test 

on debris flow material mixture at solid volumetric 

concentration Φ of 42%. It is observed that for stresses lower 

than critical stress the deformation’s curve remains concave, 

with a slope continuously decreasing in time on a logarithmic 

scale, and exhibits an apparent horizontal asymptote. The 

deformation is limited, and the instantaneous shear rate 

decreases continuously to lower values, so that no steady state 

is reached. Finally, the material apparently stops moving and 

this should correspond to the solid regime of the material (the 

apparent shear rate  is close to zero) [14]. For stress values 

higher than the critical value, the initial slope of the curve is 

similar to that under smaller stresses, but after some time 

there is an inflection point, and the curves gradually tend to 

reach an inclined straight line, with a slope equal to 1. In this 

case the deformation increases at a constant rate, which 

means that the apparent shear rate is constant, and a 

steady-state flow has been reached. These curves correspond 

to the liquid regime of the material [15]. However, the 

transition from the solid to the liquid regime is abrupt (see 

Fig. 3.1): for a stress just above the yield stress, the material 

rapidly reaches a shear rate level that is relatively high 

(typically of the order of or larger than 1 s
-1

). This suggests 

some viscosity bifurcation effect [9], again associated with a 

critical shear rate ( c ) below which no steady flow can be 

observed, as has already been observed from the results 

obtained in the sweep test on the same material mixtures. 

Note that the apparent critical shear rate may depend on the 

flow history, which can explain a slight difference between 

the value deduced from Fig. 3.1 and that found from the 

specific procedure used for sweep tests, showed in Fig.3.2. A 

recent work [8], focused on the behaviour of concentrated 

granular suspensions exhibiting similar characteristics, 

showed that this material exhibits a critical shear rate below 

which they cannot flow steadily. This could be an effect 

leading to shear-banding when an apparent shear rate is 

imposed below this value. The same trends occur here with 

the debris flow material mixtures analyzed: the static yield 

stress corresponds to the stress needed to unjam the locally 

settled structure, and then the dispersed suspension flows 

more easily. Consistent with this scheme, along the stress 

plateau associated with the static yield stress the material 

shear-bands and, increasing shear rate beyond the critical 

value, the material flows as a homogeneous fluid. (see 

Fig.3.2). As a consequence we have an unstable behaviour: 

when a stress is imposed while the mixtures are at rest they 

will not flow until the static yield stress has been reached, and 

just beyond this value suddenly flow at a shear rate larger than 

the critical shear rate. It has been noted that, in the absence of 

sedimentation and with very small particles, the material 

behaves like a Newtonian fluid up to a critical shear rate 

[6]-[7]-[8] - [9]. 

 

 
Fig. 3.1 Creep tests for debris flow material (42%). 

Deformation against time for different stress levels (from 

bottom to top): 90, 110, 120, 140, 142, 160, 170, 180, 200 

Pa. 

 

 
Fig. 3.2 Sweep tests with debris flow material 1 at 42% 

(Representative test). 

847



  

 

 
Fig. 3.3 Rheological characteristics of debris flow 

material as a function of solid fraction: static yield stress 

(empty squares symbols) and critical shear rate (empty 

circles symbols). 

 

This behaviour is strictly related to the characteristics of these 

mixtures, i.e. particle type and interstitial fluid viscosity, 

which are strongly related to the solid volumetric 

concentration of the mixtures as showed in section 2. In fact it 

is especially interesting to look at the variations of the static 

yield stresses and the critical shear rate with the solid fraction 

(see Fig. 3.3). It can be seen that the yield stress and the 

critical shear rate increase in a similar way with solid fraction 

and they increase by two orders of magnitude over the very 

narrow range of concentration analyzed(less than 10%) in 

which the debris flow material mixtures tested behave as 

homogeneous fluids (for more details on the identification of 

the range of concentrations in which this type of material may 

be considered as fluids and thus can be characterized with the 

usual rheological tools see [11]). It is important to note that if 

the critical shear rate increases more or less like the yield 

stress when the solid fraction increases, then the material 

strength increases, and its apparent velocity when it starts to 

flow increases proportionally. 

3.2 Velocity profiles 

Measurements of velocity profiles were performed by Laser 

Doppler Anemometer equipment mounted on the large scale 

annular rheometer [4]. The used system is made up of a Flow 

Lite integrated laser-optics unit with a Flow Velocity 

Analyzer signal processor (FVA). The optic unit is mounted 

on a specific support, and it is driven manually in order to 

perform measurements at different point inside the shearing 

channel. Typical run was performed in analogy with the 

former procedure, i.e.: the channel is filled by a known 

amount of grains and fluid, by a counterweight a normal load 

is applied to the rotating upper disk, after few rotations the 

upper disk remains at rest aiming to settle the material and 

extrude any trapped air,. the vertical displacement of the 

upper disk is measured, the upper disk is set into rotation at 

the fixed velocities and measurements are then accomplished. 

In every run, the entire channel depth is visible through the 

window mounted on the external wall. Velocity 

measurements are performed inside the shearing gap along a 

vertical at different levels. The first set of measurements deals 

with a vertical just close to the wall. Afterwards, the 

measuring volume of LDA is moved inside the channel and a 

new set of measurements is carried out along a different 

vertical. Measures along different verticals, located at 

different positions apart from the wall, were repeated as many 

times as possible depending on the optical characteristics of 

the mixture. The most remote measuring point was usually 

located 3-4 mm apart from the sidewall towards the core of 

the channel (about 2-3 grain diameter). 

 

 
Fig. 3.4 Torque vs. the rotational velocity in the steady 

state of a 56% suspension. The line is a fit to a Bingham 

model: T=Tc + αΩ with Tc=3.86 N m and α=0.53 Pa·s. 

 

In this way any boundary effect related to the presence of the 

wall (which was actually evident), could have been evaluated; 

both velocity profiles and actual shearing zone could have 

been extrapolated, as it is described in the following. 

Measurements were carried out during several runs, 

reproducing with strict approximation the experimental 

condition of the corresponding rheometer tests; velocity 

profiles were measured along few verticals from the external 

wall towards the centre of the channel. In Fig. 3.4, the torque 

vs. the rotational velocity for the steady flows of a 56% 

sand-water suspension has been reported. As observed in the 

experiments on debris flow materials (see previous section), it 

has been observed a quasi static regime (i.e., the solid regime 

of the material) followed by a viscous regime (i.e., the liquid 

regime of the material). It has been found a shear torque 

plateau at low velocities and a linear increase of torque with 

the velocity above a critical velocity Ωc (Fig. 3.4). The data 

can be well fitted to a Bingham law T=Tc + αΩ with Tc=3.86 

N m and α=0.53 Pa·s: this suspension seems to exhibit a yield 

stress and to behave macroscopically like yield stress fluids. 

In the following, the regime for which the torque increases 

linearly with the rotational velocity will be called the 

“macro-viscous” regime (as in [13]). A typical measured 

velocity profiles obtained are plotted in Fig 3.5: the 

dimensionless velocity profiles for the steady flows of a 56% 

sand-water suspension for various rotational velocities. As it 

is evident the measured velocity profiles are similar in shape. 

Measurements show that the velocity profiles are roughly 

exponential and that they occupy the whole gap for the 

considered rotation velocities. These velocity profiles show 

the mixture in the called macro-viscous regime [4]-[13], in 

which typically the applied shear rate is higher than the 

critical one. In fact, in this regime (i.e. at high rotation 
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velocities), the mixture inside the gap is all sheared. In the 

case, the whole sample is sheared, and all the reduced 

velocity V(zi)/V(z) profiles plotted vs. the radius fall along 

the same curve. It is noted that the critical velocity below 

which the shear flow is localized is as the same order of 

magnitude of the one associated with the torque plateau in 

Fig. 3.4. The velocity profiles obtained confirmed the Non 

Newtonian character of these mixtures: indeed the velocity 

profiles in the macro-viscous regime are very different from 

those expected for a Newtonian fluid; i.e. a quasi-linear 

velocity profile. In Fig. 3.6, it has been plotted the 

dimensionless velocity profiles of sand in a 56% suspension 

with different interstitial fluids at equal rotational velocity (20 

rpm). This rotational velocity belongs to the macro-viscous 

regime of these three suspensions, in which the mixtures 

analyzed behaviour like a fluid and easily flow. In the case of 

the water-sand suspension, it has seen that in the 

macro-viscous regime all the gap is sheared. In the case of 

glycerine-sand suspensions, it has been observed that the gap 

cannot be fully sheared: there still is a 1 mm region where the 

material is not sheared. In this case, when the rotational 

velocity increases, the thickness of the sheared layer does not 

increase anymore for Ωi>Ωc, and it remains smaller than the 

gap size. Analyzing velocity profiles and video records, it 

seems reasonable to assume an active shearing layer zm, 

which extends from the ceiling of the channel to the level 

corresponding to 10% of the higher velocity (see Fig.3.7). 

 

 
Fig. 3.5 Dimensionless velocity profiles in the steady state 

of a 56% water-sand suspension, at various rotational 

velocities. 

 

Below this level we assumed that the quasi-locked lower 

layer zs is at rest .It has been thus observed that the thickness 

of the sheared layer in the macro-viscous regime (i.e. for 

Ωi>Ωc), does not depend on the velocity and cannot exceed a 

maximum value zm, which decreases when the suspension’s 

viscosity increases. A value of 7.5 mm was found for the 

water-sand suspension, whereas 7 mm for the glycerine-sand 

suspensions. Actually, we observe that viscous flows at low 

velocities are not stable (i.e. for Ωi>Ωc and C ), and that 

the flow localizes. The mechanical origin of localization was 

evidenced by [7]: there is no steady flow for a shear rate 

below a critical shear rate C  that depends on the material’s 

properties. When the rotational velocity is lower than Ωc, the 

apparent shear rate in the gap is lower than C . Therefore, 

the flow has to localize so as to ensure that in the flowing 

material C and during localization, the shear stress 

increases while  tends to C : the stationary shear stress at 

the walls is then approximately C . Shear localization 

thus leads to a shear stress plateau C  at low velocities (Fig. 

3.4); however the flowing behaviour of the sand mixtures 

analyzed is always a purely viscous behaviour, even when the 

flow is localized, in the range of velocities studied. Finally, it 

has been noted that the mixtures behaviour dependences on 

the volume fraction: there may be no flow for Φm. The 

macro-viscous regime of dense suspensions then starts when 

the sheared region has reached a region where Φ=Φm: the 

thickness of the sheared layer cannot increase anymore, and 

now the torque has to increase linearly with the rotational 

velocity since the local shear rate now increases linearly with 

the velocity and since the flowing material behave like a 

purely viscous material. It is finally showed in Fig. 3.8 the 

comparison between the variations of the yield stresses with 

the solid fraction for every material mixtures tested in this 

study. It can be seen the same trend regardless the material: 

yield stress increase with solid fraction in exponential way 

and debris flow material mixtures and water sand suspensions 

increase in a similar way with solid fraction. 

 

 
Fig. 3.6 Dimensionless velocity profiles in the steady state 

of sand in a 56% suspension with different interstitial 

fluids at equal rotational velocity (20 rpm). 

 

 
Fig. 3.7 Sketch of shearing and quasi-locked layer in the 

shearing gap. 
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Fig. 3.8 Static yield stress as a function of solid fraction 

for all the material mixtures tested: comparison between 

debris flow material and monogranular sand. 

4 CONCLUSION 

In this paper it has been studied the flowing behaviour of 

debris flow material-water mixtures and natural sand water 

and glycerine suspensions by coupling local velocity and 

concentration measurements through large scale annular 

rheometer and macroscopic rheometrical experiments in a 

vane geometry. From rheometrical experiments performed 

and with the help of the velocity profile measurements, it has 

thus shown that the local material behaviour is a purely 

viscous behaviour. Creep tests and sweep tests have been 

shown that the typical rheological behaviour of these 

suspensions is that of a yield stress fluid exhibiting a static 

yield stress. The flow of such materials is usually unstable: 

they will start to flow beyond a critical stress, but just beyond 

this value will reach a high shear rate associated with a high 

flowing velocity. Then, the yield stresses and the critical 

shear rates are strongly influenced from solid fraction: if the 

solid fraction increases they increase in an exponential way. 

Analyzing velocity profile has been possible to identify and 

quantify the actual shearing layer and deriving the related 

parameters. Velocity measurements have been confirmed that 

these kind of mixtures are non Newtonian (they can flow only 

if a critical value of velocity has been reached, i.e., critical 

shear rate) and that the grain characteristics not appear to 

affect the macroscopic rheological behaviour of both 

mixtures. Moreover in the velocity profiles it has been clearly 

seen the influence of the interstitial fluid viscosity on the 

mixtures behaviour: the shared material layer decrease when 

the viscosity of the interstitial fluid increase and the relative 

velocity also decrease. These results suggest that, in the field, 

a small change in solid fraction will cause a slight decrease of 

the static yield stress, inducing a flow rapidly reaching a shear 

rate larger than the critical shear rate associated with a rapid 

flow. These results raise many questions: first, the physical 

mechanism associated with critical shear rate; second, the 

cause leading to the formation of two distinct layers within 

the material: the lower quasi-locked layer and the upper fully 

sheared layer; third, the characterization of the suspension at 

very low velocities in the quasi-static regime. 
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1. INTRODUCTION 
There has been a growing need for trenchless technology for 
the construction of various pipelines. This trend has been 
evidenced by its implementation in the installation of trunk 
sewers in Kuching, Sarawak. Sewer lines comprising of 
concrete pipes were installed using micro-tunnelling by 
pipe-jacking. This method was elected over conventional 
open trench methods due to the minimised socio-economic 
disruption and pollution. However, the technicalities of such 
tunnelling works required specialist expertise. During the 
jacking process, various components were necessary for the 
works to proceed. The capacity of the microtunnel boring 
machine (MTBM), the application of lubrication, the capacity 
of main jacks, the use of intermediate jacking stations, and the 
design of jacking pipes are constituents of the synchronous 
system for successful pipe-jacking. A key factor affecting the 
above components is the frictional jacking load. 

2. BACKGROUND 
Studies have been carried out to investigate the behaviour of 
jacking loads during the pipe-jacking process. Pioneering 
studies on pipe-jacking were carried out by researchers at 
Oxford University, U.K. Norris & Milligan [1] detailed drives 
entailing instrumented concrete jacked pipes were carried out. 
Instrumented pipes were outfitted with pore pressure probes, 
contact stress transducers, extensometers, and other 
monitoring equipment. Data on variations of normal stresses 
and pore pressures on the instrumented pipes provided 
valuable early insight into the effects of lubrication on jacking 

stresses [2, 3]. Pellet-Beaucour & Kastner [4] studied the 
influence of various parameters on the build-up of frictional 
forces for drives in varying soil conditions across France. The 
authors proposed two frictional force models in their analyses. 
Staheli [5] studied the behaviour of pipe-soil interface friction 
by conducting laboratory shear box tests. Sand specimens 
were applied normally on pipe crown segments of varying 
roughness. A similar test was carried out by Shou et al. [6], 
with the addition of lubrication. Interface frictional 
coefficients were derived from the shear box tests and 
verified using three-dimensional finite element modelling. 
The experiences and results reported by these researchers 
have been carefully reviewed and understood, so as to ensure 
that the methodologies reported in this paper are within 
acceptable conditions and practice. 

3. SHEAR BOX TESTING OF EXCAVATED SPOILS 

2.1 Direct shear test and geology 
Due to the weathered nature of the ‘young’ sedimentary and 
metamorphic rock of the Tuang Formation in the Kuching 
City area, intact and competent rock cores (≥100mm in 
length) are usually difficult to obtain during Soil 
Investigation works, thus making the strength parameters (c’ 
and φ’) for these weathered rocks rather elusive. Rock Quality 
Designation (RQD) may not be the best indication of rock 
strength as the values are usually zero or close to zero due to 
its friableness. However, this observation does not 
necessarily represent the in-situ strength of the rock mass as a 
whole. Hence, performing direct shear tests where excavation 
spoils  are  reconstituted   with  appropriate   confining   stress  
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during testing may be a worthwhile and feasible method.  
Direct shear test was conducted using the GeoComp 
ShearTrac-II direct shear system (Figure 1). The ShearTrac II 
system enables full automation of shear box testing. 
Automation of the test ensures repeatability of testing regime. 
 

 
Figure 1 ShearTrac II direct shear system 
 
Control of the ShearTrac II system is achieved through the 
use of the SHEAR software. Users are given control over the 
shear box testing regime by inputting the desired 
consolidation stresses and shear strain rates. Results from 
tests are generated regularly in terms of horizontal and 
vertical displacements, as well as shear stresses along the 
shear band. The ability of the user to obtain results at a 
high-resolution allows for close scrutiny of tests. The 
ShearTrac II system is also able to maintain the consolidation 
and confining pressures throughout the test, from the 
consolidation stage through to the shearing stage.  

 
 
 
 

2.2 Collection of excavated spoils 
Excavated spoils were collected from the slurry separation 
plant (also known as desander). The excavated spoils were 
transported from the MTBM face through suspension in a 
pressurized slurry transport system and discharged in the 
desander. The desander recycles the slurry through filtration 
and segregates the spoils from the slurry. The slurry is then 
pumped back through the slurry supply line, back to the TBM 
face. Figure 2 shows approximate chainages at which 
excavated spoils were collected for testing. 

2.3 Shearbox testing and results 
Test samples were prepared according to AS1289.6.2.2-1998 
[7]. Scalping of samples was carried out according to the 
allowances stated in the above-mentioned standard. The test 
samples consisted of grains passing the 2.36mm sieve, and 
retained by the 75μm sieve. Such scalping method has already 
been carried out by Bagherzadeh-Khalkhali & Mirghasemi 
[8]. Scalping was deemed necessary as preliminary shear box 
testing showed large fluctuations, particularly beyond the 
peak stress threshold. The consolidated drained shear box 
tests were conducted with samples placed in the reservoir 
filled with distilled water. Shearing was initially carried out at 
three confining pressures σ1, i.e. 170kPa, 180kPa, and 
190kPa. These were approximate in-situ stresses acting on the 
pipe. Two further sets of tests were conducted at confining 
pressures of 100kPa and 250kPa, for better data distribution 
when measuring the respective strength characteristics. 
 
Table 1 Results from shearbox testing on excavated spoils 

Sample 
number 

σ1  
(kPa) 

Peak strength 
characteristics 

Residual strength 
characteristics 

τpeak 
(kPa) 

ϕpeak 
(°) 

cpeak 
(kPa) 

τres  
(kPa) 

ϕ res  
(°) 

cres  
(kPa) 

Sample 1 

100 117 

36 49 

96 

28 37 
170 179 128 
180 171 128 
190 186 134 
250 227 178 

Sample 2 

100 183 

49 78 

112 

47 4 
170 282 201 
180 282 203 
190 282 204 
250 360 275 

 
Table 1 above tabulates the results from shear box tests on the 
spoils. Generally, higher confining pressures, σ1 resulted in 
larger shear strengths, τpeak and τres. Strength characteristics 
were interpreted according to the Mohr-Coulomb failure 
criterion. Sample 2 showed higher strength characteristics 
than Sample 1 at both peak and residual strains. This is 
attributed to the particle shapes of the respective samples, 
with Sample 2 exhibiting generally angular particles as 
compared to the rounded particles of Sample 1 (Figure 3). As 
expected, peak strength parameters were generally higher 
than the residual counterparts for both samples. This is 
particularly evident for Sample 1. For Sample 2, the decrease 
in strength from peak to residual states was significantly due 
to a loss of cohesion. There was minimal observed decrease in 
friction angle of Sample 2. The residual strength of the 
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Figure 2 Estimated locations where Sample 1 
(metagraywacke) and Sample 2 (sandstone) were 
collected as excavation spoils from slurry 



 

853 
 

 

samples is thought to mimic the excavation process better as 
the in-situ rock mass is expected to be crushed till failure by 
the roller cutter bits found at the face of the MTBM. Besides, 
the continuous jacking process involved in the installation of 
pipes is also analogous of a shearing process in large–strain 
condition. The test results obtained were subsequently 
utilized for the prediction of frictional jacking forces. 
 

  
Figure 3 (left) Sample 1 (spoils of metagraywacke); (right) 
Sample 2 (spoils ofsandstone) used for direct shear tests 

3. ANALYSIS OF FRICTIONAL JACKING FORCES 
In the pipe-jacking process, jacking forces comprise of soil 
pressures acting on the face of the MTBM and normal 
stresses accumulating along the outer peripheral surface of 
the pipeline. The frictional component nominally forms the 
major portion of the jacking loads as the pipe-soil contact area 
increases with jacking progress. 

3.1 Frictional jacking force equation 
Frictional forces have been the subject of much research. The 
work carried out by Pellet-Beaucour & Kastner [4] employed 
the model shown in Eq.(1), which is expressed as a function 
of vertical soil stress on the pipe crown, σEV as in Eq. (2). 
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L is the length of the pipe string, De is the outer diameter of 
pipe, γ is the soil unit weight of ground cover, h is the height 
of cover at the pipe crown, K is the coefficient of lateral soil 
pressure, δ is the angle of wall friction in the shear plane, b is 
the influencing width of soil above the pipe. μ is the 
coefficient of soil-pipe friction, expressed as 

δµ tan=  (3) 
Pellet-Beaucour & Kastner [4] suggested upper limit values δ 
= ϕ, and lower limit values of δ = ϕ⁄2 or ϕ⁄3 for soil-structure 
interaction calculations. They also reported values for b, δ 
and K by various organizations (Table 2). 
Staheli [5] and Pellet-Beaucour & Kastner [4] further 
reported the use of some values of friction coefficient, μ. 
These values were obtained from Stein et al. [9]. 

Table 2 Summary of various parameters for use with 
frictional model by Pellet-Beaucour & Kastner [4] 

b δ K 
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24
tan21 φπ

eD  ϕ 1 

 
Table 3 Friction coefficient values for various friction 
states from Stein (as summarized in Ref. [4]) 

 Static 
friction 

Sliding 
friction 

Fluid friction 
(lubrication) 

Concrete on gravel 
or sand 0.5 – 0.6 0.3 – 0.4 

0.1 – 0.3 

Concrete on clay 0.3 – 0.4 0.2 – 0.3 
Asbestos or 
centrifuged 
concrete on gravel 
or sand 

0.3 – 0.4 0.2 – 0.3 

Asbestos or 
centrifuged 
concrete on clay 

0.2 – 0.3 0.1 – 0.2 

3.2 Case study for back-analysis 
A case study was considered for a drive negotiating through 
the geology of the Kuching inner city area. The pipeline lies 
embedded in rock, with the crown at a level 9.5m below 
ground surface. The 103m alignment of 1.2m diameter 
concrete pipes traversed metagraywacke (metamorphic) and 
sandstone synonymous with the Tuang formation. As 
reported by Tan [10], the metagraywacke encountered in the 
Tuang formation is characterised as weathered, with 
occurrences of quartz veins. This was consistent with findings 
from soil investigation works. Metagraywacke in the Tuang 
formation is often found interbedded with moderately 
weathered phyllite. 
The tunnel was excavated using an Iseki Unclemole Super 
TCS 1200. The closed-face MTBM had an outer diameter of 
1.472m, creating a theoretical overcut annulus of 19mm 
around jacking pipes of outer diameter 1.434m. As mentioned 
earlier, the MBTM used the slurry transport system for 
maintaining a stable tunnel face, as well as for the 
transportation of excavated spoils. A shield embodied the 
machinery in the MTBM, with a succeeding sleeve attached. 
The cutter face was outfitted with four roller cutters arranged 
on the face, and three roller cutters at the peripheral for 
formation of the overcut. 
Site data of measured jacking loads (Figure 4) from the earlier 
described site was used for benchmarking against predicted 
frictional forces. Site data could be generalised under two 
drive sections. The jacking forces within the initial drive 
portion (Section 1 – 0 to 60m) accumulated within a lower 
bound of 7kN/m and an upper bound of 12kN/m. The latter 
drive portion (Section 2 – 60m to 108m) exhibited gains in 
frictional loads of between 71kN/m (upper bound) and 
41kN/m (lower bound). The positions where the samples 
were collected from are entailed in Figure 4 below, including 
the respective shear box test results. 
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Figure 4 Back-analysed upper and lower bound jacking 
forces with respect to measured values including effect of 
stoppages in jacking in Section 2 only 
 
Using Eqs. (1), (2) & (3) together with the residual strength 
properties of the excavated spoils, the required frictional 
coefficients for back-analysis were determined and presented 
in Figure 4. 
The results were based on the Terzaghi set of parameters from 
Table 2. For the initial portion of the drive, the back-analysed 
frictional coefficients were 0.19 (lower-bound) and 0.21 
(upper-bound), while those for the latter portion of the drive 
were 0.30 (lower-bound) and 0.42 (upper-bound). With 
reference to Table 3, the lower-bound coefficients of friction 
lie within the range of values reported for lubricated drives. 
The upper-bound frictional coefficient lies beyond the range 
of acceptable values for lubricated drives. 

3.3 Effect of stoppage on jacking forces 
In Section 2 of the drive, the disparity between upper and 
lower bounds for the coefficients could be explained by the 
stoppages in jacking works. Jacking forces in this latter 
section have been segregated as shown in Figure 5, thus 
Figure 5 shows jacking forces associated with only on-going 
jacking works. Frictional coefficients for the lubricated 
Section 2 are seen to have reduced to 0.32 (lower-bound) and 
0.34 (upper-bound). These coefficient values were slightly 
above the upper limit of the corresponding values reported in 
Table 3 (under lubrication component). Figure 6 shows 
jacking forces, with forces attributed to stoppages presented 
for Section 2 of the drive. Frictional coefficients for Section 2 
are 0.36 (lower-bound) and 0.42 (upper-bound), which are 
generally higher as re-start of jacking works after periods of 
stoppages  are  known  to   induce   greater   static   frictional 

 
Figure 5 Back-analysed upper and lower bound jacking 
forces with respect to measured values, but with effect of 
stoppages excluded from Section 2 only 
 
resistance and effects of lubrication are usually mitigated at 
this initial stage of work. This is confirmed by the 
back-analysed coefficients, which are comparable to those for 
unlubricated sliding friction for concrete on gravel or sand as 
per Table 3. 

 
Figure 6 Back-analysed upper and lower bound jacking 
forces with respect to measured values, with only effect of 
stoppages in Section 2 only 

Sample 1 
ϕpeak = 36° 
cpeak = 49kPa 
 
ϕres = 28° 
cres = 37kPa Sample 2 

ϕpeak = 49° 
cpeak = 78kPa 
 
ϕres = 47° 
cres = 4kPa 
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Figure 8 Development of jacking force and elapsed time 
in relation to stoppages and volume of lubricant injected 
into tunnel overcut 
 
Figure 7 shows the ‘dynamic’ propagation of friction 
coefficients during different stages of work in the 

pipe-jacking process as had been described in detail earlier 
and interpreted from Figures 4, 5 and 6. 
Figure 8 illustrates the occurrences of extended stoppages, 
where sudden increments in jacking forces have been 
previously presented. These were not weekend stoppages as 
jacking was on-going through the weekends. Such stoppages 
in work could have been due to major maintenance works, 
possibly from the replacement of roller cutters. During such 
stoppages, lubricant injected into the overcut around the pipe 
peripheral could be lost through fissures in the surrounding 
geology as shown schematically in Figure 9.  
 

 
 
 
 
The pressure for lubricant injection would also be relieved, 
mitigating any buoyancy effect that may have reduced the 
frictional forces. The effect of loss of buoyancy supporting 
the weight of the pipe could result in higher pipe-soil contact 
area. There was an observed change of the lubricating regime 
in Section 2 of the drive, particularly upon the advent of the 
third major stoppage. This increase in the volume of lubricant 
(from 170 litres to 800 litres per metre run) was in reaction to 
the increased rate of frictional loads upon transition from 
Section 1 to Section 2 of the drive. However, this intensified 
effort had only been initiated after several spikes in the 
jacking load had been accrued. 

4. CONCLUSIONS 
This paper has highlighted the potential of using direct shear 
testing of excavation spoils to obtain residual strength values 
of geologically ‘young’ weathered rock to predict jacking 
forces. The main advantage of using reconstituted excavation 
spoils as specimens is the ability to obtain rock strength 
parameters which otherwise would be elusive as intact and 
competent rock cores (≥100mm in length) are usually 
difficult to obtain in such weathered and friable conditions. 
One of the main factors affecting the accuracy of the 
back-analysis of the lower and upper bound jacking forces is 
the ‘dynamic’ or fluctuation nature of the coefficients of 
friction as the pipes penetrate into differing geology within a 
similar drive and also due to its construction activity (whether 
jacking is on-going or stopped for maintenance). The 
back-analysed coefficient of friction seems to be also affected 
by the fact that whether the drive is fully or partially 

Jacking 
pipe 

Loss of lubricant 
into fissures 

Partial lubrication 
in overcut due to 
fissures 

Full lubrication in 
overcut  

0 0.2 0.3 0.4 0.5 0.6 0.1 

Fluid friction 
(lubrication) 

Concrete-clay 
(sliding) 

Concrete-clay 
(static) 

Concrete on 
gravel or sand 

(static) 

Concrete on 
gravel or sand 

(sliding) 

Section 1 (on-going) 
μ = 0.19 (lower) 

Section 1 (on-going) 
μ = 0.21 (upper) 

Section 2 (during jacking) 
μ = 0.32 (lower) 

Section 2 (during jacking) 
μ = 0.34 (upper) 

Section 2 (stoppages) 
μ = 0.36 (lower) 

Section 2 (stoppages) 
μ = 0.42 (upper) 

μ 

Figure 7 'Dynamic' behaviour of coefficient of friction 
during various stages of the pipe jacking process 

Figure 9 Schematic idealisation showing loss of 
lubrication through fissures in a rock mass 
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lubricated. Hence, soil-structure interaction is indeed an 
important consideration in any pipe-jacking work. 
Jacking forces have been observed to have increased during 
the re-start of jacking activities after periods of stoppages as 
more thrust is required to overcome static frictional resistance 
prior to the realisation of the positive benefits of lubrication. 
However, it is the intention of the Authors to carry out more 
tests to further verify the reliability of this method for a wider 
variety of local rock types, especially in geologically ‘young’ 
weathered rock. 
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ABSTRACT: The paper presents possibilities of construction of multi-functional reservoir in mountain 
regions, especially those with soft rocks.  Construction of relatively small  reservoir instead of big  ones and 
taking the area configuration into account allows to eliminate expensive embankments and insists to 
construction of cofferdams.  The cofferdam can be formed of the occurring rock eluvium.  Such idea was 
analyzed for the south of Poland.  At present we can observe the climate changes accompanied by increase of 
the weather dynamics and unusual intensity of extreme phenomena.  Mineralogical composition of rocks or 
their eluvia occurring in the considered area is usually not taken into account while forecasting of such 
phenomena. The proposed tests on determination of the eluvium areas especially susceptible to formation of 
mud avalanches in the mountains sites. 
 
 
1.   INTRODUCTION 
 
The climate variation has been observed recently. 
They are accompanied by increase of the weather 
dynamics and unusual intensity of extreme 
phenomena.  Precipitations are very intense and 
they are accompanied by landslides and mud 
avalanches, or long-lasting droughts.  A lack of 
suitable retention causes a fast flow of discharge 
water to the seas.  Mineralogical composition of 
rocks or their eluvia occurring in the considered 
area is usually not taken into account while 
forecasting of such phenomena.  Colloidal 
activity, a state of colloidal bonding and 
crystallization strongly influence formation of 
avalanches,  strength of the mixtures and 
reversibility of their reactions with participation 
of clay minerals.  
Polish water resources are rather poor 
in comparison with other European countries. 
1600 m3 falls to one person in a typical year; in a 
dry year it is below 1450 m3 [1].  In Spain such 
number is twice higher, and for all Europe this 
number equals to 4500 m3.  Retention ability of  
Polish reservoirs equals to 6% of the mean flow 
of the surface water per year.  Moreover, it does 
not prevent against periodical excess of deficit 
of water.  Our water resources vary at different 
seasons and their distribution is not uniform.  The 
Podkarpacie region, especially its mountain part, 
belongs to the regions where the water resources 
are the most poor.  Only 20% of all 
the underground water of that region occur in its 
mountain part.  In this region there is a lack of 
rich aquiferous layers because of an unique 

geological structure, i.e  the laminar Carpathian 
flysch. It is water-permeable (there are no faults 
and dislocations), so in this region there are very 
good conditions for small flood pools. Such 
conditions allow for  high surface flows which 
can be significantly slowed down owing to 
renaturization of the flows and so-called “small 
retention”.  The program of “small retention” 
gives the best results in mountain and forest areas, 
for example the Bieszczady mountains in the 
south of Poland.  “Small retention” satisfies most 
requirements connected with ecological methods  
of water economics, and if it is correctly realized, 
it can help in improvement of natural values 
of ecosystems [  ]. The Podkarpacie region 
belongs to the mountains range of the Carpathian 
arc and the fall before the Carpathians. The region 
is very diversified considering its configurations 
and geological structure. Such diversification 
influences hydrography, climate, soils, flora and 
fauna etc. 
Intense precipitations in the summer are very 
important for the idea of construction of flood 
pools. The mountain part of the region belongs to 
the Carpathian climate with thermal conditions 
varying depending on the site height.   

Geological and hydrogeological 
conditions of the region in its mountain part are 
really suitable for the flood pools. The eastern 
Carpathians are built of flysch formations, 
weathered in their top layer. The eluvia usually 
occur as dust or dust clays. The external part 
of the massif contains flysch formations (Fig. 1), 
i.e. sandstone, mudstone, menillites, etc.[14].     
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Fig. 1. Outcrops of the Carpathian Flysch 
The Bieszczady Mountains are the area where 
there are very good conditions for the considered 
reservoirs because of favourable tectonics and its 
effects. It appears from the tests realized in the 
Podkarpacie region it appears that the eluvia 
occurring under the surface are of a high volume, 
and from mineralogical tests it results that they 
are suitable for location of reservoirs because they 
guarantee the maximum tightness. Thus, 
construction of  small earth dams or rock-fill 
dams probably will not require application of 
additional sealing elements.  The eluvium 
of suitable parameters will play that role. The 
eluvia in the layers located just under the surface 
usually occur as dust or dust clays.  

Generally speaking, in the flysch formations 
of the Podkarpacie region there are no advanced 
aquiferous layers. The minimum surface 
permeability is also an effect of mineralogical 
structure of the surface layers.  Under moderate 
swelling, illite minerals seal the site surface and 
increase intensity of the surface flow. In a 
consequence, even relatively low precipitations 
cause a flood situation at many water-courses 
and rivers in the Poskarpacie region. Thus, 
construction of multi-functional pools of small 
retention on the limited areas protects the water-
courses of the Podkarpacie region against 
the results of floods. The proposed idea  increases 
pure water resources, influences beauty of the 
region. It also changes geotechnical conditions 
and improves stabilization of slopes, protects 
against landslides.   
The proposed idea seems to be reasonable 
because in 1995 in Japan 360 such reservoirs 
were built in the mountains, and the country was 
protected against floods. At the same time, 
suitable amount of water was delivered for rice 
growing (Japan is an important exporter of rice 
at present).  
Let us note that the considered pools are located 
in the mountains, and the cofferdams baffling the 
valleys are made of soil concrete because 
of a large amount of montmorillonite in the rock 
eluvia.  In the past in Andalusia the Moor 
engineers built the reservoirs used for the 
purposes of agriculture, and this area of Spain 
developed very quickly. Let us remember that the 
proposed pools should be supplied by water 
flowing from the eastern Carpathians being an 
enclave of unique environmental conditions.  

Water-bearing 
character of the 
flysch rocks is 
connected with 
their slots – 
it results from 
their low 

porosity, 

i.e. from 0.02 to 0.1. The flow in the interporous 
spaces is difficult because of their small 
dimensions; moreover they are filled with 
the weathered illite fraction, susceptible to 
shrinkage and swelling, decreasing water 
absorbability of the flysch, sometimes to zero. 
Water absorbability gets worse as the depth of 
layer deposits rises. Resources of underground 
water is very low, there are no water-bearing 
layers. Water is stopped and occurs only in the 
cracked rocks. Under such conditions, 
precipitation waters can easily flow to the water-
courses, and next to the fall before the 
Carpathians where they supply the reservoir of 
underground waters. From that reservoir they 
flow through the underground gutters to the basin 
of the Dniestr River. Minimal surface 
permeability is also an effect of mineralogical 
structure of surface layers, i.e. illite and smectite 
minerals. Because of swelling, these minerals seal 
the surface and increase intensity of the surface 
run-off. In a consequence, even relatively small 
amount of precipitations cause floods at many 
rivers and water-courses of the Podkarpacie 
region.   
Climate variation causes serious rain-storms 
which are very dangerous for inhabitants of the 
Podkarpacie region. Such storm took place on the 
26th July, 2005 near locality Zagórz. Some 
villages were flooded in a very short time. 
The mentioned above example of Japan also 
proves that the proposed solution seems to be 
reasonable. 
 
2. THE PREDICTED KINDS OF  FLOOD 
POOLS  

Rational management of water resources in the 
Podkarpacie region requires minimization of their 
variation at time and space (periods of drought 
and flood). Thus, retention must be developed in 
the area of the basin. Construction of small multi-
functional pools is recommended. In management 
of each pool one function here is usually 
dominating (flood protection, touristic, ecological 
or energy function and so on), and other tasks are 
assigned as that main function. In practice, there 
are pools  satisfying two or three main economic 
tasks at the same time depending on local needs. .  
 There is no one official classification of 
flood pools. So-called “small retention” includes 
all the microreservoirs, and small pools positively 
influencing the environment [10]. Small pools are 
usually of total volume to 0.1 of million 
m3 and the maximum swell height  5 m. They are 
built one by one, or in a cascade system [12]. All 
the cascade is usually used for energetic purposes. 
The systems of small retention pools are proposed 
instead of one big reservoir.  In  Bieszczady  
mountains there are many river valleys (Fig.2) 
which are good places for the proposed flood 



859 
 

pools.  In the past many people lived in those 
valleys, at present they uninhabited.  
 
According to the proposed concept, reservoirs – 
depending on their location – can be flood pools, 
equalizing tanks, they can  also be auxiliary 
reservoirs near big flood pools  [3]. Some 
reservoirs should play the role of flow reservoirs 
formed as a result of partition of water-courses. 
Dry reservoirs are also provided as anti-flood 
protection. They will be accumulate the flowing 
eluvium or organic products.  

  

 

Fig. 2. An exemplary site for a reservoir in the 
Bieszczady mountains 

 

In the considered region, the intense 
precipitations, of big slopes of the ground and the 
flysch substrate cause intense run-off of the 
weathered flysch layer, sometimes being like an 
avalanche. The rubble occurring in the reservoirs 
and flumes of water-courses causes that they 
become more and more shallow.   Thus, 
construction of dry reservoirs is. In the considered 
area there are unusual conditions of flysch 
weathering, especially biological weathering. 
Such conditions are a result of  rich afforestation.  
Generally speaking, in the considered region plan 
dry reservoirs it will be possible to plan dry 
reservoirs where will be accumulate the flowing 
weathered eluvia or organic products. Such places 
will be the programmed enclave of the intense 
development of flora and fauna and, we can also 
expect favourable humus processes.  

 

3. APPLICATION  OF  FLYSCH  ELUVIA  
FOR  CONSTRUCTION  OF  
COFFERDAMS   

From the investigations on landslides in the 
Podkarpacie area it appears that the eluvia 
existing under the site surface are of a large 
thickness. From mineralogical tests it results that 
such eluvia are very good for location 
of reservoirs because they provide the maximum 
tightness. Thus, construction of small earth dams 
will not require additional sealing elements. This 
role should be played by a layer of eluvium 
of suitable parameters.   
 Experience obtained while investigations 
on marl eluvia as well as the elaborated test 
methods were applied for investigations 
of he Carpathian flysch and dust soils occurring in 
the river terraces, grounds of loess massif, illite 
clays and baidelite clays [4,5]. These grounds are 
susceptible to moisture changes accompanied 
by shrinkage and swelling as well as petrification. 
This property is strictly connected with presence 
of illite in mineralogical composition 
of the considered media. Even a very small 
amount of that mineral influences joints of the 
basic minerals.  
 The samples prepared of eluvium shales 
were tested and next the obtained results were 
compared with the results obtained for the 
samples from river valleys treated as the 
accumulated sediment of the flysch eluvium  [5]. 
The test were carried out in order to estimate 
usability of flysch eluvia for construction of 
cofferdams by identification of clayey minerals. 
Differentiation of these minerals is important 
because the contents of smectite groups exerts an 
unfavourable influence on setting and hardening 
of ground concrete  [11]. As for the considered 
ground media, their basic geotechnical parameters 
were tested and special attention was paid to 
swelling tests allowing to distinguish clayey 
minerals. Before the swelling tests, physical, 
chemical and strength tests as well as 
mineralogical tests of the considered media were 
carried out [4, 6]. Recognition of the grounds was 
based on chemical and mineralogical 
compositions by means of fluorescence, X-ray 
difractommetry and scanning microscopy. 
Moreover, derivatographic analysis was realized. 
Recognition of microstructure of the clays with 
so-called hidden swelling parameter were carried 
out by means of scanning microscopy.  The 
mentioned tests of chemical composition (Fig.3) 
show the presence of potassium which occurs 
only in illite. It was proved by tests realized 
by means of the scanning electron microscope ( 
SEM).  
The tests of flysch swelling, swelling clay or the 
media with so-called hidden swelling parameter 
used the method described previously [8]. This 
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method allows for cheap tests of flysch eluvia 
and estimation of their usability. Identification of 
illite  in the flysch eluvium allows to qualify it as 
a material for construction of cofferdams because 
of moderate shrinkage and swelling as well as 
favourable petrification and sealing properties. 
Moreover, the proposed tests could help in 
selection of places for reservoir location into 
taking a proper tightness of the ground  account. 
 Presence of illite being 
an aluminosilicate responsible for eluvium 
petrification allows for application of flysch chips 
and flysch eluvia for construction of earth 
cofferdams sccording to the proposed 
construction of multi-functional pools in the 
Bieszczady mountains  [3]. In Japan, the flood 
pools were located in the mountains and the 
cofferdams in the valleys 
were the ground-concrete is made. The eluvia 
occurring in Japan contain montmorillonites, so 
formation of cofferdrams is difficult, because 
it is necessary to add much cement to the eluvia. 
It is also necessary to take care of ground-
concrete because of formation of scratches caused 
by shrinkage of montmorillonite  [13]. 
 Construction of cofferdrams using flysch 
chips and flysch eluvia is considered for each 
reservoir in Bieszczady, depending on its 
geological structure. Of course, a suitable amount 
of clayey minerals for petrification and sealing is 
necessary. If there are no enough illite minerals 
in the eluvium, we must consider a solution using 
geotextiles and sealing foils for cofferdrams, and 
materials offered by such firms as  Tensar 
International Corporation, Ten Cate 
Geosynthetics and Geobrugg. 

 

4. THE PROPOSED TESTS FOR 
DETERMINATION OF THE ELUVIUM 
AREAS ESPECIALLY SUSCEPTIBLE TO 
FORMATION OF MUD AVALANCHES IN 
THE MOUNTAINS SITES  

Experience obtained in the while works on marl 
eluvia [2,4,7], and the elaborated test methods 
were used during tests of Carpathian flysch and 
dust soils occurring in river terraces generated 
as a result of the eluvia accumulation [5,11].  

The samples prepared from the shale eluvia were 
tested and compared with the samples from the 
river valleys, treated as the accumulated sediment 
of the flysch eluvium. The basic geotechnical 
parameters of the considered ground media were 
tested. Special attention was paid to swelling tests 
allowing to identify clayey minerals. At present, 
the author is engaged in works connected with 
the causes of mud avalanches formation. In such 
cases, hydraulic conditions and influence of 

mineralogical composition should be taken 
into account. Tests of susceptibility of the soft 
rocks for  formation of the mud avalanches could 
be limited to drawing of eluvium samples 
occurring at the slope. The samples  should be 
subjected to swelling tests by means of the 
method given in the  some previous papers 
[4,8,11]. This simple method allows to identify 
clayey minerals responsible for swelling, 
occurring in the rocks.  While tests we use the 
presence of endothermic maxima – the 
temperature points at which the heated sample 
loses contents of bound water. The author found 
that minerals from the groups of monmorillonite 
and illite (causing swelling) lost that water 
at the temperature up to 200 degrees, 
and kaolinite – at 600 degree. Thus, 
the comminuted eluvium sample prepared to the 
standard swelling test and free from water, 
subjected to the swelling test manifests swelling 
up to tens %. Under such conditions, the kaolinite 
sample swells up to some %. Let us remember 
that montmorillonites soak to  700%, while 
kaolinite soaks to  90%.  
 
4.1 THE PROPOSED METHOD OF 
EXAMINATION OF CLAY MINERALS 

Application of the method of swelling ability test, 
given in the author’s earlier works [2,4,8] was 
proposed as method of determining the content of 
illite and smectite minerals. It has been prooved 
so far that it is just these minerals that 
are responsible for moisture changes, extreme 
strength parameters and processes of petrification 
and maximum moisturizing. 
Tests were carried out on the material taken from 
the deposit of different breakups, and samples 
were grouped in accordance with the diameter of 
sieve meshes. With the method of successive 
trials, it has been found that the most stable and 
real results are obtained by conducting the tests in 
the following way [11]: 
 

1. the material undergoes a preliminaryair-
drying in the case of water content 
so that in can be sifted through the of 
Ø=0.76 mm  

2. the material thus prepared is subjected to 
moisture content near to the plasticity 
limit(during the trial of roller bursts at 
the first or second instant) and is 
subjected to working ( just like a typical 
“dough” ) 

3. forming the material into the “cake” – 
like shape of 10 mm in height 

4. then , samples with the 
diameter Ø=50mm and  65 mm and the 

http://www.google.pl/url?sa=t&rct=j&q=oznaczenie%20srednicy%20&source=web&cd=7&ved=0CE8QFjAG&url=http%3A%2F%2Fwww.mtbtrzebinscy.pl%2Findex.php%3Flang%3Dpl%26d%3Dprodukcja%26d1%3Dpokaz%26d2%3D4&ei=fVdXT7PYLuaF4gTrqNTEDw&usg=AFQjCNHagadvaWJR1tSVaSFjaas9ABAJUQ&cad=rja
http://www.google.pl/url?sa=t&rct=j&q=oznaczenie%20srednicy%20&source=web&cd=7&ved=0CE8QFjAG&url=http%3A%2F%2Fwww.mtbtrzebinscy.pl%2Findex.php%3Flang%3Dpl%26d%3Dprodukcja%26d1%3Dpokaz%26d2%3D4&ei=fVdXT7PYLuaF4gTrqNTEDw&usg=AFQjCNHagadvaWJR1tSVaSFjaas9ABAJUQ&cad=rja
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height of 10 mm and 20 mm are cut by 
means of a ring 

5. the samples thus prepared are weighed 
and dried in a drier at a temperature 
of 200 C for the period from two hours 
until reaching constant weight 

6. after drying and cooling process 
the samples are weighed to determine 
their water content 

7. the samples are subjected 
for the examination of swelling minerals 
in the apparatus testing unbounded 
swelling 

8. after swelling has been defined the final 
moisture is determined. 

The considered test informs us about the amounts 
and kinds of swelling minerals in the point of 
sampling. Thus, we get also the data concerning 
ability of the tested rock medium to water 
stoppage and moisture degree, as well as the 
maximum moisture occurring under natural 
conditions. 

 

 

 

 

 

                       Fig.3.Examples  
 of rocks samples after the investigation 

After swelling, the sample moisture 
is the maximum moisture, under which we get the 
worst numerical values of the strength parameters.  
Under such conditions, landslides are possible. In 
our analysis, soft rocks are treated as mixtures 
containing much clayey minerals. In the case of 
occurrence of greater contents of 
montmoryllonite, greater amount of moisture is 
present and it is accompanied by fluidization 
and formation of mud avalanches. Similarly, 
content of the swelling minerals in higher parts of 
mountains causes their collecting in the rock slots. 
Then, possibility of landslides and rock falls 
increases.  

The swelling investigation  were preceded 
by physical, chemical and strength tests of the 
considered media. Recognition of such soils were 
based on tests of chemical and mineralogical 
composition by means of fluorescence and X-ray 
diffraction method . Moreover, derivatographic 
analyses were performed. Tests of clay structure 
with so-called swelling parameter were realized 
by means of scanning microscopy(SEM) 

utilization of SEM, derivatogram method, 
fluorescence, diffraction method,.  

Simple analyses and tests according to the 
discussed swelling tests allow to identify sites 
which can be easily subjected to mud avalanches 
and rock falls. Such information are very useful 
for the site management.  

 
 

6.  CONCLUSIONS 
 

6.1. Suitable geological (soft rocks) structure 
allows for cheap construction 
of reservoirs. Dislocations and fault 
fissures filled with weathering materials 
because of their mineralogical structure, 
i.e. swelling minerals cause self-sealing 
of the bottom. A lack of water-bearing 
layers eliminates uncontrolled outlet of 
water to the ground. 

6.2. Distinct improvement of protection 
against floods is an advantage of the 
proposed solution (see the mentioned 
solution in Japan). At present, intense 
precipitations are transported to water-
courses and rivers because they cannot 
percolate to the ground (it is favourable 
for reservoir structure). 

6.3. Water supply for inhabitants of a given 
region and water collecting in reservoirs 
can be very important in the future. 
Large amount of water of high quality 
should be a valuable good.  Water 
resources could influence future 
development of many regions. 

6.4. Construction of the considered 
reservoirs is rather cheap because it is 
possible to introduce unified earth 
cofferdrams using ground-concrete as a 
construction material. 

6.5. Introduction of the considered  
reservoirs could help in generation of 
new  places of employment 
(construction and service, tourists’ 
service) 

6.6. Some reservoirs could be used 
in energetics. 
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1. Introduction 
A huge amount of disaster wastes was accumulated along 
coastline areas of the Tohoku region by tsunami during the 
2011 off the Pacific coast of Tohoku Earthquake. The total 
amount of tsunami disaster wastes was estimated to be 26.7 
million tons. It is 50 % of the total amount of the waste of 
Japan in 2009.The Tohoku earthquake caused widespread 
damage. Since the coastal line of Tohoku region is highly 
indented, it is difficult to find secure places for piling the 
wastes. Moreover, road is only a means of transportation of 
wastes to the waste disposal site. All port facilities were 
already damaged. This means Japan is in extremely 
difficult situation to dispose the disaster wastes. 

Since magnitude or height of tsunami in Shikoku region 
due to predicted earthquakes such as the Tokai Earthquake 
and the Nankai Earthquake is comparable to the Tohoku 
Earthquake, anticipated amount of disaster wastes in 
Shikoku is also very high. It is very important to estimate an 
amount of tsunami disaster wastes for quick recover and 
revival of damaged areas.  

This paper describes a method of wastes amount 
estimation based on the officially announced data analyzed 
in GIS platform. 
 
2. Characteristic and amount of disaster wastes 
2.1   Characteristics of the disaster wastes 
The characteristics of earthquake, flood and tsunami 
disaster wastes are shown in Table.1. They are look alike 
occur suddenly and extensively. However in tsunami 
disaster wastes, it is necessary to secure large places for 
piling the wastes, since the huge amount of wastes 
contained large volume of debris mainly discharged by 
heavy machinery. Similarly, tsunami disaster wastes 
contain various kinds of materials, such as waste wood, 
metals, salt water. In case of earth and sand mixed with 
disaster wastes, unless the disaster wastes are not removed, 
the earth and sand are also dealt as disaster wastes. In order 
to decrease amount of the earth and sand in disaster wastes, 
it is aimed to utilize a technology for separating earth and 

 
 

sand from the wastes. Wood waste can be recycled, but 
salinity, earth and sand, metals can possesses harmful effect 
while recycling or incineration of wood. 
 
2.2 Amount of disaster wastes of main previous 
earthquake 

The amount of disaster wastes and situation of damage due 
to earthquake is shown in Table.2, and the status in 
Rikuzentakata city damaged by the tsunami is shown in 
Fig.1 (a)-(b). The amount of disaster wastes of Great 
Hanshin Awaji Earthquake in1995 was about 20 million 
tons [2]. About 640 thousand houses were damaged in the 
earthquake and the amount of wastes was about eight times 
as much as an amount of wastes of Hyogo region on a year 
in 2006. Fortunately, most of them can be disposed in 
Phoenix Landfill Disposal Site near the damaged areas. The 
amount of disaster wastes of the Niigata Chuetsu 
Earthquake whose seismic centre is on the mountainous 
area in 2004 was about 500 thousand tons. About 120 
thousand houses were damaged in the earthquake. 92 % of 
the disaster wastes were destruction wastes. Concrete 
debris (51 %) and waste wood (25 %) accounted for 76 % 
of the total [2]. 

On the other hand, the amount of flood disaster wastes of 
Typhoon No.16 in 2004, which struck Takamatsu city, was 
23,123 tons. It was twice as much as a month of wastes on 
Takamatsu city in 2003. Since the wastes contained salinity, 
a large amount of unusable household goods was 
abandoned. Therefore, it took long time to manage the 
disaster wastes [3]. 
 
2.3 Unit amount of disaster wastes in published paper 
Estimation of unit amount of disaster wastes also 
corresponds amount of past disaster wastes per household 
or per square kilometer.  

Nakamichi estimates unit amount of the disaster wastes 
to be 0.571 t/km2 on wooden constructions or 1.47 t/km2 on 
RC buildings, and 1.27t/km2 on steel constructions. He did 
this estimation from amount of the disaster wastes of Great  
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Hanshin Awaji Earthquake [4].  
Shimaoka estimates unit amount of the disaster wastes to 

be 0.31 t/km2on wooden constructions or 1.09 t/km2 on RC 
buildings, and 1.80 t/km2 on steel constructions [2]. 

Hirayama estimates unit amount of the disaster wastes 
considering the extent of household’s damage on flood 
disaster to be 12.9 tons per household on completely 
destroyed, 6.5 tons per household on a half destroyed, 2.5 
tons per household on partially destroyed, 4.6 tons per 
household on inundation above floor level, 0.62 ton per 
household on inundation under floor level [5].The unit of 
disaster wastes for estimating amount of the tsunami 
disaster wastes in Tohoku earthquake was 61.9 tons per  

household or 113 tons per a building [6]. 
 

3. Amount of tsunami disaster wastes 
The amount of disaster wastes in each municipal 
corporation, damaged by tsunami, are shown in Fig.2 (a) 
~(c). Fig.2 (a) illustrates the amount of disaster wastes is 
much in Ishinomaki and Higashimatsusima, Sendai, which 
are highly built-up areas. Fig.2 (b) shows the amount 
disaster waste per flooded areas is high in Kamaishi and 
Rikuzentakata where were damaged by more than 10 m of 
tsunami height. In Fig.2 (c), Yamamoto where flooded area 
is relatively small. 

 
Table.1 Characteristic of the each disaster [1] 

 

type Earthquake disaster Flood disaster Tsunami disaster 

occurrences 

・Occur heavily and suddenly 
・Low earthquake-resisting 
capacity buildings were 
damaged 
・broken up by a crane 

・Occur heavily and suddenly 
・The lower – lying districts are 
damaged by the collapse of the 
embankment. 
・The proportion of household 
refuse is high. 

・Occur heavily and suddenly 
・It is necessary to secure 
large places for leaving the 
wastes. 

Characteristics 

・composed of household and 
debris of fallen houses 
・There are many recyclable, 
reusable things among the 
wastes. 
・It can be expected to separate 
wastes by demolition 
management. 

・household wastes by 
inundation above or under floor 
level. 
・It is difficult to separate on the 
site. 
・The wastes are perishable 
since it contains plenty of water 
and sand 

・The wastes contain various 
kinds of materials, such as 
waste wood, metals, salt water. 
・Salinity contained the 
wastes sometimes have a 
harmful effect while recycling 
or incineration. 

 
 

Table.2 Amount of disaster wastes and situation of damage of main previous earthquake[2] 

 

Name Great Hanshin Awaji 
Earthquake 

Niigata Chuetsu 
Earthquake 

Noto Peninsula 
Earthquake 

Niigataken Chuetsu-oki 
Earthquake 

Date of 
occurring Jan.17.1995 Oct.23.2004 Mar.25.2007 Jul.16.2007 

Magnitude 7.3 6.8 6.9 6.8 

Damaged 
areas 

Kobe, Nishinomiya, 
Awaji-shima 

Nagaoka, Yamakoshi, 
Ojiya Wajima, Nanao, Siga Kashiwazaki, Kariwa 

Situation of 
damage 

House: 
Completely destroyed 
104,906 houses 

Harf destroyed 
144,274 houses 

Partially destroyed 
390,506 houses 

House: 
Completely destroyed 
3,157 houses 

Harf destroyed 
13,808 houses 

Partially destroyed 
103,854 houses 

House: 
Completely destroyed 
638 houses 

Harf destroyed 
1,563 houses 

Partially destroyed 
13,553 houses 

House: 
Completely destroyed 
1,224 houses 

Harf destroyed 
5,241 houses 

Partially destroyed 
34,277 houses 

Amount of 
disaster wastes About 20 million tons About 0.49 million tons About 0.43 million tons About 0.36 million tons 

Regions 
wastes in 2006 

Hyogo Pref.: 
About 0.25 million tons 

Niigata Pref.: 
About 1.12 million tons 

Ishikawa Pref.: 
About 0.5 million tons 

Niigata Pref.: 
About 1.12 million tons 

 
 



 

865 
 

 

   
(a)  photo on  April 6. 2012 .                                             (b)   photo on  June 5. 2012. 

Fig.1  Disaster wastes in Rikuzentakata City   
 

 
                    Iwate                                             Miyagi                                 Fukushima 

(a) Amount of disaster wastes 

 
(b) Amount of disaster wastes per flooded areas 

 
(c) Amount of disaster wastes per household of flooded areas 

Fig.2  Difference of amount of disaster wastes by damaged municipal corporation in the Tohoku region 
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      (a) Flooded area                                                               (b) Number of household 

Fig.3 Relationship between amount of disaster and each disaster data in Tohoku earth quake 
 
Relationship between amount of disaster and each disaster 
data are shown in Fig.3 (a) and (b). Fig.3 (a) shows that 
relationship between the flooded area by the tsunami and 
the amount of the disaster wastes has a positive correlation. 
In addition, since it seems that the correlation is separated 
by the magnitude of the flood area, it is needed to separate 
the urban and agricultural land. And the correlation 
between the number of households in flooded area and the 
amount of tsunami disaster wastes was found to be high as 
shown in Fig.3 (b). From this, unit amount of disaster 
wastes as per household is estimated it 104 ton. 
 
4. Height of tsunami and unit amount of disaster wastes 
It is considered the amount of disaster wastes in flooded 
areas deals with the height of tsunami. The relationship 
between the height of tsunami in each municipal 
corporation and the amount of disaster wastes per flooded 
areas is shown in Fig.4. There are two lines on the 
relationship because there is probably the difference in 
proportion of residential area in flooded area. In this case, 
further consideration is needed. 
 
5. Conclusion 
In conclusion, it is found that there is a correlation between 
unit amount of tsunami disaster wastes and each disaster 
data. It is now possible to contribute in Tonankai or Nankai 
earthquake related possible disaster wastes. The following 
are main conclusion of this study; 
1) We can estimate the necessary action for disaster waste 
disposal or recommend suitable places for deposit the 
waste. 
2) We can estimate the scale of disposal site and the number 
of roads or harbors needed. 
3) Now estimation of amount of recyclable disaster wastes 
is possible. Similarly, service plan for rebuilding and 
recovery is also possible. 
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1. INTRODUCTION 
There are numerous studies on the assessment of runoff in a 
river catchment using universally accepted Thornthwaite 
equation for the quick and correct prediction of runoff [1], 
[2], because this method is implicitly based on water balance 
equation and simple to use with universally available 
statistics of two hydro-meteorological parameters, namely, 
precipitation and temperature. 
In India especially in the most-humid areas where ‘saturation 
excess’ processes of runoff generation are more prevalent 
rather than ‘infiltration’ processes in the monsoon dominated 
hydrologic regime [3], there is a need of testing the validity of 
Thornthwaite-Mather [T-M] procedure to assess the runoff in 
such high rainfall conditions. There are other methods than 
T-M procedure used for the assessment of reference ET not 
only in Indian conditions but across the world. In this regard, 
Indian references are important to compare the suitability of 
these methods. For example, Mishra, et al. [4] used T-M 
method for tropical regions of the country. Meshram, et al. [5] 
used other methods and found suitability of FAO 
Penman-Monteith method, while Lenka, et al. [6] tested the 
validity of different methods like Blaney-Criddle [7], Hamon 
method [8], Hargreaves and Samani [9], Papadakis [10], FAO 
Penman-Monteith [11] that have different bases of PET 
calculation for the prediction of reference ET. It is argued and 
found that T-M procedure of the assessment of PET is simpler 
than the other methods because it is water balance based 
equation that is more appropriate to analyze the hydrologic 
cycle while the other methods are based on atmospheric 
energy parameters. Such other methods may be useful for the 
study of meteorological phenomena rather than hydrological 
regime of a river catchment.  
For the purpose, present paper examines the daily runoff 
trend and its associated factors and also evaluates the 
significance of the application of T-M procedure taking into 
account Dikrong river catchment of about 1,556 sq km area of 
 
 

which more that 80% is under the hill topography with an 
average annual rainfall of 3,294mm. 
1.1 Study Area 
Dikrong river catchment is located in the foot-hills of 
Arunachal Himalayas between 26˚55΄ to 27˚22΄N latitudes 
and 93˚13΄E to 94˚0΄E longitudes with its transitional 
characteristics of its location as it falls under Inter Tropical 
Convergence Zone [ITCZ] where climate is monsoonal in 
this part of Asian region [Fig.-1]. Being its location in the 
loop of Eastern Himalayas, it is more humid and has different 
hydrological characteristics than the other parts of North-East 
Region of the Country. The length of the main river is 
recorded 145 km with an average slope of 5-15% with the 
perimeter of 264 km. Topographically, hill slopes are steep 
covering a area of about 61.54% with its narrow flat valleys 
located in the upper parts of the river catchment. Such 
topography helps in accelerating the saturation processes and 
fast flow while the lower part is gentle plain accommodating 
about a quarter part of the catchment [27.01%] with sediment 
deposition [Fig.-2]. 

 
Fig.-1: Location of the Dikrong river catchment 

ABSTRACT: Present paper examines daily runoff trend in Dikrong river catchment which is located in the lower 
foot-hills of Arunachal Himalayas. The river catchment is characterized by the monsoon dominated hydrologic regime. 
For the purpose, daily statistics of temperature, rainfall and discharge were collected from the various sources of state 
Government of Assam, Guwahati and Government of Arunachal Pradesh, Itanagar and used for testing the validity of 
Thornthwaite-Mather [T-M] method considering Dikrong river catchment of high humid conditions. It is found that this 
method does not give the significant result for the correct assessment of daily Potential Evapotranspiration [PET] as 
well as daily runoff [RO]. The fluctuation in predicted RO is found more than the observed one with it’s over estimation 
during high rainfall intensity and under estimation in the period of low rainfall regime. 
Keywords: Runoff, Potential Evapotranspiration, Thornthwaite-Mather method, Arunachal Himalayas, discharge rate 
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Abbreviations: Slope in percent; 1= Very Gentle (2- 4), 2= 
Gentle (4-10), 3= Moderate (10-20), 4= Moderately Steep 
(20-35), 5= Steep (35-60), 6= Very Steep (60-100), 7= Most 
Steep (100-175), 8= Extremely Steep (above 175). 
 
Fig-2: Slope Variations in the Dikrong River Catchment 
 
Land use/ land cover pattern of Dikrong river catchment is 
dominated by forest [75% areas are under dense and open 
forests] in the upper parts and agricultural and abandoned 
land [12% of total area] in the lower parts of the catchment. In 
such land surface conditions, the runoff has peculiar trend to 
develop erratic floods in the lower parts of river catchment. 
Soils are fine loamy and coarse silty which have high faction 
of sand helping in retaining more water to regulate runoff. As 
a result, runoff has also been recorded in the dry weather of 
winter seasons in spite of less rainfall and moderate PET 
conditions [Fig.-3]. 
 

 
Fig.-3: Normal water balance for Dikrong river catchment 
 
2. METHODS AND MATERIALS  
Of course, there are various methods of assessing the 
reference evapotranspiration [ET0] mainly classical method 
forwarded by Blaney-Criddle establishing relation of day 
time duration with temperature, Hamon method that is based 
on water vapor density in the environment, Hargreaves and 
Samani on radiation balance and temperature variation, and 
Papadakis method which is saturation deficit based [12], [13], 
[14]. Such methods are largely dependent on field 
observations used for different environmental conditions. The 
PET calculation by T-M procedure which is first introduced 
by Thornthwaite [15] and, later on, Thornthwaite and Mather 

[16] with its notebook procedure has been used by many 
geographers [17], meteorologists and climatologists [18], and 
found its suitability especially for the monsoon based 
hydrologic regime.  In this method, temperature- based heat 
index, i.e., i= [T0c/5]1.514 with a location specific correction 
factor of unadjusted PET is used for the assessment of soil 
moisture and runoff variability over time. In order to compare 
daily runoff with other parameters of water balance equation 
[P= RO+PET+∆ST, where RO= Runoff, P= Precipitation, 
PET= Potential Evapotranspiration and ∆ST= Changes in soil 
moisture], the T-M procedure is used. In order to make data 
standard, daily statistics of temperature and rainfall for three 
consecutive years [2004-2006], its average figures were used 
for Itanagar station [that is centrally located in the study area]. 
The concerned statistics were collected from the Rural Works 
Department, Government of Arunachal Pradesh, Itanagar. 
While daily discharge statistics of the same period of time 
were collected from the Water Resource Department, 
Government of Assam, Guwahati for Sisapather gauge 
station [that is at the mouth of river catchment]. Calculations 
of daily soil moisture availability and runoff were made to set 
the water holding capacity of 200 mm as specified by NBSS 
& LUP, Jorhat [19] with adopting standard procedure of 
water retention capacity analysis. 

 
3. RESULTS AND DISCUSSION 
Of course, rainfall-runoff relationship always becomes 
positive with its strong degree though with Curve Number 
[CN] method was adopted by USDA [20] to evaluate the 
effect of land cover/land use and soil types on runoff. 
Similarly, this relationship is significantly strong [r=0.996] 
with its regression gradient of slightly lesser than unity [1:1 
relationship shows CN=100 in the situation that there is no 
effect of land use and soil on runoff generation in the river 
catchment] as b=0.925 [Fig.-4]. The rainfall-runoff ratio is 
therefore calculated 0.5624 for Dikrong river catchment. It 
means 56.24 % rainfall becomes runoff in this catchment and 
shows the effect of surface condition [slope, soil and land use] 
on runoff processes. Runoff regression equation shows 
interestingly that daily rainfall below 1.24 mm does not 
produce any runoff in this area as [a= -1.242] that is indicative 
of the origin of runoff. Such runoff production level in the 
river catchment clearly shows that there is production of 
runoff during winter season varying from 4.80mm per day in 
November to 4.24mm in January [Fig.-5]. Runoff of about 
4.47mm daily was observed in these days due to sub-surface 
flow, while its amount is influenced by soil and land use 
factors. Concentration period of two days to reach the runoff 
at mouth is also factor which shifts the runoff trend. 
 



 

869 
 

 

 
Fig.-4: The relationship between daily rainfall and daily RO 
 

 
Fig.-5: Daily trends rainfall and observed RO 

 
Rainfall does not correspond much to PET because PET is 
more associated with temperature variation. The relationship 
between them is too week [r=0.475] to draw some 
conclusions. However, the degree of fluctuation of rainfall is 
observed much higher   [CV=124.78%] than PET [CV=47.9 
%] [Table-1]. 
 
Table-1: Daily Mean, Standard Deviation and Coefficient of 
Variation of Hydrologic Parameters  

Parameters 
Daily 
Mean 

Standard 
Deviation 

Coefficient 
of 

Variation  
(%) 

Mean daily 
Temperature (T0 C) 22.57 4.19 18.58 
Rainfall (mm) 14.44 18.02 124.78 
Heat Index (unit less) 9.92 2.72 27.38 
PET (mm) 3.12 1.49 47.96 
AE (mm) 2.33 1.98 84.85 
Runoff (mm) 8.12 16.75 138.1 
Runoff Ratio (%) 56.24 - - 
 

In the event of increasing rainfall-intensity with wet 
antecedent moisture conditions, the rainfall-runoff ratio 
becomes higher that produces more discharge in the month of 
late June to August. There are fast changes in soil moisture 
conditions during the dry winter season when rainfall is 
occasional that infiltrates its total amount and fluctuates soil 
moisture availability. The summer does not have much 
change in antecedent soil moisture conditions. They are fully 
saturated and generate more surface and subsurface runoff. 
A total runoff is predicted 4,426mm annually with its 
rainfall-runoff ratio of .8398 that deviates 27.74 % from 
observed runoff. Comparing observed with predicted runoff 
over time, it is obvious to highlight that at the time of high 
rainfall intensity during the wet monsoon season, T-M 
Procedure made over estimation of runoff trend and it was 
under-estimated during the dry winters.  On the whole, the 
annual prediction of RO is over estimated as it predicts higher 
rainfall-runoff ratio. However, the trend of observed runoff is 
found much smoother than predicted one [Fig.-6] as the main 
features of such trends are given below. 

i. Increasing rainfall increases fluctuation in runoff. For 
example, the month of July and August [peak 
monsoon season] has its very high fluctuation. 

ii. On account of over estimation of runoff by T-M method, 
the error term in distribution becomes too high that 
reduces the significance level with low degree of 
determinant [R2=0.306] [Fig.-7]. 

iii. There is fast fluctuation in the soil moisture availability 
during winter season when there is an occasional 
rain. But on the other hand, PET trend is quite 
smooth, increases gradually during pre-monsoon 
months [April-May], becomes flat during monsoon 
period and again fall down during the post-monsoon 
period. PET follows the temperature variation rather 
than rainfall trend [Fig.-8]. 

iv. The ratio of rainfall-runoff recorded very high during the 
monsoon period because of the fully saturated soil 
and its wet antecedent soil moisture conditions. 
 

 
Fig.-6: Daily trends of observed and predicted runoff 
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Fig.-7: The relationship between daily observed 
and predicted RO 
 

 
Fig.-8: Trends of daily A. Changes in Soil Moisture, B. 
Potential Evapotranspiration 
 
 
4. CONCLUSION 
 
In the specific high humid conditions of landforms in the 
foot-hills of Arunachal Himalayas, where temperature varies 
from 100-350C during the hydrologic regime of monsoon 
climate, there are some general conclusions regarding  the 

trend of daily RO. Daily RO is not so smooth in this region  as 
it happens in the sub-tropical region of the world. Dry winters 
have one-third discharge conditions in the river catchments 
when rainfall was recorded very low. On the other hand, the 
amount of RO is concentrated during the monsoon season 
when more that 80% rain is precipitated. There are some 
specific findings inferred from the present analysis: 

a.  No doubt, T-M procedure is simple to use with 
available parametric statistics of meteorological 
phenomena. However, it fails to predict correctly the 
PET as well as RO parameters for this region of high 
humidity. 

b. T-M procedure estimate more fluctuation in daily 
predicted RO phenomena than the observed one. 

c. It over estimate the RO at high rainfall intensity. 
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1. INTRODUCTION 
NORM, an acronym for naturally occurring radioactive 

materials, refers to the long-lived radioactive elements such 
as uranium, thorium and potassium and their decay products, 
such as radium and radon that existed since the formation of 
the earth. These elements have always been present in the 
earth's crust and subsequently, in all environmental media 
(soil, air and water). Their presence makes them inevitably 
ingested into humans through food and drinking water [1-3]. 
Evidences from both human and animal studies also shows 
that radiation exposure at low to moderate doses such as those 
from drinking water may increase the long-term incidence of 
cancer [4-6]. Due to the possible adverse effect from 
ingestion of radionuclides, through drinking water, a standard 
need to be set in order to curb the unwanted radiation 
exposure to human. Many countries adopt the WHO 
recommendation of reference dose level [RDL] of committed 
effective dose of 0.1 mSv from one year's consumption of 
drinking water[7]. The RDL of 0.1 mSv is equal to 10% of the 
dose limit for members of the public, recommended by the 
ICRP (1991) and the International Basic Safety Standards 
(IAEA, 1996) and are acceptable to most WHO Member 
States [8]. 

In arid and semi-arid regions, such as the study area, 
evapo-transpiration rates are much high, recharge is less, flow 
paths longer and residence times much greater and hence 
much higher levels of natural mineralization. Thus the major 
ion contents and TDS are often high. In some desert regions, 
even if groundwater can be found it may be so salty 
(extremely high TDS) as to be undrinkable, and the difficulty 
of meeting even the most basic domestic requirements can 
have serious impacts on health and livelihood. This prompts the 
need to always screen domestic water supply from groundwater 

 
 

sources that are often utilized in arid regions. The WHO 
radiological water quality protocol was followed to screen 
samples of groundwater from Katsina, a semi-arid region of 
northern Nigeria, for radiological safety. The result shows 
elevated gross alpha and gross beta values exceeding the 
WHO maximum contaminants levels of 500 and 1000 Bqm-3 
respectively. The results of this segment of the work was 
earlier reported[9]. In the present work, gamma spectroscopy 
was employed to determine the natural radioactive materials 
responsible for the elevated alpha and beta activity 
concentration values. Subsequently, UNSCEAR dose 
conversion factors (DCF) were used to estimate the 
committed effective dose so as to ascertain the health risk 
level of using the water for drinking purposes. 

 
Materials and Methods 
Sampling  
After using a GPS to measure the geographical coordinates of 
the sampling sites, clean polythene containers were used to 
collect groundwater from boreholes of the selected sites. The 
sites were chosen for their proximity to the neighboring Niger 
Republic that is known to have natural uranium deposits as 
depicted in the IAEA world’s commercial uranium deposits 
map.  The samples were then immediately brought to the 
laboratory for analysis. Guidelines provided by international 
organization for standardization on water quality  sampling 
were strictly adhered to[10]. To prepare water samples for 
gamma spectroscopy, 500 ml of each sample was acidified 
with 10 ml of concentrated  HNO3 (analytical grade) [11]  and 
then sealed in the polythene counting sample container and 
kept for a period of at least four weeks prior to counting.  

 
Gamma spectroscopic system 
Gamma spectroscopic measurements were carried out using a 
high efficiency 3’’x 3’’ Thallium doped, sodium iodide 
[NaI(Tl)] scintillation detector (Ortec, USA), with serial 
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number 101909H connected to a 3’’ (B76D01W N 2034257) 
PMT photomultiplier tube. The set-up was coupled to a multi 
channel analyser (MCA). The detector was enclosed in a 10 
cm lead shield to reduce background radiation in the counting 
environment. The set-up is illustrated in figure 1 below. The 
system has relative efficiency and resolution of about 50% 
and 7.2% respectively at energy of 0.662 MeV (137Cs). These 
are considered adequate to distinguish the gamma ray 
energies of interest in this work. The spectral analysis and 
peak fitting were performed using Fitzpeak NaI(Tl) (low 
resolution) gamma calibration and analysis software 
developed by JF Scientific UK. This software is specially 
optimized to be used for low resolution gamma detector 
NaI(Tl). The energy calibration was carried out using IAEA 
certified standards of known energies such as 60Co, for Eγ = 
1332.5 and 1173.2 keV, and 137Cs, for Eγ = 661.6 keV. The 
efficiency calibration was also performed by using IAEA 
certified 152Eu standard[12] for Eγ = 121.8, 224.7, 344.3, 
778.9, 964.0, 1085.8, 1112.0 and 1408.0 keV. A counting 
time of 86400 s was allowed for both background and sample 
due to the low emission nature of the samples. The activity 
concentrations of the radionuclides in the samples were 
determined from their respective gamma-ray lines or 
gamma-ray lines emitted from their decay products. The 
gamma line of 1460.8 keV was used directly to 
determine 40K. The weighted mean activity concentrations 
from gamma lines of 911.1 keV (228Ac) and  583.1 keV 
(212Pb)  were used to determine 232Th. The gamma lines of 
351.9 keV (214Pb) and  609.3 keV (214Bi) were used to 
determine 238U and 186.1 keV (226Ra) gives the activity 
concentration of 226Ra as a natural source. 
 
 
 
 
 
 
 
 
 
 
 
 

 

 

Fig. 1 The radio-elemental gamma spectroscopy set-up 
 
Committed effective dose 

Estimation of committed effective dose Ed (Svy-1) to an 
individual due to the consumption of the natural 
radionuclides present in the drinking water was done using 
equation 1 [1]. The WHO Ai values of 230, 330 and 730 litres 
for infants (1-2 years), children (˃7-12 years)  and adults (˃17 
years) respectively were used [7, 13]. 

 Ed = Ac* Ai* Cf       (1) 

where Ac is the radionuclide activity concentration (Bql-1), Ai  
is the annual intake of water (ly-1) and Cf is the dose 
conversion factor for the radionuclide (SvBq-1).  The dose 
conversion coefficients provided by UNSCEAR 2000 
report[14] were also used for the dose estimation. The total 
committed effective dose D (Sv y-1) to an individual was 
established by summing up the contributions from all 
radionuclides present in the water samples as given by 
equation 2. 

 D =  ∑ Ac* Ai* Cf       (2) 

Results and Discussion 
 The activity concentration of natural radionuclides in the 
groundwater from the study area is presented in table 1. Table 
2 presents the estimated total committed effective dose 
resulting as a consequence of direct ingestion of dissolved 
radionuclides in the groundwater. Table 3 compares the 
results of the present study with those from other parts of the 
world. 

The world annual natural radioactivity level, including 
external exposure, consumption of food and water containing 
natural radionuclides, and inhalation of radon with its 
daughter products, amounts on average to 2.4 mSv, with a 
range from 1 to 10 mSv[19]. The United Nations Scientific 
Committee on Effects of Atomic Radiation (UNSCEAR) 
report also indicated that the average worldwide exposure to 
natural sources in foods and drinking water  is 0.29 mSv y-1 
(about 0.17 mSv y-1 from 40K and about 0.12 mSvy-1 from 
Uranium and Thorium)[19]. For prolonged exposure 
situations in case of all environmental radioactive sources, 
including natural and human-made sources, the International 
Commission on Radiological Protection (ICRP) recently 
recommended a generic intervention level of annual dose of 
10 mSv as the level below which intervention is unjustified, 
taking into account radiological, economic and social 
factors[20]. The world health organization in its guidelines for 
drinking water quality, adopted the International commission 
on radiological protections’ recommendation of reference dose 
level (RDL) of the committed effective dose, to be equal to 
0.1mSv from 1 year’s consumption of drinking-water (from 
the possible total radioactive contamination of the annual 
drinking-water consumption).  
Comparing the results of this study with other sources from 
other parts of the world, the mean measured activity 
concentration values of 0.43, 0.52 and 1.02 Bq l-1 
for 232Th, 40K and 226Ra respectively are well below the 
reported concentrations of 12, 12 and 29 Bq l-1 of (untreated) 
lake water from Biseni, Nigeria[17]. In water used for 
drinking and other domestic purposes, the mean measured 
activity concentration values on the other hand, are above the 
earlier reported values for bottled water from Pakistan as well 
as the tap water from Egypt, but the values (226Ra and 40K)  
from this area are still far below the earlier reported  values 
for well drinking water from Akure Nigeria, where high level 
of radium was discovered. Consequently, the total committed  
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Table 1 Activity concentration of natural radionuclides in the groundwater sources  
 

Location Activity Concentration (Bq l-1)  
S/N Location Geographical  

coordinates 

238U 232Th 40K 226Ra  

1. Dutsin Safe Low-cost  N13o 00′ 20.1″     E7o 35′ 10.1″ 0.48±0.035 0.39±0.021 0.79±0.042 0.29±0.012 
2. Dutsin Safe extension N13o 00′ 11.7″     E7o 35′ 00.9″ 0.49±0.028 0.54±0.033 0.78±0.067 0.28±0.021 
3. Fed. Medical Centre N12o 59′ 06.4″     E7o 34′ 38.8″ 0.22±0.011 1.30±0.023 0.91±0.072 1.09±0.073 
4. Sokoto Rima N12o 58′ 41.5″     E7o 35′ 37.3″ 0.29±0.021 0.17±0.011 1.16±0.091 1.39±0.077 
5. Abbatoir N12o 58′ 24.3″     E7o 35′ 27.7″ 0.22±0.012 0.04±0.003 0.91±0.082 1.09±0.081 
6. Central Market N12o 58′ 16.3″     E7o 36′ 06.0″ 0.34±0.021 0.23±0.012 1.32±0.088 1.68±0.093 
7. Sabuwar Unguwa N12o 58′ 11.0″     E7o 36′ 32.7″ 0.31±0.017 0.27±0.023 1.20±0.076 1.54±0.082 
8. Bread N12o 58′ 23.1″     E7o 36′ 50.4″ 0.78±0.076 0.64±0.043 0.39±0.031 1.48±0.076 
9. Garama Quarters N12o 59′ 07.9″     E7o 36′ 19.9″ 0.81±0.065 0.66±0.017 4.07±0.089 1.55±0.088 
10. Sabon Layi N12o 59′ 13.0″     E7o 36′ 19.1″ 0.39±0.022 0.15±0.014 0.64±0.067 0.22±0.033 
11. Emir’s Palace N12o 59′ 42.5″     E7o 36′ 01.0″ 0.50±0.031 0.49±0.051 0.89±0.073 0.32±0.023 
12. Farin Yaro N12o 59′ 48.3″     E7o 35′ 30.5″ 0.44±0.062 1.20±0.087 0.78±0.055 0.28±0.022 
13. Unguwar Yari N12o 59′ 28.9″     E7o 35′ 36.0″ 0.04±0.003 1.11±0.096 0.71±0.076 0.25±0.012 
14. ‘Yar adua N12o 59′ 38.7″     E7o 36′ 18.7″ 0.47±0.053 0.24±0.019 0.71±0.081 0.25±0.018 
15. Tudun Wada N12o 59′ 54.4″     E7o 36′ 26.4″ 0.43±0.033 0.12±0.023 0.70±0.073 0.25±0.021 
16. School of Nursing N13o 00′ 04.2″     E7o 36′ 16.3″ 0.43±0.043 0.14±0.012 0.68±0.056 0.25±0.014 
17. Filin Samji N13o 00′ 22.4″     E7o 36′ 35.4″ 0.46±0.036 0.33±0.023 0.78±0.055 0.28±0.022 
18. Dutsin Amare N12o 59′ 30.2″     E7o 36′ 39.6″ 0.42±0.021 0.21±0.018 0.73±0.047 0.27±0.017 
19. Kofar Marusa N12o 59′ 19.1″     E7o 36′ 33.2″ 0.04±0.032 0.02±0.003 0.60±0.044 0.22±0.011 
20. Shararrar Pipe N12o 58′ 38.1″     E7o 36′ 23.5″ 0.49±0.033 0.30±0.016 0.84±0.067 0.31±0.021 
21. Rafin Dadi N12o 58′ 57.0″     E7o 35′ 40.5″ 0.46±0.023 0.22±0.017 0.73±0.056 0.27±0.015 
22. Dan Marna N12o 59′ 06.2″     E7o 36′ 05.6″ 0.44±0.022 0.16±0.021 0.72±0.066 0.27±0.023 
23. Layout N12o 58′ 56.5″     E7o 36′ 56.5″ 0.46±0.034 0.20±0.022 0.77±0.043 0.28±0.023 
24. W.T.C. N12o 58′ 34.4″     E7o 37′ 50.1″ 0.06±0.027 0.05±0.002 0.73±0.052 0.27±0.011 
25. New Stadium N12o 58′ 17.0″     E7o 38′ 34.5″ 0.39±0.022 0.23±0.011 0.71±0.055 0.25±0.031 
26. C.B.N. N12o 59′ 24.1″     E7o 37′ 47.2″ 0.39±0.034 0.26±0.021 0.65±0.061 0.24±0.014 
27. High Court N12o 59′ 12.5″     E7o 38′ 22.5″ 0.39±0.055 0.27±0.015 0.62±0.034 0.22±0.017 
28. Motel N13o 00′ 01.8″     E7o 37′ 53.5″ 0.39±0.042 0.20±0.009 0.64±0.033 0.24±0.021 
29. G.R.A. N12o 59′ 59.8″     E7o 38′ 28.6″ 0.41±0.044 0.25±0.021 0.72±0.045 0.27±0.033 
30. Cutoms Barracks N13o 00′ 23.8″     E7o 37′ 19.1″ 0.85±0.058 0.07±0.004 1.32±0.086 0.48±0.034 
31. Goruba Housing Est. N13o 00′ 06.9″     E7o 37′ 16.8″ 0.18±0.014 0.20±0.021 3.00±0.098 1.05±0.088 
32. Nitel N12o 59′ 47.3″     E7o 37′ 08.6″ 0.85±0.043 0.97±0.055 1.56±0.077 0.53±0.045 
33. Kofar Durbi N12o 59′ 42.2″     E7o 36′ 57.7″ 0.77±0.062 0.89±0.037 1.32±0.087 0.46±0.033 
34. Social Development N12o 59′ 55.2″     E7o 36′ 51.7″ 0.85±0.066 0.89±0.054 1.32±0.078 0.45±0.034 
35. Area Council N12o 59′ 42.7″     E7o 36′ 33.0″ 0.73±0.056 0.83±0.076 1.32±0.088 0.45±0.025 
36. Unguwar Liman N12o 59′ 56.8″     E7o 35′ 53.5″ 0.60±0.034 0.67±0.044 0.95±0.065 0.35±0.026 
37. Kofar Kaura N12o 59′ 56.8″     E7o 36′ 17.3″ 0.77±0.055 0.70±0.034 1.32±0.073 0.46±0.044 
38. Canada Quarters N12o 58′ 16.1″     E7o 37′ 07.3″ 0.35±0.034 0.86±0.066 1.19±0.077 0.42±0.031 
39. Aishatu Memorial N12o 58′ 07.8″     E7o 37′ 24.2″ 0.46±0.035 0.33±0.044 0.78±0.045 0.28±0.013 
40. Danfodio Institute N12o 58′ 40.2″     E7o 37′ 16.5″ 0.42±0.051 0.21±0.031 0.73±0.052 0.27±0.016 

 
 

Table 2 Estimated age dependent total committed effective dose (mSv y-1) in groundwater  
due to natural radionuclides in the area 
 

S/N Location Geographical coordinates Infants 
(1-2 y) 

Children 
(2-16  y) 

Adults 
(˃16 y) 

1. Dutsin Safe Lowcost  N13o 00′ 20.1″     E7o 35′ 10.1″ 0.14 0.14 0.15 
2. Dutsin Safe extension N13o 00′ 11.7″     E7o 35′ 00.9″ 0.16 0.15 0.18 
3. Fed. Medical Centre N12o 59′ 06.4″     E7o 34′ 38.8″ 0.42 0.43 0.47 
4. Sokoto Rima N12o 58′ 41.5″     E7o 35′ 37.3″ 0.39 0.41 0.35 
5. Abbatoir N12o 58′ 24.3″     E7o 35′ 27.7″ 0.30 0.31 0.26 
6. Central Market N12o 58′ 16.3″     E7o 36′ 06.0″ 0.46 0.49 0.42 
7. Sabuwar Unguwa N12o 58′ 11.0″     E7o 36′ 32.7″ 0.43 0.46 0.39 
8. Nakowa Bread N12o 58′ 23.1″     E7o 36′ 50.4″ 0.46 0.49 0.46 
9. Garama Quarters N12o 59′ 07.9″     E7o 36′ 19.9″ 0.51 0.52 0.49 
10. Sabon Layi N12o 59′ 13.0″     E7o 36′ 19.1″ 0.12 0.10 0.10 
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11. Emir’s Palace N12o 59′ 42.5″     E7o 36′ 01.0″ 0.18 0.16 0.19 
12. Farin Yaro N12o 59′ 48.3″     E7o 35′ 30.5″ 0.21 0.20 0.28 
13. Unguwar Yari N12o 59′ 28.9″     E7o 35′ 36.0″ 0.18 0.18 0.24 
14. ‘Yar adua N12o 59′ 38.7″     E7o 36′ 18.7″ 0.10 0.10 0.11 
15. Tudun Wada N12o 59′ 54.4″     E7o 36′ 26.4″ 0.10 0.10 0.10 
16. School of Nursing N13o 00′ 04.2″     E7o 36′ 16.3″ 0.10 0.10 0.10 
17. Filin Samji N13o 00′ 22.4″     E7o 36′ 35.4″ 0.12 0.12 0.14 
18. Dutsin Amare N12o 59′ 30.2″     E7o 36′ 39.6″ 0.11 0.11 0.11 
19. Kofar Marusa N12o 59′ 19.1″     E7o 36′ 33.2″ 0.08 0.07 0.06 
20. Shararrar Pipe N12o 58′ 38.1″     E7o 36′ 23.5″ 0.15 0.14 0.15 
21. Rafin Dadi N12o 58′ 57.0″     E7o 35′ 40.5″ 0.12 0.11 0.12 
22. Dan Marna N12o 59′ 06.2″     E7o 36′ 05.6″ 0.11 0.11 0.11 
23. Layout N12o 58′ 56.5″     E7o 36′ 56.5″ 0.12 0.11 0.12 
24. W.T.C. N12o 58′ 34.4″     E7o 37′ 50.1″ 0.07 0.08 0.07 
25. New Stadium N12o 58′ 17.0″     E7o 38′ 34.5″ 0.10 0.10 0.11 
26. C.B.N. N12o 59′ 24.1″     E7o 37′ 47.2″ 0.10 0.10 0.11 
27. High Court N12o 59′ 12.5″     E7o 38′ 22.5″ 0.10 0.10 0.11 
28. Motel N13o 00′ 01.8″     E7o 37′ 53.5″ 0.09 0.09 0.10 
29. G.R.A. N12o 59′ 59.8″     E7o 38′ 28.6″ 0.10 0.11 0.11 
30. Cutoms Barracks N13o 00′ 23.8″     E7o 37′ 19.1″ 0.15 0.16 0.14 
31. Goruba Housing Est. N13o 00′ 06.9″     E7o 37′ 16.8″ 0.29 0.31 0.27 
32. Nitel N12o 59′ 47.3″     E7o 37′ 08.6″ 0.26 0.26 0.31 
33. Kofar Durbi N12o 59′ 42.2″     E7o 36′ 57.7″ 0.23 0.23 0.28 
34. Social Development N12o 59′ 55.2″     E7o 36′ 51.7″ 0.24 0.23 0.28 
35. Area Council N12o 59′ 42.7″     E7o 36′ 33.0″ 0.22 0.22 0.26 
36. Unguwar Liman N12o 59′ 56.8″     E7o 35′ 53.5″ 0.18 0.18 0.21 
37. Kofar Kaura N12o 59′ 56.8″     E7o 36′ 17.3″ 0.22 0.21 0.25 
38. Canada Quarters N12o 58′ 16.1″     E7o 37′ 07.3″ 0.26 0.29 0.25 
39. Aishatu Memorial N12o 58′ 07.8″     E7o 37′ 24.2″ 0.12 0.12 0.14 
40. Danfodio Institute N12o 58′ 40.2″     E7o 37′ 16.5″ 0.11 0.11 0.11 

 
 

Table 3 Natural radioactivity in water from other parts of the world 
 

Area Mean specific activity (Bq l-1) 
 Type of Source 232Th 226Ra 40K Reference 
Egypt Tap water 0.008 0.0157 0.152 [15] 
Islamabad, Pakistan Bottled water 0.0113    0.052 0.0409 [16] 
Biseni, Nigeria Lake water 12 12 29 [17] 
Akure, Nigeria Well water NR 7.15 13.54 [18] 
Chittagong, Bangladesh Well and tap 0.19 0.043  4.16 [1] 
Katsina, Nigeria Groundwater 0.43 0.52 1.02 This work 
      

NR- not reported 
 
effective dose due to one year’s direct ingestion of the 

groundwater from the study area was estimated to vary from 
0.07 to 0.46, 0.08 to 0.49 and 0.06 to 0.49 for infants, children 
and adults respectively. This indicates that the value in most 
of the groundwater sources seems to exceed the reference 
dose values of 0.1 mSv y-1 as recommended by the WHO. 
However, the total committed effective dose estimated in all 
the samples considered is below 1 mSv y-1, which is the 10%  
of the level above which intervention is justified taking into 
account radiological, economic and social factors. 
 
CONCLUSION 

The results of this study provides a baseline data of the 
natural radioactivity levels in the groundwater resources 
abundantly utilised for drinking and other domestic purposes 
by inhabitants of Katsina, a semi arid region in northern 
Nigeria. Comparatively, the moderate natural activity 

concentration values in groundwater from arid and semi arid 
regions such as the study area are attributable to the nature of 
the water sources, that is, less recharge and high residence 
time resulting in more dissolved solids accumulation in the 
water. Despite the fact that the concentrations of natural 
radioisotopes and subsequent committed effective doses in 
many samples were substantially higher than those in other  
populations, most still remained low when compared with 
generic intervention level. The magnitude of risk expected in 
our study is therefore small. Radionuclides screening as well 
as the use of best available technologies (BAT) such as ion 
exchange, reverse osmosis or lime softening (as 
recommended by USEPA) for areas where the natural 
radionuclides concentrations results in committed effective 
dose that exceeds RDL are recommended in order to 
safeguard the members of the public from radiation exposure 
above recommended limits.  
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1. INTRODUCTION 
A huge amount of abandoned shell husk is produced in Japan 
produced as a byproduct of shell production every year casing 
serious environmental problem through spreading bad smell 
to the surroundings. Some abandoned shell husk thrown in 
Tsu city, Mie Prefecture, Japan is shown in Fig.1. Along with 
environmental concern, a lot of money is being spent for the 
disposal of these shell husks in Mie and all over Japan. With 
the rapid increase in demand for balance between natural 
phenomena and ecology in bio-environment, there is a 
significant need for continuous development of new 
technologies that consume these abandoned shell husks [1,2]. 
This solves mainly two environmental and economic aspects, 
such as, (1) solving the waste storage problem and (2) 
protection of limited natural resources of aggregates [3,4]. 
Both the economic and environmental benefits can be 
achieved by using the abandoned shell husk as recycled 
aggregate in concrete or in cement-based composites. Some 
researches on concrete or cementitious composites with other 
recycled aggregate produced from building destruction can be 
found in the technical literature [5-8].  Light weight concrete 
masonry with recycled wood aggregate was studied by Stahl 
[9]. The latest researches on the assessment of the surface 
resistance and permeation properties of recycled aggregates 
concrete is also found [10,11]. In spite of the volume of 
available information in the technical literature, there is a no 
research work available on the use of abandoned shell husks 
in cementitious composites for soil reinforcement 
applications [12]. 

 
 
 
If abandoned shell husk properly applied for the surface 
treatment of composite reinforcement, shear resistance 
between the soil and the reinforcement may be significantly 
improved. However, this needs to be substantiating by 
evidence through laboratory experiment and if necessary by 
field applications.  In view of the above distinct advantages 
for environmental conservation and protection of limited 
natural resources as well as soil-reinforcement applications; 
the present research work is undertaken to fulfill this basic 
need. It is expected that the outcomes of this research assist in 
possible utilization of abandoned shell husk as aggregate for 
producing cement-based composite reinforcements for 
prospective uses in the field such as; terrace lands, roads, 
canals, pavements, embankments, ridge between paddy fields 
and other agricultural and engineering structures in the form 
of earth slope protection. For effective utilization of 
cementitious composites containing abandoned shell husks in 
soil and geotechnical works, it is necessary to study various 
engineering properties such as soil-reinforcement interaction. 
Shear tests are commonly performed to study the behavior 
and shear resistance of cement based composite materials. 
Shear tests (soil-structure interaction) between soil and 
composite reinforcement containing abandoned mactridae 
shell husk under different surcharge such as normal loading 
conditions were demonstrated. A comparison of the test 
results with ordinary reinforcement is depicted.  

Cost-Performance Studies of Abandoned Shell Husks (ASH) in Japan 
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Abandoned shell husks

Seashore of Tsu city

 
Fig.1 Abandoned mactridae shell husks in Tsu city, Mie Prefecture, Japan 

  
2. DETAILS ABOUT ABANDONED SHELL HUSK 

 
The abandoned shell husks were collected from the sea coast 
near to Mie University, Tsu city, Mie Prefecture, Japan 
(Fig.1) are the Mactridae type shell husk. After collection, the 
shell husks were graded by performing sieve analysis. The 
fineness modulus and the maximum size of the abandoned 
shell husks were 4.35 and 4.76mm, respectively. The shell 
size distribution curve can be found elsewhere []. According 
to the Japanese Ministry of Forestry, Fisheries and 
Agriculture; Mactridae, also known as trough shells or duck 
clams, is a family of marine bivalve clams of the order 
Veneroida. The amount of shell production and disposal cost 
were given in Table 1 based on city, prefecture and country 
and depicted in the results and discussion section. Therefore, 
there are not repeated in this section. 
 
3. PREPARATION OF SPECIMENS 
 
Ordinary Portland cement and river sand passing through a 
No.8 (2.38mm) sieve, which has a fineness modulus of 2.33, 
were used for casting. For all the specimens, the water to 
cement ratio and cement to sand ratio both were 0.5 by weight. 
The requisite amount of sand and cement was dry-mixed in a 
pan, and then the requisite quantity of water was added 

gradually while the mix was continuously stirred. 
Rectangular specimens were made in the wooden moulds 
with open tops. The moulds were made in such a way that the 
side walls and the base were detachable so that the mould 
could be easily separated from the specimens after its initial 
setting (Fig.2). The contact surfaces of the mould to the 
mortar were greased before casting the specimens to ease the 
demolding process  At first, thin layer (4 to 5  mm) of mortar 
was spread on the base of the mold and then the mesh made of 
small diameter (1mm) with c/c opening 10mm was placed on 
the mortar. After that the second layer of mortar was spread 
on the mesh covering by mortar again 4 to 5 mm. Therefore, 
the final thickness of the composite reinforcement was made 
of 10mm. The shell husks were spread on the mortar in such a 
way so that each shell was 50% inside the mortar with 50% 
above the mortar. The husks were spread randomly. Overall 
surface area that was covered by the shell was 20%.  A hole at 
the center of the composite was made in order to drain pore 
water from the soil structure (Fig.3). This also provides 
additional shear resistance. 

The specimens were air-dried for 24 hours for initial setting 
and then immersed in water for curing. The specimens were 
removed from water after 28 days and were air-dried for 2 
days in room temperature of about 25oC and relative humidity 
of about 50%; then the tests were performed. 
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Fig. 2 Mold for cast composite reinforcement 
 

 
Fig.3 Completed composite reinforcement containing ASH  

 
4. METHOD OF TESTING 

 
The apparatus used in this study is shown in Fig. 4 which is 
capable of performing both pullout and direct shear tests. For 
convenience of the readers, the important components of the 
testing equipment are numbered numerically starting from 
top-left to right-down in the increasing way such as, the 
number from [1] to [8] where the number [1] is the normal 
load application plate for upper box, [2] is the shear stress 
measuring device, [3] is the upper box filled with soil, [4] is 
the ASH panel, [5] is the lower box, [6] is the electrically 
operated shear jack, [7] is the displacement measuring dial 
gauge and [8] is the device taking normal load which acted on 
the upper box. 
TheASH panels were made to obtain rectangular pieces of 
316 mm by 380 mm in size with 120-mm extended mesh. The 
specified length of the pieces was selected in order to 
facilitate clamping with the shear apparatus. The panels were 
clamped in the box in such a way that the embedded length of 
the panel is 380 mm in the loading direction and 316 mm in 
the transverse direction. After embedding the ASH panel on 

the lower box, the upper part was set on the panel, and then 
the Toyoura sand was rained in the upper box with 80cm 
height. This provides nearly 90% compaction of the soil in the 
upper box. The tests were carried out in the way of pushing 
out the panel along with the lower box from the soil with 
constant selected speed by means of screw jack under 
electrically operated constant pressure. The shear force and 
the displacements were measured by using the linear variable 
differential transformers (LVDTs). All the tests were carried 
out under surcharges of 40, 80, 120, 160 kPa. 
 

 
Fig. 4 Shear testing apparatus 

 
5. RESULTS AND DISCUSSION 

 
The amount of ASH production and required cost for its 
disposal in Japan are given in Table 1. As can be seen, the 
amount of the ASH is about 151000 tons per year according 
to the Japanese Ministry of Forestry, Fisheries and 
Agriculture. Among these, about 9627 tons/year are produced 
in Mie prefecture and 715 tons/year are produced in Tsu city 
along with 407 tons/year of Mactra Chinensis (Mactridaes) 
in Tsu city. According to the information of disposal site 
office in Tsu city, the cost for disposing the ASH is about 18 
yen per kilogram which means that nearly 12.8 million yen is 
required for disposing ASH in Tsu city (nearly 7.3 million 
yen is required for Mactridaes) only. In addition to this, 
nearly 2 million US$ is required in Mie Prefecture and nearly 
32 million US$ is required in Japan. These ASHs which are 
not only thrown away without any commercial return and a 
lot of money is being spent for its disposal but also causing 
pollution and environmental problems. 
 

Table 1 Amount of ASH and cost for its disposal in 2009 
 

Place Amount of shells 
production  (tons)) 

Cost required to 
dispose shells (yen) 

Japan 151,000 2718000000 
Mie prefecture 9,627 173286000 
Tsu City 715 12870000 
Tsu City 
(mainly Mactra 
Chinensis) 

407 7326000 
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The shear behavior of ASH in terms of soil-ASH 
interaction is depicted in Fig. 5 with the surcharges in 
abscissa and ultimate shear strength in ordinate.  

 
 
 
 
4 Conclusions 
The possible utilization of abandoned shell husks in 

concrete construction is studied in this paper. Engineering 
properties such as compressive strength, Young’s modulus, 
tensile strength, unit weight, water absorption capacity and 
coefficient of hydraulic conductivity results agree well with 
the ACI results. In designing light weight concrete structure 
such as partition wall, slope surface protection, ridge between 
paddy fields, roads and embankments slopes and sea-shore 
protection structures where strength does not a great factor 
but the water absorption properties are advantageous, 
concrete with shell aggregates may be used.  
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1. INTRODUCTION 
The tropical cyclones occurred in the year of 1970 (Bhola), 
1991 (Tropical), 1999 (Orissa) and 2007 (Sidr) are four 
severe cyclones along with over 16 major cyclones occurred 
in Bangladesh (Hossain et al). The 1970 Bhola cyclone was a 
devastating cyclone that struck on November 12, 1970 (Islam, 
2006). It was the deadliest tropical cyclone ever recorded, and 
one of the deadliest natural disasters in modern times. More 
than 250,000 people lost their lives in the storm, primarily as 
a result of the storm surge that flooded much of the low-lying 
islands of the Ganges Delta. This cyclone was the sixth 
cyclonic storm of the 1970 North Indian Ocean cyclone 
season, and was also the most powerful, reaching a strength 
equivalent to a Category 3 hurricane. This cyclone formed 
over the central Bay of Bengal on November 8 and traveled 
north, intensifying as it did so. It reached its peak with winds 
of 185 km/h (115 mph) on November 12, and made landfall 
on the coast of East Pakistan that night. The storm surge 
devastated many of the offshore islands, wiping out villages 
and destroying crops throughout the region. The city of Thana, 
Tazumuddin, was the most severely affected, with over 45% 
of the population of 167,000 killed by the storm (Paul and 
Rahman, 2006). 
The cyclone which struck Bangladesh on the night of 29-30, 
April, 1991 was particularly severe causing widespread 
damage, killing 138,882 people (Bern, et al 1993). There has 
been massive damage to life line systems as well as private 
properties. Total loss has been estimated at US$2.07 billion 
dollars for all sectors. Cyclone on 18th October, ’99 hit on the 
eastern cost of India along the Bay of Bengal affecting the 
coastal districts of Ganjam, Puri, Jagatsinghpur, Khurda, 

 
 

Gajapati and Balasore. Subsequently, the State was hit by a 
Super Cyclone on 29th October, ’99 with winds of more than 
250 km/h, tidal waves rising 20 feet high and torrential rains. 
The Super Cyclone and its aftermath caused "severe" damage 
in the districts of Jagatsinghpur, Balsore, Cuttack, Puri, 
Nayagarh, Jajpur Kendrapada, Bhadrak and Khurda and 
"moderate" damage in the districts of Mayurbhanj, 
Dhenkanal and Keonjhar (BWDB. 1998). In 2007, 
Bangladesh suffered a natural disaster like the cyclone Sidr of 
November 15, an unusually powerful storm that triggered 
giant waves up to 30ft (7m) high and killed more than 10,000 
people in the south western coastal belt of Bangladesh 
covering the districts of Bagerhat, Barisal, Patuakhali, 
Pirozepur, Khulna and Satkhira. Even five days after the 
calamity, in village after village along the battered roads of 
the coastal districts, the survivors of the storm, their cheeks 
hollow and eyes sunken from hunger wait in vain for relief to 
come. True, natural disasters are a universal reality. But in 
modern times, it is the preparedness that counts. Damage can 
be minimized, rehabilitation can be effective, but only if a 
nation has an organized disaster management plan. Unhappily, 
Bangladesh does not. Accompanied by 260 km/h ravaging 
winds and sea surge as high as 30ft that swept about 20 km 
inland, a grade 5 hurricane, the highest level possible, 
devastated 23 districts in the south western part of 
Bangladesh at midnight on November 15, 2007 (EU, 1998). 
The country is yet to fully repair many of the damages done to 
her infrastructure due to devastating flood occurred in the 
same year just three months ago (Hossain and Sakai, 2008). 
Agricultural infrastructures such as farm structures, irrigation 
structures, dairy, poultry, fisheries, shelter, sanitation, 
drinking water, electricity supplies, transportation services 
including both land and water transports are in great danger in 
the region of Bay of Bengal where natural disasters occurred 

ABSTRACT 
 
The influence of tropical cyclones on flood height and damages of land and embankments in Bangladesh have been 
studied based on the field visits to cyclone site, collected data and information on damages of land and embankments 
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frequently. Considering the above facts, the damages of 
agricultural land, flood heights and death of people along 
with other factor are focused in this paper. 

2. PATH OF CYCLONES AND SEVERIETIES 
The path of the four severe cyclones along with the physical 
facts of Bangladesh is shown in Fig.2. It should be noted that 
Bangladesh extends between 21o and 27o North latitude and 
88o and 92.5o East longitude. The Bay of Bengal is in the 
south side of the country. The total area is 144,000 sq km and 
size of population is around 15 million (2007). Per capita 
income is around US$ 550, one of the lowest in the world. 
The coastal land of Bangladesh (710 km long) is of recent 
origin formed out of the process of sedimentation. Most parts 
of the area are, therefore, low lying which can be subject to 
inundation even under ordinary circumstances of tides. A 
tidal surge accompanied by a cyclone storm makes the 
situation alarming which is further exacerbated by the 
triangular shape of the Bay of Bengal (Fig.1).  
 

 
The wide shallow continental shelf is conducive to 
amplification of surges causing wide spread flooding. The 
country has been subjected to frequent natural disasters in 
many forms, particularly cyclonic storms and tidal surges. 
From 1970 to 2007, four major cyclone storms and tidal 
surges have been reported. These indicate that Bangladesh is 
prone to frequent destructive tropical cyclones associated 
with tidal surge. The low-lying coastal areas are particularly 
vulnerable, thus placing these population, infrastructure, 
agriculture, livestock and economic development in a 
high-risk situation. During the 1991 cyclone, the cyclonic 
storm was detected as a low pressure area over the Southeast 

Bay and adjoining Andaman Sea on 23 April. Finally, the 
cyclone of hurricane intensity crossed the Chittagong coast a 
little north of Chittagong at 2 a. m. of 30 April, 1991 that 
killed some 143,000 people in Bangladesh. The aspects of the 
detection of the cyclone, its monitoring and prediction and 
weakness of warning and special weather bulletins have been 
reflected upon. Most of the worst affected thanas are either 
off-shore islands or coastal thanas. The less affected thanas 
are mostly located inside and further from the coast. The 2007 
cyclone Sidr smashed into the country's southern coastline 
late on Thursday midnight of November 15 with 250 km/h 
(155 m/h) winds that whipped up a five meter tidal surge and 
swept about 20 km inland, a grade 5 hurricanes, the highest 
level possible, devastated 23 districts in the south western 
part of Bangladesh. Gigantic walls of water smashed into the 
coastline, washing away everything in their path. The 
backwash dragged hundreds of people into the sea, bodies 
were towards the shoreline -- twisted, bloated and broken -- 
washing up from the overflowing creeks and ponds around 
the villages. Death and its nauseating stench were 
everywhere. 

3. EFFECT ON WIND, FLOOD AND LAND 
In order to understand the severity of storm of the tropical 
cyclones in Bangladesh, a comparative study of the maximum 
wind speed and storm surge of major cyclones those struck in 
Bay of Bengal during the last four decades is depicted in 
Figs.2 and 3. The high power of the storm was mainly due to 
the higher wind speed which is apparent from Fig.2 for all the 
cases after 1970. In 1970 that is known as Bhola cyclone, 
though the wind speed was not as high as of the recent 
cyclones that can be found in 1991, 1998 and 2007, however, 
the number of casualties was severe at that time. The wind 
speed of Bhola cyclone was nearly 227 km/h whereas the 
others were over 230 km/h such as 257, 237 and 247 km/h for 
the cyclones occurred in the year of 1991, 1999 and 2007, 
respectively. The storm surge, on the other hand, was 
recorded as 7.8, 8.8, 8.1 and 8.4 m for the cyclones occurred 
in the year of 1991, 1999 and 2007, respectively, as shown in 
Fig.3. The radius of the major cyclones is shown in Fig.4. 
  

Fig.1 Paths of 4 extremely severe cyclones 
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Fig.2 Wind Speed during the major cyclones in Bangladesh 
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4. EFFECT ON PEOPLE AND EMBANKMENT 

The number of death of people and the damages due to major 
cyclones in Bangladesh are given in Fig.6 as the line graphs 
for the sake of clarification of the ferocious devastation 
brought to Bangladesh by the cyclones in just 37 years. 
Although the wind speed and tidal surge was lower for the 
1970 Bhola cyclone, than the recent ones, the number of 
death of people was extremely higher at that time. It was 
estimated that more than 250000 people was died during the 
1970 Bhola cyclone. It was saying that this was the deadliest 
one in the earth in its history. On the other hand, the 1991 
cyclone was also other deadliest tropical cyclones on record 
that struck greater Chittagong with strong winds and storm 
surge, killing at least 140000 people and leaving as many as 
one crore people homeless and destroying 10 lakh homes. 
The damage of property was estimated at 1.8 billion US dollar 
in 1991.  
 

 
The damage in 1999 and 2007 is noted as 4.2 and 5.3 billion 
US dollar. A large number of boats and smaller ships ran 
aground. Bangladesh Navy and Air Force were also heavily 
hit. BNS Isha Khan Naval Base was flooded, with heavy 
damage to the ships. Most of the fighter planes of the Air 
Force were also damaged. Comparison between the death of 
people and the damages in Fig.5 in terms of money in 
US$ during the past four major cyclones notices that the 
number of death of people is getting to decrease although the 
damages of the properties increases in the recent years.  This 
clearly indicates the awareness and preparedness of the 
people in the coastal region, improvement of weather 
broadcasting system and countermeasures taken by the 
government of the country. However, these measures could 
not be considered enough yet and more action need to be 
taken to minimize the death and damages of the peoples, their 

homes, cattle, agriculture, forestry and fisheries,  as well as its 
environment, bio-diversity, Sundarbans (world largest 
mangrove) and wildlife. 
 
5. DISCUSSION 

 
There was widespread damage to transport and 
communications networks. Rural roads, and many of the 
embankments protecting such roads, were extensively 
damaged.  Most of the road damage was associated with the 
tidal surges in coastal areas.  Large uprooted trees on 
roadsides also account for some of the damages, as trees were 
uprooted segments of tarmac or earthen roads became 
cracked or fragmented. Damage to transport infrastructure in 
coastal and inland waterways had occurred.  Numerous 
ferries, and associated landing and loading areas damaged. In 
more than a few cases, the storm surge was so strong that 
medium to large sized ferries were actually lifted clear out of 
the water and beached on neighboring land.  
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Fig.3 Flood surge height during the major cyclones in 
Bangladesh 
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Fig.4 Maximum radius of major cyclones 
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Fig.5 Number of death of people and damages of severe 
cyclonic storms in Bangladesh 
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6. CONCLUSIONS 

 
Nineteen ninety one’s cyclone killed at least 138,000 people, 
and the 1970 cyclone in Bhola, which left as many as above 
250,000 people dead and is considered the deadliest cyclone, 
and one of the worst natural disasters, in human history. Sidr 
2007 is another recent deadliest one causing thousands of 
people dead, millions of acres of cropland washed down by 
the sweeping ocean-surge, one third of Sundarban, a world 
natural heritage, utterly torn down, and substantial 
infrastructural damages have caused combined losses of 
assets and agricultural production. About 3,931 km long 
coastal embankment to protect coastal land from inundation 
by tidal waves and storm-surges, and drainage channels of 
total length of 4,774 km have so far been constructed, but lack 
of maintenance has rendered them almost ineffective. The 
results reported in this paper can be used as the preparatory 
information about flood height and scale of effect on land and 
people of Bangladesh. 
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