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Preface 
 
 
 
 
 
The First International Conference on Geotechnique, Construction Materials and Environment 
GEOMAT2011 is organized in Center Palace Miyako Hotel, Tsu city, Mie Japan in conjunction with Japanese 
Geotechnical Society (JGS), Japanese Society of Irrigation Drainage and Rural Engineering (JSIDRE), Mie 
University, JCK Comp. Ltd and Glorious International. It aims to provide with great opportunities to share 
common interests on geo-engineering, construction materials, environmental issues, water resources, and 
earthquake and tsunami disasters. The key objective of this conference is to promote interdisciplinary 
research from various regions of the globe. On Friday 11 March at 14:46 Japan Standard Time, the north east 
of Japan was severely damaged by the tragic earthquake and tsunami. The conference is dedicated to the 
tragic Tohoku-Kanto earthquake and tsunami disasters.  
The conference has 3 major themes with 17 specific themes including   

● Advances in Composite Materials 
● Computational Mechanics  
● Foundation and Retaining Walls  
● Slope Stability  
● Soil Dynamics  
● Soil-Structure Interaction  
● Pavement Technology  
● Tunnels and Anchors  
● Site Investigation and Rehabilitation  
● Ecology and Land Development  
● Water Resources Planning  
● Environmental Management 
● Public Health and Rehabilitation  
● Earthquake and Tsunami Issues  
● Safety and Reliability  
● Geo-Hazard Mitigation 
● Case History and Practical Experience 

The proceedings contain 7 keynote papers along with 115 technical papers from 22 countries. The technical 
papers are selected from the vast number of contributions submitted, after review of the abstracts. The final 
papers included in the proceedings have been peer reviewed rigorously and revised as necessary by the 
authors. We are grateful to the authors of the contributed papers for their resourceful papers and their help in 
maintaining the high assessment of the papers and the co-operation in complying with the requirements of the 
editor and the reviewers. We wish to express our sincere thanks to the Organizing Committee Members, 
National Advisory Committee Members and International Advisory Committee Members for their valuable 
supports. We acknowledge the support of Japanese Geotechnical Society (JGS), Japanese Society of 
Irrigation Drainage and Rural Engineering (JSIDRE), Mie University, JCK Comp. Ltd and Glorious 
International. 
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Preface 
 
 
 
 
 
The First International Conference on Geotechnique, Construction Materials and Environment 
GEOMAT2011 is organized in Center Palace Miyako Hotel, Tsu city, Mie Japan in conjunction with Japanese 
Geotechnical Society (JGS), Japanese Society of Irrigation Drainage and Rural Engineering (JSIDRE), Mie 
University, JCK Comp. Ltd and Glorious International. It aims to provide with great opportunities to share 
common interests on geo-engineering, construction materials, environmental issues, water resources, and 
earthquake and tsunami disasters. The key objective of this conference is to promote interdisciplinary 
research from various regions of the globe. On Friday 11 March at 14:46 Japan Standard Time, the north east 
of Japan was severely damaged by the tragic earthquake and tsunami. The conference is dedicated to the 
tragic Tohoku-Kanto earthquake and tsunami disasters.  
The conference has 3 major themes with 17 specific themes including   

● Advances in Composite Materials 
● Computational Mechanics  
● Foundation and Retaining Walls  
● Slope Stability  
● Soil Dynamics  
● Soil-Structure Interaction  
● Pavement Technology  
● Tunnels and Anchors  
● Site Investigation and Rehabilitation  
● Ecology and Land Development  
● Water Resources Planning  
● Environmental Management 
● Public Health and Rehabilitation  
● Earthquake and Tsunami Issues  
● Safety and Reliability  
● Geo-Hazard Mitigation 
● Case History and Practical Experience 

The proceedings contain 7 keynote papers along with 115 technical papers from 22 countries. The technical 
papers are selected from the vast number of contributions submitted, after review of the abstracts. The final 
papers included in the proceedings have been peer reviewed rigorously and revised as necessary by the 
authors. We are grateful to the authors of the contributed papers for their resourceful papers and their help in 
maintaining the high assessment of the papers and the co-operation in complying with the requirements of the 
editor and the reviewers. We wish to express our sincere thanks to the Organizing Committee Members, 
National Advisory Committee Members and International Advisory Committee Members for their valuable 
supports. We acknowledge the support of Japanese Geotechnical Society (JGS), Japanese Society of 
Irrigation Drainage and Rural Engineering (JSIDRE), Mie University, JCK Comp. Ltd and Glorious 
International. 
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ABSTRACT: The construction of permanent 
geosynthetic-reinforced soil (GRS) retaining walls (RWs) with a 
full-height rigid facing for railways, including high-speed train lines, 
started about twenty years ago in Japan. The total length of this type 
of GRS RW is now more than 125 km, replacing traditional 
gravity-type RWs or cantilever reinforced concrete RWs and 
steel-reinforced soil RWs. Many were also constructed replacing 
traditional type RWs and embankments that collapsed during recent 
earthquakes, heavy rainfalls and storms. By taking advantages of 
this technology, a number of bridge abutments with 
geosynthetic-reinforced backfill were constructed. The latest version, 
called the GRS integral bridge, comprises a continuous girder 
integrated to a pair of RC facing with the backfill reinforced with 
geosynthetic reinforcement layers firmly connected to the back of 
the facing. The advantages of the GRS integral bridge are presented. 
It is proposed to apply these new technologies to the recovery of 
embankments, RWs and bridges that were damaged by earthquakes, 
floodings, storms and tsunami. 
 
Keywords: Bridge abutment, Full-height rigid facing, 
Geosynthetic-reinforced soil, Retaining walls, Staged 
construction   

1. INTRODUCTION 

Construction of geosynthetic-reinforced soil retaining walls 
(GRS RWs) and geosynthetic-reinforced steep-sloped 
embankments has become popular these two decades in Japan. 
A couple of unique technologies of GRS structure were 
developed in Japan, including several new type bridge 
abutments comprising geosynthetic-reinforced backfill.   

1.1 GRS RWs having a staged-constructed FHR facing 

GRS RWs having a stage-constructed full-height rigid (FHR) 
facing is now the standard RW construction technology for 
railways including bullet train lines in Japan, replacing 
traditional type RWs (Tatsuoka et al., 1997, 2007). Fig. 1 
shows a typical wall. This new type GRS RW has been 
constructed at more than 850 sites in Japan, and the total wall 
length is more than 123 km as of March 2011 (Fig. 2).  
 
This new type GRS RW has the following features (Fig. 3): 
a) The use of a FHR facing that is cast-in-place using staged 

construction procedures. The geosynthetic reinforcement 
layers are firmly connected to the back of the facing, which 
is essential for high static and dynamic wall stability, as 
illustrated in Fig. 4. 

b) The use of a polymer geogrid for cohesionless soil to 
ensure good interlocking and a composite of non-woven 
and woven geotextiles for high-water content cohesive 

 
\ 

soils to facilitate both drainage and tensile reinforcing of 
the backfill. The latter makes possible the use of 
low-quality on-site soil as the backfill if necessary. 

 

 
Fig 1.  GRS RW having a FHR facing for Yamanote Line 
(one of the busiest urban railways in Japan) flying over Chuo 
Line (another busiest urban railway) in Tokyo (constructed 
during 1995–2000): a) typical cross-section; b) wall under 
construction; and c) completed wall.  
 

a)  

b)  
Fig. 2.  a) Locations; and b) length of GRS RWs with a 

staged-constructed FHR facing (as of March 2011).  
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c) The use of relatively short reinforcement, made possible by 
using planar geosynthetic reinforcement, which has a 
relatively short anchorage length necessary to activate the 
tensile rupture strength. 

 

a)  

b) c)

 
Fig 3.  Staged construction of a GRS RW: a) respective 

construction steps; b) details of connection between the 
facing and the reinforced backfill; and c) typical view of 
the wall face before casting-in-place FHR facing.  

 
The staged construction consists of the following steps (Fig. 
3a): 1) a small foundation element for the facing is 
constructed; 2) a full-height GRS wall with wrapped-around 
wall face is constructed by placing gravel-filled bags at the 
shoulder of each soil layer; and 3) after the major part of 
ultimate deformation of the backfill and the subsoil layer 
beneath the wall has taken place, a thin (i.e., 30 cm or more) 
and lightly steel-reinforced concrete facing is constructed by 
casting-in-place fresh concrete directly on the wall face, 
which makes the FHR facing firmly connected to the main 
body of the backfill. Fig. 3b shows the details of the 
connection of the FHR facing to the main body of the 
reinforced backfill and Fig. 3c shows typical view of the wall 
face before casting-in-place FHR facing at the site presented 
in Fig. 1. A good connection can be made between the RC 

facing and the main body of the geosynthetic-reinforced 
backfill the following two mechanisms. Firstly, the fresh 
concrete can be easily penetrated into the inside of 
gravel-filed gabions through openings of the geogrid. 
Secondly, extra water from fresh concrete is absorbed by 
gravel inside the gabions, which prevents negative effects of 
bleeding phenomenon of concrete. It is to be noted that the 
gabions wrapped-around with geosynthetic reinforcement 
and filled with gravel function that are placed at the shoulders 
of soil layers functions as; not only a) a temporary facing 
structure during construction that makes backfill-compaction 
more easily and resists against earth pressure generated by 
compaction and further backfilling at higher levels of the 
wall; but also b) a drainage layer after construction; and c) a 
buffer that protects the connection between the FHR facing 
and the reinforcement layers against relative displacement 
that takes place after construction. Moreover, concrete form 
on both sides of the facing and its propping, which becomes 
more expensive at a high rate as the wall becomes higher, is 
necessary to construct a conventional RC cantilever RW. On 
the other hand, only external concrete form without any 
external propping while not using internal concrete form is 
necessary with this new GRS RW system (Fig. 3b). 
 

 
Fig. 4. Effects of firm connection between the reinforcement 

and the facing (Tatsuoka, 1992). 
 
The importance of connecting reinforcement layers to the 
rigid facing is illustrated in Fig. 4. If the wall face is loosely 
wrapped-around with geosynthetic reinforcement without 
gabions placed at the shoulder of respective soil layers or the 
reinforcement layers are not connected to a rigid facing, no 
tensile force is activated at the wall face in the reinforcement 
while no significant earth pressure is activated at the wall face. 
No earth pressure at the wall face means no lateral confining 
pressure activated to the active zone of the backfill, which 
results in low stiffness and low strength of the active zone and 
therefore intolerably large deformation and displacement of 
the active zone (Fig. 4a). On the other hand, with this new 
GRS RW system, as the gabions function as a temporary 
facing structure, high earth pressure can be activated at the 
wall face before placing a FHR facing. As wrapping-around 
geosynthetic reinforcement at the wall face is buried in the 
fresh concrete layer, eventually the reinforcement layers are 
firmly connected to the FHR facing and the earth pressure 
that has been activated to the temporary facing structure 
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comprising gabions wrapped-around with a geogrid is 
resisted by a FHR facing consisting of a lightly steel-concrete 
layer and a pile of gabions. The importance of this firm 
connection for a high wall stability is illustrated in Fig. 4b. 
That is, relatively large earth pressure, similar to the active 
earth pressure develops in the unreinforced backfill retained 
by a conventional RW, can be activated on the back of the 
FHR facing because of a high connection strength between 
the reinforcement and the facing and a high facing rigidity. 
This high earth pressure results in high confining pressure in 
the backfill, therefore high stiffness and high strength of the 
backfill, which results in high performance of the wall.  
 
The geosynthetic reinforcement that is required to maintain 
the stability of GRS RW having a staged constructed FHR 
facing becomes relatively short when compared to metal strip 
reinforcement. This is because: 1) the anchorage length of 
planar geosynthetic reinforcement to resist against the tensile 
load equal to the tensile rupture strength of reinforcement 
becomes much shorter; and 2) a FHR facing prevents the 
occurrence of local failure in the reinforced zone of the 
backfill by not allowing failure planes to pass through the 
wall face at an intermediate height. Factor 2) becomes more 
important when the backfill is subjected to concentrated load 
on the top of the facing or immediately behind the wall face 
on the crest of the backfill. 
 

 
Fig. 5.  Traditional type RW as a cantilever structure. 
 

 
Fig. 6. GRS RW with a FHR facing as a continuous beam 

supported at many points with a small span (Tatsuoka, 
1992; Tatsuoka et al., 1997). 

 

1.2 GRS-RWs as non-cantilever strutures  

A conventional type RW is basically a cantilever structure 
that resists against the active earth pressure from the 
unreinforced backfill by the moment and lateral thrust force at 
its base (Fig. 5). Therefore, large internal moment and shear 
force is mobilized in the facing structure while large 

overturning moment and lateral thrust force develops at the 
base of the facing. A large stress concentration may develop 
at and immediately behind the toe on the base of the facing, 
which makes necessary the use of a pile foundation in usual 
cases. These disadvantages become more serious at a high 
rate with an increase in the wall height.  
 
Relatively large earth pressure, similar to the one activated on 
the traditional type RW, may be activated on the back of the 
FHR facing of this new type GRS RW because of firm 
connection between the reinforcement and the FHR facing. 
Despite the above, as the FHR facing behaves as a continuous 
beam supported at many levels with a small span, typically 30 
cm, only small force is activated in the facing structure (Fig. 
6). Because of the above, the facing structure becomes rather 
simple while the overturning moment and lateral thrust force 
activated at the facing base becomes small, which makes 
unnecessary a pile foundation in usual cases. The case 
histories until today have validated that the GRS RW having a 
stage-constructed FHR facing is much more cost-effective 
(i.e., much lower construction cost, much speedy construction 
using much lighter construction machines), therefore a much 
less total emission of CO2 than the traditional type RW. 
Despite the above, the performance of the new type GRS RW 
is equivalent to, or even better than, that of traditional type 
RW. 
 

 a1)  

a2)  

b)  
Fig. 7.  Reconstruction of a gentle slope of embankment to a 

vertical wall: a1) & a2) the traditional method; and b) the 
new method (the numbers indicate construction sequence). 
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a)                           b)                            c) 

d)  
Fig. 8.  a) Before; b) during; and c) after reconstruction of 
embankment slope to a GRS RW having a FHR facing; and d) 
typical cross-section, a yard for bullet trains (Shinkan-Sen) in 
Nagoya; average wall height= 5 m; total length= 930 m; & 
construction period= 1990 -1991 (Tatsuoka et al., 1997). 
 

1.3 Reconstruction of slopes of existing embankments 

One of the reasons for a popularity of this new type GRS RW 
is a high cost-effectiveness when reconstructing gentle slopes 
of existing embankment to vertical RWs, compared with the 
traditional method (Fig. 7a). In particular, when the stiff 
bearing soil layer is deep, expensive temporary structures (i.e., 
ground anchor, sheet piles and concrete form with its 
propping) becomes necessary with the traditional method. On 
the other hand, with the new method (Fig. 7b), such 
temporary structures as listed above are not used while the 
number of construction steps is much smaller, the occupied 
space is much smaller and the construction period is much 
shorter. Fig. 8 shows a typical case history. Moreover, by the 
new method, taking advantage of a FHR facing supported by 
reinforcement layers for a full wall height, super-structures 
that may exert large lateral load, such as electric poles and 
high noise barrier walls, can be constructed either 
immediately behind the wall face without a deep pile 
foundation (Fig. 8d), or directly on the FHR facing. In this 
respect, three-dimensional effects of FHR facing (Fig. 9, 
make a GRS RW very strong against concentrated load 
applied to the top of the facing. That is, the FHR rigid facing 
of this new GRS RW system is continuous not only in the 
vertical direction but also in the lateral direction. One unit of 
FHR facing, separated from horizontally adjacent units by 
vertical construction joins in the facing concrete, has some 
length, about 10 m. Therefore, the whole FHR facing unit can 
resist against concentrated vertical or lateral load applied to 
the facing top with a help of all the reinforcement layers that 

are connected to the facing unit. Moreover, a foundation that 
is embedded inside the reinforced backfill can exhibit large 
lateral resistance against the lateral load acting in the 
direction normal to the wall face (Fig. 9a). The features of 
FHR rigid facing described above become most advantageous 
when a FHR facing functions as a foundation for a 
super-structure. The most typical application is bridge 
abutments made of GRS RWs having a staged constructed 
FHR facing, as described in Chapter  4. 
 

 

a)                                   b) 

 Fig. 9.   3-D resistance of FHR facing/geogrid system against 
lateral load acting to; a) a vertically long structure located 
inside the reinforced zone; and b) the top of the facing 
(Tatsuoka et al., 1997). 

 

1.4 Summary 

No case of collapse and excessive deformation has been 
reported among many case histories of this new type GRS 
RW (Fig. 2). This may be attributed mainly to the following 
factors: a) a good compaction of the backfill is ensured due to 
a relative small vertical spacing of geogrid layers (i.e., 30 cm) 
and no rigid facing existing during backfill compaction; b) all 
potential problems due to deformation and displacements of 
wall and ground can be recognised and dealt with before the 
construction of a FHR facing; c) gabion bags stacked 
immediately behind the FHR facing ensure good drainage 
and act as a buffer when relative displacement tends to take 
place between the facing and the reinforced backfill after 
having been opened to service; d) the use of planar geogrid, 
rather than metal strips (which are much easier to pull out); 
and f) the GRS RWs are designed against high seismic loads; 
it was confirmed that duly designed and constructed GRS 
RWs can survive such severe earthquakes as the 1995 Kobe 
Earthquake (Tatsuoka et al., 1998), as described in Chapter 3. 
The design rupture strength of geogrid is usually determined 
by the a-seismic design, and, therefore, the design rupture 
strength is not reduced to account for creep rupture by 
long-term static loads. Yet, no case history in which the wall 
has exhibited noticeable creep deformation has been reported.  

2. RECONSTRUCTION OF EMBNAKMENTS AND 
RETAINNG WALLS COLLAPSED BY NATURAL 
DISASTERS  

2.1 Collapse by earthquakes 
Numerous embankments and traditional type RWs collapsed 
by floodings, earthquakes and storms in the past in Japan (e.g., 
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Fig. 10). Previously, most of the collapsed soil structures 
were reconstructed to respective original traditional types 
despite that they are not cost-effective and their resistance 
against natural disasters is insufficient. From the beginning of 
the 1990’s, reconstruction of railway embankments that 
collapsed by heavy rainfalls and floodings to embankments 
having geosynthetic-reinforced steep slopes or GRS RWs 
having a stage-constructed FHR facing or their combination 
started based on the successful experiences described above.  
 

 
Fig. 10. Gravity type RW without a pile foundation at 

Ishiyagawa that collapsed during the 1995 Kobe 
Earthquake (Tatsuoka et al., 1997, 1998). 

 

 
 

 
Fig. 11.  GRS RW having a FHR facing at Tanata; a) 

immediately after construction & a typical cross-section; 
and b) one week after the 1995 Kobe Earthquake (Tatsuoka 
et al., 1997, 1998). 

 
High performance during the 1995 Kobe Earthquake of a 
GRS RW of this type that had been constructed at Tanata 
validated its high-seismic stability (Fig. 11). Many gentle 
slopes of embankment and traditional type RWs that 
collapsed by the 1995 Kobe Earthquake and subsequent 
earthquakes were reconstructed to GRS RWs having a 
stage-constructed FHR facing (Tatsuoka et al., 1977, 1998). 
Fig. 12 shows reconstruction of one of the three railway 
embankments supported by gravity type RWs at the slope toe 

that totally collapsed during the 2004 Niigata-ken Chuetsu 
Earthquake. GRS RWs having a FHR facing were 
constructed at these three sites because of not only much 
lower construction cost and much higher stability (in 
particular for soil structures on a steep slope), but also much 
faster construction and a significant reduction of earthwork 
when compared to reconstruction to the original 
embankments. The new type GRS RWs are also much more 
cost-effective and the construction is faster than bridge type 
structures. During this earthquake, road embankments 
collapsed at numerous places in mountain areas and many of 
them were reconstructed to GRS RWs or embankments 
having geosynthetic-reinforced steep slopes.  
 

a)  

 
Fig. 12.  a) Railway embankment that collapsed during the 

2004 Niigata-ken Chuetsu Earthquake and its 
reconstruction to a GRW RW having a FHR facing; b) the 
wall during reconstruction; and c) the completed wall 
(Morishima et al., 2005).  

 
The March 25th 2007 Noto-hanto Earthquake caused severe 
damage to embankments of Noto Toll Road (opened in 1978). 
The north part of this road runs through a mountainous area 
for a length of 27 km. The damage concentrated into this part, 
where eleven high embankments filling valleys were 
extensively collapsed (Koseki et al., 2008). The collapsed 
embankments were basically reconstructed to GRS RWs 
while ensuring the drainage of ground and surface water.  
 
The 2011 Great East Japan Earthquake was the most 
disastrous earthquake in Japan after the World War II. The 
damage was a combination of that from seismic motions and 
the accompanying tsunami, and was of much greater scale 
than that caused by the previous inland fault earthquakes in 
Japan. A great number of embankments and retaining walls 
that had not be designed and constructed following the 
current seismic design standard collapsed. In comparison, a 
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number of GRS RWs having staged constructed FHR facing 
described in Chapter 2 that had been constructed in affected 
areas of this earthquakes performed very well. Several 
embankments that collapsed were reconstructed to this type 
of GRS-RWs (Fig. 13). The details of these case histories will 
be reported in the near feature. 
 

a)  

b)  
Fig. 13.  a) Embankment collapsed in the Nagano-Niigata 
Border Earthquake induced on the day after this disaster; and 
b) reconstruction to embankment retained by a GRS-RW 
having a FHR facing, between Yokokura and Morinomiya, 
JR East Iiyama Line (by the courtesy of the East Japan 
Railway Co.) 
 

2.2 Floodings and storms 

The GRS-RW technology described in Chapter 2 has also 
been used to restore soil structures that collapsed by floodings 
and storms. Fig. 14 shows a typical case. Railway 
embankments that had been constructed in several narrow 
valleys collapsed by over-flow of flood water of heavy 
rainfall. These embankments were reconstructed by using the 
GRS-RW technology. A large diameter drainage pipe was 
arranged crossing the respective embankments. The 
interaction between the drainage pipe and the FHR facing was 
very small, because the FHR facing was constructed after 
major deformation of the embankment and supporting ground 
had taken place. This restoration method was employed also 
in many other similar cases (Tatsuoka et al., 1997).   
 

 

b)  

 
Fig. 14. a) Railway embankment damaged by rainfall in 1989; 
b) reconstructed cross-section; and c) after reconstruction in 
1991 (Tatsuoka et al., 1997; 2007). 

 
A great number of embankments for roads and railways 
retained by gravity-type or leaning type RWs along rivers and 
seashores often collapsed during floodings and storms. This is 
due usually to over-turning failure of the RWs caused by 
scouring in the supporting ground (Fig. 15a). This type of 
failure results from the fact that the conventional type RW is a 
cantilever structure of which the stability is controlled by the 
bearing capacity at the bottom of the RW (Fig. 5).  On the 
other hand, GRS-RWs with a FHR facing is not such a 
cantilever structure as above (Fig. 6), therefore, much more 
stable and cost-effective (Fig. 15b).  Fig. 16a this type of 
failure of a gravity-type RW for a length of 1.5 m along a sea 
shore facing the Pacific Ocean, west-south of Tokyo. The 
failure was triggered by scouring in the supporting ground by 
strong wave actions during a typhoon September 2007. The 
wall was restored by the GRS-RW technology. The FHR 
facing has a strong resistance against storm waves and stable 
against scouring in the supporting ground. Reinforced soil 
RWs with a discrete panel facing is not relevant in such cases, 
as the lost of stability of a single panel by, such as erosion of 
the backfill from connections between adjacent panels, may 
easily result into a failure of the whole wall. 
 

  
a)                                       b) 

Fig. 15. Schematic diagrams showing: a) collapse of 
conventional type RW by flooding (the numbers show the 
sequence of events); and b) high performance of GRS-RW 
with a FHR facing  
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a)  

b)  

c)  

d)  
Fig. 16.  Seawall of Seisho by-pass for National Road No. 1 in 
Kanagawa Prefecture, southwest of Tokyo: a) collapse for a 
length of about 1 km by Typhoon No. 9, 29th Aug. 2007; b) 
original structure;  c) reconstructed seawall; and d) the wall 
during construction (a, b & c: by the courtesy of the Ministry 
of Land, Infrastructure, Transport and Tourism)  
 
Every year, a number of old small scale irrigation dams 
collapsed by earthquakes and floodings in Japan. Fig. 17 
shows the restoration of such a dam as above that collapsed 
by the 2007 Noto-Hanto Earthquake. The spillway section 
was reconstructed by reinforcing the fill by using soil bags 
having a tail and a wing to be integrated with the adjacent soil 
bags when stacked to have a high resistance against over-flow 
and seismic load.   
 

a)  

b)  

c)  

d)  
Fig. 17. Restoration of the earth-fill dam of Hirata Ike, 
Ishikawa Prefecture, that collapsed by the 2007 Noto-Hanto 
Earthquake (Mohri et al., 2009). 
 

 

 
Fig. 18.  Multiple tsunami defense facilities and relocating 
residential areas to higher ground using soil-reinforcement 
technology 

 

3.3 Possible applications to restoration from the damage 
by the 2011 Great East Japan Earthquake 

To counter the danger of tsunami, multiple tsunami defense 
systems could be considered as well as relocating residential 
areas to higher ground. In this earthquake, a great number of 
coastal dikes covered with concrete slabs and panels were 
washed away because of overflow of deep tsunami. To 
prevent such overflow, embankments that are high enough 
might be constructed with a gentle slope using conventional 
technology. Then the width of the embankments and the 
quantity of earthworks would be extremely large. Where road 
and railway embankments are expected to function as 
secondary tsunami barrier and evacuation location, a specific 
height will be required. Again, if normal embankments with 
gentle slopes are constructed, they will be wide and involve 
large quantities of earthworks. Another proposal is to relocate 
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residential areas to higher ground. However, in this 
earthquake, a great number of embankments and retaining 
walls in residential areas that had been constructed using old 
technology collapsed in and around Sendai City.  
 
To make the projects of multiple tsunami defense facilities 
and relocating residential areas to higher ground successful, it 
is proposed to use the technology of GRS-RW with a FHR 
facing explained in Chapter 2, in addition to the execution of 
appropriate compaction control and provision of suitable 
drainage. Figs. 18a and b schematically show this proposal. 

4 DEVELOPMENT OF GRS INTEGRAL BRIDGE 

4.1 Problems with conventional type bridges 

A traditional type bridge comprises a single simple-supported 
girder supported by a pair of abutments via fixed (or hinged) 
and moveable bearings (or bearings), or multiple 
simple-supported girders supported by a pair of abutments 
and a single or multiple pier(s) via bearings. The traditional 
type abutment, which may be a gravity structure 
(unreinforced concrete or masonry) or a RC structure, has the 
following many drawbacks (Fig. 19).  
 

 
Fig. 19.  Several major problems with conventional type 

bridge abutments. 
 
Firstly, as the abutment is a cantilever structure that retains 
unreinforced backfill (Fig. 5), earth pressure activated on its 
back induces large internal force as well as large thrust force 
and overturning moment at the bottom of the abutment. 
Therefore, usually, the abutment becomes massive, while a 
pile foundation becomes necessary unless the supporting 
ground is strong enough. This drawback becomes more 
serious at an increasing rate with an increase in the wall 
height. Secondly, although only small movement is allowed 
once constructed, the backfill are constructed after the 
abutments are constructed. Hence, when constructed on soft 
ground, many piles may become necessary to prevent 
movements of the abutments due to earth pressure as well as 
settlement and lateral flow in the subsoil caused by the 
backfill weight. Large negative friction may develop along 
the piles. The piles may become much longer than the wall 
height when the soft ground is thick. Thirdly, the construction 
and long-term maintenance of girder bearings (i.e., girder 

bearings) and connections between simple-supported girders 
are generally costly. Moreover, the bearings and connections 
are weak points when subjected to seismic loads. Fourthly, a 
bump may be formed behind the abutment by long-term 
settlement of the backfill due to its self weight and traffic 
loads. Lastly, the seismic stability of the backfill is relatively 
low; the backfill may deform largely by seismic loads. 
Furthermore, the abutment supporting the girder via a fixed 
shoe is also relatively low, while the girder may dislodge at a 
movable shoe. 
 

 
Fig. 20.  Development of new type bridges. 
 

a)  
 

b)  
Fig. 21.  Integral bridge: a) construction sequence and 

associated problems; and b) a new problem. 
 

4.2 Integral bridge and GRS-RW bridge 

To alleviate these problems with the conventional bridge type, 
three new bridge types have been proposed (Fig. 20). The 
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integral bridge has been proposed to alleviate problems with 
the structural part (usually reinforced concrete) of the 
traditional type bridge. This type is now widely used in the 
UK, the USA and Canada, mainly due to low construction 
and maintenance cost resulting from no use of bearings and 
the use of a continuous girder. Furthermore, the seismic 
stability of integrated bridge is higher than the traditional type 
(as shown later). However, as the backfill is not reinforced, 
thus not unified to the structural part, the backfill and the 
structural part do not help each other. Therefore, this new 
bridge type cannot alleviate some old problems with the 
traditional type bridges (Fig. 21a) and their static and seismic 
stability is not very high. Moreover, as the girder is integrated 
to the abutments, seasonal thermal expansion and contraction 
of the girder results into cyclic lateral displacements of the 
abutments (Fig. 21b). This results in; 1) development of high 
earth pressure on the back of the abutment (i.e., facing); and 
2) large settlements in the backfill (England et al., 2000). The 
effects of daily thermal effects are negligible.  
 

a)  

 b)  
Fig. 22. GRS-RW bridge: a) construction sequence; and b) 

unsolved old problems. 
 
Taking advantages of the stage-construction procedure (Fig. 
3), many bridges comprising a pair of GRS RWs with a FHR 
facing that support a simple-supported girder were 
constructed (Tatsuoka et al., 1997). Although this bridge type, 
called the GRS-RW bridge (Fig. 22), is more cost-effective 
than the traditional type (Fig. 19), it has the following 
problems: 1) The length of the girder is limited due to low 
stiffness of the backfill supporting the sill beam. 2) The 
construction and long-term maintenance of bearings is costly. 
Moreover, the bearings are weak against seismic loads. 3) 
Although the seismic stability of GRS RWs with a FHR 
facing is very high (e.g., Tatsuoka et al., 1998; Koseki et al., 
2006), it is not the case with the sill beam supporting the 
girder via a fixed shoe, because the mass of the sill beam is 
much smaller than the girder while the anchorage capacity of 

the reinforcement layers connected to its back is small due to 
their shallow depths.  
 

a)  

b)  
 

c)   
Fig. 23.  A bridge abutment at Takada, Kyushu, for a new 

bullet train line (Tatsuoka et al., 2005); a) structural details; 
b) lateral and vertical loading tests of the facing; and c) 
staged construction . 

 
It was then proposed and adopted to place a girder on the top 
of the FHR facing via a shoe (Watanabe et al., 2002; Tatsuoka 
et al., 2005). This proposal was adopted by Japanese railway 
engineers and the first prototype was constructed for a new 
bullet train line in Kyushu (Fig. 23). The abutment was 
constructed by the staged construction procedure placing a 
girder on the top of the RC facing via a fixed shoe. The 
conventional type RC abutment (Fig. 19) laterally supports 
the unreinforced backfill, which may activate large static and 
dynamic earth pressure on the back of the facing. In contrast, 
with this new type abutment, the reinforced backfill laterally 
supports a thin RC facing that supports the girder, without the 
backfill activating static and dynamic earth pressure on the 
facing. Following this project, a number of similar bridge 
abutments (nearly 60) were constructed recently and are 
being planned. Despite the above, this type of abutment is not 
free from several problems due to the use of girder bearings. 

4.3 GRS integral bridge 

To alleviate these many problems with the traditional type 
bridge (Fig. 19) as well as those with the integral bridge (Fig. 
21) and the GRS-RW bridge, Fig. 23) and its improved 
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version (Fig. 23), Tatsuoka et al. (2008a & b, 2009) proposed 
another new type bridge, called the GRS integral bridge (Fig. 
24). This new type bridge combines the integral bridge and 
the GRS-RW bridge taking advantages of their superior 
features while alleviating their drawbacks. 
 

a)  

b)  
Fig. 24.  GRS integral bridge. 
 
The GRS integral bridge has the following features:  
1) The backfill is reinforced with geosynthetic 

reinforcement layers that are firmly connected to the 
back of the FHR facings (i.e., the abutments). If it is 
necessary to ensure very high performance of the bridge, 
particularly during severe earthquakes, the backfill may 
be cement-mixed. 

2) The abutments are constructed by the following staged 
construction procedure: 

a) A pair of GRS walls (without a FHR facing, the wall face 
being wrapped-around with geogrid reinforcement) are 
first constructed. 

b) Pile foundations to support the FHR facings are 
constructed, if necessary. If the deformation of the 
supporting ground by the construction of the backfill is 
not significant, pile foundations may be constructed 
before the GRS walls for better constructability. 

c) FHR facings are constructed by casting-in-place fresh 
concrete on the wall face.  

d) A continuous girder is placed on and integrated to the 
crest of the facings. 

This staged construction procedure is a modification of the 
one described in Fig. 3 and, therefore, it has the same 
advantages. That is, firstly the connection between the 
reinforcement and the facing is not damaged by differential 
settlement between the facing and the backfill during wall 
construction. Then, construction of abutments on relatively 
compressible subsoil without using heavy piles becomes 
possible. Secondly, by compacting well the backfill allowing 
sufficient outward movements at the wall face, sufficient 

tensile force can be mobilized in the reinforcement during the 
construction of GRS walls (w/o a FHR facing).  
 

 
A= needs for massive abutments because of cantilever structure.  
B= needs for piles because of; 1) cantilever-structure abutments; and 

2) limited allowable post-construction displacements despite the 
construction of backfill after piles & abutments.  

C= high cost for construction and long-term maintenance of girder 
bearings (i.e., bearings) and their low seismic stability.  

D= long-term backfill settlement by self-weight and traffic loads. 
D’= long-term settlement of sill beam. 
E= lateral cyclic displacements of the abutment caused by thermal 

expansion and contraction of the girder, resulting in high earth 
pressure and large backfill settlement by the dual ratchet 
mechanism. 

F= large backfill settlement and large dynamic earth pressure  
G= low seismic stability due to independent performance of two 

abutments 
G’= low seismic stability of the sill beam. 
Fig. 25.  Rating of four different bridge types based on cost & 
performance (the higher points, the higher rating). 
 
With conventional type bridges (Fig. 19) and GRS-RW 
bridges (Fig. 22), the length of a single simple-supported 
girder is restricted to avoid excessive lateral seismic load to 
be activated to the abutment on which a fixed bearingsupports 
the girder. With integral bridges (Fig. 21), the girder length is 
limited to avoid excessive large cyclic lateral displacements 
at the top of the abutments by seasonal thermal expansion and 
contraction of the girder. The girder length is restricted also to 
limit the lateral seismic load activated to the abutments. With 
the GRS integral bridge, such restrictions as above are much 
looser, therefore, the actual length of the girder relative to the 
abutment height could be generally much longer than the one 
depicted in Fig. 24. The girder length limit for GRS integral 
bridges would be larger than the value for conventional type 
integral bridges, which is presently specified to be 50 - 60 m 
in the USA to restrict the maximum thermal deformation of 
the girder to four inches (about 10 cm). More research will be 
necessary in this respect. 
 
Many series of model tests (cyclic static loading tests and 
shaking table tests) were performed to validate the 
advantageous feature of the GRS integral bridge over other 
types of bridges, as reported in details by Tatsuoka et al. 
(2009). Fig. 25 compares the characteristic features of the 
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four different bridge types described in the precedent sections. 
The rating presented in this figure is only an approximation. 
That is, the full point allocated to each item is three, which is 
reduced one by one when any of the listed negative factors A - 
G is relevant. The horizontal accelerations at which the 
respective bridge models collapsed in the shaking table tests 
explained below are listed. A total full point equal to nine is 
given only to the GRS integral bridge.  
 

a)  

b)  

c)  
Fig. 26 A full-scale model of GRS integral bridge under 
construction (Nov. 2008) at Railway Technical Research 
Institute, Japan: a) dimensions; b) abutment under 
construction; and c) completed model. 
 
A full-scale model of GRS integral bridge was constructed at 
Railway Technical Research Institute in 2008 (Fig. 26). The 
model was constructed taking advantage of a pair of full-scale 
models of GRS-RW with a FHR facing constructed 1998. A 
high constructivity of GRS integral bridge was confirmed. 
The long-term behaviour is now being observed. In 2011, the 
first prototype GRS integral bridge is now under construction 
for a new bullet train line at Kikonai between Shin-Aomori 
and Shin-Hakodate stations, at the south end of Hokkaido 
(Fig. 27).  The bridge is heavily instrumented to observe the 
long-term behaviour. The details of the construction and 
behaviour during and after construction will be repored in the 
near future. Although the span is not long, it is considered that 
this case history is the historical first step for a number of 
GRS integral bridges to be constructed in the coming years.  

a)  

 b)  
Fig. 27 The first GRS integral bridge for the new bullet train 
line at Kikonai between Shin-Aomori and Shin-Hakodate 
stations: a) overall dimensions; and b) a picture at the end of 
August 2011 (by the courtesy of Mr. Yamada, Y.). 
 

 
Fig. 28 A view from the upstream of Tsuyagawa Bridge, 
between Motoyoshi and Rikuzenkoizumi stations, Kesenuma 
line, East Japan Raiway (taken by the author) 
 

 
Fig. 29  A view from the seaside of Namiitagawa bridge, 
between Namitagawa and Kirikiri stations, Otsuchicho, 
Yamada Line, East Japan Raiway (taken by the author). 
 
A great number of bridges lost their girders by strong tsunami 
forces during the 2011 East Japan great earthquake (Figs. 28 
& 29). These girders, for which measures had been taken to 
prevent dislodging from the abutments but not to resist 
against the tsunami forces, were washed away. On the other 
hand, most of the short-span single-girders for local roads 
located near the modern bridges that lost girders survived  
tsunami forces (Fig,. 29). This is likely because these 
short-span bridges are plugged into the RC RWs on both sides 
of a river without using bearings: i.e., these bridges are 
actually integral bridges. This fact indicates that GRS integral 
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bridges may have a sufficient resistance against tsunami 
forces. Moreover, as seen from Fig. 29, the unreinforced 
backfill of many bridges was washed out by tsunami forces. 
On the other hand, the backfill of GRS integral bridges also 
has a high resistance against tsunami forces by being 
reinforced with geogrid layers connected to the facings. It is 
strongly recommended to reconstruct these bridges damaged 
by tsunami to GRS integral bridges. Furthermore, GRS 
integral bridges are particularly relevant for newly 
constructed bridges if tsunami forces are to be taken into 
account.  
 

5 CONCLUSIONS 

Geosynthetic-reinforced soil retaining walls (GRS RWs) 
having a stage-constructed full-height rigid (FHR) facing 
have been constructed as important permanent RWs for a 
total length of more than 125 km in Japan since 1999 until 
today (March 2011). Although these GRS RWs are mainly 
for railways, many others were also constructed for highways 
and other types of infrastructure. Its current popular use is due 
to not only high cost-effectiveness, but also high performance 
that is equivalent to, or even better than, other modern RWs. 
This success can be attributed to;  
1) the use of a proper type of reinforcement (i.e., a geogrid for 

cohesionless soil and a nonwoven/woven geotextile 
composite for high-water content cohesive soil);  

2) casting-in-place of a FHR facing by staged construction 
procedures in such that reinforcement layers are firmly 
connected to the facing; and  

3) taking advantages of the rigidity of the facing in design. 
 
Many embankments and traditional type RWs that collapsed 
during recent severe earthquakes, heavy rainfalls and 
associated floodings and storms, in Japan were reconstructed 
to embankments with steep geosynthetic-reinforced slopes or 
GRS RWs with a stage-constructed FHR facing or their 
combination. It was validated that this technology is highly 
cost-effective in restoring collapsed old soil structures.  
 
A new bridge type, called the GRS integral bridge, is 
proposed, which comprises an integral bridge and 
geosynthetic-reinforced backfill. GRS integral bridges 
exhibit essentially zero settlement in the backfill and no 
structural damage to the facing when subjected to lateral 
cyclic displacements of the facing caused by seasonal thermal 
expansion and contraction of the girder, while their seismic 
stability is very high. These features and high 
cost-effectiveness of the GSR integral bridge are due to that: 
1) bearings are not used; 2) the girder is continuous without 
any connections; 3) the backfill is reinforced with geogrid 
layers firmly connected to the facing; and 4) FHR facings are 
stage-constructed after the construction of full-height 
geosynthetic-reinforced soil walls and then pile foundations 
(if necessary).  

6 ACKNOWLEDGEMENTS 

This paper is based on a long-term research for about 30 years 
performed by the author and his colleagues. The author 
sincerely appreciates all helps and efforts of his previous and 
current colleagues at University of Tokyo and Tokyo 
University of Science in performing this long-term research. 
The support of Dr Tateyama, M. and his colleagues at the 
Railway Technical Research Institute, Japan, is highly 
appreciated.  
 

7  REFERENCES 
[1] England, G, L., Neil, C, M. and Bush, D, I., Integral Bridges, A 

fundamental approach to the time-temperature loading problem, 
Thomas Telford, 2000.  

[2] Koseki, J., Bathurst, R.J., Guler, E., Kuwano, J. and Maugeri, M., 
Seismic Stability of Reinforced Soil Walls, Proc. 8th International 
Conference on Geosynthetics, Yokohama, 2006, Vol.1, pp. 51-77.  

[3] Koseki, J., Tateyama, M., Watanabe, K. and Nakajima, S.  2008. 
Stability of earth structures against high seismic loads, Keynote Lecture, 
Proc. 13th ARC on SMGE, Kolkata, Vol. II. 

[4] Morishima, H., Saruya, K. and Aizawa, F., Damage to soils structures 
of railway and their reconstruction, Special Issue on Lessons from the 
2004 Niigata-ken Chu-Etsu Earthquake and Reconstruction, 
Foundation Engineering and Equipment (Kiso-ko), October, 2005, 
pp.78-83 (in Japanese). 

[5] Mohri, Y., Matsushima, K., Yamazaki, S., Lohani, T. N., Tatsuoka, F. 
and Tanaka, T., “New direction of earth reinforcement - Disaster 
prevention for earth fill dam –“, Gesynthtetics International, IS Kyushu 
2007 Special Issue, 16(4), 2009, pp. 246-273. 

[6] Tatsuoka, F., Roles of facing rigidity in soil reinforcing, Keynote 
Lecture, Proc. Earth Reinforcement Practice, IS-Kyushu ‘92 (Ochiai et 
al. eds.), 1992, Vol.2, pp.831-870. 

[7] Tatsuoka, F., Tateyama, M, Uchimura, T. and Koseki, J., 
Geosynthetic-reinforced soil retaining walls as important permanent 
Structures,” Geosynthetic International, 1997, Vol.4, No.2, pp.81-136.  

[8] Tatsuoka, F., Koseki, J., Tateyama, M., Munaf, Y. and Horii, N., 
Seismic stability against high seismic loads of geosynthetic-reinforced 
soil retaining structures, Keynote Lecture, Proc. 6th Int. Conf. on 
Geosynthetics, Atlanta, 1998, Vo.1, pp.103-142.   

[9] Tatsuoka, F., Tateyama, M., Aoki, H. and Watanabe, K., Bridge 
abutment made of cement-mixed gravel backfill, Ground Improvement, 
Case Histories, Elsevier Geo-Engineering Book Series, Vol. 3 
(Indradratna & Chu eds.), 2005, pp.829-873. 

[10] Tatsuoka, F., Tateyama, M., Mohri, Y. and Matsushima, K., Remedial 
treatment of soil structures using geosynthetic-reinforcing technology, 
Geotextiles and Geomembranes, 2007, Vol.25, Nos. 4 & 5, pp.204-220.  

[11] Tatsuoka, F., Hirakawa, D., Nojiri, M., Aizawa, H., Tateyama, M. and 
Watanabe, K., Integral bridge with geosynthetic-reinforced backfill, 
Proc. First Pan American Geosynthetics Conference & Exhibition, 
Cancun, Mexico, 2008a, pp.1199-1208.  

[12] Tatsuoka, F., Hirakawa, D., Aizawa, H. Nishikiori, H. Soma, R and 
Sonoda, Y., Importance of strong connection between geosynthetic 
reinforcement and facing for GRS integral bridge, Proc. 4th 
GeoSyntheticsAsia, Shanghai, 2008b. 

[13] Tatsuoka, F., Hirakawa, D., Nojiri, M., Aizawa, H., Nishikiori, H., 
Soma, R., Tateyama, M. and Watanabe, K., A new type integral bridge 
comprising geosynthetic-reinforced soil walls, Gesynthtetics 
International, IS Kyushu 2007 Special Issue, 2009, Vol.16, No.4, 
pp.301-326.  

[14] Watanabe, K., Tateyama, M., Yonezawa, T., Aoki, H., Tatsuoka, F. and 
Koseki, J., Shaking table tests on a new type bridge abutment with 
geogrid-reinforced cement treated backfill,” Proc. 7th Int. Conf. on 
Geosynthetics, Nice, 2002, Vol.1, pp.119-122. 



 

15 
 

 

 

ABSTRACT: In the present paper, a water-soil coupled 
elasto-plastic finite element analysis method is proposed for 
unsaturated river embankments by incorporating unsaturated 
soil-water characteristics. The simplified three-phase method have 
been developed based on the multi-phase porous theory by assuming 
that the compressibility of pore air is very high. For the constitutive 
model for soils, we have used an elasto-plastic model considering 
both the strain-induced degradation and the change of suction. Using 
the proposed method, we have analyzed a model test of the seepage 
flow through the unsaturated embankment and compared with the 
experimental results. And we have found the proposed method is 
applicable for the numerical modeling of unsaturated embankment 
with seepage flow. In addition, we have studied the effect of material 
parameters on the behavior of unsaturated embankment during the 
seepage flow by the parametric study. From the parametric study, 
the effects of the strain-induced degradation and of the change of 
saturation are clarified. 
 
Keywords: unsaturation, embankment, seepage-deformation 
coupled analysis, elasto-plastic model 

1. INTRODUCTION 

In recent years, river embankments have been failed due to 
heavy rains in the world. It is well known that the one of the 
reason for the failure of the river embankment is seepage flow 
due to a rise of the river-water table. 
 In the present paper, we have numerically analyzed the 
deformation behavior of river embankment as well as the 
seepage flow during a rise of the water level using a 
soil-water coupled analysis method. We have analyzed a 
model test of the seepage flow through the unsaturated 
embankment and compared with the experimental results. In 
addition, we have studied the effect of material parameters on 
the behavior of unsaturated embankment during the seepage 
flow through the parametric study.    

2. SEEPAGE-DEFORMATION COUPLED ANALYSIS 
OF UNSATURATED SOIL 

2.1 Stress variables for the mixture 

The total stress tensor is assumed to be composed of three 
partial stress values for each phase. 

s f a
ij ij ij ij                       (1) 

where  ij  is the total stress tensor, and  s
ij ,  f

ij , and  a
ij  

are the partial stress tensors for solid, liquid, and gas, 
respectively. The partial stress tensors for unsaturated soil can 
be given as follows: 

 
 

f f
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(1 )a a
ij r ijn S p                    (3) 

' (1 ) (1 )(1 )s f a
ij ij r ij r ijn S p n S p                (4) 

where ij   is the skeleton stress [1], fp  and ap  are the pore 

water pressure and the pore gas pressure, respectively, n  is 
the porosity, and rS  is the degree of saturation. 

The skeleton stress is used as the basic stress variable in the 
model for unsaturated soil. Summing up Eqs.(2)-(4) we have 
the total stress tensor as 

' , (1 )F F f a
ij ij ij r rP P S p S p              (5) 

where FP  is the average pore pressure. 
Adopting the skeleton stress provides a natural application of 
the mixture theory to unsaturated soil. Equation (5) is similar 
to Bishop’s definition for the effective stress of unsaturated 
soil. In addition to Equation (5), the effect of suction on the 
constitutive model should always be taken into account. This 
assumption leads to a reasonable consideration of the collapse 
behavior of unsaturated soil, which has been known as a 
behavior that cannot be described by Bishop’s definition for 
the effective stress of unsaturated soil. Introducing suction 

( )( fac ppp  ) into the model, however, makes it 

possible to formulate a model for unsaturated soil, starting 
from a model for saturated soil, by using the skeleton stress 
instead of the effective stress. An elasto-plastic model [2] has 
been be extended to unsaturated soil using the skeleton stress 
as well as the effect of suction.  

2.2 Mass conservation  

The mass conservation law for the three phases is given by 
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              (6) 

where J  is the average density for the J  phase and J
iu  is 

the velocity vector for the J  phase. 

(1 )s sn                     (7) 
f f

rnS                     (8) 

(1 )a a
rn S                    (9) 

where J =s, f, and g in which super indices s, f, and g indicate 

the solid, the liquid, and the gas phases, respectively. J  is 

the mass bulk density of the solid, the liquid, and the gas. 

2.3 Conservation of linear momentum for the three 
phases 

The conservation law of linear momentum for the three 
phases is given by 
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where ib  is a body force, iQ  denotes the interaction between 

solid and gas phases, iR  denotes the interaction between  

solid and liquid phases, and iS  denotes the interaction  

between liquid and gas phases. 
These interaction terms iQ  and iR  can be described as 

fw
ii r f

R nS w
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a
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                  (14) 

When we assume that the interaction between liquid and gas 
phases is small and ca be neglected, iS  can be described as 

0iS               (15) 

where fk  is the water permeability coefficient, ak  is the air 

permeability, f
iw  is the average relative velocity vector of 

water with respect to the solid skeleton, and a
iw  is the 

average relative velocity vector of air to the solid skeleton. 
The relative velocity vectors are defined by 

 f f s
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Using Equation (16), Equation (11) becomes  
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When we assume that 0f
iw  and use Equations (3), (6), and 

(16), Equation (18) becomes  
f fs fw
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After manipulation, the average relative velocity vector of 
water to the solid skeleton and the average relative velocity 
vector of air to the solid skeleton are shown as 
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2.4 Equation of motion for the whole mixture 

Based on the above fundamental conservation laws, we can 
derive equations of motion for the whole mixture. By adding 
Equations (10)-(12) and using Equations (7), (8), and (9)we 
have 
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where   is the mass density of the mixture as 

s f a      , and s
iu  is the acceleration vector of the 

solid phase. 
From the following assumptions, 

s
iu ≫ )( s

i
f

i uu   ,   s
iu ≫ )( s

i
a
i uu   ,         (23) 

the equations of motion for the whole mixture are defined as 
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2.5 Continuity equations for the fluid phase 

Using the mass conservation law for the solid and the liquid 
phases, given in Equation (6), and assuming the 
incompressibility of soil particles, we obtain 
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Incorporating Equation (20) and f
ii

ff Kp  ( fK : 

volumetric elastic coefficient of liquid, f
ii : volumetric strain 

of liquid) into the above equation leads to the following 
continuity equation for the liquid phases: 
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Similarly, we can derive the continuity equation as: 
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2.6 Air pressure 

When we assume that the air is elastic and that its constitutive 
equation is given by a

ii
aa Kp  ( aK : volumetric elastic 

coefficient of air, a
ii : volumetric strain of air), Equation (27) 

becomes 
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When the air compressibility is very large, compared with the 
other phases, we can set 0aK . In other words, from 
Equation (28), we obtain 0aP . The above discussion 
means that we can assume that 0aP  if initial air pressure 

0a
iniP . This shows that the continuity in Equation (28) is 

always satisfied. 
Since saturation is a function of the pressure head, the time 
rate for saturation is given by 
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r

w w

dS d d C
nS n p n C p p

d d dp n

 
   

          (29) 



 

17 
 

 

where 
V

Vw  is the volumetric water content, 
w

cp


   is 

the pressure head, and 



d

d
C   is the specific water content. 

Using Equation (29), Equation (26) becomes 
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The apparent volumetric elastic coefficient of pore water, 
fK , is defined as 

1 r
ff

w

S C

K nK 
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Then, the continuity equation can be written as 
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3 UNSATURATED SEEPAGE CHARACTERISTICS 

The soil-water characteristic model proposed [3] is used to 
describe the unsaturated seepage characteristics for which 
effective saturation eS  is adopted as 

r r r
e

s r s r

nS
S

  
   
 

 
 

              (33) 

where s  is the volumetric water content at the saturated 

state, which is equal to porosity n , and r  is the residual 

volumetric water content retained by the soil at the large 
value of suction head which is a disconnected pendular water 
meniscus. 
In order to determine the soil-water characteristics, effective 
saturation eS  can be related to negative pressure head   

through the following relation: 

1 ( )
mn
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where   is a scaling parameter which has the dimensions of 
the inverse of  , and n  and m  determine the shape of the 

soil-water characteristic curve. The relation between n  and 
m  leads to an S-shaped type of soil-water characteristic 
curve, namely, 

1
1m
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Specific water content C , used in Equation (29), can be 
calculated as 

mm
e

m
ers SSnC )1())(1(

11
           (36) 

Specific permeability coefficient rk , which is a ratio of the 

permeability of unsaturated soil to that of saturated soil, is 
defined [4] by 

 1
1 (1 )b nm

r e ek S S                (37) 

Applying the above-mentioned relations, we can describe the 
unsaturated seepage characteristics. 
In the analysis, the unsaturated region is treated in the 
following manner: 
In the embankment, the initial suction, i.e., the initial negative 

pore water pressure, is assumed to be constant. Below the 
water level, the pore water pressure is given by the 
hydrostatic pressure. In the transition region between the 
water level and the constant suction region, we assume that 
the pore water pressure is linearly interpolated (Figure 1). 
When the pressure head is negative, the increase in soil 
modulus due to suction is considered.  

Water pressure＝0

Suction from initial degree of saturation

Hydrostatic pressure

 
Fig 1. Initial pressure  

4 ELASTO-PLASTIC MODEL CONSIDERING BOTH  
STRAIN-INDUCED DEGRADATION AND  
CHANGE OF SUCTION 

For the constitutive model, we use elasto-plastic model 
extended to unsaturated soil [2][5]. In this study, we consider 
both the strain-induced degradation and the change of 
suction.  

4.1 Effect of strain-induced degradation 

For considering  the strain-induced degradation, we change 
overconsolidation boundary surface to Equation (38). 
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where 
mbf   is the convergence value of mbi  ( *

mbf mbin   , *n  

is the reduction rate of 
mbi  ),   is material parameter for 

adjust the speed of convergence of mbi  . 

4.2 Effect of change of suction 

For considering the change of suction, we change 
overconsolidation boundary surface to Equation (40). 
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where IES  is the strength reduction rate of after releasing the 

suction, 
IS  is the strength increase rate in initial suction 

( 0.1 IIE SS ), ds  is the parameter of adjusting the speed of 

change of strength, C
iP  is initial suction, CP  is the current 

suction. Finally, Overconsolidation boundary surface is 
defined as 
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Next, for considering the change of suction, we change the 
plastic shear coefficient to function of suction. Then, we 
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define the parameter *B  which adjust the speed of kinematic 

hardening as 
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where 
IBES  is the strength reduction rate of after releasing the 

suction, IBS  is the strength increase rate in initial suction 

( 1.0IBE IBS S  ), dbs  is the parameter of adjusting the speed of 

change of strength. 

5 NUMERICAL ANALYSIS OF A RIVER 
EMBANKMENT 

In the numerical analysis we have used a finite element 
method to solve governing equations. The computer program 
LIQCA2D-SF11 [5] has been developed and used.  

5.1 Finite element mesh and boundary conditions 

Figure 2 shows the model of the river embankment and the 
finite element mesh used in the analysis and the position of 
gauges at experiment. The soil parameters for Yodogawa 
sand are listed in Table 1, which is a soil  used for the 
reconstruction of levee of Yodo river [6]. For the simplified 
model, the effect of suction and the strain-induced 
degradation is not considered. Initial saturation of 
embankment is 60% and the coefficient of permeability for 
saturated soil is shown in Table 2. The air permeability is not 
specified because the analysis is simplified such that the air 
pressure is always zero, as indicated in Equation (28). Taking 
account of the previous analysis [7], we set the water 
characteristic curve and specific permeability as Figure 3. 
The water level-time profile is shown in Figure 4.  
 
 

Displacement gauge

#1 #2 #3

#5#4

Water pressure gauge  

Water pressure gauge No.

 

Displacement gauge No.

 
Fig 2. Model of embankment and the finite element mesh. 

 
 
 

Table 1. Material parameters 
Soil yodo

Method※ 2

Initial void ratio　e0 0.535

Compression index　λ 0.0804

Swelling index　κ 0.009

Normalized Ini. shear modulus G0/σ’ｍ０ 250.0

Gravitational acceleration g (m/s
2
) 9.8

Density　ρ（t/m3） 1.9

Stress ratio at phase transformation　Mm
＊ 1.270

Stress ratio at failure　Mf
＊ 1.270

Hardening parameter　B0
＊ 800

Hardening parameter　B1
＊ 20

Hardening parameter　Cf 600

Quasi-OCR　OCR＊ 1.3

Anisotoropy parameter Cd 2000

Dilatancy parameters　D0
*
 ,n 2.0, 2.0

Plastic ref. strain　γref
P＊ 0.008

Elastic ref. strain　γref
E＊ 0.08  

 
 

Table 2.Coefficient of permeability for saturated soil(m/s) 
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Fig 3. Water characteristic curve and specific permeability. 

 
 

 
Fig 4. Water level. 
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5.2 Results 

The distribution of saturation is illustrated in Figures 5. After 
the water level of the river reached the crest of the 
embankment, the seepage flow infiltrated from the river side 
to the back side. The distribution of the horizontal local 
hydraulic gradient after 24 hours is illustrated in Figure 6. The 
horizontal local hydraulic gradient at the toe of the 
embankment on the back side was not over 0.5. In the Guide 
for Structural Investigations of River Embankments, the 
allowable gradient for Piping is 0.5 [8]. And then, the 
accumulated plastic deviatoric strain ( pp d  ，

2
1

)( p
ij

p
ij

p deded  ) was 2.45% at the toe of the embankment 

(Figure 7). 
The time histories of water pressure both experiment and 
analysis at a water pressure gauge point are illustrated in 
Figure 8. The level of the pressure rise of the analysis is the 
same as that of experiment. After 24 hours, the value of water 
pressure of analysis agrees with that of experimental result. 
The time histories of displacement of normal to the surface on  
the back side of the embankment are illustrated in Figure 9. 
Both analysis and experiment, displacement has occurred 
rapidly after 5 hours. After 24 hours, the maximum value of 
displacement of analysis was about 2.4mm and that of 
experiment was 2.8mm. Hence, we have found the proposed 
method is applicable for the numerical modeling of 
unsaturated embankment with seepage flow. 
 
 

 

 

 

 

 
Fig 5. Distribution of saturation and infiltration line. 

 
 
 

 

 
Fig 6. Distribution of horizontal local hydraulic gradient  

(After 24 hours). 
 

 

 
Fig 7. Distribution of p  (After 24 hours). 

 

 

 
Fig 8. Time histories of water pressure. 
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Fig 9. Time histories of displacement of normal direction. 
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6 PARAMETRIC STUDY OF THE EFFECT OF  THE 
STRAIN-INDUCED DEGRADATION AND OF THE 
CHANGE OF SUCTION 

6.1 Finite element mesh and boundary conditions 

Figure 10 shows the prototype model of river embankment 
and the finite element mesh used in the analysis. The soil 
parameters for Yodogawa sand are same as Chapter 4. But, 
we set coefficient of permeability for saturated soil as 

54.79 10 (m/s) in all elements. The rising rate of the water 
level is 1/3 (m/hour) until the water level reaches the crest of 
the embankment (18 hours), and then it remains constant for 
24 hours. And then, we change strain-induced degradation 
parameters and/or suction parameters (Equation (41), 
Equation (42)) in Case1 ~ Case7. The analysis cases and the 

results from this study are listed in Table 3. In this table, p is 

the accumulated plastic deviatoric strain at the toe of the 
embankment on the river side. 

6.2 Numerical results 

The distribution of saturation is illustrated in Figure 11. The 
water level of the river reached the crest of the embankment 
after 18 hours. Then, the seepage flow infiltrated from the 
river side to the land side. The distribution of the horizontal 
local hydraulic gradient after 24 hours is illustrated in Figure 
12. The horizontal local hydraulic gradient at the toe of the 
embankment on the land side was more than  0.5. 
The distributions of saturation are presented in Figure 13 

(Case 4, 7). Compared with the result of Case 0, we have 
found that strain-induced degradation parameters and the 
suction parameters do not affect infiltration. The reason is 
because continuity equations are not changed if we consider 
both the strain-induced degradation and the change of 
suction. 
The distributions of the accumulated plastic deviatoric strain 

is illustrated in Figure 14. In the cases, i.e. Cases 2, 4, 6, 7, in 
which we take account of the decrease in  *B  due to the 

decrease of suction associated with the water infiltration, 
larger strain occurs over the wide area of embankment. The 
results listed in Table 3 show that considering the 
strain-induced degradation and/or the decrease in suction 
leads to the larger value of the accumulated plastic deviatoric 
strain at the toe of the embankment on the front side.  
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y

20m 12m 5m 12m 20m

6m

10m

Front (river) sideBack side

Initial water level
Water level
(18hours)Embankment

Foundation ground

 
Fig 10. Model of embankment and the finite element mesh. 

 
 
 
 

Table 3. Analysis cases and the results 

SIE SI sd SIBE SIB sdB n* β

0 － － － － － － － － 9.34

1 0.5 0.5 0.25 － － － － － 11.88

2 － － － 0.5 0.5 0.25 － － 19.03

3 － － － － － － 0.5 50 12.72

4 0.5 0.5 0.25 0.5 0.5 0.25 － － 20.33

5 0.5 0.5 0.25 － － － 0.5 50 12.30

6 － － － 0.5 0.5 0.25 0.5 50 15.85

7 0.5 0.5 0.25 0.5 0.5 0.25 0.5 50 15.72

After 24hours

γp

(％)

Strain-induced
degradation
parameter

Suction parameter
Case

 
 
 

 
 

 
 

 

 
Fig 11. Distribution of saturation (Case 0). 

 
 
 

 

 
Fig 12. Distribution of horizontal local hydraulic gradient  

(Case 0, after 24 hours). 
 
 
Considering the suction dependency of the parameter *B  

(Case 2, 4, 6, 7), we can observe comparatively larger strain 

After 9 hours

After 18 hours

After 24 hours

Max 0.59
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compared with other cases for the decrease in suction. 
 

7 CONCLUSIONS 

We have analyzed a model test of the seepage flow through 
the unsaturated embankment and compared with the 
experimental results. From the comparison between 
numerical and experimental results, we have found the 
proposed method is applicable for the numerical modeling of 
unsaturated embankment with seepage flow.  
By the parametric study, it has been found that considering 

the strain-induced degradation and/or the change of suction 
leads to the larger accumulated plastic deviatoric strain at the 
toe of the embankment on the front side. In particular, in the 
case with the decrease in the parameter *B due to the change 

of suction, large strain occurred over the wide area of 
embankment. However, strain and/or suction-induced 
degradation  does  not affect infiltration pattern. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 

 
 

 

 
Fig 13. Distribution of saturation (After 24 hours). 

 
 
 
 
 
 
 
 
 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig 14. Distribution of p  (After 24 hours).
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ABSTRACT: The progressive failure of a shallow anchor embedded 
in granular materials was evaluated in terms of scale, embedment, 
and shape effect by conventional 1 g tests and extensive elastoplastic 
finite element (FE) analysis. The model tests were performed using a 
trap door and isolated anchors in Toyoura and Soma sands. The FE 
analysis employed a constitutive model for a non-associated strain 
hardening/softening elastoplastic material. This model incorporated 
the effect of shear band thickness. Progressive failure depended on 
the density of the testing bed, h/D, and the anchor shape. The shape 
effect of an isolated anchor was considered to be due to progressive 
failure. 
 
Keywords: anchor, progressive failure, scale effect,  shape 
effect, shear band 

1. INTRODUCTION 

Anchors are widely utilized for stabilizing towers, bridges, 
slopes, and various other structures. Several studies have 
investigated the uplift resistance of anchors [1–3]. Theoretical 
studies have focused on stability analysis based on rigid 
plastic and elastoplastic FE analysis [4–6]. Rigid plastic 
analysis is widely employed for designing structures due to its 
convenience. However, it requires making arbitrary 
assumptions regarding the shape of the failure surface 
observed during model tests. If all tests are conducted in the 
same granular materials with a constant density, the values of 
Nq (= T/Aγh, where T is the uplift capacity, γ is the effective 
unit weight of sand, h is the embedment depth, and A is the 
anchor area) obtained by rigid plastic analysis will remain 
relatively constant for constant h/D (where D is the diameter 
or the smallest dimension of the anchor). De Beer [7] 
discussed the scale effect of the footing problem and showed 
that the bearing capacity factor generally decreases with 
increasing footing width. The scale effect is caused by the  

 
 

progressive failure and crushing of sand particles subjected to 
a high confining pressure. Since anchor uplifting is generally 
performed at low confining pressures in conventional 1 g tests, 
crushing of sand particles is expected to be negligible during 
such tests. The failure of sand mass is usually progressive and 
it is linked to the development of a narrow shear band of 
localized deformation. The appearance of a shear band is 
frequently accompanied by a softening phenomenon. Few 
studies have employed numerical models that fully consider 
progressive failure with shear banding [8,9]. Anchor 
problems typically consider three kinds of anchors: strip, 
circular, and rectangular anchors, which respectively 
correspond to plane strain, axisymmetric, and 
three-dimensional problems. Most studies adopt a 
two-dimensional design approach for calculating the anchor 
uplift resistance [10–12]. Ovesen [13] found that an isolated 
anchor did not correspond to a two-dimensional problem. 
Meyerhof and Adams introduced an empirical shape factor to 
calculate the peak uplift load based on plane strain 
assumptions for circular and rectangular anchors. Dickin [14] 
proposed embedment and shape factors. Isolated anchors are 
currently designed based on empirical methods. Few 
researchers have proposed rigorous numerical models that 
consider the shape effect. The present study seeks to explain 
the progressive failure of a shallow anchor in granular 
materials at the 1 g level and it compares the failure 
mechanisms in isolated and strip anchors to determine the 
shape effect on the uplift resistance. 

2. TESTING APPARATUS 

Tests were performed using an anchor pullout machine for 
isolated anchors and a trap-door testing apparatus for strip 
anchors. The cylindrical container used in these tests was 59 
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cm in diameter and 30 cm in height (Fig. 1). Flat circular and 
square anchors made of 0.5-cm-thick steel plate with widths 
(B) or diameters (D) of 5, 10, and 15 cm were used. The 
rectangular anchors had aspect ratios (L/B, where L is the 
length of the anchor) of 1, 2, 3, 4, 5 and 6. The trap-door 
testing apparatus consisted of a glass-walled box and a trap 
door. The testing apparatus was 70 cm long, 50 cm high, and 
40 cm wide (Fig. 2) and the trap door width (D) was 10 cm. 
These dimensions were selected so that boundary effects 
could be neglected. Granular masses were prepared by 
pluviating air-dried Toyoura and Soma sands, which had 
mean particle diameters of 0.16 and 0.45 mm and relative 
densities of Dr = 90, 60, and 45% and Dr = 91%, respectively. 
The tests were performed for embedment ratios (h/D; h: 
granular mass depth) of 1, 2, and 3. All tests were conducted 
under normal gravity conditions. To study the propagation of 
the shear band, colored granular layers were placed against 
the front glass wall of the apparatus. 

3. NUMERICAL MODELS 

In the FE analysis, the shear band effect was introduced in the 
constitutive equation. An elastoplastic model with a 
non-associated flow rule and strain hardening/softening 
material properties was used in the constitutive model. A 
Mohr–Coulomb yield function and a Drucker–Prager plastic 
potential function were employed. Four-node Lagrangian 
elements were used with reduced integration. A dynamic 
relaxation method with a return mapping algorithm was 
applied to the integration algorithm. 
To include the mesh-size effect induced by softening of the 
material, a characteristic length scale was introduced. It is a 
function of the shear band thickness and the ratio of the shear 

band area to the FE area: 

S 
Fb

Fe

                                         (1)  

where Fb is the shear band area in each FE and Fe is the FE 
area. The shear band thickness was used based on the results 
of shear band thickness studies. 
The yield function（

�

f ）and plastic potential function（

�

）

are given by the following expressions, 
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where, m  is the mean stress, 

�

J2  is the second invariant of 
deviatoric stress and 
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  is the Lode angle. 
In 2D FE analysis, the frictional hardening/softening function 
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where, m ,  f  and 

�

r  are the hardening/softening material 

parameters.  
The parameters of 
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 p  and 
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r  are estimated using the 

following equations, 
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 p 
2sinp

3(3sin p)
                                                     (7) 

r 
2sinr

3(3 sinr )
                                                       (8) 

where,  p  and  r  are the peak and residual friction angle, 

respectively. 
The peak friction angle of  p  is estimated from the empirical 

relations proposed by Bolton (1986). 
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where, Dr  is relative density. 

The plastic potential function ()  is defined as, 

() 
2sin

3(3  sin)
                                                  (12) 

The dilatancy angle of   is estimated from modified Rowe’s 
stress-dilatancy relationship, 
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where,   and d  are the stress-dilatancy material 
parameters. 
The function     can be neglected in the case of 

cohesionless soil.  
The elastic moduli are estimated from modified the equation 
proposed by Hardin(1968) and are given the following 
equations in case of clean sand: 
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G                                                             (16) 

where,   is Poisson’s ratio，e  is the void ratio and G0  is 
the constant of initial shear modulus. 

In 3D FE analysis, simple hardening/softening functions were 
used for 3D problems to save computational time. The 
frictional hardening/softening function 

�

( )and  )(  are 

expressed as 
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The values of  f , 

�

r , d , 

�

m , B and C were evaluated on the 

back-prediction of a triaxial compression test  by comparing 
results of finite element analysis with experiment. Table 1 
summarizes the parameters used in the finite element analysis. 
The details of the numerical method were shown in reference 
of Sakai and Tanaka [8,9]. 
Fig. 3 shows the FE mesh used for the 2D analysis. The 
failure mechanism in the rectangular anchor foundation is 
compared with those in the square and strip anchors to 
determine how the shape effect affects the uplift resistance. In 
this regard, 3D models with H/D = 2, D = 50 mm, and L/D = 1, 
2, 3, 4, 5, 6, 7, 8, 10, and 20, and a 3D plane strain model (L/D 
= ∞) were created to investigate how the shape effect affects 
the uplift resistance of the rectangular anchors. Some meshes 
are shown in Fig. 4. 

4.  PROGRESSIVE FAILURE 

Fig. 5 shows shear band development in a sand mass. These 
tests were performed in dense Toyoura sand on a trap door 
with D = 10 cm and h/D = 2. Two almost identical shear 
bands developed from the edges of the trap door into the sand 
mass. As the trap door moved upward, outer primary shear 
bands became inactive and additional steeper inner shear 
bands developed. The shear bands propagated upward. 
Fig. 6 shows the development of shear bands in Toyoura and 
Soma sands in a semipartial testing apparatus at a 
displacement of 5.0 mm. Since similar shear bands developed 
from the edges of the trap door, photographs were taken from 
the left-hand side. A secondary steeper shear band developed 

(a)Disp.=4mm                                             (b) Disp.=8mm                                           (c)Disp.=12mm 
Fig.5 Shear band development in trap-door test (D=10cm, h/D=2, dense) 
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in Toyoura sand after the outer primary shear band became 
inactive. Shear band propagation was greater for smaller 
grain diameters. Toyoura and Soma sands had shear band 
thicknesses of about 3 and 9 mm, respectively. The observed 
shear band thicknesses were about 20 times greater than the 
mean grain diameter. Fig. 7 compares the uplift resistance 
against displacement curves obtained using Toyoura sand 
with different densities and a circular anchor with D = 5 cm. 
For high-density sand, the uplift resistance clearly decreases 
after the maximum uplift resistance is attained and obvious 
softening occurs. For loose conditions, the uplift resistance 
remains almost constant after the maximum uplift resistance 
is realized and softening is not obvious. The residual uplift 
resistances were similar for all densities. Fig. 8 shows shear 
band propagation at a displacement of 10 mm for dense and 
medium conditions. Shear band propagation progressed more 
in dense conditions. Fig. 9 compares the Nq and displacement 
curves (D = 5 and 10 cm; h/D = 1 and 3) obtained using a 
circular anchor. For the embedment ratio, h/D = 3, a 
remarkably large displacement difference is required to attain 
peak Nq between D = 5 and 10 cm. Remarkable progressive 
failure occurs for h/D = 3. 

5. SCALE EFFECT  

Fig. 10 compares the numerically and experimentally 
obtained uplift resistance–displacement curves in loose, 
medium, and dense beds for a circular anchor. These curves 
were obtained for a circular anchor with Toyoura sand for D = 
10 cm and h/D = 2. These results reveal that the numerically 
calculated maximum uplift resistance, displacement 
corresponding to the maximum uplift resistance, and residual 
uplift resistance coincide with those obtained from 
experimental results. Figs. 11 and 12 show that the shear band 
propagates upward from the edge of the anchor plate and that 
the directions of the narrow localized zones obtained from the 
distributions of the maximum shear strain in FE analysis 
almost coincide with the directions of the outermost shear 
bands observed experimentally for loose, medium and dense 
sands. Fig. 13 shows the relationship between the peak Nq 
and D obtained by experiment and numerical analysis for 
dense, medium, and loose beds. Both experimental and 
numerical results show that the peak Nq generally decreases 
with increasing D in the dense bed and that peak Nq does not 
decrease in the loose bed. The scale effect was clearly 
observed in the dense bed. Fig. 14 shows the relationship 

  
(a)Toyoura Sand                       (b) Soma Sand 

Fig.6 Shear band development in sand mass 
 (D=5cm, Disp.=5mm) 

 

Fig.7 Uplift resistance-displacement curves on circular 
anchor obtained by experiments (Toyoura sand, D=5cm)
 

  
(a) Dense                                 (b) Loose 

Fig.8 Shear band development in dense and loose 
condition (Toyoura sand, D=5cm, Disp=10mm) 

 

 
Fig. 9 Nq-displacement curves obtained by experiments 

(Dense) 
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between the peak Nq and D obtained by experiment and 
numerical analysis for h/D = 1, 2, and 3. Both the 
experimental and numerical results show that the peak Nq 
generally decreases with increasing D. The reduction in the 
peak Nq with increasing D becomes remarkable with 
increasing h/D. The scale effect was remarkable for h/D = 3. 
Fig. 15 shows the relationship between the peak Nq and D 
obtained experimentally and by numerical analysis for strip 
and circular anchors. The results for both anchors exhibit a 
scale effect, but it is particularly remarkable for the circular 
anchor. 

6.  SHAPE EFFECT 

The curves in Fig. 16 depict the experimental and numerical 
relationships between the pullout resistance and the 
displacement factor for the square and rectangular anchors 
with L/D = 1, 2, 3, 4, 5, and 6 (D = 50 mm and h/D = 2). The 

experimental and numerical results agree closely with each 
other. Fig. 17 shows the relationship between the mobilized 
peak resistance factor (Nq) and L/B. It decreases rapidly with 
increasing L/B when L/B < 6 and it decreases gradually as 
L/B increases above 6 to the strip anchor condition (L/B = ∞). 
Fig. 18 shows that the outermost shear band in the numerical 
analysis outcropped on the ground surface for L/B = 1 and 
L/B=6. Fig. 19 shows a characteristic photograph of the 
ground surface for L/B = 1. The failure mechanism of the 
shallow anchor is associated with the progressive formation 
of a shear band. To clarify the failure mechanism of the 
rectangular anchors, Fig. 20 shows a plot of the numerical 
maximum shear strain distribution in rectangular (L/B = 6), 
strip (L/B = ∞), and square (L/B = 1) anchors at 
displacements of δ/D = 0.016 (at the peak) and 0.04 (after the 
peak uplift load). The shear strain distribution is not uniform 
in the propagating upward shear bands in the anchor. It is 
slower or less progressive at the corners of the square anchor 

Fig.10 Uplift resistance-displacement curves on circular anchor obtained by experiment and numerical (D=10cm) 
 
 

     
                                              (a) loose                                (b)medium                            (c)dense 

Fig.11 Experimental shear band development on circular anchor (Toyoura sand, D=5cm, Disp.=from 4mm to 5mm) 
 

                      (a) loose                                                   (b) medium                                                (c) dense 
Fig.12 Maximum shear strain distribution on circular anchor (D=5cm, Disp=2.5mm) 
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than in the strip anchor region of the rectangular anchor. Thus, 
as L/B increases, the strip-type mechanism starts to dominate 
over the square-type mechanism. Consequently, the softening 

rate decreases after the peak uplift resistance factor is 
obtained and the mobilized peak resistance factor decreases 
with increasing L/B. 

        
Fig.13 Peak Nq –D-density relationship                Fig.16 Relative displacement-uplift resistance curves of 

rectangular anchor in dense sands 
 

        
Fig.14 Peak Nq –D-h/D relationship in dense sands          Fig. 17 Peak Nq –L/B relationship in dense sands 

 
 

 
Fig.15 Peak Nq -D relationship 
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(a) L/B=1 (square)                            (b)L/B=6 
Fig.18 Outermost shear strain distribution in dense sands 

Fig.19 Deformed ground 
obtained by experiment 
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7.  CONCLUSION 

This study sought to explain the progressive failure of 
shallow anchors in granular materials by performing 
conventional 1 g tests and extensive numerical studies. The 
conclusions can be summarized as follows: 

1) Shear band propagation was investigated for various 
anchor problems. Progressive failure was found to depend on 
the testing bed density, h/D, and the anchor shape. The scale 
effect of the anchor in dense sands is considered to be due to 
progressive failure. It was not clearly observed in loose beds, 
for small h/D, or for strip anchors. 
2) The failure mechanisms of rectangular and strip anchors 
were compared to determine the effect of the shape effect on 
the uplift resistance. The shape effect is considered to be due 
to progressive failure. The softening rate decreases after the 
peak uplift resistance factor is obtained and the mobilized 
peak resistance factor decreases with increasing L/B. It is thus 
necessary to use 3D models to model the effects of 
geometrical factors. 
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ABSTRACT: The load carrying capacity of single piles are 
commonly estimated using the well known  [1],  [2-3] and [4] 
methods. These methods are also used in engineering practice for 
unsaturated soils even though the ,  and  methods are based on 
conventional saturated soil mechanics. In this study, a series of single 
model pile tests were conducted in a laboratory environment to study 
the influence of matric suction on the pile shaft capacity in a 
statically compacted fine-grained soil. The results of the study show 
that the shaft capacity of single piles is significantly influenced by the 
contribution of matric suction. Based on the experimental results, the 
conventional ,  and  methods were modified to estimate the total 
shaft resistance of piles in unsaturated soils by including the 
influence of matric suction. The modified methods can also be used 
for estimating the variation of shaft capacity of single piles with 
respect to matric suction using the Soil-Water Characteristic Curve 
(SWCC) and the saturated shear strength parameters. The modified , 
 and  methods are promising for use in engineering practice to 
estimate the ultimate shaft bearing capacity of single piles placed in 
unsaturated soils.   
 
Keywords: Unsaturated soils, pile design, modified , and  
methods, SWCC, matric suction 

1   INTRODUCTION 

 
In geotechnical engineering practice, conventional soil 
mechanics principles are used for the design of pile 
foundations assuming the soil is in a state of saturated 
condition [5], [6]. However, in many situations, the ground 
water table is at a great depth and natural soils are typically 
found in a state of unsaturated condition. This is particularly 
true for soils in arid and semi-arid regions. Several 
geotechnical structures such as highways, embankments, 
dams are constructed on or with compacted unsaturated soils 
in which pile foundations may be placed. The stresses 
associated with these foundations are distributed within the 
unsaturated soil zone above the ground water table.  
Several recent studies on shallow foundations [7]-[10] have 
shown that the bearing capacities of both coarse and 
fine-grained soils are significantly influenced due to the 
contribution of matric suction. However, limited numbers of 
studies are reported in the literature [11]-[14] that consider the 
influence of matric suction or capillary stresses on the load 
carrying capacity of pile foundations. Typically, pile 
foundations are designed assuming saturated, dry or 
submerged soil conditions.  
In this paper, the  method by Skempton [1],  method by 
Chandler and Burland [2], [3] and  method by Vijayvergiya 
and Fotch [4] are modified such that they can be used for 
estimating the ultimate shaft resistance of piles in unsaturated 
soils. The modified , and  methods are similar to the 
 
 

conventional techniques used in the design of piles in 
geotechnical engineering practice. These methods are 
presented in a functional form such that they can be used for 
estimating the variation of the shaft capacity of the single piles 
with respect to matric suction using the saturated soil 
properties and the Soil-Water Characteristic Curve (SWCC). 
The proposed modified equations take the conventional form 
of the  and  methods used for saturated soils when the 
matric suction value is set to zero.   
A series of single model pile tests placed in statically 
compacted unsaturated glacial till with various degrees of 
saturation were performed in a laboratory environment to 
study the influence of matric suction on the shaft resistance. 
The results of these experimental studies were interpreted 
using the modified , and methods. There was a 
reasonably good comparison between the measured ultimate 
shaft capacity of the single model piles and those estimated 
using the proposed methods (i.e., modified  and  
methods).  
 

2 BACKGROUND 

 
The reliable determination of soil-structure interaction 
parameters requires cumbersome laboratory or field tests. 
Alleviating the need of such cumbersome tests; empirical 
methods are proposed to estimate the skin friction, fs based on 
the conventional shear strength parameters and the 
information related to the variation of effective stresses along 
the length of the piles. 
 

 , ,s v uf f c                                                              (1)                          

 
where, v = vertical effective stress, '= effective friction 
angle, and cu = undrained shear strength. 
The functional form of  (1) suggests that the skin friction, fs 
can be analyzed in terms of either total or effective stress 
approach considering the loading and drainage conditions 
(i.e., TSA or ESA), respectively. 
Experimental programs were planned to determine the 
contribution of matric suction on the shaft resistance and not 
the bearing resistance. In other words, the contribution of end 
bearing capacity is not measured in the present study. 
 

2.1 The  Method (ESA) 

In both coarse and fine-grained soils, the skin friction, fs 
mobilized along the length of the pile is a key parameter that is 
required in the estimation of the load bearing capacity of pile 
foundations. If a pile is loaded at a relatively slow rate (i.e., to 
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achieve drained conditions) the skin friction resistance can be 
estimated using (2) [2].    

0 tan 's vf c K                                                                 (2) 

where, K0 = mean lateral earth coefficient at rest, c' and  ' = 
effective cohesion and internal friction angle of soil, 
respectively, and ’v = vertical effective stress along the pile 
length.  
The shear strength of soils associated with cohesion decreases 
significantly due to the remolding and softening effects during 
pile installation. This leads to an assumption that effective 
cohesion can be neglected along the pile shaft, particularly in 
coarse-grained soils and other soils with low percentage of 
fines such as silty sands and normally consolidated clays. 
Hence, (2) can be incorporated in (3) with the introduction of a 
coefficient, β [2], [3]. 
 

f s s vQ f A d L  
                                                          

(3)
   

 

 
where, β is a coefficient which is equal to Ko tan δ’, δ’= 
effective angle of friction along the soil/pile interface, As = 
surface area of the pile, ’v = vertical effective stress at the 
mid of the pile shaft, L = length of pile, and d = diameter of 
pile.  
The coefficient, β values typically vary from 0.30 to 0.60 for 
fine and coarse-grained soils [2], [3]. 
 

2.2 he  Method - (TSA) 

 
Undrained lading conditions can be assumed when a pile is 
loaded at a relatively fast rate in saturated fine-grained soils. 
The ultimate shaft resistance can be estimated for such loading 
conditions extending the TSA. In other words, the ultimate 
shaft capacity of a pile, Qf is dependent on the undrained shear 
strength, cu of the soil. Hence, the unit skin resistance, fs can 
be expressed as (4) using undrained shear strength, cu and the 
adhesion factor, .    
 

s uf c
                                                                                   

(4) 

 
where,  = adhesion factor between soil and pile. 
There is a large data base of in-situ pile load tests including 
bored and driven piles supporting this method dating back to 
1950s. This method is commonly referred in the literature as 
the  method. The studies show that adhesion factor,  is not 
constant but decreases with increasing undrained shear 
strength, cu of the soil and varies from close to unity for low 
strength soft clays and reach almost to a value of 0.4 for stiff 
clays for cu values greater than150 kPa [16], [1]. The ultimate 
shaft capacity, Qf for cylindrical piles using the   method can 
be estimated as (5).      
 
  f s s uQ f A c d L                                                         (5) 

 
where, d = pile diameter, and L = length of pile. 

The adhesion factor,  can be computed from American 
Petroleum Institute charts which are given as a relationship 
between the adhesion factor and the undrained shear strength. 
Alternatively, (6) can also be used for estimating the  value. 
                                                                             

0.50.5    if 1     
0.250.5   if 1                                                              (6) 

 
where  = cu/v and v = vertical effective stress [17]. 
 

2.3 The  Method 

The conventional  method combines the total (i.e., 
undrained) and effective (i.e., drained) stress approaches for 
calculating the shaft capacity of piles driven into fine-grained 
soils [4]. This technique is useful in reducing the sensitivity of 
the shear strength parameters measured using the TSA and 
ESA. The total shaft capacity is calculated using the 
relationship shown in (7).

     
    

 

 '
( ) 2 uf v avg c dLQ                                                         (7) 

 
where, σ'v(avg) = the mean effective stress, cu =  undrained shear 
strength along the pile length,  = frictional capacity 
coefficient which is a function of entire embedded depth of 
pile. The coefficient  varies from 0.12 to 0.5 for pile 
penetration of 0 to 70 m based on the 42 piles load test data 
gathered and presented by [4]. 
 

3   ESTIMATION OF THE ULTIMATE SHAFT 
CAPACITY (USC) OF PILES IN UNSATURATED 
SOILS  

3.1 Modified β method 

Researchers ([18], [19]) proposed a model (8) to predict the 
variation of shear strength with respect to matric suction using 
the SWCC and the effective shear strength parameters (i.e., c' 
and ') as given below.  
 

 ( ) tan ( )(tan )n a a wc u u u S                            
(8) 

 
where, c' = effective cohesion, (σn - ua) = net normal stress,      
' = effective internal friction angle, (ua - uw) = matric suction 
S = degree of saturation,  = fitting parameter used for shear 
strength.    
The contribution of matric suction towards the shear strength, 
us can be expressed as (9) which is the second part of (8). 

  ( )(tan )us a wu u S                                                             
(9) 

 
The contribution of matric suction, towards the ultimate shaft 
capacity of a single pile, Q(ua-uw) can be estimated using  (10) as 
given below. 
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 ( ) ( )(tan )
a wu u us s a wQ A u u S d L                            (10) 

 
Equation (10) suggests that the variation of ultimate shaft 
capacity with respect to matric suction can be estimated using 
the SWCC and effective interface friction angle, δ'.   
A general expression for estimating the ultimate shaft capacity 
of piles in unsaturated soils, Qf(us) can be obtained by 
combining  (3) and  (10) as given below  
 

  
( ) ( ) ( )

( )(tan )

 

     

a wf us f sat f u u

v a w

Q Q Q

u u S d L  
               (11a)                                   

 
The relationship between the fitting parameter,   and 
plasticity index, Ip provided for predicting the shear strength 
of unsaturated soils [20] can be used for estimating the 
ultimate shaft capacity of a single pile. More details of this 
method are available in [14]. Equation (11a) shows that there 
is a smooth transition between the ultimate shaft capacity of a 
single pile from an unsaturated to saturated condition. This 
relationship will be the same as (3) when matric suction is 
equal to zero (i.e., for saturated soils). 
The contribution of cohesion component associated with the 
adhesion, ca' under drained loading condition may not be 
negligible for evaluating the pile capacity of fine-grained soils 
for the method (see (11b). In other words, there will be some 
contribution of adhesion, ca' towards the ultimate shaft 
capacity which will be mobilized with time after the 
installation of the pile. Therefore, the ultimate shaft capacity 
of piles in unsaturated fine-grained soils under drained 
loading conditions can be estimated by modifying (11a) as 
given below.  
 

   ( ) ( )(tan )f us a z a wQ c u u S d L                       
(11b) 

 
where, ca

' = adhesion component of cohesion for saturated 
condition, δ'= effective angle of interface along the soil/pile.  

3.2 Modified  method 

Several investigators related the load bearing capacity of a 
single pile to the undrained shear strength, cu of the 
fine-grained soils ([16], [21]-[28]). In the present study, the 
conventional method is modified such that it can be 
extended for interpreting the results of model piles tested 
under unsaturated soil condition. In addition, a model is 
proposed for estimating the variation of ultimate shaft 
capacity of model piles with respect to matric suction.  
The equation (12) [9] can be used to estimate the variation of 
undrained shear strength with respect to matric suction using 
the SWCC and undrained shear strength for saturated 
condition, cu(sat).  

 
   ( ) ( ) 1 /

/101.3
a w

u unsat u sat
a

u u
c c S

P
 

 
 
  


                     (12) 

where, cu(sat), and cu(unsat) = undrained shear strength under 
saturated and unsaturated conditions, respectively, Pa = 
atmospheric pressure (i.e. 101.3 kPa), and , and  = fitting 
parameters.  
The fitting parameter  is dependent on the soil type (i.e., 
coarse or fine-grained soils) and is equal to 1 for 
coarse-grained soils and 2 for fine-grained soils. The fitting 
parameter  however is a function of plasticity index, Ip.  
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                              (13) 

 
Following the procedure described in section 3.1, the ultimate 
shaft capacity of piles in unsaturated soils under undrained 
loading conditions can be estimated by combining (4) and (12) 
as given below.  
 

( )( )
( )

1 /
( /101.3)

a w
f u sat

a
us

u u
Q c S dL

P
  

 
 

 


    
                 (14)  

 
The undrained shear strength under saturated condition, cu(sat) 
and the SWCC are required to estimate the variation of 
ultimate shaft capacity of pile, Qf(us) with respect to matric 
suction. Equation (14) will be the same as (4) when the matric 
suction value is set equal to zero. 

3.3 Modified  method 

The  method was modified to propose (15) to include the 
influence of matric suction in the estimation of shaft resistance 
of piles in unsaturated soils.  

                                                                                      
 

'

( ) ( )( )
( )

1 /
( /101.3)

2 a w
v avg

a

u satf us
u u

S
P

Q c dL  


 
  

  
  

                       (15)                  

 
The form of (15) will be as same as the conventional  method 
once the matric suction is set to zero. Equation (15) can also 
be used to estimate the variation of total shaft resistance of 
pile, Qf(us) with respect to matric suction. The required 
information for (15) are the undrained shear strength under 
saturated condition, cu(sat) and the SWCC. More details of this 
method are discussed while analyzing the results.  
 

4 TESTING PROGRAM 

 
A series of model pile load tests were performed in saturated 
and unsaturated compacted fine-grained soil under drained 
and undrained loading conditions. The soil chosen for this 
study is a glacial till obtained from Indian Head, 
Saskatchewan, Canada. The key objective of the test program 
is to determine the influence of matric suction on the ultimate 
shaft capacity of model piles.  

4.1 Soil Properties 

The properties of the tested soil are summarized in Table I. 
Procedures followed for determining some of the test results 
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summarized in Table I are not detailed in this paper due to 
space limitations. The shaft bearing capacity of model piles 
were proposed to be determined at three different water 
contents; 13% (dry of optimum), 16% (dry of optimum) and 
18% (close of optimum). These water contents were chosen 
from the compaction curve data. The dry densities of the 
compacted soil at these water contents were respectively equal 
to 14.5 kN/m3, 16.1 kN/m3 and 16.7 kN/m3. The matric 
suction values of the tested compacted soils were measured 
using the axis-translation technique [29] with a modified null 
pressure plate [30]. The measured matric suction values were 
205 kPa, 110 kPa and 55 kPa for water contents of 13%, 16%, 
18% respectively. The experiments were not conducted for the 
water contents on the wet of optimum side since the degree of 
saturation values were greater than 90%, which resulted in 
significantly low matric suction values.   
The measured SWCCs of the specimens prepared with initial 
water contents of 13%, 16% and 18% are presented in Fig. 1. 
These SWCCs were measured following the drying path using 
the pressure plate apparatus. More details of the matric suction 
measurements using both the modified null pressure plate and 
the SWCC using pressure plate are discussed in [31], [32].   
 
Table I. Properties of the tested soil 

Soil Properties 
Indian Head 

till 
Optimum water content, wopt (%) 18.6 
Maximum dry unit weight, γdmax (kN/m3) 16.7 
Saturated unit weight, γsat (kN/m3) 18.5 
Sand (%) 28 
Silt (%) 42 
Clay (%) 30 
Liquid limit, LL (%) 32.5 
Plastic limit, PL (%) 17 
Plasticity index, Ip (%) 15.5 
Interface friction angle (soil/pile) 
' (deg.) (Sat/Unsat) 

25/27 

Apparent cohesion, c'a (kPa) (Sat/Unsat) 20/100 
Effective cohesion, c' (kPa) (Sat) 15 
Effective friction angle, ' (deg.) (Sat) 23 
Undrained shear strength, cu (kPa) 11.5 

 

4.2 Testing Methodology and Equipment Details 

Special testing procedures were followed to determine the 
ultimate shaft capacity of the model pile placed in the 
statically compacted soil. The model piles were loaded in 
saturated/unsaturated compacted soils for both drained and 
undrained loading conditions. The soil sample collected from 
the field was air-dried for several days, subjected to gentle 
pulverization, passed through a sieve with an opening size of 2 
mm (i.e., #10 sieve), and oven-dried.  
The oven dried soil, after reaching the room temperature in the 
laboratory, was mixed with distilled water at predetermined 
initial water contents. The prepared soil-water mixture was 
placed in sealed double plastic bags and then stored in a 
humidity controlled box for at least 3 days to ensure uniform 
water content conditions throughout the sample. 
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Figure 1. SWCCs for the Indian Head till prepared at three 
different initial water contents. 
 
The soil-water mixture (hereafter referred to as soil) was 
placed in a tank (300 mm in diameter and 300 mm in height). 
The soil was compacted statically with 350 kPa stress into the 
test tank using a specially designed compaction base plate. 
The compaction and model pile load tests were conducted 
using a conventional triaxial test loading frame (Fig. 2). 
 

 
                                                                
Figure 2. Test setup for model pile loading test: ① Adjustable 
height loading frame ② Test tank ③ LVDT ④ Load cell ⑤ Model 
pile, ⑥ Compaction base plate. 
 
After the soil was compacted under static loading conditions 
in five layers in the test tank, a thin wall sampling tube of 18.7 
mm diameter with 1 mm of wall thickness was used to create a 
hole down to a depth of 220 mm. The sampling tube along 
with the soil column embedded into it was removed out of the 
compacted soil. The model pile used in the study was made 
out of stainless solid steel cylindrical rod with 20 mm 
diameter. The model pile (hereafter referred to as D-20 pile) 
was slightly larger in diameter in comparison to the diameter 
of sampling tube in order to obtain a good contact between the 
walls of the drilled shaft and the model pile. After the borehole 
drilling was completed, model pile was jacked down to a 
depth of 200 mm. A gap with 20 mm of length at the tip of the 

① 

②

③

④

⑤

⑥② 
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pile was intentionally left to eliminate the end bearing 
resistance while loading the model pile. In other words, the 
void was created to facilitate in the measurement of shaft 
resistance without any contribution from the end bearing 
resistance. The tests described were conducted under 
unsaturated (UNSAT) conditions. 
However, when the pile was loaded under saturated (SAT) 
condition, the compacted unsaturated soil was gradually 
saturated by allowing downward flow of water from the top of 
the soil through the compaction base plate which had 
apertures. The compactor plate was placed on top of the 
compacted soil sample and fixed to the loading frame in order 
to avoid possible volume change due to swelling. After the 
saturation process was completed, the model pile was installed 
using same procedure described for the pile testing under 
unsaturated condition.  
A piezometer attached to the side of the tank was used to 
check the saturation condition. The soil was assumed to be 
saturated as the level of water in the piezometer reached the 
same water level within the test tank. The degree of saturation 
was also verified by measuring matric suction with a 
tensiometer that was placed in the compacted soil. The 
tensiometer reading of (ua – uw) = 0 kPa provided another 
indication that the compacted soil is saturated. In addition to 
these checks, small chunks of soil specimens were collected 
from the tank for water content measurements after the 
loading tests were completed. The average water content from 
these tests was 31% which corresponds to a degree of 
saturation equal to 96% calculated from mass-volume 
relationships. This value can be considered to be close to 
saturation conditions for the present study because there is 
other evidence to support the soil is saturated.  
A strain rate of 0.0120 mm/min was chosen for loading the 
pile to achieve drained loading conditions [18][33]. A 
relatively fast loading rate of 1 mm/min was used to simulate 
undrained loading conditions [34].  
The soil samples prepared with an initial water content of 13% 
were tested under both unsaturated and saturated conditions 
considering both the drained and undrained loadings (i.e., 
SAT-Drained, SAT-Undrained, UNSAT-Drained, UNSAT- 
Undrained). Only the tests under unsaturated conditions were 
conducted (i.e., UNSAT-Drained, UNSAT-Undrained) for 
other soil samples with initial water contents of 16% and 18%. 
The details of the experimental program of the present study 
are summarized in Fig. 3 as a flow chart. 
 

5 MODEL PILE TEST RESULTS AND ANALYSES 

5.1 Test Results 

The model pile test results obtained for both saturated and 
unsaturated soil samples are presented in Fig. 4 through Fig. 7.  
The shaft carrying capacity of the model piles loaded in the 
soils compacted with different compaction water contents (i.e., 
13%, 16%, and 18%) is significantly different depending on 
the soil (saturated or unsaturated) and drainage (drained or 
undrained) conditions. The trends of the load versus 
displacement behavior of model piles from the present study 

are similar to the results published on results on other 
fine-grained clays in the literature [1],[3].  
 
Figure 3. Flow chart of the testing program. 

 
 

5.2 Interpretation of the Test Results 

The measured shaft bearing capacity values for the D-20 pile 
were interpreted using the modified ,  and methods 
proposed in this paper. In addition, comparisons are provided 
between the measured and estimated shaft bearing capacity 
values. 
The ultimate shaft bearing capacities for the model piles was 
estimated using the modified  method assuming undrained 
loading conditions. The undrained shear strength values for 
the compacted soils required for the modified  method were 
determined by conducting unconfined compression tests on 
the samples collected from the testing tank after model pile 
tests. The undrained shear strength values were also estimated 
using the equation (12). The test results are summarized in 
Table II.  
 
Table II. Comparison between the measured and estimated ultimate 
shaft capacities using the modified method for undrained loading. 

winitial (ua - uw) cu
1 cu

2   3 

Back 
Cal. 

 value 
 

Est.4

Qf(us)

 
Meas. 
Qf(us) 

 

(%) kPa kPa  - - kN kN 

13 0 11.5 - 0.90 0.70 0.13 0.10 
18 53 58 52 0.82 0.68 0.59 0.50 

13 205 68 57 0.75 0.79 0.64 0.68 

16 110 80 65 0.67 0.55 0.67 0.55 

(ua - uw) = matric suction 
1 Undrained shear strength from unconfined compression tests. 
2Undrained shear strength calculated by using (12) 
3 value obtained using the correlation charts [24] 
4 Calculated shaft bearing capacity by using (14). 

 
 

Sample preparation 
(Indian Head till, 2mm sieve,   

winitial  = 13-16-18% 

Static compaction
(350kPa, five layers)

Saturation 
(Downward flow of water)

Load test 
SAT Drained
winitial = 13%

(ua - uw) = 0kPa

Load test 
SAT Undrained 

winitial = 13% 
(ua - uw) = 0kPa 

Load test 
UNSAT Drained 
winitial =13-16-18% 

(ua - uw) = 205,110,53 kPa

Load test 
UNSAT Undrained 
winitial =13-16-18% 

(ua - uw) = 205,110,53 kPa
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Figure 4.  Model pile test results in an unsaturated soil compacted at 
an initial water content of 13% under drained and undrained loading 
conditions. 
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Figure 5. Model pile test results in a saturated soil compacted at an 
initial water content of 13% under drained and undrained loading 
conditions. 
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Figure 6.  Model pile test results in an unsaturated soil compacted at 
an initial water content of 16% under undrained loading conditions. 
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Figure 7.  Model pile test results in an unsaturated soil compacted at 
an initial water content of 18% under undrained loading conditions. 
 
The measured ultimate shaft capacity and those estimated 
using the conventional (i.e. (2)) modified (i.e., (11b))  
method for the saturated and unsaturated soils, respectively 
under undrained conditions are summarized in Table III.  The 
fitting parameter  in (10) was determined using the relation 
given in [20]. The coefficient,  = 0.3 was used for both the 
saturated and unsaturated soils based on the soil-pile interface 
friction angle,  (see Table III) since the influence of matric 
suction on ’ is relatively less.  
 
Table III. Comparison between the measured and estimated ultimate 
shaft capacities using the modified   method for drained loading. 

winitial (ua - uw)   c'a 
Est. 
Qf(us) 

Meas. 
Qf (us) 

% kPa -   ° kPa kN kN 

13 0 0.3 25 20 0.25 0.16 

13 205 0.3 27 100 0.60 0.80 

 
The measured ultimate shaft capacity values and those 
estimated using the modified  method (i.e. (15)). Vanapalli 
and Taylan [35] analyzed the data available in the literature 
[4] and suggested the relationship between  and the ratio of 
pile diameter to pile penetration depth, d/L are summarized in 
Table IV. A value of  = 0.32 was used in the present study.  
More details with respect to using this value are detailed in 
[35]. 
 
Table IV. Comparison between the measured and estimated ultimate 
shaft capacities by using the modified  method 

winitial (ua - uw) Meas.     
cu 


 

Est. 
Qf(s),(us) 

 

Meas. 
Qf(s),(us) 

 
(%) kPa kPa - kN kN 
13 0 11.5 0.32 0.09 0.10 
18 53 58 0.32 0.47 0.50 
13 205 68 0.32 0.55 0.68 
16 110 80 0.32 0.64 0.55 

 
The measured and estimated results are summarized and 
presented in Fig. 8.  Each circle shown in Fig. 8 represents the 
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results of the three different methods with different matric 
suction and initial water contents. The difference between the 
measured and estimated shaft bearing capacities in terms of 
percentage varies between 6 to 36%. The difference is more 
significant for the results obtained using the modified β 
method (11b). Such a behavior can be attributed to the effect 
of loading rate and also due to the difficulties associated with 
the opening a hole using the thin wall tube during which some 
disturbance may have occurred. 
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Figure 8. Measured and estimated ultimate shaft bearing capacities 
calculated by using the modified ,  and  methods for compacted 
Indian Head till samples 

6 SUMMARY AND CONCLUSIONS 

 
The conventional  and  methods are commonly used in 
engineering practice for estimating the ultimate shaft bearing 
capacity of single piles in saturated soils. In the present study, 
these methods are modified such that they can be used to 
estimate the variation of ultimate shaft capacity of single piles 
with respect to matric suction using the SWCC and the 
conventional shear strength parameters. There is a smooth 
transition between the modified and conventional methods 
and are convenient to estimate the shaft capacity of piles in 
unsaturated and saturated soil conditions.  
A series of model pile load tests were conducted on statically 
compacted fine-grained soil (i.e., compacted Indian Head till) 
in a laboratory environment to study the validity of the 
modified  and  methods. The test results of the study 
presented in this paper show significant increase in shaft 
capacity due to the contribution of matric suction. The 
modified ,  and  methods provided reasonably good 
comparison with the model pile load test results conducted in 
a laboratory environment.  
The authors based on the experience of the present study 
suggest different techniques of testing to alleviate some 

experimental problems. Instead of drilling a hole into the 
initially compacted soil, it is suggested to compact the soil 
around the pile using a specially designed compactor. Such a 
technique would reduce disturbance during pile installation 
for tests and likely provide better correlation results as it 
eliminates the problems associated with the soil disturbance. 
In addition, this technique also provides better contact 
between the pile and the soil.  
The results summarized in this paper are based on the studies 
undertaken using one compacted fine-grained soil. More 
experimental and numerical studies are in progress to check 
the validity of the modified  and  methods for different 
coarse and fine-grained soils. These studies will be useful to 
better understand the influence of matric suction on the load 
carrying capacity of the piles.  The results of the studies 
conducted to date are promising for using the modified ,  
and  methods in engineering practice to estimate the ultimate 
shaft bearing capacity of single piles placed in unsaturated 
fine-grained soils.   
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ABSTRACT: Soils are considered to include all naturally 
occurring loose or soft deposit overlying the solid bedrock. They are 
formed of the disintegration and decomposition of rocks and also by 
decomposition of organic materials. Compared with rocks, soils are 
softer in term of strength and more compressible, thus giving more 
problems to engineering compared with rocks. But is soil really a 
problem, or the theory is? Perhaps the later is more valid. 

In Malaysia, soils found can generally be termed as tropical soils. 
They range from residual soils which normally are soils formed by 
in-situ weathering of parent rocks to soft clays and organic soils 
including peat.  Soft soils generally have low shear strength and high 
compressibility. As such, problems like large settlements, flooding 
and damage to infrastructure due to soil subsidence, foundation 
failure due to lateral movement of soil, etc, are common. Residuals 
soil on the other hand are generally considered to be better in term of 
engineering properties compared with the soft soils, but by virtue of 
their existence in sloping ground, landslides are a major concern. 
Some 400 landslides have been reported (more than 30 were major 
landslides), involving both cut and natural slopes with a total loss of 
more than 200 lives and billion of Ringgit in damage to properties 
have been reported in the country over the last two decades or so. 

In meeting the above mentioned challenges, some research works 
have been done at Universiti Putra Malaysia. These include proper 
analysis and design of piles against lateral loading; fundamental 
understanding on the properties and behavior of soft soils, both soft 
clays and peat; methods to improve/stabilize the soils; slope 
assessment system for landslide prediction, bio-engineering 
technique to stabilize slope; and use of waste materials as an 
economical solution to repair slopes. 

In this paper, some recent works in particular those related to peat, 
will be described.  
 
Keywords: Bio-engineering, Landslide, Soft Soil, Malaysia, 
Soil Stabilization 
 

1. INTRODUCTION 

Malaysia lies in areas with tropical climates (the A 
category climate in the Köppen Classification System). This 
climate is extensive, occupying almost all of the continents 
between latitudes 20°N to 20°S of the equator. 

The key criterion for an A category climate is for the 
coolest month to have a temperature of more than 18 ºC 
making it the only true winterless climate category of the 
world. Another characteristic is the prevalence of moisture. 
Warm, moist and unstable air masses frequent the oceans at 
these latitudes. As a consequence, this climate zone has 
abundant sources of moisture giving rise to high humidity. 

Due to this climatic condition, weathering of parent rocks 

 
 

(igneous, sedimentary or metamorphic), mainly chemical 
weathering, is the main agent for soil formations in the 
tropical country like Malaysia. The soils formed by the 
weathering are largely left in place, thereby literally called 
residual soil, and whose character depends on the parent rock 
it develops from. In addition to the residual soils, transported 
soils are also found in Malaysia. Another type of soils that can 
be found in Malaysia is the organic soils. Peat actually 
represents an accumulation of disintegrated plant remains, 
which have been preserved under condition of incomplete 
aeration and high water content [1-6].      

2. PROBLEMS ASSOCIATED WITH SOFT AND 
SLOPING GROUND 

  Many towns and cities are actually located close to river 
mouths, deltas, lakes or alluvial flats. These are usually the 
areas of soft compressible soils. The soils usually have low 
undrained shear strength with high void ratio (high 
compressibility). Other areas that bring many problems to 
engineering are the swampy and peaty area where the soils 
have high organic content.  

Landslides, problems usually associated with slopes 
(sloping ground), are serious geologic hazard common most 
countries of the world. Since 1975, some 400 landslides has 
been reported in Malaysia (more than 30 were major 
landslides), involving both cut and natural slopes with a total 
loss of more than 200 lives and billion of Ringgit in damage 
to properties[1-6].  
 

3. SOME RECENT RESEARCH WORKS DONE AT 
UNIVERSITI PUTRA MALAYSIA 

3.1.1 Laboratory Simulation of Pile In An Excavation  

For this study a model test tank of 300 mm (W) x 800 mm 
(L) x 600 mm was used. The model test pile was instrumented 
with strain gauges. The soil was well graded medium fine 
sand with friction angle of 31o and the max sand density was 
13.8 kN/m3. 

Figure 1a shows the initial laboratory setup. Figure 1b 
shows the FEM model in PLAXIS 3D. Figure 1c and 1d 
shows the results of the FEM model by PLAXIS 3D 
Foundation. Both the experimental and FE results were 
apparently in good agreement [7-9]. 
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condition. The width of the model was three times of pile 
diameter. Few of the parameters were based on the pile 
properties, soil properties and excavation configuration. 
Figure 3 shows the model in 3D FE stimulation. 

 

 

 

 

 

 

Figure 3. Total horizontal soil displacement in FE model 

The soil stiffness ranges from very soft to medium stiff clay 
underlain by a hard layer. The effects of few parameters are 
clearly shown in design charts namely the soil stiffness, spun 
pile diameter and depth function. These few parameters 
showed significant effect when applied to cases with different 
soil stiffness (cu=10 kPa, 20 kPa and 30 kPa), pile diameter 
(300 mm, 450 mm and 600 mm) and depth function ranging 
from 2 to 7. Figure 4 shows the design charts for a particular 
configuration [7-9]. 

 

 

 

 

 

 

 

Figure 4 Maximum moment for pile in excavation 

 

3.2 Stabilization of Peat  

3.2.1 Shallow Stabilization 

The effects of adding various percentages of chemical 
binders (OPC) from 5 to 50% in terms of wet weight of peat 
and other additives - polypropylene fibers, steel fibers, silica 
fume (micro silica), ground granulated blast furnace slag and 
fly ash on the strength of fibrous peat were investigated.  

The results were shown in Figure 5. In general adding the 
chemical additives proved to have increased the soil strength 
substantially. Additions of additives are also beneficial, 
except for blast furnace slag, and fly ash where there appear 
to be no additional gain. Air curing was found to be generally 
better than moist curing. The best additive was apparently the 
polypropylene fibers (about 0.15% or 1.5 kg polypropylene 
fiber per cubic meter of peat at its natural water content) 
[10-11]. 

 

 

(a)  Unconfined Compressive Strength of untreated fibrous peat and 
peat treated with OPC after 90 days curing 

  

 
(b) CBR of untreated fibrous peat and peat treated with OPC and 

polypropylene fibers after 90 days curing 
 

 
(c) CBR of untreated fibrous peat and peat treated with OPC, 

polypropylene and steel fibers after 3 months curing 
 

 
(d) CBR of untreated fibrous peat and peat treated with OPC and fuel 

ash after 3 months curing 
 

Figure 5. Effects of OPC and additives on peat. 
 

3.2.2 Deep Stabilization 
Deep stabilization involved installing ‘columns’ of peat 

added with OPC and other additives into pre-bored hole set in 
peat sample. This stabilization technique is akin to those of 
cement or sand column as applied to soft clays. Peat with 
cement column was then tested in triaxial for strength and 
Rowe cell for compressibility.  
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The cement column technique involved casting in place a 
20 mm diameter column (which gave an area ratio of 0.16) 
inside a 50 mm sample. The cement column was formed by 
adding peat with varying percentage of cement (OPC), the 
proportions of cement to peat ratio chosen are (100:0), 
(75:25) and (25:75) compacted to inside a PVC tube. The 
column was cured for 45 days in a soaking basin, before being 
inserted inside a pre-bored hole.  

Figure 6 illustrates the effect of the cement column on the 
shear strength and compressibility of peat, measured with 
triaxial and Rowe cell test respectively. It was found that the 
cement column significantly improved both the shear strength 
(100% increase) and compressibility of peat, in particular 
column with higher dosage of cement. The peat gained 
strength with the addition of cement and probably the 
presence of cations initiated the flocculation because of the 
cementation phenomena among the soil particles and cement.  
 

 
(a) Shear strength parameters of peat 

 

 
(b) Compression index of peat 

 

 
(c)  Secondary compression (re-compression) index  

 
Figure 6 Effects of precast cement columns on peat 

 
To simulate a field condition, test at larger scale was carried 

out (Figure 7). Instrumentation included pore pressure gauge, 
LVDT, horizontal strain gauge and pressure cell.  
 

   
Figure 7 Test tank 

     
Precast cement column, 1.0m long and 200 mm and 300 

mm diameter were made of peat mixed with OPC and 
additives (polypropylene fiber, silica fume, polypropylene 
and steel fibers). The cement column was again shown to be 
beneficial in improving the load carrying capacity of peat 
(Figure 8)[10-11]. 
 

 
(a) Load-deformation of untreated peat and peat treated with 

precast cement column 
 

 
(b) loading-unloading 

 
Figure 8 Load carrying capacity of fibrous peat with and 

without precast cement column 
 

3.2.3 Stabilization by Injection and Vacuum 
 

The Deep Mixing Method (DMM) is today accepted 
world-wide as a soil improvement method and is based on 
mixing binders, such as cement, lime, fly ash and other 
additives, with the soil to form columns of a hardening 
material. DMM coupled with vacuum technique appears to be 
the solution for deep stabilization of peat. To do this, a 
laboratory scale of new DMM technique (injection-vacuum 
apparatus) was specially designed and developed as shown in 
Figure 9. In this study, the effects of cement, sodium silicate, 
calcium chloride, and kaolinite grouts on peat properties in 
new DMM technique were investigated [12-14]. 
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The results showed that the application of vacuum would 
help speed up the stabilization process. The low strength and 
loose matrix of peat meant that usage high power injection 
pump for stabilizing is not possible. In this method low power 
injection pump is applied by aiding of vacuum pump to 
increase the stabilized area. In comparison with conventional 
vacuum and preloading method as well as new injection 
methods, this method is believed to be more 
cost-effective.[12-14]. 
 

 
Figure 9 Small scale of new DMM technique 

 

3.2.4 Electro-osmotic properties of peat 

We began a study in 2007 to look at the role of organic 
matter on electro-osmotic properties of peat; and to 
investigate the behavior of electro-osmotic flow in peat. The ζ 
was measured with a zeta-meter as a function of pH values 
ranging from 1.91 to 11.5. All measurements were made in 
0.0001 M NaCl solutions and pH adjustments were made 
using dilute HCl or NaOH solutions.  

Figure 10 shows the relationship between peat zeta 
potential (ζ) of peaty soils with soil pH. The variations in ζ 
with pH were probably related to the nature of electrical 
energy field in peaty soils. [15-17]       
 

 

Figure 10 Zeta potential – pH relationship 
 
3.2.5 Electro-osmotic Phenomena in Peat 

The test apparatus consisted of an acrylic unit with a central 
cylinder of 150 mm in length and 169 mm in internal diameter, 
as shown in Figure 11. The volume of both the cathode and 
the anode compartments were 2243 mL. Titanium disks were 
used as the electrodes.  

Peat samples were treated for 3-days period. The effluent 
was collected to calculate the coefficient of electro-osmotic 
conductivity.  
 

 

          
Figure 11 Electro-migration test system 

 
The results showed that the coefficient of electro-osmotic 

conductivity and the 3-day energy expenditure was found to 
increase with increase in the degree of peat humification 
(Figure 12). The H8 peat had the highest electro-osmotic 
conductivity and energy expenditure.  Peat had a net negative 
charge and the direction of electro-osmotic flow was from 
anode to cathode. The study showed all charges on the soils’ 
surfaces were strongly pH-dependent. The very highly 
decomposed (H8) peat had the significant differences in 
electro-osmotic properties in comparison with H5 and H3 
peat [15-17]. 
 

 
(a) Coefficient of electro-osmotic conductivity-degree of 

humification-energy expenditure 
 

 
(a) Zeta potential – pH 

 
Figure 12 Electro-osmotic phenomena in peat 

 
3.3 Slope Assessment System for predicting landslide  

In our work, we developed a slope assessment system 
(SAS) for cut slopes underlain by granitic formation using 
discriminant analysis. From the available data, the following 
physical parameters were selected, namely: slope feature, 
location, height of slope, angle of slope, feature aspect in 
degrees, plan profile, cross profile, distance to ridge, batter, 
slope shape, and main cover type. These data in form of 
continuous variables/parameters were transformed into 
various classes and were used in the statistical analysis and 
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regression equation for the computation of instability score 
(individual discriminant scores). The database was compiled 
between 1994 and 2003 on a total of 36 slopes, 21 slopes from 
the Tapah – Cameron Highland road, and 15 slopes from 
Kuala Lumpur – Bentung old road [18-21].  

From the results, it was seen that the higher the significant 
value of F to add new and to delete variables, higher the 
Eigen-values and χ2 produced. The Wilk’s  however became 
smaller. Generally the number of significant parameters 
would increase with increase of the significant value of F to 
add and to delete.  Discriminant function of the 86 failed and 
53 not failed slopes was computed. The boundary of 
discriminant function separating these two groups (failed and 
not failed slope) was calculated using the average of the two 
group’s mean. Groups mean for not failed and failed slopes 
were -0.91 and 0.58 respectively. The value of discriminant 
function separating these two groups (noted as g) could be 
calculated. g = (Yf + Ys) / 2, where, Yf = Mean of failed group; 
Ys = Mean of not failed group.Value of g for the model is 
-0.165.Using this g value, the boundary condition separating 
failed and not failed slopes is as follow; Not failed if Y < 
-0.165, otherwise failed. The hazard rating was designed 
using the maximum and minimum value of discriminant 
function. The maximum value of discriminant function was 
5.906 and minimum value was -7.083. Table 1 below shows 
the hazard rating designed for the SAS [18-21]. 
 

Table 1 Hazard rating designed for the new SAS 
Range Rating 

2.871 to 
5.906 Very high 

-0.165 to 
2.871 High 

-3.459 to 
-0.165 Low 

-7.083 to 
-3.459 Very low 

 
The results of the comparative study are as shown in Table 2.  
  

Table 2 Evaluation SAS in predicting landslides 
(1) Number of assessed slopes 36 
(2) Numbers of actual landslide or 
failed slope 

25 

(3) Numbers of Slope classified as 
high hazard 

28 

(4) Number of slopes classified as 
high hazard that actually failed 

24 

(5) % of correctly classified failed 
slopes  

96% 

 
This SAS appears to be satisfactory.  

 
3.4 Use of Bio-engineering for Stabilizing Slope 

Bio-engineering in our context refers to the use of plants to 
enhance the stability of hill slopes primarily against 
shallow-seated. This is the basic principle of what is termed 
as the live pole technique. 

Our first challenge was to identify suitable plant species for 
such an application. Our study led us to 10 potential tropical 
plant species. Based on screening trial and observations of 
distribution/location and shape of growing roots three species 
were initially identified as the best candidate for the live pole, 
namely: Hibiscus tiliaceus (Ht), Dillenia indica (Di) and 
Dillenia suffruticosa (Ds). The shade house experiment was 
replicated but with mineral soils (aerisols, ferralsols, histosols, 
luvisols, regosols, gleysols, fluvisols) that commonly formed 
the Malaysian slopes. From this experiment, only 2 species, 
Ht and Ds were found later to be the most suitable (Figure 
13)[22-25].  

 

 Hibiscus tiliaceus    Dillenia indica          Dillenia suffruticosa 
Figure 13 Rooting trial (root growth along stem) 

 
We carried out shear test to measure the effect of root on 

soil strength. Unfortunately the conventional shear box was 
not good enough to represent the effect of root in a soil mass. 
For this, we have to design and fabricate our own large shear 
box. This box had a sample size of 300mm x 300mm x 
200mm, compared with conventional equipment whose 
sample size is only 50x50mm.  

The results showed that the presence of roots had 
significantly improved the shear strength of the soil and it 
also showed that the effect was mainly on the cohesion. Root 
of Ht has enhanced the cohesion component of shear strength 
by 593% (at 30 cm depth) and 722% (at 50 cm depth) as 
compared to the unplanted soil.  

To assess the suitability of the plant species and live pole in 
real situation, a field trial was carried out. A meta-stable slope 
in the vicinity of the university (UPM) campus was selected. 
The planting operation was done in two days. All fresh cuttings 
of Ht and Ds had initial lengths of 2.10 to 2.30, diameters 
between 50 to 70 mm at upper end and 50 to 80 mm at butt end; 
and almost straight, smoothly tapered and with no bends or 
branch points forming large bifurcations. At the end of the 12 
months monitoring period, 2 Ht and 2 Ds live poles were 
exhumed in order to study the root growth and properties of 
the live poles in a field condition as shown in Figure 14. 

A visual comparative study of Ds and Ht live poles showed 
that about 25% of the embedded length of Ht was rooted, for 
Ds it was about 31% Figure 15). However, the roots of Ht 
seemed longer (230 to 1230 mm long) and thicker (0.5 to 5.7 
mm diameter) compared with roots of Ds (length: 350 to 1060 
mm; diameter: 0.5 to 2.5 mm). 
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Figure 14 Exhumed live poles from the site 

 

 
(a) Ds pole 

 
(b) Ht pole 

Figure 15 Roots of exhumed Ht and Ds pole 
 
A finite element analysis was carried out to illustrate the 

benefit of live pole in stabilizing slope against shallow 
failures using 2D Plaxis. As expected, the factor of safety of 
the slope increased markedly. The live pole reinforcement 
was apparently more effective if poles were installed in closer 
array and soil had higher original cohesion [22-25].  
 
3.5 Low Cost Repair for Failed Slopes  

In order to apply scrap car tires as slope repair, we began by 
designing suitable tests and then tested the locally produced 
(scrap) car tires. We carried out tensile tests on commonly 
available sizes, i.e. R12 to R15. Mean tensile strength of 
55.81 kN, with standard deviation 15.19 kN was obtained 
from the pull-out test, with statistic probability of tensile 
strength greater than 20 kN was 99%. Two attachment 
systems were considered and tested in laboratory for tension, 
the wire rope and U-clip, and polymer rope of different 
numbers of wrap and knots.  For the wire rope and U-clip 
system, a 12 mm diameter wire rope with its compatible size 
U-clip was selected for testing purpose. Whilst for polymer 
rope, 12 mm diameter polypropylene was chosen for ease of 
handling and economy. The rope was tightened on the cross 
beam of tensile machine and pull until the rope rupture. The 
polypropylene rope had a working load of 25kN was a 
suitable attachment for scrap tire wall.  

Next we needed to design and study the performance of the 
propose tire system. A full scale field trial was carried. A total 
of 2100 numbers of scrap car tires in 25 layers was used. It 
only took 5 unskilled workers 20 workings days to complete 
the structure. Instrumentation like settlement plates and 
pressure cells were installed to monitor the performance of 
the trial wall (Figure 16).  
 

  

 
Figure 16 Constructing the trial scrap tire wall 

The following software (GawaWin, Prokon and MacStars) 
were used for the preliminary design. Some basic design 
assumptions were (1) maximum bearing capacity of base was 
100 kPa, (2) effective internal friction was 28o, (3) no water 
level, (4) surcharge was 10 kPa, (5) factors of safety against 
sliding, overturning, bearing failure and overall slope stability 
were 1.5, 1.5, 3.0 & 1.5 respectively. As shown in Figure 17, 
the propose scrap tire system was apparently the most cost 
effective for wall of 2m to 6m. The significant advantage of 
the propose scrap tire system was the reduced cost of wall 
materials and construction. Most of the wall components 
(scrap tires and back fill soils) were recycled material [26].  

 
Figure 17 Cost per linear meter of various retaining wall 

systems versus height 

4 CURRENT RESEARCH 

We are currently working on some research projects 
including: 
 
4.1 Electro-Biogrouting of Soft Soils 

Biogrouting is a new method to stabilize sandy soils 
through precipitation of CaCO3 between grains. This process 
decreases the permeability about 98% and increases the soil 
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strength up to 12Mpa. It is created by bacterium Bacillus 
Pasteurii and enzyme urease that hydrolyze urea to carbonic 
dioxide and ammonia. A major problem in biogrouting is the 
distribution of bacteria injected into the soils. We are going to 
use electrokinetics in order to transport bacteria towards the 
cathodes to get a uniform distribution of bacteria and enzyme 
in the soft soil mass.  
 
4.2 Acid Rain Intrusion Effects on Slope Failure 
Phenomena and Mechanisms 

Acidic deposit that fall to Earth from the atmosphere is 
named acid rain. It is caused by sulfur dioxide (SO2) and 
nitrous oxide (N2O). Acidic rainfall as an environmental 
factor has a potential to affect slope stability. However, the 
slope failure phenomena and mechanism cannot be explained 
with a simple mechanical-physical concept. A new approach 
is needed to explain the underlying mechanism of water 
attack on soil using physicochemical concept including ion 
exchange effects.  

This fundamental research will integrate and blend 
traditional theory with physicochemical concepts in order to 
provide a framework for the analysis of soil behavior under 
acid rain intrusion effects. The obtained results will be 
discussed in the light of chemico-mechanical model. The 
outcome will explain the “why” and “how” the mechanical 
soil behavior under acid rain intrusion effects in an 
environmental context. 

5 CONCLUSIONS 

In this paper, we presented some research works which have 
been carried out at Universiti Putra Malaysia. These include 
proper analysis and design of piles against lateral loading; 
fundamental understanding on the properties and behavior of 
soft soils, both soft clays and peat; methods to 
improve/stabilize the soils; slope assessment system for 
landslide prediction, bio-engineering technique to stabilize 
slope; and use of waste materials as an economical solution to 
repair slopes. 

6  ACKNOWLEDGMENT 

The financial assistance from the Ministry of Science,  
Technology and Innovation Malaysia, as well as the 
Universiti Putra Malaysia for the researches mentioned in this 
paper is gratefully acknowledged. So are the input of my 
research students, past and present. 

 
7  REFERENCES 
[1] Huat BBK., Ali FH, Barker D, Singh H. & Omar H., Landslides in 

Malaysia: Occurrences, Assessment, Analysis and 
remediation/Preventive Solutions. Universiti Putra Malaysia Press. 
2008, 468p. 

[2] Huat BBK & Ali F, Essential Soil Mechanics for Engineers. Universiti 
Putra Malaysia Press,2007,  518p. 

[3] Huat, BBK & Ali F, Ground Improvement Techniques. Universiti Putra 
Malaysia Press, 2007, 383p.  

[4] Huat BBK, Ali F, Omar H  & Singh H,  Foundation Engineering: 
Design and Construction in Tropical Soil.  Taylor and Francis, United 
Kingdom, 2006, 243p.  

[5] Huat, BBK, Han KK, Loh, WC & Aziz A, Retaining Structures: Design 
and Construction in Tropical Soils. Universiti Putra Malaysia Press, 
2006.  

[6] Huat BBK, Organic and Peat Soils Engineering, Serdang: University 
Putra Malaysia Press, 146 p. 

[7] Kok ST & Huat BBK, Numerical Modeling of Laterally Loaded Piles. 
American Journal of Applied Sciences. Vol. 5(10), 2008,pp. 1403-1408 

[8] Kok ST, Bujang BKH, Jamaloddin N, Mohd Saleh J, Gue SS, A 
Review of Basic Soil Constitutive Models for Geotechnical 
Application, EJGE Vol 14, 2009,  pp 1-18.   

[9] Kok ST, Bujang BKH, Jamaloddin N, Mohd. SJ, Gue SS, A Case Study 
of Passive Piles Failure in Open Excavation. Journal of Deep 
Foundation Institute, Vol. 3, No. 2, 2009, pp. 50-57. 

[10] Kalantari B, Prasad A. & Huat BBK, Stabilising Peat Soil with Cement 
and Silica Fume. Proceedings of the Institution of Civil Engineers: 
Geotechnical Engineering. 163 GE1, 2011, pp. 33-40.  

[11] Kalantari B & Huat BBK, Improving Unconfined Compressive 
Strength of Peat with Cement, Polypropylene Fibers, and Air Curing 
Technique. Global Journal of Researches in Engineering. Vol. 10(1) 
2010, pp 9-15. 

[12] Huat, BBK, Kazemian,S & Barghchi M, A State of Art Review of Peat: 
General Perspective. International Journal of the Physical Sciences 6(8), 
2011, pp. 1988-1996. 

[13] Kazemian, S, Huat BBK, Prasad A & Barghci M, A State of Art 
Review of Peat: Geotechnical Engineering Perspective. International 
Journal of the Physical Sciences, Vol. 6(8), 2011, pp. 1974-1981.  

[14] Kazemian S, Huat BBK, Effects of Aggressive pH Media on Peat 
Treated by Cement and Sodium Silicate Grout. J. Cent South Univ 
Technol. Vol. 18, 2011, pp 840-847  

[15] Asadi A, Huat BBK, Hanafi MM, Mohamed, TA & Shariatmadari N, 
Chemico-geomechanical Sensitivities of Tropical Peat to Pore Fluid pH 
Related to Controlling Electrokinetic Environment. Journal of the 
Chinese Institute of Engineers. Vol.34(4), 2011, pp. 481-487  

[16] Asadi A, Huat BBK, Hanafi MM, Mohamed TA, and Shariatmadari N, 
Role of Organic matter on Electroosmotic Properties and Ionic 
Modification of Organic Soils. Geosciences Journal, Vol 13(2) 2009, p 
p 175-181.  

[17] Asadi A, Huat BBK, Hanafi MM, Mohamed TA, Shariatmadari N, 
Physicochemical Sensitivities of Tropical Peat to Electrokinetic 
Environment. Geosciences Journal, Vol 14(1), 2010, pp. 65-75. 

[18] Singh H, Huat, BBK & Jamaludin S, Slope Assessment Systems: A 
Review and Evaluation of Current Techniques Used for Cut Slopes in 
the Mountainous Terrain of West Malaysia. Electronic Journal of 
Geotechnical Engineering, Vol.13, 2008, pp. 1-24. 

[19] Jamaludin S, Huat BBK & Omar H. Evaluation and Development of 
Cut-Slope Assessment Systems for Peninsular Malaysia in Predicting 
Landslides in Granitic Formations. Journal Technology B. Universiti 
Technology Malaysia. Vol. 44B, 2006, pp 31-46. 

[20] Jamaludin S, Huat BBK and Omar H. Evaluation of Systems for 
Predicting Landslides of Cut Slopes in Granitic and Meta-sediment 
Formations. American Journal of Environmental Sciences. Special 
Issues on Recent Advances in Landslide Engineering and Technology. 
NY, USA. 2(4), 2006, pp. 135-141  

[21] Huat BBK & Jamaludin S, Evaluation of Slope Assessment System in 
Predicting Landslides along Roads Underlain by Granitic Formation. 
American Journal of Environmental Sciences. Vol. 1(2), 2005, pp. 
90-96  

[22] Huat BBK & Kazemian S. Study of Root Theories in Green Tropical 
Slope Stability. Electronic Journal of Geotechnical Engineering. 
Vol.15Q, 2010, pp. 1815-1824. 

[23] Mafian S, Huat BBK, A Rahman N, Singh H. Potential Plant Species 
for Live Pole Application in Tropical Environment. American Journal 
of Environmental Sciences, Vol. 5(6), 2009, pp. 759-764. 

[24] Mafian S, Huat BBK.& Ghiasi V. Evaluation of Root Theories and 
Root Strength Properties in Slope Stability. European Journal of 
Scientific Research. Vol.30(4), 2009, pp. 594-607.  

[25] Mafian S, Huat BBK, Barker DH, Rahman NA & Singh H, Live Poles 
for Slope Stabilization in the Tropical Environment. Electronic Journal 
of Geotechnical Engineering. Vol.14G, 2009, pp. 1-25. 

[26] Huat BBK, Aziz AA & Loh WC, Application of Scrap Tires as Earth 
Reinforcement for Repair of Tropical Residual Soil Slope. Electronic 
Journal of Geotechnical Engineering. Vol. 13 B, 2008, pp. 1-9. 



 

47 
 

 

 

ABSTRACT: The recently preferred Performance–Based 
Design (PBD) fundamentally entails that, deformation in ground 
and foundation soils, along with the reciprocal and/or 
retrospective structural deformation and stress states, are 
comprehensively analyzed by adopting sophisticated methods, 
particularly for structures within high exposure seismic action 
regions. The soil mechanics concept of deformation resistance, 
which principally constitutes the fundamental postulates on 
kinematic hardening, is considered as one of the most vital 
conceptual approach in this regard.  
In this part of the paper therefore, fundamental theories related to 
the recently proven Modified Critical State Theory (MCST),  
“Consolidation and Shear Stress Ratio” (CSSR) functions as well 
as the ) mathematical concepts on Yield Strain Limit (YSL 
proposed in this Study, that may enable the effective use of 
retrospective analysis in simulating, predicting and 
characterizing the variation in the behavior of clayey composite 
ground and geomaterials under various loading conditions, are 
analytically introduced and subsequently applied.  
 
Keywords: deformation, yield sub-surfaces, consolidation 
stress-strain history, loading rate, reconstitution 

1. INTRODUCTION 

1.1 Imposed Geo-changes in Ground and Geomaterial 

When subjected to various modes of loading and 
environmental conditions, most ground and geomaterials 
undergo geotechnical changes that are, as far as the 
geotechnical engineer is concerned, of great exigency in 
terms of project costs, particularly in developing countries 
which suffer, more predominantly, in lack of adequate 
project funding. On the other hand, although conventional 
approaches such as the limit equilibrium-based methods 
provide information to resist a design seismic force for 
example, they are not able to predict structural 
performance under critical loading conditions. 
Furthermore, notwithstanding the simplicity and 
popularity of the Equivalent Linear procedure, its main 
limitation is characterized by the lack of providing any 
prediction of earthquake induced permanent displacements. 
Due to these factors, and the increased frequency, intensity 
and changes in trend of seismic action in recent times, and 
in consideration of the degree of devastation caused within 
short time periods on civil engineering structures that have 
been subjected to earthquake and tsunami loading, it is 
virtually a definitive prerequisite that multi-stage 
advanced and sophisticated methods of analyses with the 
effective ability to probe and/or predict the transformed 
ground and material geo-characteristics, be employed.  
It is therefore imperative that, for structures which require 
higher performance, the geotechnical engineer, through 

 
 

the use of sophisticated methods, determines relatively 
precise and reliable Value Engineering (VE) based 
cost-effective design parameters taking into serious 
account prevalent loading factors, environmental 
conditions and structural sustainability. 

1.2 Methods of Testing and Geotechnical Investigation 

Laboratory tests were comprehensively performed in 
Japan by using sophisticated automated triaxial testing 
systems equipped with a local strain measurement device; 
the Local Deformation Transducer (LDT), whilst various 
geophysical methods of survey were employed in 
undertaking the in-situ geotechnical investigations. The 
seismic survey was mainly adopted in determining the 
in-situ initial elastic and/or shear moduli. On the other 
hand, the Transient Electromagnetic Method (TEM) 
utilizing sounding technology was used in deriving in-situ 
bearing capacity, strength and elastic stiffness by 
correlating the measured resistivity to the geotechnical 
parameters through a newly proposed quasi-empirical 
method [1]. The main mechanical methods adopted were 
the Standard Penetration Test (SPT) and the Dynamic 
Cone Penetration Test (DCPT). Standard and modified 
laboratory tests were also carried out extensively in the 
East and Central African Region using conventional 
triaxial and unconfined compression testing equipment. 
Details of the methods of testing and testing equipment can 
be referenced from [2], [3]. 

1.3 Geomaterials Adopted for Laboratory Testing 

The well cemented and highly structured Pleistocene clays 
adopted for this study were sourced and tested in Japan. 
The clays were mainly sourced from: Osaka Bay, (the 
construction site of the Kansai International Airport); 
Tokyo Bay Clay (the construction site of the Trans Tokyo 
Bay Highway connecting Kawasaki City and Kisarazu 
City in Chiba Prefecture); OAP Clay (the construction site 
of skyscraper buildings in Osaka City), and Suginami Clay 
(the construction site of the Kandagawa Flood Control 
Project in Tokyo). Other clays that were investigated 
include the Ariake Holocene Clay, which is a very soft, 
sensitive and highly structured clay underlying the Ariake 
area in Kyushu, Japan [2]. 
Lateritic gravel and black cotton soil, which are in 
predominant existence in most parts of Africa, were 
sourced from various construction sites in East and Central 
Africa, and tested in the laboratory under varying modes of 
loading and geotechnical conditions. Black cotton soils, 
formed in the Quaternary period from in-situ weathering of 
basic igneous, metamorphic and pyroclastic rocks, are 
highly expansive, problematic and extremely susceptible 
to moisture ~ suction variations. 
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2. FUNDAMENTAL THEORETICAL AND 
CONCEPTUAL CONSIDERATIONS 

2.1 Brief Background of the MCS Theory 

The fundamental postulates of the MCST (Modified 
Critical State Theory) were first proposed by [4] while 
investigating the effects of consolidation stress ratio and 
strain rate on the peak stress ratio of clay. In that study, 
they concluded that, possibly due to different structure 
formation, the stress rate at q୫ୟ୶ and the maximum stress 
ratio ሾq/pᇱሿ୫ୟ୶	 increased as the consolidation stress ratio  
Kୡ ൌ σ୰ᇱ/σୟᇱ  decreased. Following further research, and by 
demonstrating the inadequacies of the conventional 
Critical State Theory (CST), [5], [6] proposed the need for 
modification of the CST and most of the theories based 
thereon, which characterize the strength and deformation 
behavior of clays assuming that failure for normally 
consolidated clays occurs at the Critical State Line (CSL) 
irrespective of the drain condition, strain rate and stress 
path traversed. The mathematical derivatives of the MCST 
and its applications are reported in detail by [7]. Typical 
examples demonstrating that the CSL is not unique but 
rather dependent on varying geo-changes and transformed 
states are depicted in Figs. 2.1 and 2.2. 
For clay subjected to cyclic loading at frequencies between 
0.02Hz and 01.Hz, [8] defined a Cyclic Failure Line (CFL) 
which is clearly strain rate dependent as shown in Fig. 2.1. 
From this figure it can be noted that the gradient of the 
normalized stresses	reduces	as	the	frequency	increases.	

	
Figure 2.1 Stress states at failure of clay under undrained 
cyclic loading and Cyclic Loading’s Failure line (CFL) [8]. 

In their study on cemented sand subjected to undrained 
cyclic loading, [9] also suggested that there exists a Phase 
Transformation Line (PTL) which plots well above the 
conventional CSL. Their results also showed that the CFL 
overshoots the CSL [(μf)CFL = 2.25, while (μf)CSL = 1.61]. 
On the other hand, Fig. 2.2 distinctly shows that the CSL is 
not unique and varies with drainage conditions and 
consolidation stress-strain history.  
Consequently, the MCST takes into account three 
important features: 1) the clay structure in relation to the 
consolidation stress-strain-time history; 2) the initial 
pre-shear state of stress  in relation to the modified CSL; 
and, 3) the fact that under a constant rate of strain during 
undrained shear, stress paths for higher consolidation 
stress ratio values traverse for longer periods and distances 
to peak resulting in larger straining that contributes to 
larger structural changes that culminates in the 
“overshooting” phenomenon of the conventional CSL [4].  

	
Figure 2.2 Effective reconsolidation and shear stress paths 
for undrained and drained Suginami clay specimens [2]. 

Consequently, under the MCST framework, the expression 
ݍ ൌ  ᇱ  that locates the conventional CSL is thereforeܯ
modified to retrofit the modified CSLM as: 

ݍ ൌ  (1)                                                                        .′′߰
 
where, 
 

߰ᇱ ൌ
ሺఎೌೣሻ

ሼିሾ
௱థᇲ

ఋೄೃሿൈೄೃሽ
൘

                                                  (2) 

 
In this case, ݍ is the deviator stress, ߰′ is the stress path 
locating modifier, ′ is the mean effective stress, ߢூ is the 
transformation function of  ߂߶ᇱ , which is defined as the 
differential normalizing parameter of the angle of internal 
friction, ߜௌோ is the cubic exponent of the Consolidation 
Stress Ratio (CSR) function, which is expressed as,  ݂ௌோ.  
On the other hand, the modified λM constant, which would 
project the CSLM onto the υ−λℓࣿp' space when analyzing 
changes in volume (voids) is expressed in the relation; 

ெߣ ൌ ூߣ ൈ ሾܯߣܣ ݂ௌோ   ሿ                                      (3)ܯߣܤ

hence,  

ଵߥ ൌ ܰ െ  (4)                                                                 ′ெ݈݊ߣ

and,  

ଶߥ ൌ ߁ െ  (5)                                                                ′ெ݈݊ߣ

 
The deviator and mean effective stresses, ݍ  and 

ᇱ at 
failure are then derived as: 

ݍ ൌ ߁	ሾሺ	ݔ݁′߰ െ  ெሿ                                             (6)ߣ/ଶߥ

and, 
 
  

ᇱ ൌ ߁	ሾሺ	ݔ݁ െ  ெሿ                                             (7)ߣ/ଵߥ

where, ܣఒಾ  and ܤఒಾ  are material constants, while ܰ, ߁ 
and ߣெ are mapping constants. 

2.2 Brief Introduction of CSSR Functions 

The geo-mathematical derivations of the CSSR Functions 
developed within the MCST framework and their 
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applications in correcting for the effects of SHANSEP 
(Stress History and Normalized Engineering Properties) 
consolidation, ageing and reconstitution, are reported in 
detail by [10]. 
On the other hand, details of the pragmatic applications of 
the versatile CSSR functions including correction for, and 
simulation of, field conditions, retrospective 
characterization and retracing of consolidation and shear 
stress histories, multi-stage construction control of 
foundations and embankments on soft and problematic 
soils and, in modification of   constitutive models based on 
the conventional CST, are discussed in detail by [7], [10]. 

2.3 Theoretical Considerations for Determination of 
Sub-yield Boundary Surfaces  

Within the framework of classical visco-elasto-plastic 
theory, the strength and yielding characteristics of 
geomaterials at relatively large strains are described by 
defining a yield locus whereby the behavior within this 
locus is considered either rigid, linear elastic or non-linear 
elastic. Nevertheless, recent research has shown that such 
simplifications are inadequate in characterizing the overall 
stress-strain behavior of geomaterials over a wide range of 
stress-strain. As a consequence, most researchers have 
proposed multiple kinematic yield surfaces to better 
describe the elasto-visco-plastic behavior observed within 
the larger scale yield envelope. 
Consequently, most of the recent constitutive models 
describing the plastic behavior of geomaterials including 
clays, sands and soft rocks subjected to cyclic loading are 
derived from the elasto-visco-plasticity theory along with 
the concept of the non-linear kinematic hardening rule. 
However, despite the various numerical and modeling 
research that has been reported, a quantitative method of 
determining the limiting boundaries of the sub-yield 
surfaces based on experimental testing is not yet proposed. 
In the method proposed in this Study, three kinematic 
sub-yield surfaces, namely; YI: representing the Initial 
Yield Surface within which the quasi-elastic properties are 
defined, YS: representing the Secondary Yield Surface 
which characterizes the intermediate non-linear and 
irreversible deformation behavior, and YT: the Tertiary 
bounding limit where large scale straining and yielding 
occurs, are considered as schematically shown in Fig. 2.3. 

 
Figure 2.3 A schematic representation of multiple 
kinematic yield surfaces. 

For stiff geomaterials having relatively large initial and 
secondary yield surfaces, the quasi-elastic properties are 
important as bench marks for both geotechnical 
engineering analyses and the construction of a general 
framework of pre-failure characterization. 
Theoretically, as proposed by [11] and partly by [12], in 
quantitatively determining the yield strains for the 
respective yield loci , the following considerations, most of 
which are scientifically and quantitatively confirmed in 
this Study for the first time,  are made: 1) when the stress 
transcends the YI and YS sub-yield boundary surfaces, the 
preceding surface is kinematically engaged and dragged 
with the stress point; 2) when YI boundary is engaged with 
some associated energy loss, it is considered that particle 
contacts start to experience local yielding due to normal 
stress concentrations developing small plastic strains; 3) 
significant plastic straining is delayed until the stress point 
engages the YS sub-yield surface at which stage a 
significant number of contact points probably start to fail 
in shear, leading to inter-particle slippage resulting in a 
marked shift in the direction of the strain increment vector; 
4) as demonstrated in this Study, a further feature of the YS 
envelope is that it defines the threshold at which drained 
and undrained  cyclic loading starts to affect the soil 
significantly whereby sharp increases are observed in the 
ratio of plastic to elastic strains, creep rates at constant 
stresses, energy dissipation in local cycles, hysteretic 
damping ratio and rate of pore pressure development; 5) 
the strains developed by a stress path which progresses 
towards the YF locus (failure envelope) become 
increasingly plastic and time-dependent in their nature 
(refer to Fig. 2.5); 6) a sharp change in stress path direction 
leads to re-entry into the preceding yield surface and, 7) 
destructuration leads to the disappearance of the existing 
initial yield surface transferring the stress point to the 
subsequent locus hence the prevalence of pseudo-elastic 
characteristics depicting lower stiffness and/or apparently 
longer pseudo-elastic range. 
Furthermore, this Study also sets out to confirm, on the 
basis of experimental data and analysis that, the size and 
shape of the yield surfaces, particularly YI and YS, are 
mostly influenced by: 1) recent stress and time history as 
the stress point transcends to the current stress-state; 2) 
structuration due to ageing (Long Term Consolidation) and 
cementation occurring at the current stress-state as 
particles agglomerate; 3) loading rate and path of 
perturbing stresses or strains; 4) drainage conditions and, 
5) mode of loading static (monotonic, cyclic) or dynamic. 
Based on the foregoing theoretical and practical 
considerations, mathematical derivations which provide a 
sufficiently applicable method of determining pre-failure 
sub-yield strain limits and the respective elastic stiffness 
and deformation modulus, are developed. 
As shown in Fig. 2.4, an apparent (estimated) initial 
Young’s modulus aE max

 is first determined. An arbitrary 

modulus ratio, α is introduced within the region of small 
strains whereby 1.0 < 	α 	≦	 0.95. Considering the 
intersection properties of the parameters in Fig. 2.4, a 
square relation expressed in (8) is developed. 
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Figure 2.4 Graphical representation of stress-strain 
parameters applied for mathematical determination of 
Yield Strain Limits (YSL) [2]. 
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The tangent moduli E  at point   and E  at point   

are thence expressed as; 
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and, 
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(10) 

where, ݍ, ݍ  are arbitrarily designated deviator stresses at 
the corresponding ߝఈ,   .strain levels	ఉߝ
Solving (9) and (10) simultaneously and substituting for a 
in to (8), we obtain (11), which defines the initial Yield 
Strain  

IYa  that locates the boundary of the quasi-linear 

elastic range, i.e.; the Initial Yield Surface upon 
transformational mapping into the pq ~  space. 

Hypothetically, the magnitude is defined as the length of 
the major radial axis of the YI elliptical surface depicted in 
Fig. 2.3. 

(1)  
IYa : Initial Yield Strain (ELS) 
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(2)  
SYa : Secondary Yield Strain (Intermediate 

Strain Limit) 
The secondary yield strain which quantitatively defines the 
intermediate strain boundary is computed from (13). 
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(3)  
TYa :	 Tertiary Yield Strain (Pre-failure Large 

Scale Plastic Strain Limit) 

This	is	the	zone	where	large	scale	yielding	occurs	and	
may	be	quantified	from	the	proposed	(14).	
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where,	 E =	 modulus	 at	ሺߝሻ	(strain	 at	 failure)	 and,		
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T
 .	

An	 example	 of	 the	 application	 of	 the	 proposed	
mathematical	 relations	 for	 determining	 the	 sub‐yield	
strain	limits	is	demonstrated	in	Figs.	2.5	and	2.6.	

	
Figure 2.5 Yield surfaces traced from computed YS. 

	
Figure 2.6 Zoned sub-yield surfaces {(εa)ELS(YI)}	 ~	
{(εa)FYS(YF)}	based on computed LTC/STC Yield Strains.  
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The results of Long Term Consolidation (LTC) and Short 
Term Consolidation (STC) Osaka Bay clay specimens 
shown in Figs. 2.5 and 2.6 clearly demonstrate that: 1) 
multiple kinematic yield surfaces exist and, 2) the multiple 
pre-failure sub-yield surfaces expand in size with 
prolonged ageing (LTC).  

3 CHARACTERIZATION OF VARIOUS ASPECTS 
OF PRE-FAILURE DEFORMATION 

3.1 Preamble 

Adequate assessment, evaluation and analyses of soil 
parameters to be adopted for design are crucial in 
enhancing the levels of precision of analyzing and 
characterizing the behavior of geotechnical structures.  
Essentially, this implies that the choice and design of the 
experimental technique to be adopted for soil 
characterization is most vital since its effectiveness entails 
a compromise between technical and financial factors. The 
shortcomings however, of stress-strain models developed 
on the basis of laboratory test results of reconstituted 
specimens are significantly demonstrated in this Study. 
For example, [11] emphasized that realistic prediction of 
ground deformations and structural displacements are only 
possible when relatively sophisticated laboratory 
stress-strain tests using highly undisturbed samples and/or 
careful field tests are performed. This essential factor is 
also elaborated in this Study.  
Adopting a sophisticated automated triaxial testing system 
with the capability of measuring axial strains of εୟ ൏ 10ିହ 
and performing single tests on single specimens subjected 
to varying geotechnical conditions over a very wide range 
of strains {εୟ ൏ 10ିହ% to εୟ ൏ 20  %}, the pre-failure 
deformation characteristics of relatively stiff structured 
clays are evaluated for purposes of determining and 
analyzing parameters for design, construction and 
prediction. Experimental simulation is comprehensively 
undertaken regarding the possible changes that may be 
impacted by varying modes and levels of loading on such 
geotechnical features as multiple kinematic yielding, 
effects of recent stress-strain-time history, anisotropy, 
structuration, destructuration, non-linearity in respect to 
the time-dependency of stress-strain behavior of clayey 
geomaterials and cyclic loading in both compression and 
extension for purposes of enhancing the sophistication of 
the retrospective analysis for modeling, simulation and 
prediction. 

3.2 Influence of Consolidation Stress-strain Histories  

Moderate to strong vibrations and ground motions may 
cause abrupt changes in the recent consolidation 
stress-strain-time history transforming it to a “new current 
state”. It is therefore important to evaluate such changes in 
order to capture a more realistic picture of the field 
behavior for purposes of determining the relevant and most 
appropriate design parameters. Simulation of the impact of 
such changes is made in Figs. 3.1 ~ 3.3.  
It can be noted from these figures that, although the initial 
deformation resistance defined in terms of Elastic Yield 

Strain {(εa)ELS(YI)} varies considerably with the 
consolidation stress ratio and  secondary consolidation 
time history, the initial modulus is only dependant on the 
consolidation stress ratio, whilst secondary consolidation 
time history has virtually insignificant effects on this 
parameter. From Fig. 3.1, however, it can further be noted 
that, prior to the end of primary consolidation, the initial 
modulus varies considerably with consolidation time. 
 

 
Figure 3.1 Effect of Long Term Consolidation on Initial 
modulus, Emax within the Elastic Limit Strain {(εa)ELS(YI)}.   
 

 
Figure 3.2 Effect of Long Term Consolidation on the 
Elastic Limit Strain {(εa)ELS(YI)}.   
 

Fig. 3.3, which simulates cyclic loading→ unloading→ 
reloading in short term and long term consolidation shows 
that: 1) the initial modulus decreases	 exponentially with 
increasing Over-Consolidation Ratio (OCR) and is 
practically insensitive to the hysteritic load ↔ unload ↔ 
reload cycles; 2) the initial modulus is virtually the same at 
constant OCR notwithstanding  creep effects (secondary 
consolidation time); 3) long term secondary consolidation 
has practically no effect on the initial modulus. However, it 
was found to significantly increase the size of the initial 
yield surface {(εa)ELS(YI)} and; 4) loading ↔ unloading ↔ 
reloading cycles in consolidation have minimum impact on 
YI  when compared at a constant OCR. 
Equation (15), generated from this investigation, defines 
the generalized relation between the initial shear modulus, 
G0 and the Over-consolidation Ratio (OCR) for relatively 
stiff to hard clays. 
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where,  
ssG )( 0

 is the initial  modulus at the  designated 

stress point and MPaG R 290  is the reference initial 

shear modulus as determined in this Study. 

	
Figure 3.3 Effect	of	OCR	and	LTC	on	initial	modulus.	

3.3 Impact of Loading Rate on Small Strain 
Parameters 

The effect of viscosity on small strain characteristics of 
various geomaterials has been a topic of study for a 
number of researchers. Although most results have shown 
that viscous effects may be minimal in the region of very 
small strains, whether or not they can be ignored has still 
been debatable. 
In order to investigate the effects of strain rate on the small 
strain behavior of relatively stiff to very stiff undisturbed 
Pleistocene clay, CUTC tests were undertaken on Osaka 
Bay and OAP clays under quasi-static-monotonic loading 
with small load ↔ unload ↔ reload cycles within the 

range of 0� a �0.005% at different strain rates ( a ), 

part of the results of which are summarized in Fig. 3.4. 
CUTC/E and CDTC/E cyclic loading through seven 
varying strain rates 6.8 ൈ 10ିହ  έୟ  0.34%/min  for 
single amplitudes of    ሺεୟሻୗ ൌ 5 ൈ 10ିହ% and ሺεୟሻୗ ൌ
5 ൈ 10ିଷ% were also performed.  
At every stress state and small strain shear stage, the creep 
rates were monitored during the secondary consolidation 

stage until they attained a minimal value of a
=0.0058%/day basically with the objective of ensuring that 
no interaction occurs between the creep rates and the 
slowest strain rate which was designated after preliminary 

investigations were carried out at a creep strain rate of a
=0.098%/day ( a =6.8 ൈ 10ିହ%/min). 

It can be derived from the results in this figure that: 1) the  
characteristics per loading cycle are practically similar and 
independent of Strain Rate (SR) even when the slowest SR, 

a =6.8 ൈ 10ିହ %/min and the fastest SR, a =3.4 ൈ

10ିଵ %/min (5,000 times faster) are compared; 2) 
dependency of the initial stiffness, Eeq becomes slightly 
more significant as the strain rate becomes much slower, 
whereas it is practically insensitive once the loading rate is 

in the range of a >0.002%/min and, 3) through the 

comparison of drained and undrained initial stiffness, it 
can be noted that the difference becomes more significant 
{(Eeq)u - (Eeq)α} as the strain rate becomes exceedingly 
slower, confirming the effects of time-dependent viscosity 
even in the region of very small strains and the existence of 
an Elastic Limiting Line (ELL) for slower rates of axial 
strain; 4) the effect of strain rate is clearly significant in the 
YS region ሺεୟሻୗ ൌ 5 ൈ 10ିଷ% , whereby the YS locus 
expands with increasing strain rate; 5) for ሺεୟሻୗ ൌ 5 ൈ
10ିଷ%, when the strain rate a <0.03%/min, the damping 

ratio is seen to increase as the strain rate decreases, a 
characteristic which may be attributable to the creep 
effects associated with smaller equivalent Young’s 
modulus at slower loading rates. Essentially therefore, it 
can be considered that even at very small strain rates, 
viscosity cannot be ignored and that, as suggested by [11], 
[12], an upper bound limit may exist for Eo or Go values for 
extremely large strain rates, acting as an envelope for an 
ELL for the initial stress~strain relations in YI zone. 

 
Figure 3.4 Summary of small strain cyclic behavior for a 
single amplitude ሺεୟሻୗ  5 ൈ 10ିଷ % {(εa)SYS(YS)}	 for	
varying	strain	rates,	0.000068%/min  a 	0.34%/min). 

3.4 Geo-changes Due to Varying Stress States in 
Reconsolidation and Destructuration 

In this section, the impact due to varying “current stress 
states” and that of destructuration on some of the natural 
well cemented and highly structured Pleistocene and 
Holocene clays found in Japan, is analyzed in 
consideration of the change in the geotechnical state and 
behavior in retrospect to, and as a result of, moderate to 
strong vibrational and/or seismic ground motion. In so 
doing, four causes of structural destruction namely; 
swelling, light densification through cyclic prestraining, 
heavy densification through SHANSEP reconsolidation 
and remolding through reconstitution, are considered. It is 
important to note that in Japan, undisturbed saturated 
Pleistocene clays usually exist deep in the ground, where 
the confining pressure is relatively large, making them 
highly sensitive to destructuration.  
 
(1) Stress states for varying reconsolidation regimes 
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In order to investigate the influence of reconsolidation 
stress path and regime on the “current” stress states, 
specimens of OAP clay were reconsolidated to various 
stress states and axial stresses equivalent  to the field 
overburden pressure (σୟ

ᇱ ) tracing different stress paths. 
Fig. 3.5 shows varying stress states at which the small 
strain deformation characteristics were investigated by 
performing small cyclic TC probing tests. Fig. 3.6 depicts 
the influence of current stress state-induced anisotropy on 
the normalized Elastic Limit Strain {(εa)ELS(YI)} for both 
normally and over- consolidated specimens. 
The results in this Study showed that the initial shear and 
Young’s modulus as well as the YI zone are stress state 
dependent notwithstanding the consolidation stress ratio, 
when compared at the same stress state and magnitude. 
Furthermore, the size of the initial yield surface YI exhibits 
interesting characteristics, whereby upon virgin loading at 
constant p' (stress points 1→2 →3), YI expands in size. 
However, once it is unloaded and offset (stress points 
6→7→8) and reloaded at constant p' (stress points 8→9), 
YI is compressed, contracting in size. When compared to 
other results from the same Study which are not reported 
herein, consistent expansion of YI with Kc loading and Ko 
rebounding was observed. It is considered that, this 
tendency, perhaps as a result of the memory of the most 
recent history, seems to persist in Ko compression (stress 
points 9→11), only to recover through Ko rebound 
indicating that the initial yield surface is significantly 
influenced by the current stress state-induced anisotropy. 

 

Figure 3.5 Stress paths during reconsolidation and, stress 
states at which small strain Cyclic Loading (CL) and Cyclic 
Prestraining (CP) were performed during drained and 
undrained shear.  

 
Figure 3.6 Stress induced anisotropy: Effect of varying 
“current stress” states on Elastic Limit Strain {(εa)ELS(YI)}. 

(2) Influence of destructuration due to swelling 
Fig. 3.7(a) compares the reconsolidation and undrained 
shear stress paths for intact LTC, intact STC and LTC 
subjected to swell for OAP clay specimens. The three 
specimens were all reconsolidated through a similar stress 
path to the in-situ state of stress ሺσୟ

ᇱ ൌ 690kPaሻ  and 
equivalent OCR conditions (OCR=1.86). On the other 
hand, Fig. 3.7(b) shows the pre- and post- failure large 
strain characteristics of the same. 
It can be noted from these figures that destruction through 
swelling affects the shear stress characteristics in the p'–q 
plane, impacts on the overall stress~strain behavior and 
causes significant reduction in the maximum shear 
strength notwithstanding the effects of relative ageing 
(secondary consolidated effected for 376Hrs.), as 
discussed in the preceding sections.  

 

 
Figure 3.7 (a) Reconsolidation stress paths and, (b) 
Deviator stress-axial strain relations for  εୟ  4% 

On the other hand, the stress - strain characteristics in the 
YS zone for pre-swelling and post-swelling behavior are 
shown in Figs. 3.8 (a) and (b) respectively. It can be 
derived that swelling contracts the YT, YS and YI sub-yield 
surfaces and causes reduction in the initial modulus and 
deformation resistance. It can therefore be concluded, by 
inference   that, swelling causes damage to the inherent 
structural components such as bonding, particle matrix, 
water cation, thixotropic and creep related cementation, 
particle agglomeration and orientation, among other 
intrinsic geo-properties. Comparison of Figs. 3.8 (a) and 
(b) indicates that restructuration was not achievable 
through ageing for a period of 376Hrs. of secondary 
consolidation. 
Nevertheless, it can be observed that there is a tendency of 
structural recovery with ageing. Such recovery, as 
determined from the GECPRO model, would require a 
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secondary consolidation period of at least 9,897hrs 
(412days) to achieve maximum stiffness and 32,859hrs 
(1369days) to recover the original size of the initial yield 
surface aged at constant consolidation stress state 
conditions of ሺσୟ

ᇱ ൌ 690kPaሻ  and OCR=1.86. Whether 
the structural components can be fully recoverable is a 
matter that certainly requires further comprehensive 
research. 

 
 

 
Figure 3.8 Effect of LTC on the small strain {(εa)SYS(YS)} 
behavior ሺεୟ  0.01%ሻ  for: (a) pre-swelling and, (b) 
post-swelling conditions. 
 
(3) Structural damage caused by over-densification 
The SHANSEP reconsolidation procedure was applied on 
two specimens, TS3-2 and TS3-3; whose characteristics 
were compared with those of a Normally Consolidated 
Intact (NCI) Specimen T-9-3 of the Ariake clay as shown 
in Fig. 3.9 (a). 
The small stress-strain results are shown in Fig. 3.9 (b). It 
can be noted that, as a result of structural destruction: 1) 
the SHANSEP specimen exhibits excessive deformation; 
2) the peak shear stress ratio of the SHANSEP specimens 
is much lower, i.e., [ ሺq/pୣᇱ ሻୈୀସ   = 0.328] < [ ሺq/
pୣᇱ ሻୈୀଶ = 0.456 < [ሺq/pୣᇱ ሻୈୀଵ  = 0.689].  
As a result of different structure formation and/or degree of 
destruction, the following derivations can be made from 
these figures; 1) all three specimens exhibit very different 
stress-strain characteristics at all levels of strain and 
multiple kinematic sub-yield surfaces; 2) the influence of 
the different stress-strain-time histories experienced 
during reconsolidation can be clearly observed; 3) the 

magnitude of deformation resistance decreases 
significantly with increasing degree of SHANSEP.  
It can therefore be concluded that reconsolidation to a 
higher stress level exceeding the yield stress level ሺσୟᇱ ሻ୷  
destroyed the inherent structure of the natural, sensitive 
and highly structured Holocene Ariake clay. 
 

 
 

 
Figure 3.9 (a) SHANSEP reconsolidation effective stress 
paths, and (b) Normalized small stress-strain {(εa)SYS(YS)} 
behavior ሺεୟ  0.01%ሻ. 
 
(4) Destruction caused by reconstitution 
An experimental regime was designed to study the 
behavior of reconstituted Pleistocene clay that was, in its’ 
initial state, naturally well cemented and highly structured 
stiff overconsolidated OAP clay. The results comparing 
stress – strain behavior and the strain level dependency of 
the stiffness of the intact and reconstituted specimens are 
shown in Figs.3.10 and 3.11 respectively.  
A number of derivations can be made from the results in 
this Study including: 1) it was observed that the specimens 
trace different shear stress paths right from the small strain 
region throughout to failure and post-failure; 2) the 
yielding characteristics are quite different between the two 
specimens; 3) the stress path of the reconstituted specimen 
transcends to a critical state at a stress ratio { ሼμୖ ൌ
1.319,where	μ ൌ ሺq/pᇱሻୌሽ , which is well below that 
located by the intact specimen ሺμୖ ൌ 1.636ሻ  and, 4) 
reconstitution caused a large drop in the inherent suction 
stresses, shear strength and stiffness. These observations 
imply that factors other than the decrease in void ratio such 
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as the breakage of the bonds between particles are the 
attributes; ሼe୍ ൌ 1.49, while eୖ ൌ 1.371ሽ.  

 

Figure 3.10 Overall stress-strain relations for intact and 
reconstituted specimens {(εa)T,FYS(YT,F) ሺεୟ  1%ሻ} 

 

Figure 3.11 Strain level dependant decay curves for intact 
and reconstituted specimens, {(εa)ELS(YI)} ~ {(εa)FYS(YF)}. 

A comparison of the undrained shear characteristics 
between the intact and reconstituted specimens shows that 
the destructuration during reconstitution caused: 1) a 
drastic drop in the peak strength { ሺq୫ୟ୶ሻ୍ ൌ 639kPa

 
and 

ሺq୫ୟ୶ሻୖ ൌ 334kPa,
 
 while normalization accounting for 

voids ratio effects results in ሾሺq/pୣᇱ ሻ୫ୟ୶ሿ୍ = 0.319 and 
ሾሺq/pୣᇱ ሻ୫ୟ୶ሿୖ= 0.107]; 2) conspicuous strain softening 
(post-failure brittle behavior) for the intact specimen 
compared to the ductile behavior of the reconstituted one; 
3) the stress-strain behavior in the intermediate strain 
levels is significantly different; 4) the intact specimen 
exhibits less non-linear response; 5) the maximum 
stiffness of the reconstituted specimen, ሾE୫ୟ୶ሿୖ = 287MPa 
is much lower than that of the intact one, ሾE୫ୟ୶ሿ୍ = 
634MPa; 6) the intact specimen exhibits better recoverable 
behavior in the region of very small strains and, 7) the 
intact specimen exhibits a much higher level of 
deformation resistance.  
In general, these results confirm that, whilst the intact 
specimens sustained most of their structural components 
from the region of very small strains throughout the 
pre-failure zone up to the post-failure plastic yielding zone, 
the reconstituted ones seem to have attained a totally 
different “structure” having completely lost the inherent 
and intrinsic structures.   

4. CHARACTERIZATION OF BLACK COTTON 
SOIL SUBJECTED TO TRAFFIC TYPE 
VIBRATORY LOADING 

Traffic induced subsurface stress can be characterized by 
dynamic cyclic loading impacting numerous cycles and 
continuous rotation of stress axes that cause subsidence 
and progressive distortion as well as  deformation once the 
stresses and strains overshoot the initial yield subsurface. 
While investigating the contraction of soil subjected to 
traffic-type stress application by applying strip loading 
idealization of a moving train, [15] concluded that cyclic 
stress induced by travelling strip loading generates a 
ground subsidence that is twice as large as that observed 
from cyclic triaxial compression tests i.e. (Δε)TL=2(Δε)CT. 
They attributed the anomaly to stress axis rotation. 
In this Study, twelve full-scale field experimental testing 
sections were designed and constructed with six varying 
pavement layers and structural configurations founded on 
Black Cotton Soil (BCS), and subjected to different modes 
and cycles of static and dynamic loading [16].  The 
sub-base and base course layers, constituent of lateritic 
soils, were stabilized by applying the OBRM (Optimum 
Batching Ratio Method) and the OPMCS (Optimum 
Mechanical and Chemical Stabilization) technologies 
respectively [17]. In analyzing their effect on the BCS 
subgrade and upper layers, the equipment was considered 
to be essentially symmetrical about a longitudinal axis and 
the wheel loads were summed up to give axle loads which 
were adopted as nominal values in the computation and 
analysis of their static impact on the layers of construction.  
The dynamic component however, was simulated as 
moving constant wheel loads whose transfer mechanisms 
occur very slowly relative to the frequencies involved in 
the vertical dynamics of the equipment. In carrying out 
these analyses, the mid elements of each layer are adopted 
in relation to the applied stresses. Fig. 3.12 depicts 
deformation characteristics simulating deterioration in 
deformation resistance due to the effect of dynamic 
vibratory loading on stabilized and non-stabilized BCS 
subgrades.  

 
Figure 3.12 Deformation resistance depicted in terms of 
strain vs. dynamic loading cycles (converted axles) tested 
on specimens after 7 days cure of Western Kenya Black 
Cotton Soil 
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From Fig. 3.12, it can be derived that: 1) after 100,000 
converted axles, the deformation of the non-stabilized 
BCS specimens increases drastically (it collapsed after 
336,000 cycles); 2) prolonged curing increases 
deformation resistance of stabilized BCS immensely, 3) 
the magnitude of plastic straining is largely reduced by 
stabilizing BCS, and by subjecting it to controlled dynamic 
loading within the initial yield surface {(εa)ELS(YI)} whilst 
applying very small amplitude pre-straining [16].  
Comparison of the stress - strain characteristics of BCS 
and the Japanese Kanto Loam is made in Fig. 3.13. The 
specimens were initially subjected to dynamic loading and 
subsequently loaded under static conditions up to failure. It 
can be observed that, notwithstanding the magnitude, both 
BCS and Japanese Kanto Loam exhibit a significant 
increase in strength with increased initial dynamic 
pre-straining at very small strain amplitudes. 

 
Figure 3.13 Deformation behavior in the post-linear elastic 
zone {(εa)ELS(YI)}	 and depiction of cyclic pre-straining 
effects on the characteristics of Western Kenya Black 
Cotton Soil and Japanese Kanto loam. 

5. CONCLUSIONS 

Overall, the following conclusions are derived from the 
study reported in this paper. 

1) The conventional Critical State Theory is inadequate in 
effectively modeling the behavior of well cemented 
and highly structured natural clays. 

2) The MCST introduced in this Study may be useful as a 
basis for further research, retrospective analysis, 
simulation, prediction and performance based design. 

3) Practically all the results in this study show that, 
although the properties in the region of linear elasticity 
are virtually insensitive to the effects of consolidation 
stress-strain-time histories, and loading rate, they are 
highly susceptible in the subsequent sub-yield surfaces 
in the region of small to moderate strains. 

4) The magnitude of the initial modulus and size of 
sub-yield surfaces are “current” stress state dependent. 

5) Remolding (reconstitution) completely destroys the 
intrinsic structure of structured clays. Theories and 
concepts based on tests performed on reconstituted 
clay specimens cannot therefore model the behavior of 
natural clays. 
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ABSTRACT: On expressway in Japan since around 1970, the 
ground anchor (the anchor) has been adopted. Since then, 
construction has been increasing in the mountainous road, which 
increases the slope of the cut earth stabilization measures for 
Industry and Labour landslide measures. This has increased the 
amount of construction of anchor every year. And that number is 
now more than 120,000 books. Anchor performs maintenance on a 
regular basis, you need to make sure it is functioning properly. In 
particular, make sure to keep tension force is introduced to the 
anchor is important. How to determine the tension force is twofold. 
One is how to measure and install a load meter anchor. Second, there 
is a Lift-off test tensile load is applied directly to the anchor. During 
shared lift often tested. But, however, Lift-off test, no uniform 
standards have been done differently at each site. There is also a 
problem that takes time to conduct the test. Therefore, efforts to 
improve the efficiency of test methods and testing concrete.  
 
Keywords: groundanchor,Lift-off test,expressway,soil 

1. INTRODUCTION 

Ground anchors (hereinafter referred to as anchors) are a 
countermeasure of stabilizing against the landslide and cut 
slope(Fig.1). 
Anchors are composed of anchorhead and piston plate 
exposed on the surface,  and  tension member and anchorbody 
built in the ground(Fig.2)．Construction of the anchor, the 
anchor reclamation to ground the body is done in a way that 
fixing the head was anchored in a state of tension force to the 
tension, this tension is exerted on the pull. In the mid-1960s 
the highway was first adopted by ground anchors. Thereafter, 
the annual increase with an increase in the amount of 
construction of road construction in mountainous regions, 
which now number more than 120,000 books(Fig.3). 
The construction of the initial anchor, the water and air 
infiltration due to insufficient corrosion features on the 
perimeter of the body pulling the anchor and the anchor head 
or anchor, and a structure susceptible to progressive 
degradation of the material tensile other. In late 1975, now 
seen as symptoms of lifting the anchor and jump out, JH Old 
for This (NEXCO present), the regular aspects of 
construction law has been anchored since around 1985 have 
been working on making the inspection and maintenance. 
Society in 1988, the old soil (JGS current) standards have 
been revised, the anchor started to be adopted and improved 
corrosion protection capabilities. Has been applied to the 
local design guidelines based on the criteria established in 
1992 in this former JH. Thereafter, the implementation of 
emergency measures and the anchor steel bar, in order to 
improve assessment accuracy and efficient execution of 
survey work and health inspections anchor, hammering due to 
periodic inspection and detailed visual inspection due to daily 
inspections and and to confirm that status. In this paper, we  

 
 

 
describe the contents of the initiatives on the anchor in the  
maintenance of highways.  

2. MAINTEANCE OF THE ANCHOR  

Inspection of the anchor in the highway, depending on its 
purpose inspection items, inspection methods, inspection 
frequencies have been established(Table 1). 
Daily inspection, for example, corrosion of materials Status  
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Fig.1 Groundanchor 

 

Fig.2 Groundanchor’s structure 
 

 
Fig.3 Anchor’construction situation in expressway 
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tension anchor fixing and visual equipment, lifting and 
peeling to confirm the availability of protective concrete by 
hammering. If you notice unusual changes in the shape of the 
various inspection results, a survey to examine the health of 
the anchor. The study is detailed observation of the body 
fixing Verification head to remove the protection work of the 
anchor head, measure the residual tensile force necessary to 
evaluate the soundness of the anchor. 

2.1 Residual tensile strength of anchor Management 

Upon maintaining the anchor, the tension continued to 
investigate the residual, that is important to continue to take 
appropriate action. The anchor introduced the ability to settle 
when the initial tension, tensions may weakened slightly cut 
into the material loss due to set tension on the anchor head. 
Each method considered in this loss of the anchor set, the 
introduction of the initial tension force so that force is slightly 
lower than allowable tension force when fixing anchors. 
When fixing the anchor, the residual tensile strength of the 
anchor tends to decrease due to soil creep and relaxation of 
tension wood, and will gradually converge to a constant 
value. 
Anchor for the highway, Figure 4 shows the flow of the 
general management of the residual tensile strength. In the 
construction phase, the ground Instability is a concern  

because of the slope by excavating to install a load meter for 
some of the anchor, we will proceed to construction, making 
sure to close the residual tensile strength. In-service for the 
anchor, the load management is done on a regular basis in a 
way to measure the residual tension load cell was installed at 
construction. And the total comes to be degraded over time 
due to load, however, usually is very difficult load meter 
replacement, etc., will anchor the remaining tension in the 
Lift-off test conducted to measure.  
2.2 Lift-off test 
Lift-off test, a hydraulic jack installed on the head portion of 
the extra length of the anchor tension member is performed 
by loading a tensile load. Figure 5 shows the status of the 
Lift-off test in fixing wedge type anchors. Fixing wedge 
Lift-off test of the type anchor, the anchor head portion of the 
extra length, pooling the head provisional established to 
secure the tension bar and the extra length portion is 
performed by loading a tensile load to the tension bar. In the 
process of loading, the residual tension when the anchor 
isconfirmed, the unloading of the load carried into the wild. 
Figure 6 shows the state of the anchor head in the process of 
loading unloading Lift-off test. In addition, a general load is 
drawn at the time - the shape of the curve in Figure 7 shows 
the displacement. In the process of loading the Lift-off 
testThe stage, before starting off the head  anchor plate,  

Table 1 Anchor's check type 
check type content 

Initial check 

Check that is evaluated and judged by 
measuring adjacent watching, slapping 
sound, and load to see how matters stand in 
the early after structure is completed, and to 
understand progress condition of the 
following damage adequately before it 
begins to use it. 

Daily 
checkup 

It checks by adjacent watching or.hope. 
watching getting off if necessary to find 
damage of the anchor placing region of the 
management district whole etc. at the early 
stage based on watching on the car. The 
fourth/two weeks. It does at the frequency 
of the seventh/two weeks. 

Regular 
service 

Check done to understand situation of 
chiefly individual anchor of anchor 
installation slope based on adjacent 
watching on foot. It does at the frequency 
once/year. 

Detailed 
check 

Check done to execute adjacent watching, 
slapping sound, and other concrete checks 
〈 measurement and load measurement 〉
of anchor installation slope on foot, and to 
understand situation of chiefly individual 
anchor. Frequency.do. 

Temporary 
check 

Check done if necessary in supplementation 
and abnormal weather etc. of daily checkup.

Soundness 
investigation 

Investigation that observes, checks head 
established body in detail in the one done 
when damage of strangeness etc. are 
confirmed in anchor installation slope, and 
full investigation is needed, and measures 
load in addition. 

Fig.4 Anchor load management 
 

Fig.5 Lift-off test 

anchorhead

load(P)

displacement(δ)

remaining hitching 
power(Pe)
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anchor head displacement is small, the load - displacement 
curve shows a linear gradient of steep slope (Fig. 5; Ⅱ, -6 
figure; O → A). Increase the tensile load of hydraulic jacks 
even begin to anchor the head away from the plate  
immediately after the load was equal to the residual tension  

 
loading (Fig. 5; Ⅲ, -6 Figure; point A). This phenomenon is 
generally called "lift" is called a load - a measurement of the 
load-displacement curve at the time the lift-off "the lift" and it 
is. And further increase the tensile load was lifted off and then 
begin to gradually change in the slope of the linear gradient 
between OA (-5 figure; Ⅳ, -6 figure; A → B). Once that 
change is constant, the tensile load transmitted to the anchor 
free length portion, the load - displacement curve shows a 
gradual linear slope depends on the tensile modulus of the 
material (Fig. 5; Ⅳ, -6 Figure; B → D). Residual tensile 
strength of the anchor, JGS criterion 5), according to the head 
started away from the anchor plate  (0.1 ~ 1.0mm) has been 
measured at the load.  After the loading of the tensile force 
necessary to evaluate the residual tensile strength of anchor 

 
（P ： load of hydraulic lifter，Pe ：remaining hitching power）

Fig.6 When the tension load is put and when it excludes it 
 

Fig.7 by Lift-off test load - displacement curve 
 

 

Fig.8 SAAM jack 

Fig.9 Comparison with examination in the past 
 

Table 2 Result of lift off examination using SAAM jack 
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（Ⅱ．state before off lift）

（Ⅲ．hitching load≒remaining hitching power）
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p
ro

ce
ss

 o
f a

p
pl

yi
ng

 lo
ad

p
ro

ce
ss

es
 e

xc
ep

t l
oa

d

load(P)

Bprocesses 
except load

process of 
applying load

C

（flexion point）

A

O

residual displacement
displacement(δ)

D

E

F



 

60 
 

 

loading to unloading the load (Figure 6; D → E → F). In 
addition, after completing one cycle of loading unloading, the 
residual displacement is the difference between before and 
after loading displacement (Figure 6; OF) may occur.  
Residual tensile strength, if reduced to less than 90% of time 
fixing force or tension increased over 120% of the anchor 
design strength, may not be anchors healthy functioning.  
 
3. Efforts to improve the maintenance of anchor 
Lift-off test, set a foothold in the cut earth surface For the 
implementation method Only in some cases you need to do a 
test using a large crane. Because of the limited test volume 
and number of test cases will require significant cost and time. 
SAAM has been developed in the laboratory jack Mie Sakai 
(Fig. 8), may be to generate a large tensile strength 
lightweight and compact construction. Therefore, since it 
eliminates the need for such a temporary scaffolding was 
required that the conventional test, it is possible to quickly 
investigate a number of anchors (Figure 9). The condition can 
be performed more than 20 per day, it is possible to 
dramatically extend the enforcement decree of the day. 
SAAM test is carried out by the jack lift anchor and head for 
the slope of the study six of No.1 ~ No.6, examined the 
distribution of residual tension strength of the anchor (Table 
2).  
About 137 tests were carried out this anchor lift / day on 
average for six of the slope gradient is 1:0.5 to 1:0.8, were 
able to present an average of 16 in 1:1.0 to 1:1.2. For the 
implementation of good work at the point where the slope 
gradient is testing many loose number of tests per day, could 
be carried out up to 24. Construction is considered a 
significant capacity Given that this was about 2-3 per day of 
conventional test methods.  
Currently, NEXCO, they can be applied in the field trials 
utilizing the SAAM lift jack, which repeated studies. 
 
4.CONCLUSION 
Anchor conducted after the construction and maintenance, it 
is important that you make sure it is functioning properly. 
However, the situation has not been adequate maintenance of 
effort it takes to be a huge amount of maintenance and 
construction.  
Future, by further analysis of the data accumulated in 
NEXCO, efforts shall be made to establish the technique 
more efficient and effective maintenance.  
 

5. REFERENCES 
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ABSTRACT: Loess is the non-plastic fine grain soils distributed in 
Northeast Thailand. The stress distribution in loess due to surcharge 
load was studied. Plate bearing test was carried out at 3-m depth in 
loess. Five small total pressure cells were installed for getting the 
stress increment in soils during the test. The test results were 
compared to the results calculated by 3 mathematical models. 
Boussinesq’s method and finite element method gave the outputs 
those were not agreed with the test because linear stress-strain 
behavior was utilized. Walter’s method provided the better output. 
This method does not accept the solid mechanic assumption but 
non-linear stress-strain behavior was employed. Both the test and 
Walter’s method show the change of influence factor along with the 
change of load. Finite element method may give the reasonable 
output if the appropriate model condition is specified. The contact 
pressure pattern should be considered as well. All mathematical 
models used the uniform pressure pattern that some researchers did 
not agree with. The actual pattern should be studied and used in the 
mathematical models. The better result might be obtained.  
 
Keywords: Loess, Stress Distribution, Boussinesq’s method, 
Walter’s method, finite element method 

1. INTRODUCTION 

Stress distribution in soils is very important in foundation 
works. Not only the design but also the analysis of foundation 
settlement needs this information, especially the stress 
distributions of spread footing group that the overlap of 
pressure bulb may cause the failure.  
The classical Boussinesq’s method invented in 1883 is 
usually used for estimating stress distribution in soils mass 
due to surcharge load[1]. It is the mathematical model that the 
soil is assumed to be semi-infinite solid and its strength 
parameters are not taken in to account. In other words the 
model assumption is doubted that soil type has no effect on 
stress distribution behavior. Contact pressure between rigid 
footing and soils was assumed to be constant. Hansbo  [2] 
made the conclusion of the contact pressure in clay, silt and 
sand studied by some researchers, only the rigid footing on 
ground surface gave the contact pressure that agreed with 
Boussinesq’s method.  
Walter [3] developed the mathematical model for estimating 
stress distribution in soil mass. Compression and shear 
modulus of elasticity were the important parameters in the 
model. Furthermore, the relationship between compression 
and shear modulus of elasticity was different from solid 
mechanic theory. The output reasonably shows the effect of 
soil characteristics on stress distribution behavior.   
Finite element method is becoming popular along with the 
fast development of computer. It is the powerful device that 
could be used for any complicated soil model. The problem of 
finite element method is its difficulty, and then commercial 

 
 

program is necessary. Difficulty and price of the program 
obstruct engineers to use it.  
The research presented in this paper was done to compare the 
stress distribution in Khon Kaen loess due to the load acted on 
0.3x0.3 m steel plate with the outputs obtained from classical 
mathematical models and PLAXIS 3-D, the computer 
program based on finite element method. 

2. SITE CHARACTERISTIC 

Northeast Thailand comprises an area of about 168,800 
square kilometers or about one-third of the total area of the 
country. Some soils in Northeast Thailand are silty sand, 
clayey sand, sandy silt, clayey silt, sandy clay and silty clay of 
the Quaternary age, with an overlying bedrock of sandstone 
and shale of Mesozoic age [4].  
Khon Kaen Province is located in Northeast Thailand. The 
loess deposits exist above the water table in abundance in 
Khon Kaen. The thickness normally ranges from a few to 
more than six meters. Fig. 1 is the distribution of loess in 
Northeast Thailand. The loess characteristic is non-plastic red 
sandy silt or silty sand (ML or SM). Most of the soil particles 
are 0.005 to 0.042 millimeter in size. Soil grains have a 
smooth and sub-rounded surface. The microstructure is 
unconsolidated and loose to medium dense. The pore sizes 
are usually 200-500 micrometers although some can be as 
large as 1 millimeter. Small clay content is presented in the 
form of clay bridge bonds [5].  Undisturbed Khon Kaen 
loess’s photograph taken by Scanning Electron Microscope is 
shown in Fig.2. Under the 90 percent standard Proctor test 
condition, it is classified as slightly to moderately dispersive, 
ND3 [6].  
 

 
 

Fig. 1 Distribution of loess in Northeast Thailand. 

Stress Distribution in Khon Kaen Loess under Spread Footing  
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Fig. 2 Undisturbed loess. 
 

3. METHODOLOGY 

3.1 Field and Laboratory Tests 

Plate bearing test was done at the 3 m depth in Khon Kaen 
loess. The plate size was 0.3x0.3 m, the thickness was 2.5 cm. 
Load was applied to the plate by the hydraulic jack acting 
against dead load. Five 3-cm holes were bored, earth pressure 
cells were placed at the bottom. The holes were filled with 
loess in many layers; each layer was about 10-cm thick. The 
density of the filled loess was about the natural density of 
loess around the holes, it was controlled by the loess weight 
of each layer. Fig. 3 shows the position of installation. Soil 
sample was collected and tested for getting its parameters in 
laboratory. Triaxial tests were done on the undisturbed 
samples with natural water content to get the strength 
parameters. 
 

 
Fig. 3 The installation of earth pressure cells. 

 

3.2 Mathematical Models 

According to Boussinesq’s method, (1) to (4) provides the 
vertical stress (z) at any point P in the soils under a uniform 

distributed load acted on the ground surface. Fig. 4 shows the 
meaning of the parameters used in those equations. I is called 
influence factor. 
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Fig. 4 The parameters used in Boussinesq’s equation. 

 
Walter’s method is quite complicated. Equation (5) is the 
vertical stress at any point P shown in Fig. 5. The values of c2 
and  can be found by (6) and (7). E, G and  are compression 
modulus of elasticity, shear modulus of elasticity and 
Poisson’s ratio respectively. In (5) z1 is the solid angle 
subtended at the point (x, y, z/c) by the loaded area. The solid 
angle is defined as the area on a sphere of unit radius 
intersected by the elements extending from the point (x, y, 
z/c) to the bearing area. Also, z2 is the solid angle subtended 
at the point (x, y, cz) by the loaded area. There are double 
values for c2; the upper and lower signs are used for c2 and 
1/c2 respectively.  
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Fig. 5 The parameters used in Walter’s equation. 

 
Note that the solid equation, E = 2G(1 + ) is not employed in 
this method. The assumption is that the shear modulus of soil 
is smaller than the value obtained from the solid equation. 
This assumption has been supported by many researchers 
such as [7] and [8].  
The soils parameters used in the mathematical models were 
from laboratory tests. Compression modulus of elasticity (E) 
was 52580 kPa. Poisson’s ratio () was 0.25. In case of 
Walter’s equation, two values of shear modulus of elasticity 
(G) were used. The first value was 20000 kPa which was near 
to the 21032 kPa obtained from solid equation. The second 
one was the 15000 kPa which was assumed due to the 
behavior of soils at medium strain level [7]. Modulus 
parameters were not used for Boussinesq’s equation. The 
PLAXIS 3-D used solid mechanic theory in the analysis. 

4. RESULTS AND DISCUSSIONS 

Table. 1 shows the comparison of the influence factor (I) 
obtained from the 3 methods of calculation and plate bearing 
test. The test results show that the stress distribution in soils 
was not constant for all plate pressure. The increase of plate 
pressure caused the decrease of influence factor at the point 
under consideration. In other words, the higher pressure made 
the high strain of soils, then, shear modulus of elasticity 
reduced. The smaller shear modulus of elasticity made the 
smaller influence factor at the point under consideration. 
Walter’s method gave the result that agreed with the test’s 
result, the reduction of shear modulus of elasticity caused the 
reduction of influence factor. This could be considered that 
after the pressure acted on the soils, the void ratio was 
decreased and then the soils became harder. Therefore, the 
settlement induced the better distribution behavior. It means 

that the pressure distributes broader in soils.  
 
Table. 1 The influence factor (I) obtained from the 

calculations and test. 

 
The double consolidation tests of Khon Kaen loess showed 
the large decrease of void ratio due to the high pressure [9& 
10]. The undisturbed loess in Fig. 1 had the void ratio of about 
0.8. At the pressure of about 2000 kPa, the ratio became about 
0.4 as shown in Fig. 6. It could be concluded that Walter’s 
method provided the reasonable result which was affected by 
soils strain level.  
PLAXIS 3-D is usually used under the condition of 
Mohr-Coulomb Model which solid mechanic theory is 
employed. This model gave the result that was quite different 
from the test’s result. The example of its output is shown in 
Fig. 7. Hardening Soil Model should be more suitable but it 
needs complicated parameters. Boussinesq’s method also 
gave the constant influence factor. The comparison between 
the calculated influence factors and the tested ones are shown 
in Table. 2. 
 

 
 

Fig. 6 The loess under about 2000 kPa pressure. 
 
The pattern of contact pressure between plate and soils would 
account for the difference between the factors obtained from 
calculations and test. This study had the assumption that the 
contact pressure was uniform but some researchers reported 
that the contact pressure varied in pattern depending upon 
soils type as shown in Fig.8. The Khon Kaen loess having 
characteristic between SM and ML should have the pattern as 
between (a) and (b) of Fig. 8. 
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ABSTRACT: This paper is to investigate how the sheet pile 
length affects the capacity of improved pile foundation. The 
improved pile foundation, in this study, can be defined as a pile 
foundation skirted by sheet piles around the periphery of pile cap. 
A series of 1g physical modeling tests were conducted on sand 
under vertical and moment loading by the way that the vertical 
load was applied at different positions from the pile cap 
centerline. Besides the center of pile cap, four other points with 
increasing eccentricities were considered. Two types of model 
pile foundation were used in the experiments and their loads and 
settlements were measured by using a load cell and linearly 
variable differential transducers (LVDTs). The effect of sheet 
pile length on the capacity of existing pile foundation can be 
evaluated by the results of load-settlement relationship. The 
results show that the sheet piles significantly enhances the 
foundation capacity under vertical and moment loading. In 
addition, the results reveal that the capacities go up with the 
increasing sheet pile lengths. 
 
Key words: sheet pile length, pile foundation, capacity, 
sand 
 
1. INTRODUCTION 
Enhancing the foundation bearing capacity has been 
drawing a lot of researchers’ interest because it is one of 
the key issues in foundation structure design. Due to the 
high application to various soil conditions, various types 
and sizes of superstructures, pile foundation is usually 
priority choice to satisfy both safety and economy in case 
of weak soil and great bearing loading requirement. In 
order to improve the pile foundation capacity, Nguyen and 
Punrattanasin [1] adopted the design concept of sheet pile 
foundation which was defined as a shallow foundation 
with sheet piles skirted by sheet piles around the periphery 
of the footing [2],[3]. Installing sheet piles around the pile 
foundation which is called improved pile foundation is one 
of the ways to significantly improve the pile foundation 
capacities in terms of vertical, horizontal and moment [1], 
[4], [5]. In this paper, a series of 1g physical modeling 
tests was continuously conducted on sand under combined 
vertical and moment loadings with variety of sheet pile 
length to study how the length of sheet pile affects the 
foundation bearing capacities. All tests were completed 
with the same initial condition so that the experimental 
results can then be properly compared and discussed. 
From the results of this study, an appropriate sheet pile 
length was also revealed. 
 
2. EXPERIMENTAL WORKS 
This paper reports the results of a series of 1g loading tests 
of pile foundation model with variety of sheet pile length 
on sand under the combined vertical-horizontal loading.  
The purpose of these tests is to investigate sheet pile 
length’s effect on the moment capacity of pile foundations.  

In order to properly compare and discuses the 
experimental results, all the tests were done with the same 
initial condition. 
 
2.1 Model Foundation 
The model foundations include four identical steel piles 
(200mm in length and 14mm in diameter), a steel pile cap 
(70mm x 70mm x 30mm) and four 1mm-thick steel sheet 
piles with variety of lengths.  The distance from the center 
to center of piles in the group is 3d or 42mm (d is the pile 
diameter).  The four piles are screwed into the pile cap 
whose top surface has not only a central groove for pure 
vertical load but also many grooves in order that the load 
can be applied with different eccentricities. The pile cap 
with many grooves is shown in Figure 1. The sheet piles 
of which length is measured from the bottom of pile cap 
are also connected to the pile cap by screws.  A succession 
of sheet pile lengths (Ls) of 10mm, 20mm, 30mm and 
40mm or Ls/ L ratios of 0.05, 0.1, 0.15 and 0.2 were used 
in this study (L: length of pile).  The variety of sheet piles 
is shown in Figure 2.  In addition, both sides of sheet pile 
surface are not glued with sand or any material, so the 
roughness of the sheet pile is assumed to be smooth. 
 

 
Figure 1. Pile cap with grooves 

 
 

 
Figure 2.  Variety of sheet pile lengths 

 

First International Conference on Geotechnique, Construction Materials and 
Environment, Mie, Japan, Nov.21‐23, 2011, ISBN: 978‐4‐9905958‐0‐7 C3051



 

66 
 

Beside the models of pile foundation with sheet piles at 
the four sides of pile cap (PFFS), the pile foundation 
model was used in this research with the aim of 
comparison.  Both of them (shown in Figure 3) under 
combined vertical and moment loads were embedded in 
the same sand and initial condition. 
 

 
Figure 3.  Two types of model foundations: PF and PFFS 

 
2.2 Loading System 
The test program in this study was performed at 
Department of Civil Engineering, Khon Kean University, 
Thailand, by using a new combined loading apparatus 
designed and constructed by Nguyen and Punrattanasin [6].  
The outstanding point of this apparatus is that it can be 
highly applicable for any combination of vertical, 
horizontal and moment loadings and displacement paths 
can be generated and applied to model foundations with 
precise force, position and direction.  There are four main 
parts in the loading apparatus: loading system, measuring 
system, control system and data acquisition system.  
Besides, the loading apparatus includes a soil container 
which is linearly and smoothly movable out of the loading 
system by means of its four wheels moving on two rails in 
order to easily prepare the soil before testing.   
Two air cylinders were respectively used for apply vertical 
and horizontal loads on the foundation. They were 
mounted on a gantry system which is clearly shown in 
Figure 4. The gantry system includes a fixed part and 
unfixed part moving along four rails on four I section 
beams by means of its eight wheels. The horizontal and 
vertical air cylinders were mounted respectively on the 
fixed and unfixed parts. Hence, in terms of eccentric 
loading cases, the vertical loading system was horizontally 
moved to a position in order that it can apply the desired 
eccentric point on the footing. In other words, moment 
loading could be generated by this way. The loads and the 
displacements of the model of foundation were measured 
via load cells and linearly variable differential transducers 
(LVDTs).  Portable data logger was used to record the data 
from load cells and LVDTs through a computer.  Due to 
the small size of the pile cap, two arms attached to the 
surface of the pile cap via screws were used to measure the 

vertical settlement of the foundation. The arms are rigid 
enough to ignore their own bending. Figure 4 respectively 
shows the 3D schematic drawing and general view of the 
combined loading system.  
 

 
(a) 3D cross section schematic drawing 

 

 
 

(b) General view 
Figure 4.  The combined loading apparatus 

 
2.3 Soil Sample Preparation  
Dry sand, the Puttaisong sand which is easily found in the 
Northeast of Thailand, used in this research is uniformly 
graded sand, sorted by particle sizes. The sand was poured 
from a hopper into the soil container, a steel box with 
inner dimensions of 80cmx40cmx80cm in length, width 
and depth, respectively.  Its size is large enough with no 
apparent influences of boundary effects [7].  In order to 
create the same initial condition for all the tests, the height 
between the bottom of the hopper and deposited sand 
surface was chosen to be 50 mm and periodically adjusted 
to the rise of the sand surface to maintain the constant 
height until the sand was fully poured into the container.  
In other words, the uniform sand, of which relative density 
is constant, could be achieved through this way.  In 
addition, pouring the sand until the container became full 
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means that there was no apparent influence from effects 
caused by the bottom of the container [7].  Table 1 
summarizes the properties of the sand. After pouring sand, 
the loading system applied the vertical load at the center of 
the pile cap to drive the pile foundation into the sand until 
touchdown. In case of pure vertical loading, the load kept 
applying until failure. In cases of eccentric loadings, the 
vertical loading system was horizontally moved to a 
position in order that it can apply the desired eccentric 
point on the footing. 
 
Table 1.  Physical properties of experimental sand 

Type Sand 

Unit weight (kN/m3) 14.39 
D60 (mm) 0.395 
D30 (mm) 0.360 
D10 (mm) 0.240 
Uniformity coefficient, Cu 1.646 
Coefficient of graduation, Cc 1.367 

 
2.4 Detail of The Tests 
A series of 25 loading tests were conducted and reported 
in this paper. Two kinds of foundations were used in this 
research. They are pile foundation (PF) and pile 
foundation with four sheet pile (PFFS). In terms of PFFS, 
a succession of sheet pile lengths (Ls) of 1cm, 2cm, 3cm 
and 4cm or Ls/ L ratios of 0.05, 0.1, 0.15 and 0.2 were 
used in turn (L: length of pile). Besides the centre of pile 
cap, four other points with E= e/B = 0.1, 0.167, 0.25 and 
0.333 were made for eccentric vertical loading cases (e: 
eccentricity, B: width of pile cap). Each foundation took 
turns to be applied by a centric loading and four eccentric 
loadings.  
 
3. EXPERIMENTAL RESULTS 
A foundation under an eccentric vertical load V may be 
considered as subjected to a vertical load V and a moment 
M, which is equal to the load V times its distance from the 
centre.  In other words, to generate the moment, the model 
foundations are applied a vertical force at different 
distances from the pile cap centerline. It should be noted 
that the horizontal displacements of model foundations 
were neglected in all experiments until the failure 
conditions were approached. The results of the series are 
graphically shown in Figures 5 at Ls/L ratio of 0, 0.05, 0.1, 
0.15 and 0.2, respectively. In this paper, the load at a 
settlement of 0.1B (7mm) was chosen as the ultimate 
bearing capacity of the foundation [8]. All the values of 
bearing capacities were summarized in Table 2 

 
(a) Ls/L= 0cm 

 
(b) Ls/L= 4cm 

 
(c) Ls/L= 5cm 

 
(d) Ls/L= 6cm 
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(e) Ls/L= 7cm 

 
Figure 5. Vertical load- settlement relationship of model 

foundations with different Ls/L ratio 
 

 
Table 2 obviously presents that the bearing capacities of 
the foundations rise moderately with increasing length of 
sheet piles regardless of eccentricities. This shows more 
clearly in Figure 6. The increasing capacities could be 
explained by contribution of (1) the skin friction along the 
sides of the sheet piles, (2) the end bearing of the sheet 
piles and (3) the confinement effect of soil inside sheet 
piles and pile cap.  

 
Figure 6. Eccentric vertical capacity of foundations with 

different sheet pile lengths 

 

 
Figure 7. Bearing capacity of various type of pile 

foundation model under eccentric loads 
 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
As expected, no matter how long the sheet piles are, 
certain decreases of the capacities with increasing 
eccentricity are expressed in Figure 7, where the bearing 
capacity V is plotted against the ratio of the eccentricity 
(e) over the width of pile cap (B). 
Figure 7 also reveals that the capacities enhance gradually 
when the sheet pile lengths raise and they quickly go up at 
the ratio Ls/L of 0.2. 
In order to determine moment capacities, the effect of the 
moment acting on the foundations is plotted in Figure 8 at 
different Ls/L ratios in terms of a normalized diagram on 
M-V plan with respect to Vmax (centric bearing capacity 
of pile foundation) [2].  

Table 2. The bearing capacity of all kinds of foundations 

Improved Pile Foundation 
with Ls/L = 

Bearing Capacity (N) 
E=0 E=0.1 E=0.167 E=0.250 E=0.333 

0 286 252 236 226 193 
0.05 312 280 260 245 203 
0.10 340 312 298 279 232 
0.15 365 337 321 310 260 
0.20 415 395 379 369 332 

 
Table 3. The moment capacities’ value and greater percentage compared with PF of all kinds of foundations 

Moment Capacity 
Foundations with Ls/L = 

0 0.05 0.10 0.15 0.20 
 Value (Ncm) 527 553 681 807 1281 
Greater percentage compared with PF (%) 0 4.9 29.3 53.2 143.3 
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Figure 8. Normalized load-moment relationships 

 
Figure 8 indicates that the maximum moment of 
foundations (Mmax) can be approximated by Mmax/BVmax 
ratio. It should be noted that Vmax is maximum centric 
vertical of the pile foundation (PF). From Figure 8, the 
Mmax/BVmax ratio are 0.263, 0.276, 0.340, 0.403 and 0.64 
in cases of Ls/L equals 0, 0.05, 0.1, 0.15 and 0.2, 
respectively. In terms of the foundation moment capacity, 
the values and the greater percentage compared with PF 
are shown in Table 3 which illustrates that the longer sheet 
piles are, the greater moment capacity gets. It is interesting 
to note that the moment capacity also soar up at the ratio 
Ls/L equals 0.2.  
 
 
 
4. CONCLUSION 
The series of twenty five physical modeling tests were 
conducted on sand under a series of eccentric loadings to 
evaluate the influence of sheet pile length on the pile 
foundation capacities. The moment capacity of 
foundations could be determined from a series of eccentric 
capacities. The results clearly demonstrate that attaching 
four sheet piles around the pile foundations provides 
significant improvements in capacities both vertical and 
moment. The capacities dramatically increase when the 
ratio Ls/L reaches 0.2. In deed, the greater percentages of 
capacities compared with pile foundation are 45.1% and 
143.3% in terms of vertical and moment respectively.   
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ABSTRACT: In this research, effectiveness of reinforcing in 
embankment ground has been investigated and reinforcing 
mechanism has been clarified by laboratory model tests and the 
corresponding numerical simulations. Three reinforcing methods are 
employed, namely, sheet pile alone, sheet pile with tie-rod, and a 
composite method of sheet pile with nailing. The numerical analyses 
are carried out with a finite element program called FEMtij-2D, 
using the elastoplastic subloading tij model. In the case of the 
reinforcing with the sheet pile alone, no reasonable increase of the 
bearing capacity of the reinforced ground is observed. In contrast, in 
the case of the composite reinforcing method of sheet pile with 
nailing, a significant increase of the bearing capacity is seen as the 
lateral displacement of upper part of the sheet pile is impeded due to 
the inclusion of the nailing. The finite element program FEMtij-2D 
properly predicts the results of the model tests on the reinforced 
embankment.  
 
Keywords: Embankment, reinforced ground, bearing 
capacity, finite element analysis 

1. INTRODUCTION 

Many railways and highway embankments are built on soft 
soils because of the limitation of firm ground and the 
requirements for a straighter alignment. In these cases, it is 
necessary to strengthen the soft ground to avoid any failure 
which may occur due to dynamic load, such as earthquake 
load. Three classes of failure can be identified: internal 
instability of the embankment, instability of the foundation 
soil and overall instability involving both the embankment 
and the foundation [2], [3]. Sometimes, beside the 
deformation and failure of the embankment, lateral 
displacement of the ground affects the surrounding structures 
which are located in a close proximity to the construction site. 
To prevent any damage to the surrounding structures or 
failure of the embankment it is inevitably required reinforcing 
the subsoil beneath the embankment. In recent years, many 
designers around the world are specifying base reinforcement 
as one of the solutions for the short-term instability to make 
use of the tensile strength of the reinforcement to limit the 
spreading of the embankment and lateral displacement of the 
foundation [6], [8]. In this research, effectiveness of 
reinforcing in embankment ground has been investigated and 
reinforcing mechanism has been clarified by laboratory 
model tests and the corresponding numerical simulations. To 
analyze the behavior of reinforced earth structure on soft 
ground, it is necessary to consider – (i) the elastoplastic 
behavior of soil, (ii) soil/reinforcement interaction, and (iii) 
soft ground consolidation systematically and simultaneously 
[1]. The numerical analyses are carried out with a finite 
element program called FEMtij-2D, using the elastoplastic 
 
 

subloading tij model [5]. This model can describe the typical 
stress, deformation and strength characteristics of soils, such 
as the influence of the intermediate principal stress, the 
influence of stress-path dependency of the plastic flow and 
the influence of the density and/or the confining pressure.   

2. OUTLINE OF MODEL TESTS AND ANALYSES 

2.1 Model Tests 

Fig. 1 shows an apparatus for laboratory model test. The 
model test is conducted with the aspect ratio of 1:100 between 
the model tests and prototype scale. The width of the ground 
is 100cm having the height of 50cm. A stack of aluminum 
rods, in which two kinds of round rods having diameters of 
1.6mm and 3.0mm are mixed in the weight ratio of 3:2, was 
used as the model ground. The unit weight of the mass of 
aluminum rods is 20.8kN/m3 at model stress level. The width 
of the loading plate is 12cm with the thickness of 3cm which 
corresponds to the width of the embankment in real field. The 
sheet piles are emulated with aluminum boards. The thickness 
of the aluminum board is obtained considering the similarity 
ratio between the model tests and prototype scales. Here, two 
types of rigidities – flexible and stiff with the thickness of 
0.3mm and 0.5mm, respectively, are employed. The distance          

 

Fig. 1 Apparatus for laboratory model 
t tTable I: Patterns of experiments 
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of the sheet pile from the edge of the loading plate, Hw, is 3cm. 
In the nailing method, a tracing paper is being spread into the 
ground with an angle of 30° from the horizontal direction. In 
the tracing paper, aluminum rods were glued with an interval 
of 1cm to provide frictional behavior in the nailing. The load 
is applied on the loading plate with a motor which is attached 
in the loading device, and the magnitude of the load is 
measured with a load cell installed in the tip of the device. A 
slider is attached in the loading device to permit the lateral 
displacement of the base loading plate. Photographs are taken 
during the experiments and they are used later as input data 
for the determination of ground movements with a program 
based on the technique of Particle Image Velocimetry (PIV). 
Several model tests have been conducted varying the length 
of the sheet pile L=12cm, 24cm, thickness of the sheet pile 
t=0.3mm, 0.5mm, and the length of the nailing LN=0cm, 6cm, 
9cm, to investigate the effects the stiffness of the sheet pile, 
and the lengths of the sheet piles and nailing into the ground 
deformation. Among them six cases of experiments will be 
discussed in this paper, the patterns are listed in Table I. 

2.2 Numerical Simulations 

An elastoplastic constitutive model for soils, called the 
subloading tij-model [5], was used in finite element analyses. 
This model requires only a few unified material parameters, 
but can describe properly the following typical characteristics 
of soils: (1) influence of intermediate principal stress on the 
deformation and strength of soil; (2) influence of stress path 
on the direction of plastic flow is considered by splitting the 
plastic strain increment into two components; (3) influence of 
density and/or confining pressure. Model parameters for the 
aluminum rod mass are shown in Table II. The parameters are 
fundamentally the same as those of the Cam clay model [7] 
except for the parameter a, which is responsible for the 

 

influence of density and confining pressure. Where,  and  
are the slope of loading and unloading curve of e-lnp graphs 
at the loosest state. N is the void ratio at mean principal 
stresses (p) 98kPa in the above mentioned loading curve and 
e is the Poisson’s ratio. The parameter  controls the shape of 
yield surface. These parameters can easily be obtained from 
traditional laboratory tests. The parameters can be determined 
through conventional triaxial tests and consolidation test. Fig. 
2 shows the results of biaxial tests for the mass of aluminum 
rods used in the model tests. The figure shows the positive 
and negative dilatancy of aluminum rod mass; and it is clear 
that the strength and deformation behavior are very similar to 
those of dense sand. 
 
Fig. 3 shows the mesh used in the finite element analyses for 
the analyses of the model tests. Isoparametric 4-noded 
elements are used to represent the soil. The mesh is well 
refined with elements of finer mesh in most regions. The 
sheet piles and soil nailing are modelled using elastic beam 
elements. The frictional behavior (friction angle =18o) 
between the reinforcements and the ground is simulated using 
elastoplastic joint elements [4]. The frictional angle, =18o, 
was obtained from a laboratory model test. Both vertical sides 
of the mesh are free in the vertical direction, and the bottom 
face is kept fixed. The analyses were carried out under plane 
strain conditions, since the aluminium rods do not deform in 
the out of plane direction. The analyses are carried out with 
the same conditions of the model tests. The initial stresses of 
the ground are calculated by applying the body forces due to 
self-weight (=20.4kN/m3), starting from a negligible 
confining pressure (p0=9.810-6kPa) and an initial void ratio 
e=0.35. After self-weight consolidation the void ratio of the 
ground was 0.28 at the bottom and 0.30 at the top. 

 

3. RESULTS AND DISCUSSIONS 

Fig. 4 shows the observed and computed results of 
load-displacement curves. Figure (a) represents the results of 
the model tests, and figure (b) illustrates the results of the 
numerical simulations corresponding to the model tests. The 
vertical axis indicates the vertical load qv normalized with B 
(: unit weight of soil, B: width of the foundation) that 
corresponds to the coefficient of bearing capacity, and the 
horizontal axis is the vertical displacement normalized with 
foundation width B. The observed load- displacement 

 

Fig. 2 Stress-strain-dilatancy relation for the mass of 
aluminum rods 

Table II. Material parameters for aluminum rods 
 0.008 

Same parameters as Cam- clay 
model  

 0.004 
N (eNC at p=98kPa 

& q=0kPa) 0.3 

RCS=(1/3)CS(comp.) 1.80 
e 0.20 

 1.20 Shape of yield surface ( same as 
original Cam-clay at  =1) 

a 1300 Influence of density and 
confining pressure 

 Fig.3 Mesh for Finite Element Analyses 
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relations do not start form the origin, because of having the 
self-weight of the foundation. Comparing the results of case 2 
(sheet pile with L=24 and t=0.3mm) and case 3 (sheet pile 
with L=24 and t=0.5mm) in the model tests, it is found that 
the stiffer and longer sheet pile produces a much stronger 
reinforcing effect as generally expected. However, both case 
1 and case 2 do not have a big difference with the result of 
case 1 (no sheet pile i.e. no reinforcement) when comparing it 
in the point of the ultimate bearing capacity. Hence, it can be 
understood that reinforcing with sheet pile alone does not 
have much effect of reinforcement to increase the ultimate 
bearing capacity of the ground if the ground is medium dense 
soil. On the other hand, three cases of experiments where 
nailing is combined with the sheet pile demonstrate a high 
bearing capacity including the ultimate bearing capacity in 
the same ground. Comparing the results of case 4 (sheet pile 
with nailing, L=24cm and t=0.3mm) and case 5 (stiffer sheet 
pile with nailing, L=24cm and t=0.5mm), it is revealed that 
the bearing capacity is higher in case 5 until it reaches the 
failure state. However, case 6, the same dimensions as case 5 
except the length of the sheet pile (L=12cm), produces almost 
equal amount of bearing capacity as case 6. It means that even 
a shorter sheet pile increases bearing capacity of the ground 
significantly if the sheet pile possesses a sufficient stiffness 

and combined with a nailing.  The computed results not only 
qualitatively but also quantitatively predict well the observed 
load-displacement curves of various kinds of tests patterns.  
 
Fig. 5 illustrates the distribution of shear strain of the model 
tests and finite element analyses during ultimate bearing 
capacity. In the model test it is taken at v/B=0.06, and for the 
simulation it is from v/B=0.10. The distributions of shear 
strain of the model tests are obtained using Particle Image 
Velocimetry (PIV) technique. In this paper, two images are 
divided into a finite area; the average movement rate of the 
mass of aluminum rods of each area is extracted as nodal 
displacements. The strain for one grid is calculated from these 
displacements by using the shape functions and the B matrix 
(strain- displacement matrix) that is usually used in finite 
element method to relate displacements and strains. It is seen 
in the figures that for case 2 and case 3, where sheet pile alone 
is employed for reinforcing, though it seems that the sheet 
piles slightly restrict strain compare to the case of no sheet 
pile (case 1) but larger shear strains concentrate locally at a 
narrow zone in the shallow ground. Therefore, a significant 
effect of reinforcement can no longer be achieved when sheet 
pile alone is used as reinforcement of the ground. Moreover, 
the reinforcing effect is not reflected in the bearing capacity 
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though the sheet pile is arranged in this way so that it can 
intercept the shear surface. It can be speculated that this is 
because of the upper part of the sheet pile which is displaced 
to the opposite side of the loading plate. For case 4, case 5 and 
case 6 where sheet piles are combined with nailing, it is 
revealed that a wider region of shear strain with greater 
intensity is developed even in the surrounding soil compared 
with case 1 (no reinforcement). Therefore, it can be said that 
the sheet pile where the nailing is combined can decrease the 
influence on the surrounding soil even if the sheet pile is 
shorter with higher stiffness. The shear strain of the numerical 
analyses shows very good agreement with the results of the 
model tests. 
Fig.6 shows the lateral displacement of the left sheet pile at 
the ultimate bearing capacity. It is seen that the lateral 
displacement of the upper part of the sheet pile is restricted in 
the case when nailing is combined with the sheet pile. On the 
other hand, there is almost no difference of the lateral 
displacement at the upper part of the ground between the no 
reinforcing and the reinforcing with the sheet pile alone. The 
reinforcing with the sheet pile alone does not produce a 
significant effect of reinforcement which is confirmed in this 
figure. It is thought that the resistance force controls the 
lateral displacement because the tensile force acted on the 
nailing with the subsidence of the loading plate. Therefore, it 
can be said that it is important to control the upper part of the 
sheet pile to achieve a significant reinforcing effect. 

 

4. SOIL-WATER COUPLING ANALYSIS OF REAL 
EMBANKMENT 

In the previous section it was seen that the numerical analysis 
can well reproduce the results of the model tests in the all 
cases of test patterns. In this section, soil-water coupling 
analysis considering the construction process of real ground 
embankment will be discussed. In the introduction, it was 
mentioned that embankments that are built on soft soils are 
subjected to huge deformation or sometimes to failure of the 
whole structure, which emphasizes the necessity of   
strengthening the soft ground to avoid any failure. Fig. 7 
illustrates the ground types with the dimensions of the 
embankment to be analyzed in this section. The levee crown 
width is 5m, the bottom width is 25m, and the height is 5m of 

the embankment with an inclination of 1:2. Fig. 8 shows the 
mesh for the finite element analyses. Considering the 
symmetric ground half section was taken for the analyses. 
The width of the ground is 62.5m having 60m in depth. The 
bottom face is assumed as fixed boundary condition. The 
vertical faces are kept free in lateral directions. The analyses 
are carried out considering soil-water coupled and plane 
strain conditions. The top surface of the ground is allowed to 
drain, and all other faces are assumed as impermeable 
boundaries. Therefore, water can not flow across the 
boundaries of the ground except the top surface. The water 
table is assumed at the top of the ground. To consider the soft 
soil, parameters of Fujinomori clay (bulk unit weight, 
t=18.52kN/m³) is used as the base ground, and Toyoura sand 
(bulk unit weight, t=15.48kN/m³) is used as the material of 
soil fill. The material parameters are shown in Table III. The 
coefficient of permeability for the ground is assumed as 
10-7m/min. Two types of grounds, normally consolidated clay 
(OCR=1.0) and over consolidated clay (OCR=2.0), are used 
to investigate the dependency of ground stiffness. Fig. 9 
shows the stress-strain-dilatancy relation at triaxial condition 
for (a) Fujinomori clay with normally consolidated condition 
and (b) Toyoura sand with relative density Dr=75% under 
constant cell pressure. The stress level chosen for the curve is 
equal to 294kPa which is the same vertical stress level at the 
middle of the base ground considered in the finite element 
analyses. The figures confirm that clay shows negative 
dilatancy, while sand exhibits positive dilatancy. The 
construction of the soil fill was achieved by gradually raising 
the unit weight of the soil, and the construction is done in 
three layers from the bottom to the top. After completion of 
the construction, the analyses keep running until the complete 

 Fig. 8 Mesh for FEA – real ground 
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Fig. 7 Dimensions and ground types of embankment 

Fig. 6 Lateral displacement of sheet pile 
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dissipation of excess pore water pressure which is generated 
during the construction of the embankment. Similar to the 
model test sheet piles with 2 types of stiffness having the 
lengths of 15m and 30m are used for reinforcing the ground. 
In the case of composite reinforcing, nailing is added with the 
sheet pile the same way as the model tests. The analysis 
without reinforcing the ground has also been carried out to 
grasp the reinforcing effect in soft ground.  
Fig. 10 represents displacement vectors of ground with 
OCR=1.0 and OCR=2.0. The figures shows that the shape of 
the embankment is not maintained due to the excessive 
deformation of the base ground having OCR=1.0 when 
reinforcement was not installed (no reinforcement). In this 
case, the base ground flows outwardly during soil fill. It can 
be seen that for the same type of the ground the upheaval of 
the ground level is curbed in the reinforced ground with sheet 
piles and composite reinforcement. It is because the 
reinforcement restricts the lateral flow of the base ground. 
Comparing the results between the flexible and stiff sheet 
piles, it is seen that larger displacement occurs in the sheet 
piles with less stiffness for the ground of OCR=1.0. On the 
other hand, for the over consolidation ratio equals to 2.0, the 
shape of the embankment is maintained even in the case 
where the reinforcement is not installed. Therefore, in stiffer 
soil reinforcement is not required in stiffer soil which 
confirms the results of the other researchers. 
Figs. 11 shows surface settlement profiles immediately after 
construction and after complete consolidation. Here, the 
complete consolidation means that stage when the excess 
pore water pressure completely dissipates.  For over 

consolidation ratio OCR=1.0,  the ground upheaves by about 
2m immediately after completion of the soil fill in the case of 
no reinforced ground, and it becomes about 1.5m after 
complete consolidation at the toe of the embankment. For the 
same ground, the subsidence of the embankment in the 
central portion of the base ground is about 2m immediately 
after completion of the soil fill, and it is around 3m after 
complete consolidation. In the reinforced ground with sheet 
pile, the amount of the subsidence is controlled due to the 
reinforcement, for the stiff sheet pile the subsidence is about 
0.6m immediately after construction and it is about 1.6m after 
total consolidation in the central portion, for the flexible sheet 
pile the embankment settles at around 0.8m after the 
construction and about 1.8m after complete consolidation. 
For over consolidation ratio OCR=2.0, the maximum 
subsidence of the embankment is considerably less compare 
to the normally consolidated soil (OCR=1.0). At the toe of the 
embankment, the ground upheaves immediately up to 0.35m 
after the completion of the soil fill in the case of no reinforced 
ground, and it becomes about 0.15m after complete 
consolidation. For the same ground, the subsidence of the 
embankment in the central portion is about 0.4m  

 

 

Fig. 9 Stress-strain relation of clay and sand 
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Table III. Parameters for Fujinomori Clay and Toyoura Sand

Parameters Fujinomori 
Clay Toyoura Sand 

 0.10390 0.070
 0.00990 0.0045

N (eNC at p=98kPa & 
q=0kPa) 0.9220 1.10 

RCS=(1/3)CS(comp.) 3.20 3.20 
e 0.20 0.20
 1.50 2.00

a 500 a(AF)=30
a(IC)=500
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immediately after completion of the soil fill, and it is around 
0.9m after complete consolidation. For the same ground 
regardless of the rigidity of sheet piles, the subsidence of the 
embankment in the central portion of the base ground is about 
0.24m immediately after completion of the soil fill, and it is 
around 0.76m after complete consolidation. However, it is 
much smaller in the case of the composite reinforcement than 
the other cases for both stiff and flexible reinforcing.  
Fig. 12 shows the lateral displacement along the depths which 
are located at the toe and 3m away from the toe of the 
embankment. Along the vertical direction from the toe of the 
embankment, the maximum lateral displacement occurs at the 
point of 2m in depth from the ground level in the no 
reinforcement ground in the normally consolidation 
(OCR=1.0) ground, and the magnitude of the lateral 
displacement is 2.5m. Along the vertical line of 3m away 
from the toe of the embankment, the maximum lateral 
displacement, about 2m, occurs at the surface and it decreases 
with the increase of depth. Though the lateral displacements 
along the line of 3m away from the toe of the embankment are 
smaller than that of the line at the toe of the embankment, but 
at the surface almost same displacement occurs. In the 
reinforcing ground with sheet pile alone, the maximum lateral 
displacement occurs at the surface for both locations. In this 
ground, the lateral displacement is about 0.12m in the case of 
stiffer sheet pile, and it is about 0.35m for the flexible sheet 
pile after complete consolidation. For the composite 
reinforcement, the lateral displacement is smaller than the 
other cases. The lateral displacement along the line of 3m 
away form the toe decreases with the progress of 
consolidation. As the excess pore water pressure dissipates 
after the construction, the phenomenon of reducing lateral 
displacement can be speculated. 
In the overconsolidated ground (OCR=2.0), along the vertical 
direction from the toe of the embankment, the maximum 
lateral displacement occurs at the point of 1m in depth from 
the ground level in the no reinforcing ground. Along the 
vertical line of 3m away from the toe of the embankment, the 

 

maximum lateral displacement (0.2m) occurs at the surface. 
The lateral displacement decreases with the advancement of 
the consolidation at both faces. In general, the magnitude of 
lateral displacement is smaller in the case of the stiffer sheet 
pile than that of the flexible sheet pile the same as the 
normally consolidated ground. As a whole, the reinforcing 
with the sheet piles and soil nailing restrict the lateral 
displacement and the maximum displacement occurs at the 
surface the same as the normally consolidated ground. 

5. CONCLUSION 

In this research effectiveness of reinforcing in embankment 
ground has been investigated with laboratory model tests and 
numerical simulations. It is found that in the case of the 
reinforcing with the sheet pile alone, no reasonable increase 
of the bearing capacity of the reinforced ground is observed 
as the upper part of the sheet pile is displaced outwardly with 
the loading even when it is set up in the position where the 
widening of the shear surface is restricted well. In contrast, in 
the case of the composite reinforcing method (sheet pile with 
nailing), a significant increase of the bearing capacity is seen 
as the lateral displacement of upper part of the sheet pile is 
impeded due to the inclusion of the nailing. Even the shorter 
length of the sheet pile produces almost the same effects as 
those of the longer sheet pile when nailing is appended in the 
reinforcing method. The finite element program FEMtij-2D 
properly predicts the results of the model tests on the 
reinforced embankment. The subsidence of the embankment 
and the lateral displacement of the ground can be reduced 
introducing reinforcement in a real ground. The stiffer sheet 
pile and the composite reinforcement where soil nailing is 
combined with the sheet pile cause a significant reinforcing 
effect in a soft ground. The finite element analyses can give a 
guideline for the prediction of deformation pattern and for the 
optimum dimensions of the reinforcement in the soft ground. 
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ABSTRACT: Triaxial tests is often used, along with other research 
methods, in order to define parameters of geotechnical data. The 
main topic being conferred in work is analysis of influence, exerted 
by stamp and latex shell, upon the results of triaxial machine soil 
testings. The stabilometer modeling and verification was produced. 
Calibration of soil model parameters, derived from triaxial tests, is 
brought in work. The necessity of three dimensional simulation of 
soil testing process is pointed out in order to take into account stamp 
and shell influence. 
 
Keywords: Triaxial machine test, soil model, Simulia Abaqus 
modeling, stamp and shell influence, modified Drucker–Prager/cap 
plasticity model. 
 

1. INTRODUCTION 

Nonlinear models are frequently used in geotechnical 
computational mechanics, which allow various 
implementation features of soil behavior to be taken into 
account. In order to define parameters of nonlinear soil 
models, data of triaxial tests is often used, along with other 
research methods. 

 
Fig. 1. Triaxial machine (NPO «Geotek»), and its principal 
scheme 

As generally known, uniform hydrostatic pressure σ2=σ3 is 
maintained in the triaxial machine camera. In order to divide 
mediums of stabilometer camera and soil pores the sample is 
contained inside a flexible latex shell, while the vertical 
component of deviatoric load σ1 is imposed on the soil sample 
via firm stamps at the bottom and at the top (Fig. 1.). As a 
result, during the experiments the soil sample interacts with 
the stamps and the latex shell via their contact surfaces. 
Therefore, based on the triaxial tests we obtain parameters of 
 
 

a model that describes the system behavior: stamp – soil 
sample – latex shell. If necessary, parameters are calibrated; 
graphs, obtained on their basis, are compared with laboratory 
data. Therefore, it appears possible to obtain a similar 
behavior of a mathematic model and a triaxial machine. 
However, the above mentioned parameters simulate the 
behavior of the “stamps – soil sample – latex shell” a system, 
whereas parameters, which simulate the behavior of the soil 
sample only, are required in case of geotechnical tasks. The 
main goal is to obtain parameters of the soil sample only, 
considering that an “ideal” triaxial machine, which would test 
the soil sample without stamps and latex shell influence, does 
not exist. 
This work set outs an analysis of stamps and latex shell 
influence on the results of soil tests in a triaxial machine. In 
order to evaluate the influence (to allow for an inaccuracy) of 
stamps and latex shell in the triaxial machine, a modeling of a 
three-dimensional “stamps – soil sample – latex shell” system 
is carried out through the program complex of Simulia 
Abaqus, following a 4-stage methodology: 
The first stage involves creation of a three-dimensional 
system model (stamps – soil sample – latex shell) in the 
Simulia Abaqus program complex. It will be referred to as a 
stabilometer model further on. 
The second stage includes verification of stabilometer model 
parameters to conform with the behavior of the triaxial 
machine. Verification has to be carried out for each soil 
sample separately. In the given example it is middle-size 
grain sand and loamy clay. 
The third stage requires exclusion of the stamp and latex shell 
from the stabilometer model, thereby obtaining an “ideal” 
stabilometer model. 
The final stage involves a comparative analysis of the 
behavior of the stabilometer model and the“ideal” 
stabilometer model, in order to evaluate the influence of the 
stamp and latex shell. 

2. STABILOMETER MODELING WITH SIMULIA 
ABAQUS 

1/8 part of stabilimeter (stamp – soil sample – latex shell) was 
simulated in Simulia Abaqus. As a visualization of the results, 
1/8 part was reflected/ copied in order to receive a visual 
effect of the model second part presence (Fig. 4.) 

2.2 Soil model 

In order to describe a soil behavior, modified 
Drucker-Prager/Cap model is used in the analysis. 
The cap model is appropriate to soil behavior because it is 
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capable of considering the effect of stress history, stress path, 
dilatancy, and the effect of the intermediate principal stress. 
The yield surface of the modified Drucker – Prager/cap 
plasticity model consists of three parts: a Drucker–Prager 
shear failure surface, an elliptical Cap, and a smooth 
transition region between the shear failure surface and the 
Cap (Fig. 3.). 

 
Fig. 3. Drucker–Prager/cap plasticity model yield surface 

The Drucker–Prager shear surface is a perfectly plastic yield 
without hardening. Plastic flow on this surface produces 
inelastic volume increase - dilation. 
The Cap surface bounds the yield surface in hydrostatic 
compression. On the Cap surface plastic flow causes the 
material to compact correspond to hardening mechanism. 
Besides, the Cap surface helps control volume dilatancy when 
the material yields in shear by providing softening as a 
function of the inelastic volume increase created as the 
material yields on the Drucker–Prager shear failure and 
transition yield surfaces. The model uses associated flow in 
the Cap region and nonassociated flow in the Drucker–Prager 
shear failure and transition region. 
The hardening/softening law is a user –defined piecewise 
linear function relating the hydrostatic compression yield 
stress, and the corresponding volumetric plastic strain. 
The nonlinear elastic behavior modeled by using the porous 
elasticity model including tensile strength. During 
compression, the void ratio decreases. This behavior is 
expressed by the logarithmic bulk modulus. 

2.3 Stabilometer modeling 

Stamps and shell are modeled within the limits of linear 
elasticity. Steel and rubber has been accepted as materials for 
stamp and latex shell respectively. Non-linear contact 
between a stamp, soil sample and latex shell is simulated. 
Model was meshed by C3D8 solid elements. 
For soil initial conditions production the Geostatic Abaqus 
procedure was applied. 
Load is imposed to a model in two stages, repeating 
laboratory experiments in stabilometer, according to the CD 
scheme [1]: 
The first stage involves sample recompression via a uniform 
hydrostatic pressure σ2 (σ3) to the natural level of a proper soil 
weight σν. This stage is a very important because this will 
determine the initial stresses in all soil elements. 

On the second stage, vertical pressure σ1 is increased with a 
maintained compression σ2 (σ3) till a relative vertical strain 
achieves ε1=12% [1]. 
 

 
Fig. 4. Finite elements mesh – 1/8 parts, more than 900 nodes. 
Deformed model - second part (reflection/ copy of 1/8 parts 
relative to XY and YZ) 

During the triaxial tests, soil samples, which are used, are 
those of moist middle-size grain sand and loamy clay, of 38 
mm in diameter and 76 mm in height. 
The latex shell thickness is 0,1mm. 

3. STABILOMETER MODEL VERIFICATION 

First of all, it should be mentioned, that characteristics of 
ground model are standardized for a full compliance of a its 
model behavior with the results of laboratory tests according 
to the relation ε1(σ1). Calibration is carried out for several 
curves with a different value of the uniform compression σ2 
(σ3). Example of the compliance of stabilometer model 
behavior with the results of triaxial tests of one of the curves 
is illustrated on the (Fig.5). 
For a verification, deflected mode of stabilometer model is 
examined and compared to the features of behavior of 
laboratory ground samples in the same conditions. 
Analysis of a deflected mode of the stabilometer model is 
given below. 
Following features, relevant for a given process, are shown in 
the Fig. 5: 

1. Maximum magnitudes of stress intensity in soil are 
located in the shape of a “cross”, which is registered on 
computed tomography using of full-scale specimen [3]. 
2. Relative sliding and local break away of a latex shell 
from a stamp and soil. 
3. Latex shell, consequently, acquires a barrel-type 
shape [2]. 
4. Soil flowing under the latex shell [2]. 
5. Stress intensity has a similar distribution to both 
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models made in Abaqus and LS-DYNA [2] programs. 

 
Fig. 5. Stress intensity according to Mises criterion, Pa. 
Left fig. – Simulia Abaqus; Right fig. – LS-DYNA [2] 

A fact of presence of listed features in tests as well is an basis 
for a deduction about the qualitative similarity in a behavior 
of stabilometer model. 

4. THE STAMP AND LATEX SHELL INFLUENCE 
EVALUATING 

Specific differences in a behavior of stabilometer model and a 
model of an “ideal” stabilometer are represented on the 
graphs below Fig. 6. 

 
Fig. 6. Relation graph ε1(σ1) 

As is obvious from the graphs, the sample destruction occurs 
significantly earlier without a stabilizing influence of a latex 
shell and a stamp. 

Behavioral curves of a sandy soil register an insignificant 
influence of stamps and shell in the stabilometer model. This 
type of a soil is often used as a base for pile foundations in the 
city of Krasnodar.  
Stamps and shell influence in the system with a clay soil may 
comprises up to 6%. Therewith, a loamy clay is used as a base 
for building foundation slabs in the constructions in 
Krasnodar, reaching 16-17 floors. 
It is necessary to compare plastic strain in the stabilometer 
model and the“ideal” stabilometer model, in order to evaluate 
the influence of the stamp and latex shell. 

 
Fig. 7. Equivalent plastic strain at integration points. 
Left fig. – the stabilometer model; Right fig. – the “ideal” 
stabilometer model 

Apparently from the Fig. 7, ground samples undergo various  
deformed states. Ground in a stabilometer model has a 
barrel-shaped strained shape (presumably, due to a shell 
influence), whereas ground sample in the “ideal” stabilometer 
has a regular cylindric shape. 
Moreover, intensity of plastic strains in stabilometer model 
are placed in a shape of a cross. 
In a model of the “ideal” stabilometer, intensity of plastic 
strains in distributed equally in the whole sample. To 
summarize, it can be resumed that the stamps and shells 
influence not only in quantity, but also in quality. 
Difficulties occur in evaluating the influence of stamps and 
shells, relying only on the difference of 6% between curves 
on a graph point, which is close to the critical state of a 
sample. It may be assumed that, in some spots under the 
foundation, conditions are far from the limit equilibrium of a 
ground. 
However, a practical task is suggested to be solved, in order to 
evaluate an influence of stamps and shell. 
Thereto, calculation of a tank settlements on a loamy clay was 
carried out. Calculation was carried subject to a ground 
consolidation during hydrotests of a tank and next several  
cycles of a filling-drawdown. 
A tank with a diameter of 11 meters, product lever 22meters. 
Ground base with a calculated zone 20 meters deep. 
Permeability coefficient of a loamy clay k=0,000001 m/c. 
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Calculations are performed with parameters of foundation 
grounds, defined including stamp and shell influence, and 
without it. 

 
Fig. 8. Vertical displacements in models, m. 
Left side – adjusted soil model data; Right side – non adjusted 

As shown at the Fig. 8., tank foundation settlements are 
significantly underestimated with unadjusted soil model 
parameters, that have 0,10m. Maximum base settlement 
under reservoir foundation with adjusted soil model data is 
0,11m. The underestimated settlement is 9% even with the 
coarse elements mesh model. 

5. CONCLUSION 

Via Simulia Abaqus program complex, a system model 
“stamps – soil sample – latex shell”, has been simulated, 
which makes it possible to predict laboratory tests in the 
triaxial machine. 
Stabilizing influence of shell and stamps enables a soil 
sample to describe a curve ε1 (σ1) of a twice greater length till 
the moment of destruction. 
A shell and stamp contribution considerably increases a 
system stiffness “stamps – soil sample – latex shell”, in case 
of soft soil tests (clay soil of plastic consistency, loose fine 
sand etc.). 
Ground in a stabilometer model has a barrel-shaped strained 
shape (presumably, due to a shell influence), whereas ground 
sample in the “ideal” stabilometer has a regular cylindric 
shape. Intensity of plastic strains in stabilometer model are 
placed in a shape of a cross. In a model of the “ideal” 
stabilometer, intensity of plastic strains in distributed equally 
in the whole sample. To summarize, it can be resumed that the 
stamps and shells influence not only in quantity, but also in 
quality. 
The underestimated maximum settlement of the tank 
foundation on a loamy clay base is 9% with unadjusted soil 
model parameters. 
Stabilometric experimental curves represent a combined 

behavior of a sample, shell and a stamp. Consequently, model 
parameters, based on these curves, which are used for 
predictions of a soft soil behavior, should be applied with 
adjustments. 
In order to detect parameters of a soil model, it is necessary to 
take into account stamp and shell influence by means of 
three-dimensional simulation of a sample testing process. 
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ABSTRACT: Black Cotton Soils (BCS), which are highly 
problematic in nature when it comes to their use as construction 
materials for geo-structures, are normally in extensive existence in 
most parts of Africa. As a consequence, it is extremely important to 
advance Research & Development (R & D) related to BCS in order 
to develop cost-effective geotechnical engineering methods of its 
utilization. On the other hand, over the past 20years, tremendous 
advances have been made in the research and development of 
geosynthetics technologies and their appropriate geotechnical 
engineering applications. 
Results based on laboratory tests are reported and the role of the 
increased interaction between the geomat and BCS in the functional 
aspects is quantitatively analyzed through the application of 
advanced analytical tools. It is derived and concluded that the degree 
and extent of the geomat-BCS particle interaction is dependent on 
several factors mainly including particle size, texture, shape, 
moisture-suction variation and location of embedded geomat 
relative to the layer thickness.  
 
Keywords: BCS, Soil particle-geomat interaction, 
Characteristics, Geosynthetics. 

1. INTRODUCTION 

Black Cotton Soils (BCS) are usually tropical clays which are 
essentially products of physical and chemical in-situ 
weathering of igneous, sedimentary and metamorphic rocks 
under varying environmental conditions. The formation of 
these soils is highly influenced by a complex interaction of 
various variables such as weathering, erosion and climatic 
changes as well as type of original parent rock, local 
topography, drainage and cycle factors which strongly 
influence their geotechnical engineering behavior. As a 
consequence, their characterization for use as suitable 
engineering materials is exceedingly complex since they are 
highly susceptible to various environmental changes. 
Given the recent advances that have been, and are being made 
in the research of geosynthentics materials based on 
monitoring of the instrumented structures throughout the 
years, new design methods have been realized and the  
versatility of their applications for soil reinforcement, 
environmental protection and performance during major 
earthquakes, have increasingly become appreciated [1]-[4]. 
Nevertheless, hardly any research has been devoted to an 
in-depth study of the quantitative characterization of the fine 
grained soil particle-geomat interaction in terms of 
enhancement of strength and deformation resistance [5], [6]. 
This study therefore, considers the importance of undertaking 
comprehensive geo-scientific and geotechnical engineering 

 
 

investigations into the fundamental aspects of the interactive 
properties thereof.  
Based on some of the typical results from this study, it is 
derived and concluded that the degree and extent of the 
geomat-BCS particle interaction is, besides the intrinsic 
properties of the BCS and also dependent on the layer 
thickness defining the active zone and confining pressures 
and tensile forces. 
 
 

2. INTRODUCING SOME TYPICAL BCS PHYSICAL, 
CHEMICAL AND MECHANICAL 
CHARACTERISTICS  

2.1 Typical Intrinsic Physical Properties and Basic 
Classification  

Table 1 is a summary of the typical intrinsic physical 
properties of the BCS encountered in most parts of the East 
and Central African Region [7]. The global classification of 
BCS, on the other hand, is presented in Table 2 [8]. 
 
Table 1 Summary of typical physical properties of BCS 

Property Value 

Liquid Limit  LL (%) 37~83 

Plasticity Index  PI (%) 16~45 

Moisture Content  w (%) 16~40 

Shrinkage Limit  SL (%) 8~20 

Percent Passing 75  m 75~95 

Free Swell (%) 70~165 

Swelling Pressure kN/m2 0~80 

Linear Shrinkage (%) 18~35 

Specific Gravity  Gs 2.47~2.56 

Dry Density  d kg/m3 1920~2050 

  
Table 2 Global classification of BCS 

Soil Parameter 
Classification 

Moderate Swellability  High Swellability  Very high Swellability  

Dry Density  d  <15kN/m3
15< d < 16 >16 

Clay content C<0.002 <40% 40<c < 55 >55 

Liquid Limit (LL) <48% 40<LL < 55 >65 

Plasticity Index (PI) <30% 30<PL < 40 >40 

Shrinkage Index (IS) <30% 30~60 >60 

Swell Pressure  <120kN/m2 120~600 >600 

  
It can basically be derived from these tables that these soils 
are extremely fine grained and highly susceptible to 
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pore-grain moisture-suction matrices characterized mainly by 
swelling due to wetting and  shrinkage due to drying (also 
refer to Fig. 2.1 [8]-[11]. 

2.2  Response to Physical-chemical Variations and 
Environmental Changes 

A study was carried out by [9]-[11] to determine the response 
of BCS as influenced by varying physical-chemical and 
environmental conditions. Fig. 2.1 depicts part of the typical 
results from these reference citations. 
To simulate the effects of rapid drying on the PI 

characteristics of CON-AID treated material, a comparison of 
air and oven (110°C) dried untreated (neat) and treated 
material was carried out. Figure 2.1(b) is a plot of these 
results. It can be noted that CON-AID treated material is 
neither influenced by rapid drying effects nor curing period 
and maintain the same magnitude of PI (28) as in previous 
cases. 
 

15

17

19

21

23

25

27

29

31

33

0 24 48 72 96 120 144

P
I V
a
lu
e
 (
%
)

Wetting&Drying Period (Hrs)

Plasticity properties of Black Cotton Soils

Neat Con‐Aid Con‐Aid+5%Lime

Phase	Stabilisation

Drying

Wetting

Wetting
Wetting

Drying

25
26
27
28
29
30
31
32
33
34
35

0 2 4 6 8 10 12 14 16 18 20 22 24

P
I 
V
a
lu
e
 (
%
)

Drying Period (Hrs)

Rapid drying effects of PI

Untreated (Air dried) Con‐Aid treated (Air dried)
Untreated (Oven dried) Con‐Aid treated (Oven dried)

(a)

(b)

 
Figure 2.1 Simulation of impact of drastic environmental 
changes on black cotton soil subjected to varying 
physical-chemical conditions 

Furthermore, the characterization of BCS subjected to 
varying drying/wetting (environmental changes) with 
different chemical additives can be observed from Fig. 2.1. 
These results basically show that BCS are highly influenced 
by changes in environmental conditions and that the degree of 
these changes depends on their current physical-chemical 
state. It can further be noted from Fig. 2.1 (b) that the 
intensity and period of the drying is significantly influenced 
by the chemical additive. Detailed analyses of the interactive 
characterization of this behavior are reported in [9]. 

2.3 Typical Shear Strength Characteristics when 
Subjected to Moisture-Suction Variation 

As stated in the introduction, the behavior of BCS is highly 
influenced by the changes in moisture-suction conditions. 
Fig. 2.2 shows that: 1) a slight increase in moisture content 
can significantly impact on the strength magnitude and 
overall characteristics of the BCS; and, 2) at higher moisture 
contents, the effects on characteristics of dynamically loaded 
and statically loaded BCS specimens are significantly 
different in the initial and subsequent yield surfaces. However, 
at failure, the maximum strengths and residual behavior are 
virtually the same. This may imply that, similar to most of the 

other geomaterials,   BCS are sensitive to various intrinsic and 
extrinsic influences within the initial, secondary and tertiary 
yield surfaces [12]. This fact can also be confirmed from Figs. 
2.4 and 2.5 in sub-section 2.4, which depict the effect of 
Cyclic Prestraining (CP) under controlled loading conditions 
whereby the bearing capacity, strength and deformation 
resistance tend to be enhanced [13], [14].  
From the foregoing perspectives, it was considered that the 
study of the influence of geomat reinforcement on the 
geotechnical engineering behavior of BCS may make an 
interesting research subject. 
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Figure 2.2 Effect of moisture-suction variation on statically 



  

and dynamically loaded tropical black cotton soil. 
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Figure 2.3 Effect of saturation level on the shear strength of 
black cotton soil. 
The results in Figs. 2.2 and 2.3 are a clear indication of the 
fact that BCS is extremely sensitive to the slightest of 
moisture-suction variation and that the degree of this 
influence can be quite detrimental. 

2.4 Typical Shear Strength and Deformation Resistance 
Characteristics as a Result of Controlled Stage Loading 

Figs. 2.4 and 2.5 show the characteristics of BCS subjected to 
controlled stage loading within the initial yield surface, 
constituent also of CP effects [12]. 
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Figure 2.4 Effect of long-term static and dynamic stage 
loading on the shear strength properties of black cotton soils 
[10]. Resistance of Black Cotton Soil
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Figure 2.5 Effect of long-term static and dynamic stage 
loading on the deformation resistance of black cotton soils 

[10]. 
 
The results depicted in Figs. 2.4 and 2.5 are a clear indication 
that the shear strength and deformation resistance of BCS can 
be enhanced significantly when subjected to controlled stage 
loading within the Initial Yied Surface {(εa)ELS(YI)} [12], [14]. 
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Figure 2.6 Influence of moisture-suction variation on the 
resilient modulus of slightly lime treated black cotton soil at 
equilibrium moisture content. 

On the other hand, Fig. 2.6 shows the susceptibility of BCS to 
moisture~suction variation. The following derivations can be 
made from these figures: 1) the effects of moisture-suction 
variation are quite steady once the BCS is treated with a 2% 
hydrated lime (chemical) content; 2) a virtually linear relation 
seems to exist between the resilient modulus with the increase 
in moisture content in this case. This may be implicit of the 
fact that the chemical treatment (the addition of hydrated 
lime) somehow contained and streamlined the aggregation 
and agglomeration of the BCS particles. This particular 
interaction of physical-chemical containment is one of the 
features of correlative interest of this study in regard to 
whether or not the geomat reinforcement would exhibit 
analogous and/or virtually similar effects in reference to the 
improvement of the vital geotechnical engineering properties, 
as do the chemical additives; and, 3) slight increases in 
moisture content lead to a drastic reduction in the resilient 
modulus of the BCS notwithstanding the control chemical 
treatment. 
 
3 METHODS OF TESTING 
Conventional and modified laboratory and field methods of 
testing were adopted in this Study. The main mechanical 
methods of laboratory testing included the conventional and 
modified Unconfined Compressive Strength (UCS) adopting 
larger size specimens (φ ≥ 20cm), conventional Consolidated 
Undrained Triaxial Compression (CUTC), Consolidated 
Drained Triaxial Compression (CDTC), modified simple 
shear and modified UCS dynamic loading under varying 
moisture – suction conditions and modes of reinforcement. 
In order to correct for the specimen size, a full scale plate 
loading test was carried out in the field. Details of the 



  

methods of testing are reported in [15]. 

4 DISCUSSIONS OF TEST RESULTS 

4.1 Stress-strain Relations 

Fig. 3.1 shows the stress-strain characteristics of the 
interaction between BCS particles and geosynthetics. Of 
particular interest is the behavior of geomat reinforced BCS.  
The specimens were tested under varying environmental 
conditions as well as modes and types of geosynthetic 
reinforcement. All imbedding locations are measured from 
the bottom of the specimens. 
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Figure 3.1 Stress-strain characteristics of reinforced and neat 
black cotton soil. 
 
The following derivations can be made from Fig. 3.1: 1) the 
contribution of both geomat and geogrid reinforcement to the 
enhancement of the Unconfined Compressive Strength (UCS) 
of BCS is highly influenced by the location where it is  
imbedded; 2) geomat reinforced BCS exhibits better and 
superior stress-strain characteristics when compared with the 
geogrid reinforced BCS. This can mainly be attributed to the 
fact that, due to the mesh size of the geogrid relative to the 
grain size of the BCS, the interlocking mechanism is 
significantly limited curtailing the role of the geogrid as a 
reinforcing element; 3) the double mat reinforcement, which 
resulted in the highest strength and deformation resistance 
seems to have a casing effect whereby stress mobilization and 
distribution are simultaneously activated; and, 4) the 
stress-strain and failure characteristics are influenced by the 
mode and type of reinforcement in all cases. 
In order to study the impact of varying modes and types of 
reinforcement on the behavior of agglomerated BCS particles, 
OPMCS (Optimum Mechanical and Chemical Stabilization) 
[16], was introduced into the testing regime. Fig. 3.2 is a 
summary of some of the typical UCS results that were 
obtained from this study.  Reference can also be made to Figs. 
3.3 and 3.4. It can be noted in all cases that the optimum 
location for single reinforcement for both geomat and geogrid 
is 1/5 from the bottom of the specimen for non-stabilized 
geomaterials. It can further be observed that due to the effect 

of OPMC stabilization, the contribution of geosynthetic 
reinforcement is hardly noticeable in the compression zone.  
In this case, it can therefore be concluded that whereas 
geosynthetics contribute largely to mobilization and 
distribution of tensile stresses and containment of tensile 
straining OPMC contributes immensely to the enhancement 
of compressive stresses and control of compressive straining 
[5]. 
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Figure 3.2 Effects of location and stabilization on the 
geosynthetics-BCS particle interaction as a measure of UCS. 

4.2  Angle of Internal Friction 

The objective of measuring the angle of internal friction was 
mainly to correlate the parameter to the interlocking 
mechanism of the geosynthetic and geomaterial particles. 
Some typical results are presented in Fig. 3.3. 
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Figure 3.3 Effects of location and stabilization on the 
geosynthetics-BCS particle interaction as a measure of angle 
of internal resistance to simulate interlocking mechanisms. 
 
The results in this figure confirm the findings reported in 
section 3.1. However, it can be noted that: 1) at high moisture 
contents, BCS exhibits very low internal resistance 
notwithstanding geosynthetic reinforcement. Consequently, 
moisture control in BCS is quite essential in all cases; 2) 
OPMC stabilization contributes significantly to the 
enhancement of the magnitude of angle of internal friction 



  

due mainly to particle agglomeration; and, 3) presumably due 
to the monolithic state that it assumes after aggregation and 
agglomeration, the location, mode and type of reinforcement 
have practically no influence on the OPMC stabilized 
geomaterials in this case. 

4.3 Elastic Stiffness 

The elastic stiffness was derived in terms of Young’s 
modulus as depicted in Fig. 3.4. Similar to the cases reported 
in the preceding sections, the influence of location, mode and 
type of geosynthetic reinforcement on the magnitude of the 
elastic stiffness was investigated. 
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Figure 3.4 Effects of location and stabilization on the 
geosynthetics-BCS particle interaction as a measure of elastic 
stiffness. 
 
It can be noted that magnitude of the elastic stiffness is 
influenced by all the three factors. 

4.4 Typical Failure Characteristics 

All specimens tested in this Study were loaded to post-failure 
conditions and the progressive deformation and failure 
characteristics were carefully monitored, observed and 
investigated. 
 Cored specimens were also adopted for purposes of 
analyzing the progressive deformation and failure modes in 
comparative terms. 
 

 

Figure 3.5 Example of typical shear banding and failure 
characteristics. 
 
Fig. 3.5 shows some typical shear banding and post-failure 
state of OPMCS plus geomat reinforced specimens. 
It can be inferred from this figure that: 1) significant shear 
banding occurs within the interface of the geomat and the 
stabilized geomaterial; 2) the section that is sandwiched by 
the geomats hardly exhibits any shear banding; 3) the 
specimens exhibit fairly uniform failure characteristics; 4) 
due to scale effect, failure seems to have been constrained in 
the compression zone thus the occurrence of failure at the 
interfaces; 5) due to 4) above, it is imperative to further 
investigate these characteristics on larger specimens and 
full-scale experimental sections. 

5 CONCLUSIONS 

Laboratory investigation was undertaken to study the 
characteristics of the interaction of geomat and fine grained 
black cotton soils. In general it was observed that the degree 
and extent of the geomat-BCS particle interaction is 
dependent on several factors mainly including particle size, 
texture, shape, moisture-suction variation and location of 
embedded geomat relative to the layer thickness defining the 
active zone, confining pressures and tensile forces.  
The following specific conclusions can be made from the 
results reported in this study. 

1. The geotechnical engineering properties of black 
cotton soils are highly susceptible to 
moisture-suction variations. 

2. The interaction between geomat and black cotton soil 
is significantly influenced by the location of 
imbedding, mode and type of geosynthetic 
reinforcement. 

3. Whereas geomats were found to be effective in 
enhancing the strength and deformation properties 
of fine grained black cotton soils, the influence of 
geogrids was minimal in this case. 

4. Geosynthetic reinforcement contributes largely to 
mobilization and distribution of tensile stresses and 
containment of tensile straining, whilst OPMC 
stabilization contributes immensely to the 
enhancement of compressive stresses and control of 
compressive straining. 

5. Where OPMC stabilization contributes significantly 
to the enhancement of the magnitude of angle of 
internal friction due mainly to particle 
agglomeration, the role of geosynthetic 
reinforcement may appear minimal in the short-term. 
However, due to scale and short-term loading effects, 
it is important that full scale experimental testing be 
undertaken under long-term dynamic loading 
simulating various environmental changes and 
conditions. 
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ABSTRACT: Liquefaction is an earthquake ground failure 
mechanism that occurs in loose, saturated granular sediments 
(particularly sand and silty sand) and has caused extensive damage 
to the ground. Liquefaction potential zoning is the process of 
estimating the response of soil layers under earthquake excitations 
and the variation of earthquake characteristics on the ground surface. 
Ground conditions play important roles in the prediction of hazards 
caused by earthquake. Thus to evaluate seismic hazards for a wide 
area, ground formation history along with soil properties must be 
known. This paper describes the ground conditions and behavior of 
Satte city as a result of Earthquake. In this paper, Geographical 
Information System (GIS) is used to obtain soil liquefaction hazard 
map. Spatial variations of soil properties are estimated from the 
available borehole locations where SPT N-values, water table depth 
and grain size distribution are known. Geomorphological land 
classification components such as mountain and hill, terrace, valley 
plain, alluvial fan, natural levee, delta, sand dune, reclaimed land, 
drained land, former river channel etc. are investigated to attain soil 
liquefaction hazard map. Methodologies of hazard assessment and 
the resulting maps will be presented. These maps can be useful for 
assessing the approximate areas affected by hazards and for disaster 
prevention planning. 
 
Keywords: Liquefaction potential, PGA, GIS, Satte city. 
 
1. INTRODUCTION 
 
Soil liquefaction is one of the most devastating types of 
geological effects induced by earthquake. It is well 
recognized that numerous engineering structures have been 
severely damaged due to liquefaction of the supporting soils 
during earthquake. 
Japan is situated in a seismically very active zone because of 
its location in marginal areas of the Pacific, Philippine Sea, 
North American, and Eurasian plates. This is why it is struck 
by frequent earthquakes. Past Earthquake history in Japan 
resembles it. 
These frequent earthquake ultimately affect not only human 
being but also social, cultural and mostly financial status of 
the region. The 1964 Niigata earthquake and 1995 Kobe 
earthquake were the most destructive liquefaction effects 
observed in Japan [1]. However, at most recent March 
11’2011 Gigantic Tohoku Pacific Earthquake was the 
strongest to hit Japan and one of the top five largest 
earthquakes in the world since seismological record-keeping 
began. It was followed by a tsunami with waves of up to 10 m. 
The disaster left thousands dead and inflicted extensive 
material damage to buildings and infrastructure that led to 
significant accidents at four major nuclear power stations and 
4,460 people missing. 

 
 

 
The Satte city of Saitama Prefecture is targeted as a case study 
in this paper. Saitama Prefecture has been affected by several 
destroying earthquakes of magnitudes greater than eight in 
the past times. The great Kanto Earthquake of magnitude 8.3 
in 1923 hit this area which was the latest great one before 
March 11’2011 Gigantic Tohoku Pacific Earthquake. The 
great Kanto Earthquake devastated Tokyo, the port city of 
Yokohama, Surrounding prefectures of Saitama, Chiba, 
Kanagawa, and Shizuoka, and caused widespread damage 
throughout the Kanto region. 
Among the various geomorphological units, the reclaimed 
land, drained land, river channel, lowland between sand 
dunes or bars, marginal part of sand dune, natural levee and 
banking area in swampy lowland are most susceptible to 
liquefaction [2]. From the Satte city geological map in Fig.1, 
it is observed that this city is built up in lowland area. Yellow 
color shows natural levee, an elongate embankment 
compounded of sand and silt and deposited along both banks 
of a river channel comprises some major area of the city. 
Moreover, river plain and old river plain consist of almost the 
rest of the city. 
Around 50 borehole points of Satte city are considered for 
this research work. Borehole data analyses are done in Excel 
for different PGA and Liquefaction potential Index refer to 
(6) is found from Excel calculation at final stage. These 
values are given as input in GIS according to corresponding 
latitude and longitude of borehole points and liquefaction 
potential map are originated accordingly. Finally, the 
obtained liquefaction potential map are evaluated with recent 
March 11’2011 Gigantic Tohoku Pacific Earthquake 
liquefaction history.  
 
1.1 Study area 
 
According to April 1, 2011, the Satte city has an estimated 
population of 54,444, with household number is 21,449 and 
the density of 1,603.658 persons per km². The total area is 
33.95 km². The city was founded on October 1, 1986. The 
city is located at 36°04′30″N and 139°43′45″E. Average 
altitude of the city is 9 meter. The city is almost downstream 
of Tone River. It is at Saitama prefecture in Kanto region and 
43 km from Tokyo at N-W corner. 
At March 11’2011 Gigantic Tohoku Pacific Earthquake, the 
highest PGA observed 3.0 g (USGS 2011) [3] in Japan. 

However, at Satte City of Saitama Prefecture, the observed 
PGA was 0.3 g [4]. In this paper, the liquefaction potential 

has been calculated by using 0.15 g and 0.3 g  PGA for Satte 

city. 
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2  METHODOLOGY 
 
Liquefaction potential for Satte 
city is evaluated by using the 
geotechnical data as type of soil, 
SPT N-value, depth of water table, 
mean grain size and unit weight of 
soil. These geotechnical data were 
collected from subsoil 
investigation reports (borehole 
log) as shown in Fig. 3. The 
borehole data in the study area were collected from different 
depths ranging from 10 m to 50 m below ground surface. 
However, in this study, borehole data parameters are 
considered up to 20m from ground surface. It is considered 
that no liquefaction affect on ground for soil properties below 
20m depth. 
 
According to [5], an ability to resist the liquefaction of a soil 
element at an arbitrary depth may be expressed by the 
liquefaction resistance factor (FL) identified by the following 
equation 

L

R
FL                                                                  (1) 

When the factor LF  at a certain soil is less than 1.0, we 

evaluated that the soil liquefies during earthquake. 
In equation (1), R is the in situ resistance or undrained cyclic 
strength of a soil element to dynamic loads during 
earthquakes. The value of R is determined by the following 
equations based on mean particle diameter (D50) as follows: 
 
for 0.04mm  D50 0.6mm 
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for 0.6 mm  D50 1.5 mm 
 
 
 
 

Fig.1 Satte city Geological Map 
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Where N is the number of blows of the standard penetration 
test, `v is the effective overburden pressure (in kgf/cm2) and 
D50 is the mean particle diameter (in mm) illustrated in Table 
1. 
 
Due to seismic motion, the dynamic load induced in the soil 
element can be estimated by the following equation: 
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                                                 (4) 

Where max  is the maximum shear stress (in kgf/cm2), 

maxs  is the maximum acceleration at the ground surface (in 

gals), g is the acceleration due to gravity (=980 gals), v is 

the total overburden pressure (in kgf/cm2), and dr  is the 

reduction factor of dynamic shear stress to account for the 
deformation of the ground. Iwasaki et al. proposed the 

following equation of dr  from a number of seismic response 

analyses of the ground: 
 

dr  = 1.0 0.015Z                                                                (5) 

Where Z is the depth in meters. 
 
It is evident that the damage to foundations of structure due to 
soil liquefaction is considerably affected by the severity of 

liquefaction. An index of liquefaction potential, LP , can be 



  

introduced to express the severity of liquefaction as follows: 

 
20

0

)( dZZWFPL                                                          (6) 

Where F = 1.0 LF  for LF  1.0, F= 0 for LF > 1.0 and    

W (z) =10 0.5Z (Z in meters) demonstrated in Fig. (2). For 

the case of LF = 0.0 for the entire range from Z= 0 to 

20meters, LP becomes 100, and for the case of LF  1.0 for 

the entire range from Z= 0 to 20meters, LP becomes 0. 

 
Liquefaction potential calculation Excel sheet sample is 
attached herewith in Table 2. Stress at every 1m is calculated 
based upon soil type and average density and the following 
overburden stress is calculated. Based upon the depth of 
water level from ground, pore water pressure is calculated 
and effective stress is found subtracting pore water pressure 
from overburden pressure.  Subsequent that, reduction factor 
for dynamic shear stress rd is considered based on depth 
according to (5). Afterward the in situ resistance of soil R is 
considered conferring (2) or (3) based on mean particle 
diameter attached in Table 1. In next step, dynamic load 
induced in the soil element by seismic motion, L is intended 
according to (4). Finally an ability to resist liquefaction 

LF and Liquefaction potential index LP is calculated 

according to (1) and (6) respectively. 

Liquefaction potential Index, LP values of borehole data are 

plotted in GIS for 150 gal and Fig. 4 is the representation of 
that. This zoning map shows that most of the area has low risk 
for liquefaction according to guideline proposed by [5]. The 
rest 30% of the borehole points show high risk of 
liquefaction. 
  
 

 
Fig. 2 Definition of  LP  

 
Table 1  Average values of the Unit Weights and Mean 
particle Diameters of Different Type of Soil.(This table was 
used only when these values were not tested) [5] 
 
Soil Type Unit Weight  

(t/m3) 
Mean Particle 
Diameter, D50 (mm)

Surface soil 1.7 0.02 
Silt 1.75 0.025 
Sandy Silt 1.8 0.04 
Silty Sand 1.8 0.07 
Very fine Sand 1.85 0.1 
Fine Sand 1.95 0.15 
Medium Sand 2.0 0.35 
Coarse Sand 2.0 0.6 
Gravel 2.1 2.0 

Table 2: Calculation of Liguefaction Potential Value for one borehole of PGA 300 gal 
Depth(m) Soil Type Avg. Density g Stress,1m Ovd. Pres. D fr. WT Pore Pres.Eff. stress kgf/cm^2 N rd R PGA L FL IL

1.3 surface soil 1.7 9.8 16.66 21.658 0 0 21.658 0.21879 4 0.981 0.4637 300 0.3002 1.5449 0
2.3 silt 1.7 9.8 16.66 38.318 0.15 1.47 36.848 0.37224 1.7 0.966 0.368 300 0.3074 1.1972 0
3.3 sand and silt 1.7 9.8 16.66 54.978 1.15 11.27 43.708 0.44154 5 0.951 0.4425 300 0.366 1.2089 0
4.3 silt 1.7 9.8 16.66 71.638 2.15 21.07 50.568 0.51084 0 0.936 0.2579 300 0.4057 0.6356 2.8603
5.3 silt 1.6 9.8 15.68 87.318 3.15 30.87 56.448 0.57024 0 0.921 0.2579 300 0.4359 0.5916 3.0016
6.3 clayey silt 1.7 9.8 16.66 103.978 4.15 40.67 63.308 0.63954 0 0.906 0.2579 300 0.4553 0.5664 2.9699
7.3 clayey silt 1.7 9.8 16.66 120.638 5.15 50.47 70.168 0.70884 0 0.891 0.2579 300 0.4687 0.5502 2.8561
8.3 clayey silt 1.7 9.8 16.66 137.298 6.15 60.27 77.028 0.77814 0 0.876 0.2579 300 0.4777 0.5398 2.6921
9.3 clayey silt 1.7 9.8 16.66 153.958 7.15 70.07 83.888 0.84744 0 0.861 0.2579 300 0.4834 0.5334 2.4962
10.3 sandy silt 1.7 9.8 16.66 170.618 8.15 79.87 90.748 0.91674 0 0.846 0.212 300 0.4866 0.4356 2.7376
11.3 sandy silt 1.7 9.8 16.66 187.278 9.15 89.67 97.608 0.98604 0 0.831 0.212 300 0.4878 0.4345 2.4599
12.3 sandy silt 1.7 9.8 16.66 203.938 10.15 99.47 104.468 1.05534 0 0.816 0.212 300 0.4873 0.4349 2.1756
13.3 sandy silt 1.7 9.8 16.66 220.598 11.15 109.27 111.328 1.12464 0 0.801 0.212 300 0.4856 0.4365 1.8877
14.3 sandy silt 1.7 9.8 16.66 237.258 12.15 119.07 118.188 1.19394 0 0.786 0.212 300 0.4827 0.4391 1.5986
15.3 sandy silt 1.7 9.8 16.66 253.918 13.15 128.87 125.048 1.26323 0 0.771 0.212 300 0.4789 0.4425 1.31
16.3 silt 1.7 9.8 16.66 270.578 14.15 138.67 131.908 1.33253 0 0.756 0.2579 300 0.4744 0.5436 0.8444
17.3 silt 1.7 9.8 16.66 287.238 15.15 148.47 138.768 1.40183 0 0.741 0.2579 300 0.4692 0.5496 0.608
18.3 silt 1.7 9.8 16.66 303.898 16.15 158.27 145.628 1.47113 0 0.726 0.2579 300 0.4635 0.5564 0.377
19.3 silt 1.7 9.8 16.66 320.558 17.15 168.07 152.488 1.54043 0 0.711 0.2579 300 0.4572 0.564 0.1526
20 silt 1.7 9.8 16.66 337.218 17.85 174.93 162.288 1.63943 0 0.7 0.2579 300 0.4453 0.5792 0

31



  

The following guideline proposed by [5] is used to assess the 
liquefaction potential. 
 

LP = 0         : Liquefaction risk is very low 

0< LP 5      : Liquefaction risk is low 

5< LP  15       : Liquefaction risk is high 

15< LP              : Liquefaction risk is very high 

 

 
 

Fig. 3 Typical borehole log of Satte city

 
Fig. 4 Liquefaction Potential at borehole locations of Satte city at PGA 150 gal



  

 

 
 
Fig. 5 Distribution of peak ground acceleration provided by 
NIED, ERI (The University of Tokyo), AIST, and PARI 
 
The distribution of peak ground acceleration (PGA) in Fig. 5 
implies that the rupture process during the earthquake was not 

uniform, and contained several asperities radiating strong 
ground motions. Another point to note is that Tokyo and its 
surrounding area near the bottom of the Fig. 5 were subjected 
to strong shaking. Therefore, damage occurred at many 
places therein. Moreover, according to latitude and longitude 
of Satte city (36°04′30″N and 139°43′45″E), it is observed 
that Satte city of Saitama Prefecture faces 300 gal of PGA 
(Fig. 5) during the recent March 11’2011 Gigantic Tohoku 
Pacific Earthquake. 
According to Fig. 5, the observed PGA (300 gal) for Satte city 
is applied in GIS to observe liquefaction and it is observed 
that all the borehole points show high to very liquefaction 
values ranges from 7 to 51 as shown in Fig. 6. Satte and Kuki 
city sites are visited just after the March 11’2011 Gigantic 
Tohoku Pacific Earthquake. Sand boiling through the ground 
and paved road, house and electric post tilting, manholes 
coming up the ground are the consequences of liquefaction 
which match with the analysis attached in Fig. 6. Moreover, 
Seismic Damage and Liquefaction history Map at March 
11’2011 Tohoku Pacific Earthquake attached in Fig. 7 
evaluates high to very high risk of liquefaction. 

 
Fig. 6 Liquefaction Potential at borehole locations of Satte city at PGA 300 gal 



  

 
 

Fig. 7 Seismic Damage and Liquefaction history map at March 11’2011 Tohoku Pacific Earthquake [3]

 

3 CONCLUSION 

Geotechnical problems are made up of liquefaction in 
foundations and associated ground deformations. Due to 
damage effect, the post-earthquake response and restoration 
works have been made difficult and delayed. In this paper, 
around 50 borehole data are analyzed to draw liquefaction 
potential map for Satte city. In case of 150 Gal PGA, the 
borehole points display low to medium risk for liquefaction 
whereas for 300 Gal PGA, the borehole points display high to 
very high risk for liquefaction which is a representation of 
recent 2011 Tohoku Pacific Earthquake. These features have 
not been considered in the conventional design philosophy 
and should be discussed from now on. Geotechnical Damage 
due to the 2011 Christchurch, New Zealand Earthquake and 
2011 Tohoku Pacific Earthquake in Japan prompts us 
considering this true fact. People are now aware of ground 
surface and this is why geotechnical engineers need to work 
hard now a days. These maps can be useful for assessing the 
approximate areas affected by hazards and for disaster 
prevention planning. 
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ABSTRACT: Shear strength is a very important soil property to 
determine the stability of foundations, retaining walls, slopes and 
embankments. In order to solve those problems in geotechnical 
engineering, shear strengths are usually determined from laboratory 
tests performed on specimens prepared by compaction in the 
laboratory or undisturbed samples obtained from exploratory soil 
borings. In order to determine the shear strength parameters, the soil 
specimens are required at least 3 identical samples. To eliminate the 
effects of soil variability on the result, multistage testing is used to 
maximize the amount of shear strength information that can be 
obtained from only one specimen by using several confining 
pressures. Test results demonstrate that is possible and convenient to 
perform multistage shear test on compacted soil to measure shear 
strength. The direct shear tests were carried out using the multistage 
technique and the results are quite well comparable to those of 
traditional shear tests.  
 
Keywords: Multistage Test, Shear Strength Parameters, 
Hyperbolic Stress-Strain Relationship, Direct Shear Test  

1. INTRODUCTION 

The most widely used laboratory equipments for 
investigating the strength and deformation behavior of soils is 
either the triaxial or direct shear apparatus. The apparatus is 
versatile and can be used for the measurement of many 
parameters, including shear strength characteristics, 
consolidation characteristics and the permeability of soil. Its 
key features include facilities for the control of the magnitude 
(but not direction) of the principal stresses, the control of 
drainage, and the measurement of pore pressures [1]. 

In traditional tests, each specimen undergoes a phase of 
consolidation and shearing and thus supplies a single stress 
versus strain trend and of course only one state of stress at 
failure. A series of three or more specimens, consolidated at 
various stress levels, supplies an ensemble of stress data 
allowing identification of a failure envelope and thus shear 
strength parameters. Sometimes it is impossible to have a set 
of homogeneous or identical re-compacted specimens, for 
economic reasons or because some soils formations may be 
difficult to sample. In such circumstances the multistage 
shear testing technique appears to be an attractive alternative. 
This technique has been successfully used to determine shear 
strength parameters by just one sample.  

Kenney and Watson [2] conducted multistage undrained tests 
(MCU). They report reasonable consistent between c' and ' 
obtained from MCU tests with the values obtained by using 
conventional undrained tests (CCU). MCU tests were 
conducted by consolidating and loading it until about failure 
strain, then repeating the process twice again with two higher 

 
 

cell pressure. The total strain that the sample was subjected to 
during MCU test amounted to about 25%. 

To avoid subjecting the sample of high strain, Sridharan and 
Narasimha Rao [3] investigated a new approach to multistage 
testing, which made use of Kondner's [4] hyperbolic 
stress-strain relationship for predicting  the state of stress at 
failure from the stress-strain and pore-water pressure-strain 
curves of soils can be approximated by rectangular hyperbola, 
for which the equation is shown in Eq.1. 

߬/௦ߝ  ൌ ܽ   ௦  (1)ߝܾ

where: 
௦ߝ  ൌ shear strain 
 ߬	 ൌ shear stress 
 ܽ	 ൌ y-interception of ߝ௦/߬ and ߝ௦ relationship  
 					ൌ   (from asymptotic value)ܧ/1
 ܾ	 ൌ slope of ߝ௦/߬ and ߝ௦ relationship 
 					ൌ 1/߬ (from asymptotic value)  
ܧ  ൌ initial tangent modulus and  
 ߬ ൌ failure shear strength, with the normal stress, ߪ 

Similarly for predicting pore-water pressure (ݑ), Sridharan 
and Narasimha Rao [3] used Eq.2. 

ݑ/ߝ ൌ ܽ௨  ܾ௨	(2)  ߝ 

where: 
 ܽ௨ ൌ y-interception of ݑ/ߝ and ߝ relationship  
 ܾ௨ ൌ slope of ݑ/ߝ and ߝ relationship  
 						ൌ  . andݑ/1
ݑ  ൌ pore-water pressure at failure  

The multistage test suggested by Sridharan and Narasimha 
Rao [3] referred to as NMCU tests consisted of: (1) assessing 
whether the soil lends itself to extrapolation using Kondner’s 
method, (2) consolidating the sample to a cell pressure and 
shearing it to 2 to 4% axial strain, (3) repeating the 
consolidation-shear sequence at two higher cell pressure, (4) 
using Kondner’s method to predict failure stressed at each 
cell pressure, and (5) using the results for all three cell 
pressure together to determine shear strength parameters. 
Sridharan and Narasimha Rao [3] report success using this 
method, however using Kondner’s method the value of ߬௨௧ 
and  ݑ  predicted were higher than actual. Sridharan and 
Narasimha Rao [5] had suggested that in extrapolating data 
using Kondner’s method better prediction is possible if one 
extrapolates only to a finite value of strain using (1) and (2) 
rather than to the asymptotic value of infinite strain. They had 
tentatively suggested using a strain of 15% 

Evaluation on the Results of Multistage Shear Test 

Hormdee D., Kaikeerati N., Department of Civil Engineering, Khon Kaen University, Thailand 
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Even though the multistage testing technique has been used 
with some success in the past to determine shear strength 
parameters, to define undrained shear strength [6],[7] or 
effective shear strength both in unsaturated [8],[9] and 
saturated soils [3],[10] in triaxial apparatus and in direct shear 
apparatus [11] but still lacking in concerning and carrying out 
on the drain condition of testing especially in direct shear 
apparatus.  

In this paper, a series of single and multistage testing is 
performed using direct shear apparatus as drained condition 
to investigate on the shear strength parameters of the single 
stage-multistage comparative study. The preparation of the 
soil specimens is controlled as the field condition by using 
field dry density and optimum moisture content (OMC). 

2. METHODOLOGY 

2.1 Preparation of Specimens 

The red Khon Kaen loess soil sample was collected as 
disturbed sample at a depth of 3-4 m. The index properties 
and compaction characteristics are shown in Table.1. 
 

 
The experimental program was a parametrical study aiming at 
studying the effect of important reconstituted conditions of 
soil such as initial water content, initial dry density on shear 
strength parameters. As using disturbed samples, they were 
prepared in ‘identical’ fashion by controlling initial water 
content as OMC and initial dry density as the field dry density 
(that is about 89.6% of compaction) by using hydraulic jack 
slowly pressing to 60 mm in squared width and 20 mm in 
height. 

2.2  Single Stage Procedure 

To perform the shear strength testing, a two-stage loading 
procedure was used in each of these tests. In the first stage, a 
consolidation was applied. In the direct shear test, the 
consolidation was applied by applying a vertical load to the 
horizontal plane, becoming the eventual failure plane. In 
traditional tests, each specimen undergone a phase of 
consolidation and shearing and thus supplied a single stress 
versus strain trend and of course only one state of stress at 
failure [7]. A series of 3 or 4 specimens, consolidated at 
various confining stress levels, supplied an ensemble of stress 
data allowing identification of a failure envelope and thus 
shear strength parameters.  

In this paper, the series results of single stage testing were 
carried out in direct shear apparatus to compare with the 
results of multistage series. Single stage tests were conducted 
till 8-15% strain on four samples at confining pressures of 
100, 200, 300 and 400 kPa. And the loading rate was 0.002% 
strain per minute for direct shear test as drained condition 
required. 

2.3 Multistage Procedure 

A multistage test induces more than one consolidation and 
shearing on the same soil specimen loaded inside a direct 
shear box. Specimen preparation and initial test stages of 
saturation are identical to those of traditional direct shear. 
Especially the saturation stage in triaxial test, it is required 
more or less 5 days to gain the value of B (pore pressure) 
parameter more than 0.9 and to finish the settlement in this 
process. This method enables substantial homogeneity of the 
results and appreciable time consuming. 

After saturated and consolidated specimen in stage I is 
finished, in the shearing stage the specimen is sustained to 
produce a significant amount of shear stress. Then the 
specimen is released from horizontal stress. To start the next 
stage, the specimen is subjected to a higher normal stress 
before the following shearing stage takes place. 

In this paper, the strain for each compression stage has been 
carried up to only 3% in each test. In all cases, the peak value 
of shear strength are expected for strain values greater than 
8%, as is the case of many clayey and silty-clayey soils of 
medium to low plasticity [7] and also as is the case of many 
not dense condition of compacted soil. The normal stress and 
loading rate in multistage test were used the same as a series 
in single stage test. In the results of direct shear test, the test 
was conducted to not failure but carried to 3% of strain in 
each stage, and the ultimate peak values are predicted by 
making use of Kondner's hypothesis [4]. 

3 RESULTS AND DISCUSSION 

Direct shear tests were carried out in both single stage and 
multistage test saturated specimens with normal stresses of 
100, 200 ,300 and 400 kPa. The single direct shear testing 
result on saturated condition is shown in Fig.1. 

In consideration of the hyperbolic stress-strain relationship, 
the hyperbolic model represents the nonlinear stress-strain 
curve of soil using hyperbola. It can be seen that transforming 
the hyperbolic equation result in a linear relationship between 
߬/௦ߝ  and ߝ௦ , shown in (1). The validity of Kondner's 
hypothesis is shown in Fig. 2. The stress dependent 
stress-strain behavior of soil is represented by varying the 
initial tangent modulus, ܧ, and the failure shear strength, ߬ 
with the normal stress, ߪ. 

These plots do produce straight line relationships and as such 
indicate that the behavior of soils lends itself to prediction by 
Kondner's technique. The failure shear stress ( ߬) for single 

Table.1 Properties of soil 
___________________________________________________ 
      Property           Khon Kaen loess soil  ___________________________________________________ 
Specific gravity (Gs) 2.64 
Liquid limit (LL) 21.2% 
Plastic limit (PL) 14.3% 
Unified Soil Classification System (USCS) SM-SC 
OMC  9.25 % 
d max  2.02 g/cm3 
d,field  1.81 g/cm3 
___________________________________________________ 
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tests have been predicted from asymptotic values and using 
(1) for failure strains of  10, 15, and 20%. 

 

 

Fig.1 Testing results in single stage direct shear test  

 

Fig.2 Hyperbolic representation of stress-strain curve in 
single stage direct shear test  

The predicted and experimentally obtained values of ߬ are 
presented in Table. 2. Also presented in this table is value of 
percentage agreement, which is the ratio if predicted to 
experimentally obtained values. A study of Table. 2 shows 
that the value of ߬ predicted by using ߝ௦ approaching infinity 
is always higher than experimental values. Agreement with 
experimental value is better when value of strain used is about 
15%. 

Since Kondner's technique was found to be valid for Khon 
Kaen Loess soil, it is possible to conduct the multistage direct 
shear test to predict failure stresses. Fig.3 presents the plot of 
 ௦ for multistage direct shear test carried up toߝ ௦/߬ versusߝ
3% strain in each stage that are predictably linear Table.3 
presents the values of ߬ predicted from asymptotic value.  As 
can be seen from the Fig.4, the predicted results of strength 
parameters in multistage test are relatively validity by giving 
the quite lower value of internal friction angle (about 4% of 
error) with no cohesion. So the prediction of failure stresses 
using Kondner's relation is nearly perfect when results are 
extrapolated to a value of finite strain determined by 
analyzing data of single stage test. 

 

Fig.3 Hyperbolic representation of stress-strain curve in 
multistage direct shear test  

 
Fig.4 Failure Envelope in Direct Shear Test 

4 DISCUSSION AND CONCLUSIONS 

Testing results demonstrate that is possible and convenient to 
perform multistage shear test on compacted soil to measure 
shear strength. The drained direct shear test was carried out 
by using the multistage technique and, as shown, the results 
are quite well comparable to those of traditional shear tests. 
The proposed multistage shear testing procedure can be used 
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to evaluate the shear strength parameters from a single test. 

 

 

 

 

 

 

Table.3: Predicted Values of f  for Khon Kaen Loess Soil 

n, 
kPa

Experimental 
Value of at 3% 

Strain, kPa 

Value of f  Obtained 
from Asymptotic 

Value, kPa 

Predicted Value of f

Using (1) for Shear 
Strain of 15%, kPa

100 50.4 62.9 59.4 
200 115.3 153.8 141.8 
300 166.1 263.2 234.4 
400 265.2 312.5 297.0 
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ABSTRACT: Japan is a country where many floods occur. 
Therefore, importance is attached to safety with respect to seepage in 
Japan. There are however, a few cases where the performance of 
countermeasures has been confirmed at rivers. To verify the effects 
of countermeasure methods with respect to seepages at  rivers, 
on-site monitoring and three-dimensional seepage flow analyses 
were executed during this study. The monitoring of landside 
countermeasures targeted drains. Drains are typical measurements in 
landsides. The monitoring of waterside countermeasures targeted 
sheet piles and seepage control sheets. 

As a result, the effects of countermeasures were confirmed by 
on-site monitoring.  
 
Keywords: river levee, on-site monitoring, drain, sheet pile, 
three-dimensional seepage analysis 
 

1. INTRODUCTION 

 
Improvement of safety with respect to seepage is advanced 

in order of 1.checks for safety, 2. extraction of weak point 
portions, 3.selection of countermeasures, 4. construction, 
5.monitoring, and 6.maintenance. 
It is necessary to prove certainty with respect to the effects 

of countermeasures for river levees so as to advance their 
reinforcement. The effects of countermeasures in the cross 
section are shown in Fig-1. 
 
 
 
 
 
 
 

Fig-1 Effect of countermeasures in cross section 
 
It is important to monitor the on-site water levels of river 

levees. The authors have compiled “The Water level of the 
levees observation manual” [1], and have observed the water 
level of river levees on-site. Additionally, Authors have 
clarified a three-dimensional complex seepage flow of river 
levees [2]–[5].  

 
   

Some interesting results are introduced in this study.  

2. COUNTERMEASURES TO TARGET 

 
Tab-1 shows the list of targeted countermeasures. 

Monitoring of landside measures targeted three different 
drains. Monitoring of waterside measures targeted the 
seepage control sheets and sheet piles. Fig-2 shows the 
location map of the targeted site. 
 

Tab-1 List of countermeasures to target 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig-2 Location map of targeted site  
 
 

Verification of Effects of Countermeasures for Seepage of River Levees by 
On-site Monitoring of the Water Level of Levees 

Hiroyuki MASUYAMA1. Yukiko SAITO2. Masanori ISHIHARA3. Tetsuya SASAKI4. Hirotoshi MORI5  

1,2,3,4,  Soil Mechanics and Dynamics Research Team, PWRI (Public Works Research Institute) 

5, Policy Bureau, Ministry of Land, Infrastructure, Transport and Tourism 
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Cross

Section

First International Conference on Geotechnique, Construction Materials and 
Environment, Mie, Japan, Nov.21‐23, 2011, ISBN: 978‐4‐9905958‐0‐7 C3051



 

98 
 

 

3. OBSERVATION HOLE 

 
An observation hole in the 

cross section is shown in 
Fig-3. 
Observation holes use hole 

up dug by boring. A tube is set 
up in the hole up dug by 
boring.  
The hydraulic pressure type 

water meter is made to hang in 
the tube and is set up. The 
strainer is installed in the 
vicinity of the water meter. 
Mud accumulation is installed 
under the hole. 

Fig-3 Observation hole in cross section 

4. MONITORING OF EFFECT OF LANDSIDE 
MEASURES (Drain A) 

 
Aira River levees are composed of sandy soil (coefficient of 

permeability ks=1.0E-5m/s), including Shirasu, which is a 
pyroclastic flow deposit that is peculiar to the region on the 
foundation subgrade in the layer of sand. PWRI executed the 
installation and data observation of the observation hole.  
The plan, the geological features profile, and the cross 

section are shown in Fig-4, 5 and 6. In the monitor section, 
there is a section where the seepage control sheet is used 
together with the drain.  
 
 
 
 
 
 
 
 
 
 
 
 

Fig-4 Monitor part in plan 
 
 
 
 
 
 
 
 
 
 
 
Fig-5 Monitor part in profile (position of levee crown land 

side shoulder) 

 
 
 
 
 
 
 
 
 
 
 
Fig-6 Monitor part in the cross section  (section of 

5.2k+180m) 
 
Observations were carried out as of August, 2009, and are 

continuing into August, 2011. The observation frequency of 
the water level of the levee is made for other periods once 
every five minutes and once every two minutes during the 
flood season from June to October. Additionally, water 
meters of rivers and rain gauges were set up. 
Floods with a large influence on the water level of the levee 

have not occurred at the AIRA River since observations at the 
beginning of August, 2009. Fig-7 shows the observational 
results of June 19th, 2010 where water levels rose most than 
in any other period. Water levels of levees rise as a result of 
rainfall. The water level of levees in sections with drains is 
lower than the water level of levees in the section without 
drains. As a result, the effects of the drain can be confirmed. 
Continuous monitoring is scheduled for the future. The 
effects of the drain are confirmed. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig-7 Observational results of water level of the levee on 
June 19th, 2010 

 

5. THE MONITORING OF EFFECTS OF LANDSIDE 
MEASURES (Drain B) 

 
The on-site monitoring of drain measures was done in the 

vicinity of the YODO River water system MO River 0.9k 
points. Fig-8 shows the plan of the observation hole. 
The monitoring results, as shown in Fig-9 and 10, were 

obtained in the small flood that occurred on July 19th in 2006. 
The flood that showed the effect of the drain for the 

observation period did not occur. 
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Fig-8 observation hole in plan 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig-9 Observational results of water level of the levee and 
on July 19th, 2006 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig-10 Water level of the levee in the cross section at the 
monitoring site at 8:00 on July 19th, 2006 

 
The seepage flow analysis on two dimensions was done 

based on the observational results. Fig-11 shows the 
analytical model chart. It also analyzed no measures and the 
effects of measures were verified. Fig-12 shows the effects of 
measures of the drain that were obtained in the analysis. 
 
 
 
 
 
 
 
 
 
 

Fig-11 Analytical model chart  
 
 
 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig-12 Water level of levee in cross section 
 

6. THE MONITORING OF EFFECTS OF LANDSIDE 
MEASURES (Drain C) 

 
The on-site monitoring of drain measures was carried out in 

the vicinity of the YODO River water system at SETA River 
68.6k points. Fig-13 shows the plan of the observation hole. 
Fig-14 shows the levee in cross section. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig-13 the plan of the observation hole 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig-14 SETA river levee in cross section 
 
When flooded by discharging the SETA River ARAI Weir, 

the rising of the water level of the levee was generated for the 
observation period(fig-15). 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
 
 
 

Fig-15 Observational results of the water level of the 
levee on June 15th - 20th, 2006 
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The seepage flow analysis on two dimensions was carried 
out based on observational results. Fig-16 shows the 
analytical model chart. 
 
 
 
 
 
 

Fig-16 Analytical model chart 
It also analyzed no measures. The effects of measures were 

verified. Fig-17 shows the effect of measures of the drain 
obtained by the analysis.  
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig-17 Water level of the levee in the cross section 
 

7. THE MONITORING OF EFFECTS OF WATERSIDE 
MEASURES (SHEET PILE) 

 

7.1 On-site monitoring 

1)  Monitoring procedures  
The seepage control sheet and sheet pile were set up in the 

toe of the levees at the JYOBARU River. It was set it up in the 
80m section. The plan, the geological features profile, and the 
representative crossing section are shown in Fig-18-20. The 
JYOBARU River levees are composed of decomposed 
granite soil (coefficient of permeability ks=7.0E-4m/s of Bs1 
and coefficient of permeability ks=5.0E-5m/s of Bs2) that 
weathers the Mesozoic granite on the foundation subgrade of 
ARIAKE clay that piled up thickly. 
Since October, 2009, observation data has been collected so 

far for one year or more. This is continued in August, 2009. 
The observation frequency of the water level of the levee is 
once an hour. Additionally, Public Works Research Institute 
set up a water meter for the river and a rain gauge in October, 
2010, beginning observations.  
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig-18 monitor part in plan 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig-19 Monitor part in profile 
(position of levee crown landside shoulder) 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig-20 Monitor part in cross section (section of 6.4k-14m) 

 
2) Monitoring results  
Fig-21 shows the time history from 2010/7/11 to 2010/7/15. 

The water level exceeded the estimated high-water level at 8 
and 9:00AM on the morning of July 14th. After beginning 
observations, the maximum water level that had been 
observed at the HIDEKI Bridge was high in second during the 
middle of this flood. The water level of the river levee was 
confirmed to follow roughly that in Fig-21, the water level of 
river. The water levels of levees of 0tu and 110tu in the 
outside measurement section are high. Additionally, the water 
levels of levees of 90tu have risen within the measurement 
section.  
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig-21 Observational results of water levels of the levee on 

July 11th - 16th, 2010 
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The water level of the levee at the levee crown landside 
paste shoulder position at the time of 9:00 when the water 
level of the river reached the peak water level on the 14th is 
shown in Fig-22. As for the water level of the levee in the 
section where the measures with sealing sheet piles and the 
seepage control sheet were executed, it was lower than the 
section without measures by more than 1m. The effects of 
measures were confirmed with Fig-22. Moreover, the water 
level has not decreased in the upstream edge in the measures 
section. Therefore, it has been understood that there is a 
section where the effect of measures decreases by a 
three-dimensional seepage flow. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig-22 water level of levee at flood peak 
 

7.2 The three-dimensional seepage analysis 

The waterside measures followed sheet piles and the 
seepage control sheet in the vicinity of the CHIKUGO River 
water system and JYOBARU River 6.4k points. 
1) Analytical model  
The range where an analytical model has been built is shown 

in Fig-23. In the direction of the determination of the length 
and breadth of the levee, the range of an analytical model was 
made in the range of 600m×300m. This includes the range in 
which on-site monitoring is carried out. The curve of the river 
channel is not seen within the range of the analysis. Therefore, 
the shape of an analytical model was made into a rectangle.  
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig-23 Range of modeling of analysis 
 
The soil layer composition and coefficient of permeability 

of the levees and the foundation subgrade were set as shown 
in Fig-24. This is based on the results of the survey during the 
emergency of the 2009/07/26 disaster that were restored 

based on soil profiles (Fig-19 etc.) and soil test results. The 
measures reflect the shape of ground as of July, 2010. The 
modeled seepage control sheet and sealing sheet pile on the 
waterside with the levee crown pavement are shown in Fig-25. 
Penetration characteristics of measures were set respectively 
as 10cm in thickness based on technological standards [6]. 
The coefficient of permeability was converted into a value of 
10cm in thickness.  
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig-24 Analytical model in the vicinity of river levees 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig-25 Analytical model in measures section 
 
The rainfall and water level of the river in 2010/7/11 - 

2010/7/15 were set based on observational results. However, 
the seepage flow reacted in hypersensitivity when the rainfall 
condition was given. The analysis was emanated. Therefore, 
the analysis was executed without giving the rainfall. 
 

2) Analytical result 
The comparison between analytical results and 

observational results is shown in Fig-26. This is with respect 
to the water level of the levee of the monitored part. Fig-26 is 
a time history of the water level of levees of 0tu, 90tu, and 
110tu. Changes in the water levels of the levee for one week 
from 7/10 show roughly the same tendencies as this Fig with 
an analytical value and an observed value. Therefore, it is 
thought that this analytical model and technique roughly 
catch the seepage flow. 
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Fig-26 Time history of water level of the levee (outside 

measures section and edge) 
 
The profiles of the water levels of the levees at the flood 

peak are shown in Fig-27. The water level of the levees in the 
measures section lowered relatively more than the water level 
of levees outside the measures section. Therefore, 
countermeasures for sealing sheet pile and the seepage 
control sheet can be confirmed. 
Moreover, the flow of the direction of the running water in 

the river levee was seen from the flow velocity vector shown 
in Fig-28 at the edge in the sealing sheet pile section. The 
effect of infiltration measures were confirmed as well as the 
monitoring results. As a result, the influence of 
three-dimensional seepage flow at the edge of the measures 
section was reproduced during this analysis. 
 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig-27 Profile of water level of the levees (landside paste 

shoulder)  
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig-28 Flow velocity vector plane on sealing sheet pile 

upstream side in the vicinity of GL-1.5m 

 

8. CONCLUSION 

 
To verify the effect of infiltration measures of the river levee, 

on-site monitoring and three-dimensional seepage flow 
analyses were executed.  
As a result, the effect was confirmed by the observation of 

the water level of levees and analytical results with respect to 
the drain section of landside measures. 
Additionally, the effect of measures for the seepage control 

sheet for the water side measures and the sheet pile section 
were achieved by the observation of the water level of levees 
and the analysis. 
Moreover, the situation in which three-dimensional seepage 

flow was caused, was confirmed at the edge in the measures 
section. 
It is important to execute on-site monitoring continuously in 

the future so as to confirm the effect of long-term infiltration 
measures based on the results, and to make the best use of 
such for methods of managing design methods and for 
maintenance. 
 

9. ADDRESS OF THANKS  
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ABSTRACT: This study focuses on shear strength of compacted 
bentonite at different suction values. The soil used in this test 
program is sodium bentonite mixed with silica sand.  Soil-water 
characteristic curve was measured using vapor pressure technique 
which can provide a relationship between high soil suctions and 
volumetric water content.  Measured soil-water characteristic curves 
were observed few effects of compaction effort.  Unconfined 
compression testing on the compacted bentonite with soil suctions 
higher than 2.8 MPa were conducted out.  Vapor pressure technique 
was useful to apply high soil suctions to all compacted bentonite.  
Stress and strain curves were measured for various soil suctions, and 
were indicated the changing of shear properties due to soil suctions.  
Relationship between soil suction and shear strength were evidence 
in a linear failure envelope.  In addition, influence of rate of axial 
strain on unconfined compressive strength was observed in this 
study.   
 
Keywords: Bentonite, Soil suction, Vapor pressure technique, 
Unconfined compressive strength, Relative humidity. 

1. INTRODUCTION 

It is knowledge that bentonite consist of artificial barrier for 
radioactive waste disposal system.  Highly swelling behavior 
of compacted bentonite is useful to maintain safety for 
geo-environment.  Geotechnical engineers and 
geo-environmental engineers require interpreting mechanical 
properties of compacted bentonite.  Many experimental 
papers were published regard to some futures (i.e., thermo 
conductivity, chemical properties, hydro-conductivity, 
mineralogical composition and swelling behavior).  On the 
other hands, yield surface and constitutive models for 
expansive soil as like to compacted bentonite were suggested 
in high soil suction ranges with experimental test results.  
Osmotic technique or vapor pressure technique was 
 
 
 
 
 
 
 
 
 
 
 
 
 
 effectively for applying of high soil suction more than that of 

 
Fig. 1. Grain size distribution for silica sand. 

1.5 MPa.   Compacted bentonite with high soil suction 
induced the reduction of shear strength due to changing of 
relative humidity without water seepage.  Therefore, it is 
important to predict to decrease both stiffness and shear 
strength after reduction of soil suction.  There are lacks to 
study shear properties of compacted bentonite subjected to 
change of relative humidity.   
This study focuses on the influence of decreasing of soil 
suction on shear strength of compacted bentonite.  Before 
performing of unconfined compression test, all compacted 
bentonite specimens were placed in different relative 
humidity conditions using vapor pressure technique. As 
results, the different soil suctions were applied to specimens, 
and were measured the unconfined compressive strength.  
This study presents the relationship between unconfined 
compressive strength and soil suctions.   

2. TESTING PROGRAM 

2.1 Soil material 

Sodium bentonite was used for this test program.  Silica sand 
was mixed into the bentonite with a ratio of 30 % by dry 
weight.  The silica sand had a grain size distribution as shown 
in Fig. 1.  The specimen was statically compacted in the steel 
mold.   The mold had a height of 30 cm and a diameter of 5 
cm, respectively.  Also, the inside of mold was treated in 
order to decreasing the friction.  The soil specimen had a dry 
density of 1.6 g/cm3 as target value. 

2.2 Unconfined compression apparatus 

This testing program used a modified triaxial compression 
apparatus.  The basic construction of a modified triaxial 
compression apparatus is similar to the equipment suggested 
by Nishimura and Fredlund (2003).  The modified triaxial 
compression apparatus consisted mainly of a triaxial chamber, 
a pedestal, a steel mould, a double glass burette, a differential 
pressure transducer, a difference displacement sensor, load 
cell sensor and relative humidity control circulation system.  
The relative humidity control circulation system was 
established using a conventional pump, along with a small 
chamber with salt solution.  The air flow maintained a 
constant relative humidity surrounding the compacted 
bentonite. 

2.3 Vapor pressure technique 

Soil suction theoretically has a range from 0 kPa to 106 kPa  
Table 1.  Relationship between relative humidity (RH) and 
suction values for different salt solutions at 20 degrees 
(Delage et al., 1998). 

Influence of Decreasing of Soil Suction on Unconfined Compressive Strength for
 Bentonite 

T. Nishimura., Department of Civil Engineering, Ashikaga Institute of Technology, Japan 

First International Conference on Geotechnique, Construction Materials and 
Environment, Mie, Japan, Nov.21-23, 2011, ISBN: 978-4-9905958-0-7 C3051 
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Salt solutions 
(Chemical symbol) 

Relative 
humidity (%) 

Suction (kPa) 

K2S04 98 2,830 
KNO3 95 6,940 

NH4H2PO4 93.1 9,800 
NaCl 75 39,000 

Mg(NO3)2・6H2O 54 83,400 

MgCl2・6H2O 33 148,000 
LiCl 11 296,000 

 
 
which consists of matric suction and osmotic suction.  
Vanapalli et al., (1999) indicated that a suction value over 
than 1500 kPa can be considered as high suction.  The low 
suction (< 1500 kPa) can be controlled in a pressure plate 
apparatus using a porous plate or a micro porous membrane.  
The conventional shear testing apparatus is modified through 
the use of the axis translation technique.  The axis translation 
technique consists in increasing the ambient air pressure to 
values greater than atmospheric, so as to translate the 
pore-water pressure into the positive range.  In particular axis 
translation technique may be not suitable for investigating 
unsaturated soils at high degree of saturation because of the  
discontinuity of the air phase.  The high suction can be 
controlled using a vapor pressure technique.  High suction 
values can be achieved by controlling relative humidity (RH) 
using several different salt solutions in a desiccator (Delage et 
al., 1998).  The salt solution method was used in this study to 
achieve high suction values as summarized in Table 1.  The 
glass desiccator was then placed in a temperature controlled 
chamber for at least one month to allow the specimens to 
achieve an equilibrium condition with respect to the 
controlled suction.   

2.4 Measurement of soil-water characteristic curve for 
bentonite 

The compacted bentonite specimen with initial water content 
from 4.4 % to 5.9 % was placed in glass desiccators with 
different salt solutions.  The seven different salt solutions 
summarized in Table 1 were used in the test program.  The 
gravimetric water content of each soil specimens was 
measured after achieving the equilibrium condition.  As a 
result, the relationship between measured gravimetric water 
content and soil suction in high soil suction range can be 
obtained.  The initial samples had a diameter of 2.0 mm and a 
height of 1.0 cm, respectively. 

2.5 Unconfined compression test 

The specimens were statically compacted at initial water 
content from 4.4 % to 5.9 %.  The initial soil suction of the 
specimen was measured using the soil-water characteristic 
curve which gave a suction value of 110 MPa. 
The two desired suction values were 148 MPa and 2.8 MPa 
corresponding to RH of 33 % and 98 %.  Figure. 2 shows the 
bentonite specimens were remaining under constant relative  
 
 
 

 
Fig. 2. Applied soil suction .in the glass desiccator. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig. 3. Soil-water characteristic curve for bentonite. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig. 4. Soil-water characteristic curve for compacted 
bentonite. 
 
humidity in the glass desiccators.  At least one month, the 
bentonite specimens were placed to equilibrium with required 
soil suction.  The bentonite obviously occurred the swelling 
expansion when the soil suction decreased to 2.8 MPa from  
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Fig. 5. Volume deformation of compacted bentonite by 
changing of soil suction. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig. 6. Influence of rate of axial strain on stress and strain 
curves. 
 
110 MPa (i.e. initial soil suction).  On the contractor, the 
bentonite specimen was little shrinkage was observed due to 
increase of soil suction comparing initial soil suction (i.e. 110 
MPa).  After ensuring equilibrium conditions, the bentonite 
specimen having three differences soil suctions were set up in 
the modified triaxial compression apparatus.  The specimen 
was sheared at a rate of 0.007 % per minute and compression 
process was remained to at least 8.0 % in axial strain or until a 
peak value of deviator stress was observed.  For the bentonite 
specimen having soil suction of 2.8 MPa three difference 
rates were applied in the unconfined compression testing 
which were 1 % per minute, 0.013 % per minute and 0.007 % 
per minute.   

3 TEST RESULTS 

3.1 Soil-water characteristic curve 

Relationship between gravimetric water content or 
volumetric water content and soil suction of the bentonite are 
shown in Figs. 3 and 4.  These are difference between two 

soil-water characteristic curves in compaction or not.  
Changing of gravimetric water content is described against 
soil suction because all bentonite samples were no compacted 
condition.  Other hand, the soil-water characteristic curve in 
Fig. 4 was possible to order a volumetric water content that 
the bentonite samples remained a round column in shape 
throughout the SWCC testing.  Both gravimetric water 
content and volumetric water content decreased with 
increasing of soil suctions.  The decreasing of moisture in 
bentonite was large when soil suction regard from 2.8 MPa to 
83.4 MPa.  Beyond soil suction was 83.4 MPa, the moisture 
smoothly decrease with soil suction.  Two soil-water 
characteristic curves described similar tendency that is few 
influence of compaction effort on the soil-water characteristic 
curve for bentonite.  Figure 5 show relationship between 
volume deformation of compacted bentonite and soil suction.  
Initial compacted bentonite had a diameter of 2 cm and a 
height of 1 cm, respectively.  Also, it is predicted that initial 
soil suction was 110 MPa.  Changing of soil suction induced 
the volume change due to vapor hydraulic seepage.  The 
measured volume strain was over 30 % when soil suction 
approached to 2.8 MPa.  On the contrary, little shrinkages 
were measured when soil suction was over 110 MPa.   
Eventually, changing of soil suction gave similar tendency 
either volumetric water content or volume strain. 

3.2 Stress versus strain curve with various soil suctions 

Unconfined compression testing with three difference rate of 
shearing was previously conducted using the bentonite 
having a soil suction of 2.8 MPa.  Applied rates of shearing 
were 0.007 %/ per minute, 0.013 % per minute and 1.0 % per 
minute.  Figure 6 shows stress and strain curves.  It was not 
seem to be coincident in three curves.  There were large 
differences among three test results even maximum deviator 
stress.  For rate of 0.0 13 % per minute the low stiffness was 
observed comparison to other two stress and strain curves.   
Stress and strain curves for compacted bentonite with three 
difference soil suctions were determined from unconfined 
compression testing as shown in Figs. 7 to 9.  Figure 7 shows 
the curve of compacted bentonite having a mixture 30 % 
when soil suction is 110 MPa.  At beginning of shear the 
deviator stress increased rapidly, and approached to peck 
value.  Beyond the axial strain was 0.77 %, the bentonite 
failure that large reduction was described.  For soil suction of 
148 MPa obtained stress and strain curves were similar to that 
of soil suction of 110 MPa.  Increasing of deviator stress was 
rapidly as shown in Fig. 7.  Axial strains at failure had range 
from 0.84 % to 1.49 %.  Few scatters were observed in three 
specimens. 
On contractor, the bentonite with soil suction of 2.8 MPa 
described the stress and strain curves as shown in Fig. 9.  The 
deviator stress increased smoothly in shear process.  The 
bentonite remained the increasing of deviator stress that axial 
strain was till 2 %.  The deviator stress approached maximum 
value when the axial strain was 3.8 % or 4.8 %.  After the 
bentonite failure, shear resistance described smoothly  
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Fig. 7. Stress and strain curve with soil suction of 110 MPa. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig. 8. Stress and strain curve with soil suction of 148 MPa. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig.9. Stress and strain curve with soil suction of 2.8 MPa 
 
reduction.  It is clear that unconfined compressive strength for 
soil suction of 2.8 MPa was low in comparison with those of 
other soil suctions.  Also, the stiffness was calculated from 
the stress and strain curves, and summarized in Table 2.  It is 
evidenced that reduction of soil suction closely related to 
decreasing of the stiffness. 
 

Table 2.  Summary of stiffness with three difference soil 
suctions. 

Soil suction 
(MPa) 

Stiffness 
(MPa) 

2.8 5.8 
110 100.5 
148 127.9 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig.10. Relationship between unconfined compressive 
strength and soil suction.  
 

3.3 Relationship between shear strength and suction 

The relationship between unconfined compression strength 
and soil suction in the compacted bentonite are shown in Fig. 
10.  The failure envelope regard to soil suction was linear 
relations in range from 2.8 MPa to 148 MPa.  The shear 
strength of compacted bentonite had effectively influence of 
soil suction, and the angle of friction regard to soil suction 
was evaluated as 79.9 degrees.    

4 CONCLUSIONS 

This study focuses on both soil-water characteristic curve and 
shear strength for compacted bentonite using vapor pressure 
technique.  The decreasing of volumetric water content was 
obviously large in drying process when soil suction regard 
from 2.8 MPa to 83.4 MPa.  Beyond soil suction was 83.4 
MPa, it smoothly decreased with soil suction.  Also, 
decreasing of soil suction closely related to reduce the shear 
strength for compacted bentonite. 
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ABSTRACT: The objective of this study was to evaluate the 
maximum unsaturated undrianed shear strengths of compacted Khon 
Kaen soil, which were determined from unconsolidated undrained 
triaxial tests. The samples were compacted at 85% of maximum dry 
density by standard method. The samples were not measured soil 
suction during the test, but rather estimated soil suction from a soil 
water characteristic curve (SWCC) based on the volumetric water 
content of samples during the test. The drying soil water 
characteristics curve (SWCC) for the compacted Khon Kaen soils 
was determined from three methods, which were a hanging column 
method, a pressure plate method and an isopiestic humidity method. 
The maximum unsaturated undrained shear strength of compacted 
Khon Kaen soils was investigated in the transition zone. The 
relationship between soil suction and the maximum unsaturated 
undrained shear strength of compacted Khon Kaen soil was a good 
related in the form of exploration of the value of R2 = 0.98. 
 
Keywords: unconsolidation undrained triaxial test, soil water 
characteristic curve, soil suction, maximum unsaturated 
undrained shear strength 

1. INTRODUCTION 

The objective of this study was to evaluate the maximum 
unsaturated undrianed shear strengths of compacted Khon 
Kaen soil, which were determined from unconsolidated 
undrained triaxial tests.  
The samples were not measured soil suction during 
unconsolidated undrained triaxial tests, but rather estimated 
soil suction from the soil water characteristic curve (SWCC) 
based on the volumetric water content of the sample during 
the test. The drying soil water characteristics curve (SWCC) 
for the compacted Khon Kaen soils was determined from 
three methods, which were hanging column method, 
pressure plate and isopiestic humidity method. 
The volumetric water content during UU test was calculated 
from an initial moisture content of sample and volume 
change of soil during shear as presented in (1).  

w
w

i

V w.Ws
θ =

V V -ΔV
                                                   (1) 

Where w  = volumetric water content; Vw  = volume of 
water; V =  total volume of soil; w  = moisture content; Vi 
= initial volume of specimen; V = volume change of 
specimen; and Ws = mass of dry soil. 
 
Due to both of pore water and pore air pressures were not 
measured during unconsolidated undrained triaxial tests. 
Therefore the maximum unsaturated undrained shear 

 
 

strength of compacted Khon Kaen soils was related to the 
total stress.  

2. BASIC PROPERTIES 

The basic and engineering properties of Khon Kaen soils are 
presented in Table 1.  
The USCS classifications of Khon Kaen soil based on the 
results of soil particle distribution curves and Atterberg 
limits.   
The maximum dry density and optimum moisture content 
Khon Kaen soil was determined by standard compactive 
effort (ASTM D698 – 00a). 
 
Table 1. The basic and engineering properties of Khon Kaen 
soils 

Particle Size Distribution  
Clay (%) 13 
Silt (%) 31 
Sand (%) 56 
Atterberg Limit  
LL (%) 20.3 
PL (%) 14.5 
PI (%) 5.8 
USCS Classification SM -SC 
Gs 2.65 
Standard Compaction  
OMC (%) 8.25 
Maximum dry density (t/m3) 2.00 

  

3. SOIL WATER CHARACTERISTIC CURVE 

The initial dry density, moisture content and void ratio of 
compacted Khon Kaen samples were 1.7 t/m3 (or 85% of 
maximum dry density), 14 % and 0.47, respectively.  
The drying soil water characteristics curve (SWCC) for the 
compacted Khon Kaen soils was determined from three 
methods, which were a hanging column method, a pressure 
plate and an isopiestic humidity method.  
According to [1], the hanging column method was used to 
determine suctions in the range of 0 to 9.81 kPa.  
The pressure plate method (refer to [2]) was used to 
determine SWCC for a suction values between 10 to 1,500 
kPa.  
Finally, SWCC at suctions above 1500 kPa were determined 
from the isopiestic humidity method. In this method three 
solutions, which were Copper Sulphate (CuSO4), Ammonium 
Chloride (NH4Cl) and Sodium Hydroxide (NaOH.H2O) were 
used to determine SWCC at 3,900, 30,900 and 365,183 kPa 
for a suction value, respectively. Data points above 1500 kPa 
were total suction values [3]. 

The Relationship between Soil Suction and the Maximum Unsaturated 
Undrained Shear Strengths of Compacted Khon Kaen Soil 

R. Nuntasarn. Weerawat Wannakul., Department of Civil Engineering, Khon Kaen University 
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The relationships between soil suction and volumetric 
moisture content are illustrated in Fig. 1.  
Fig. 1 showed that the projected air entry value for compacted 
Khon Kaen soils was equal to 12 kPa and a very low residual 
volumetric moisture content of 1.0%. Therefore the suction 
range of transition regime was between 12 to 45,000 kPa. 
 

 
Fig. 1. The relationship between soil suction and volumetric 
moisture content of compacted Khon Kaen soil 

4. UNSATURATED UNDRAINED SHEAR 
STRENGTH  

Ten samples of Khon Kaen soils were compacted into a 
mold with a diameter of 50 mm and 100 mm high to obtain 
the initial dry density, moisture content and ratio of 1.7 t/m3, 
14%, and 0.47, respectively. All samples were determined 
an undrained shear strength by the unconsolidated undrained 
test (UU test) at a confining pressure of 100 or 200 kPa. Two 
samples were tested immediately after compaction. Another 
eight samples were air dried for 2, 12, 24 or 72 hours prior to 
undrained shear. The initial moisture content was measured 
after shear to determine the initial soil suction by assumed 
the moisture content during testing was not changed.  
The volume changes of soil samples were monitored as the 
sample was loaded at an axial strain rate of 0.1 % via the 
volume of water flowing out of, or into, the triaxial chamber.  
The volumetric water content during UU test was calculated 
from an initial moisture content of sample and a volume 
change of soil during shear as presented in (1).  
The summaries of initial test condition and result of UU test 
for unsaturated compacted Khon Kaen soils is provided in 
Table 2 and 3, respectively. 
The relationship between stress and strain of unsaturated 
compacted Khon Kaen soils for UU test in Fig. 2 showed the 
strain hardening behavior, except that soil samples were air 
dried for 72 hours prior to shear. Therefore the failure was 
defined as 15% axial strain except that soil samples with 72 
hours air dried. The failure of soil samples with 72 hours air 
dried was defined as the maximum deviator stress. 
The relationship between axial and volumetric strain, as 
presented in Fig. 3, indicated that the sample, which was air 
dried for 72 hours and subjected to confining pressure of 200 
kPa, exhibited dilation. The initial moisture content and 
volumetric moisture content of this sample was 3 % and 
4 %, respectively, which was corresponded to soil suction of 
15,230 kPa. 

Table 2. The initial condition of unconsolidated undrained 
test for compacted Khon Kaen soils 

Sample Initial 
moisture 
content 

(%) 

Initial 
volumetric 
moisture 

content (%) 

Initial soil 
suction 
(kPa) 

CP =100 kPa   
(0 hrs-air dry)

14.9 25 53 

CP =200 kPa   
(0 hrs-air dry)

14.4 21 188.5 

CP =100 kPa   
(2 hrs-air dry)

14.3 24 87 

CP =200 kPa   
(2 hrs-air dry)

13.6 20 245 

CP =100 kPa 
(12 hrs-air dry)

10.8 18 419 

CP =200 kPa 
(12 hrs-air dry)

9.6 16 705 

CP =100 kPa 
(24 hrs-air dry)

8.8 15 1000 

CP =200 kPa 
(24 hrs-air dry)

7.2 12 2026 

CP =100 kPa 
(72 hrs-air dry)

4.7 6 9263 

CP =200 kPa 
(72 hrs-air dry)

3.1 4 15230 

 
Table 3. The summaries of unconsolidated undrained test for 
compacted Khon Kaen soils 

Sample soil suction 
at failure 

(kPa) 

3f 

(kPa) 
1f 

(kPa)
max 

(kPa) 

CP = 100 kPa 
 (0 hrs-air dry) 

37 100 170 35 

CP = 100 kPa 
(2 hrs-air dry) 

52 101 183 41 

CP = 100 kPa 
 (12 hrs-air dry)

270 98 259 81 

CP = 100 kPa 
(24 hrs-air dry)

716 98 344 123 

CP = 100 kPa 
(72 hrs-air dry)

8779 101 1281 590 

CP = 200 kPa 
 (0 hrs-air dry) 

118 201 304 52 

CP = 200 kPa 
 (2 hrs-air dry) 

149 199 348 75 

CP = 200 kPa 
 (12 hrs-air dry)

460 199 487 145 

CP = 200 kPa 
 (24 hrs-air dry)

1576 198 647 225 

CP = 200 kPa 
 (72 hrs-air dry)

17467 198 1560 681 

 
The plot between deviator stress and soil suction for samples 
with high soil suction as provided in Fig. 4 indicated that the 
soil suction dropped significantly after the peak deviator 
stress had been reached as presented in Fig. 2 due to  the 
behavior of soils as a strain-softening. On the other hand, the 
stress-strain behavior of samples with low soil suctions 
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indicated the strain hardening (see Fig. 2). Therefore the soil 
suction remained constant thereafter the residual soil suction 
had been reached as presented at Fig. 5. 
Fig. 6 and 7 presented that the soil suction of unsaturated 
compacted Khon Kaen soils with a high initial soil suction 
value was deceased continuously with axial strained. 
Meanwhile the soil suction of the other soil samples was 
quite constant with axial strain. 

5 DISCUSSION 

The soil suction range, which used in this experiment, was 
between 35 to 17,500 kPa. This range of soil suction was on 
the transition zone. This indicated that the samples were 
unsaturated. According to [4] the soil suction range between 
100 to 10,000 kPa is on the adsorbed film regime. The 
bonding between water and the soil particle on this regime is 
short-range solid-liquid interaction mechanism. A soil 
suction value of the samples, almost all is in the adsorbed film 
regime. This explained that the bonding between water and 
soil particle of the compacted Khon Kaen soils was 
short-range solid-liquid interaction mechanism. 
Fig. 8 showed the extended Mohr circles at failure as total 
confining pressure of 100 and 200 kPa. The typical Mohr 
circles at failure of compacted Khon Kaen soils as total 
confining pressure of 100 and 200 kPa was presented in Fig. 9 
and 10, respectively. Fig. 9 and 10 was illustrated the total 
stress path of various soil suctions. Then the plot of maximum 
shear versus soil suction on a log scale as 100 and 200 kPa 
total confining pressure was illustrated in Fig. 11 and 12, 
respectively. Fig. 11 and 12 was provided the path of soil 
suction in term of total stress. These paths showed a good 
non-linearly correlation between the maximum undrained 
shear strength and soil suction.  However, a soil suction value 
of this study was not measured but it was estimated from 
SWCC. 
 

 
Fig. 2. The stress-strain curve of unsaturated compacted 
Khon Kaen soils from UU testing 
 

 
Fig. 3. The relationship between vertical and volumetric 
strain of unsaturated compacted Khon Kaen soils from UU 
testing 

 
Fig. 4. The relationship between a high suction and deviator 
stress of unsaturated compacted Khon Kaen soils from UU 
testing 

 
Fig. 5. The relationship between a low suction and deviator 
stress of unsaturated compacted Khon Kaen soil from UU 
testing 



 

110 
 

 

 
 
Fig. 6. The relationship between a high suction and axial 
strain of unsaturated compacted Khon Kaen soils from UU 
testing 

 
 
Fig. 7. The relationship between a low suction and axial strain 
of unsaturated compacted Khon Kaen soils from UU testing 
 

 
Fig. 8. The extended Mohr circles of compacted Khon Kaen 
loess 

 
 
Fig. 9. Typical Mohr circles at failure with various soil 
suctions for compacted Khon Kaen soils as 100 total 
confining pressures 

 
 
Fig. 10. Typical Mohr circles at failure with various soil 
suctions for compacted Khon Kaen soils as 200 total 
confining pressures 
 

 
Fig. 11. The soil suction path of compacted Khon Kaen loess 
as 100 kPa total confining pressure 
 

 
Fig. 12. The soil suction path of compacted Khon Kaen loess 
as 200 kPa total confining pressure 

6 CONCLUSION 

Khon Kaen loess was compacted at 85% of maximum dry 
density by standard compactive effort to determine the 
unsaturated undrained shear strength parameter from the 
unconsolidated undrained test. Due to the pore water and 
pore air pressure did not measure during test, since the soil 
suction was estimated from SWCC.  
The SWCC of compacted Khon Kaen loess showed the 
residual volumetric moisture content of 1.0 % and the air 
entry value of 12 kPa.  
Finally, the path of soil suction during undrained 
unconsolidation test in term of total stress showed a good 
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non-linearly correlation between the maximum undrained 
shear strength and soil suction. 
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ABSTRACT: The term stresses on soils, soil samples are much 
discussed by soil researchers , but the strains are not. Stresses are                   
invisible ,but the strains [deformations] are visible. Strain describes 
the distortion of a body in response to an applied force. Strain is 
homogeneous when any two portions of the body that were similar 
in form and orientation before are similar in form and orientation 
after strain. Homogeneous by definition means the strain is 
homogeneous. Conversely, heterogeneous  strain  implies 
heterogeneous deformation. Because heterogeneous strain is more 
complex to describe than homogeneous strain, even 
heterogeneously strained bodies or regions are analyzed by   
separating     them     into homogeneous portions. In other words, 
homogeneity of deformation is a matter of  scale.   
In this paper  the directional variation of undrained strength of clay  
as identified by Casagrande and  Corrillo [1]. [3]. is taken as 
illustration and interpreted in terms of Coaxial and Non coaxial 
strain as analytical tool. 
 
1. INTRODUCTION 
Isotropic stress acts equally in all directions, it results in a 
volume change of the   body.Deviatoric stress, on the other 
hand, changes the shape of a body [2] 
 
 
 
 
 
 
 
 
                                                                                                       
 
 
 
 
 
In a homogeneously strained, two-dimensional body there 
will be at least two material lines that do not rotate relative to 
each other, meaning that their angle  remains the same before 
and after strain.  A material line connects features , such as an 
array of grains, that are recognizable  throughout a body’s                   
strain  history.  The circle deforms and changes into an ellipse. 
In   homogeneous strain, two orientations of material lines 
remain perpendicular before   and after strain. These two 
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material lines form the axes of an ellipse  that is  called  strain 
ellipse.The principal incremental strain axes rotate to the 
finite strain axes, a scenario that is called  non- coaxial strain  
accumulation.The case in which the same material lines 
remain the principal strain axes at each  increment is called 
coaxial strain  accumulation.                       
2.0 Undrained Shear Strength of Clay 
 Let the undrained shear strength of a soil specimen with its 
axis vertical be referred to Su[V]. Similarly let the undrained 
shear strength  with its axis horizontal be referred to as Su[H], 
If  Su[V]. = Su[i] = Su[H]  the soil is isotropic. Here Su{i} is the 
undrained shear strength when he major principal stress 
makes an angle  i with the horizontal. If the soil is anisotropic, 
Su[i] will change with direction. Cassagrande and  Corrillo 
proposed the following equation for the directional variation 
the undrained shear strength; Su[i]= Su[H] + [Su[V]    
 -Su[H] ] sin2 i. For this illustration the figures and calculations 
are transformed into Coaxial and Non-coaxial diagrams with    

       minimum changes. The Circle and the strained ellipsoids  
       help to identify the anisotropic behavior of clay. Since the  
       sample is  pure clay only pure shear is  involved and and the  
       simple shear is applicable only for sand .The following 
       figure 2  explains simple shear and pure shear . [2]                
 
       
 
 
 
    
 
 
          
 
 
 
 
 
         
 
 
 
 

2. VARIATION OF UNDRAINED  
SHEAR STRENGTH 

           In this paper the directional variation of undrained strength          
of       clay as identified by as  Casagrande and Corrillo [1] .[3]. is  
          taken as illustration and  interpreted in terms of Coaxial and  
           Non coaxial strain as  analytical tool. 
O       Anisotropy in undrained shear strength: 
          Owing to the nature of the deposition  of cohesive soils and  

Interpretation of Coaxial and Non-Coaxial Strain on Directional Variation of 
Undrained Strength of clay 

J.Rajaraman1 and K. Thiruvenkatasamy2

Figure 1 

Figure  2 
22

Figure 2 The rigid spheres slide past one another to  
Accommodate the shape change without distortion of 
the individual marbles . In figure 2b the shape change 
is achieved by changes in the shape of individual clay 
balls to ellipsoids, are quite different.   

Figure 1 
Figure 1 The mean (hydrostatic ) and deviatoric 
components of the stress. (a)mean stresscauses volume 
change and (b) Deviatoric stress causes shape change
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          subsequent  consolidation, clay particles tend to become 
          oriented perpendicular to the direction of the major 
          principal stress. 
 
 
 
 
 

                         
                    
 
        
  Figure 3 Strength anisotropy in clay. 
                                                    
    Parallel orientation of clay particles could cause the strength of  
    the clay to vary with direction, or in other words   the clay could  
    be anisotropy with respect to strength. This can be                                                                         
    demonstrated with the aid of the above figure, in which V, H   
    are vertical and  horizontal directions that coincide with lines   
    perpendicular and parallel to the bedding planes of a soil  
    deposit.     
     If a soil specimen with its axis inclined at an angle i with the 
    horizontal is collected and subjected to an undrained test, 
    the undrained shear strength can be given by  
                      Su(i) =  σ1-σ3                                                       (1)                                                                                
                                        2                                                                  
    Where   Su(i) is the undrained shear strength when the major 
    principal stress makes an angle i with the horizontal.         
    Let the undrained shear strength of a soil specimen with its 
     Axis vertical [i.e; Su(i=90

o
)] be referred to as Su(V) Figure 3(a). 

     Similarly the undrained shear strength with its axis  
     horizontal [i.e; Su(i=0

o
)] be referred to as Su(H) figure 3(c). 

  
 

 Figure 4 Directional Variation of undrained strength of clay. 
If Su(V) =Su(i) =Su(H), the soil is isotropic with respect to strength, 
and the variation of undrained shear strength can be represented  
by a circle in a polar diagrams shown by curve a in figure 4. 
 
 
 
 
 
 
 
 
 
     
 If     If the soil is anisotropic, Su(i) will change with direction. 

 Casagrande and Carrillo (1944) proposed the following  
equation for the directional variation of the undrained shear 
strength ; 

           Su(i) = Su(H)  +[Su(V) – Su(H) ] sin2 i                        (2) 
 
    4. COAXIAL AND NON-COAXIAL STRAIN ANALYSIS        
 
 
 
 
 
 
 
 
 
 
 
          
 
 
 
 
 
 
 
 
         
 
 
 
 
 
 
 
 
 
               
 
 
 
           

Figure10   A combination of simple shear [a special case of 
non-coaxial strain] and pure shear [coaxial strain]is called 
general shear or general non-coaxial strain. Two types of 
general shear are transtension [a] and 
transpression[b],reflecting extension and shortening 
components.

    Figure 9 Homogeneous strain describes the 
   transformation of a square to a rectangle or  
   a circle to an ellipse.  Two material lines that 
   remain perpendicular before and after strain 
  are the principal axes of the strain ellipse [solid lines].  
  The dashed lines are material lines that do not 
  remain perpendicular after strain; they rotate 
  toward the long axis  of the strain ellipse. 
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        5. COAXIAL STRAIN INTERPRETATION 
           Now the discussion can be extended to co-axial strain  
           analysis .The following figures will be useful for  
           interpretations. 

 
 
 
 
     Figure 5. 
 
When i =0 the major principal stress makes an angle 900 with 
the horizontal plane(bedding plane ) as identified in figure 
3b.Since σ1 is compressive stress acting vertically down , the  
circle becomes ellipse elongated along x direction and 
compressed in y direction. This is similar to the curve c 
shown in figure 4 
 
 
 
                                     
 
 
 
 
 
 
 
 
 
 
 
 

When σ1 acts parallel to the bedding plane as compressive 
axial stress and i =90o the major principal stress σ1 makes an 
angle 90o with the vertical. In this case the circle becomes 
ellipse elongated in y direction and compressed in x direction. 
This is similar to curve b in figure 4. 
This circle representing the curve a in figure 4 and it takes a 
path in between the deformed ellipse representing  
the directional variation of the shear strength. The combined 
diagram of figures 5, 6 &7 is given below.  
 

 

 
Figure 8  Co-Axial strain on clay ( pure Shear ) 
  
5.1 Coaxial Strain and Anisotropy 
When Su(V) > Su(H) , the nature of variation of Su(i) can be 
represented by curve b in   figure 2.  If Su(V)< Su(H) , the 
variation of Su(i) Is given by curve c .The coefficient of 
anisotropy can be defined as : 
                       K=  Su(V) 

                             Su(H)                  
 

Figure 7 

Figure 6 
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  In the case of natural soil deposits , the value of K can vary 
from 0.75 to 2.0. K is generally less than 1 in 
overconsolidated clays. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
              TABLE I Coaxial Strain And Anisotropy (K) 
 
 
 
 
 
 
 
 
 
           TABLE  II Shear Strength and Coaxial Strain Ellipses  
 
 
      
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
     i = angle with the horizontal plane (bedding plane ) 
     MPS – major principal stress 
     σ1, σ3 are major and minor principal stresses. 
 
6．CONCLUSION : 

1. Pure clay is associated with pure shear or coaxial 
strain .No simple shear. 

2. Figure 4 is confined to quadrant 1only.Figure 8 
covers all 4 quadrants. And includes figure 4 (curve 
b,a and c). 

3. Strain ratios measured agree with the the familiar 
coefficient of anisotropy ( K) which ranges from 
0.75 to 2.0 (as shown in Table I) 

4. X axis and Y axis form material lines perpendicular 
to each other. As a result the deformation X/Y or 
Y/X as strain ratio are calculated  

5. i and strain ratios are related as shown in Table II  
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ABSTRACT: Granular pile anchor foundations (GPAF) are a 
promising foundation system that can be used to mitigate the serious 
consequences of volumetric changes of reactive soils, both during 
expansion and shrinkage. This paper presents results from 3D finite 
element analyses, using PLAXIS software, undertaken on a typical 
double-story building constructed over a system of GPAF in a 
reactive soil. The study investigates the ability of the GPAF system 
to resist the forces induced by soil movement due to moisture 
variation, and the impact of this resistance on the straining actions 
affecting the superstructure. The results confirm the efficiency of the 
GPAF system in arresting the movement of the reactive soil, which 
in turn improves the structural responses of the building in terms of 
induced deformations, angular distortions and internal forces.    

1. INTRODUCTION 

Reactive soils are clays that swell and shrink with changing 
moisture content, and are found in many arid and semiarid 
regions around the world. For example, it is estimated that 
20% of the Australian surface soil can be classified as reactive 
[1]. There are several factors that influence the swelling and 
shrinking potential of clay soils, including the amount and 
type of clay minerals, cation exchange capacities, availability 
of moisture and the initial water content. The swell/shrink 
ground movements associated with reactive soils pose 
significant challenge to the geotechnical community as they 
cause distress to foundations of lightweight structures and 
cracking in retaining walls, pavements, canal beds and linings 
[2, 3].  

Despite the numerous foundation systems that have been 
developed over the past decades to control the movements 
induced by reactive soils, substantial financial losses are still 
incurred every year in many places around the world. For 
example,  the American Society of Civil Engineers estimated 
that about one quarter of all homes in the US have 
experienced some damage from reactive soils; the financial 
losses incurred by property owners exceed those caused by 
natural disasters such as earthquakes, floods, hurricanes and 
tornadoes combined [4]. In Australia, and despite the 
stringent regulatory requirements, most of the lightweight 
buildings constructed on reactive soils experience some 
distortional damage during their early lives [5].  

The literature includes numerous solutions for construction 
on reactive soils, including replacement of the entire reactive 
material, pile foundations [6], soil stabilization using 
additives [7, 8], and implementation of special types of 
foundations such as drilled and friction piers [3]. One 

 
 

 

promising, special foundation solution that has been recently 
proposed is the granular pile anchor foundation (GPAF). The 
GPFA is an innovative technique that has shown great 
potential as a solution to founding structures safely into 
reactive soils. The GPAF system was first proposed by 
Phanikumar and Ramachandra Rao [9] for reactive soils 
under heave conditions and was later pursued by other 
investigators [e.g. 10, 11] via laboratory and field trials. In an 
attempt to determine the controlling parameters of the GPAF 
technique to resist the heave and shrinkage induced by 
reactive soils, the efficiency of the technique was further 
investigated numerically by Ismail and Shahin [12] using the 
finite element method (FEM). Despite the success of the 
GPAF reported by the above investigators, it is yet to be 
applied in practice, primarily due to the limited field trials.  

In this paper, the performance of the GPAF system under 
heave and shrinkage is investigated by 3D numerical analysis 
for a typical double-story, four-bay structure founded in 
reactive soil. The investigation explored the efficiency of the 
system in arresting the ground movements induced by soil 
heave/shrinkage, and the implications of this on the internal 
forces experienced by the superstructure.   

2.  CONCEPT OF GPAF SYSETM 

Fig. 1 shows the concept of the GPAF system, which is a 
hybrid solution in which a shallow foundation is supported on 
a granular pile that derives its resistance from the interface 
between the granular pile and surrounding reactive soil.  
 

Expansive Soil

Anchor Plate

Granular Pile

Footing

Pile Uplift 
Resistance

Heave Uplift Pressure

Pile Anchor

 
Fig. 1: Typical GPAF system 
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As can be seen in Fig. 1, a typical GPAF system consists of a 
pile of granular material installed into the reactive soil. A 
concrete footing is then constructed above the granular pile 
and connected to it via a steel anchor that is monolithically 
casted with the concrete footing to transfer the load between 
the footing and the pile. The uplift resistance is mobilized as 
skin friction along the periphery of the granular pile at its 
interface with the surrounding soil. The force in the pile 
anchor is transmitted to this interface via a base plate that is 
rigidly connected to the pile anchor. According to this 
arrangement of the anchorage system between the footing and 
granular pile, the latter cannot only reinforce the ground (as in 
the case of soft clay and loose sand) but can also effectively 
resist the uplift forces from an expansive soil. As can be 
inferred from Fig. 1, the uplift resistance of the GPAF system 
is a function of the self-weight of the pile-footing assembly, 
interface shear strength, surface area of the granular pile and 
normal stress developed during expansion of the soil 
surrounding the pile. In the experiment performed by 
Phanikumar et al. [13], the undrained shear strength of the 
expansive clay surrounding the granular pile was shown to 
have increased by about 20%, compared with the clay in the 
free field zone due to the expansion-induced normal stresses.   

3. NUMERICAL ANALYSES OF TWO-STORY 
BUILDING RESTING ON GPAF SYSTEM 

In order to investigate the efficiency of the GPAF system in 
practice, a two-story four-bay frame building resting on a 
system of GPAF is considered in the current study. The 
problem is analyzed by numerical modeling using the 
commercially available finite element software PLAXIS 3D 
Foundation [14].  

3.1 Problem Identification 

The two-story frame building considered in the current study 
is 6 m high (each story is 3 m in height), and is 20 m × 20 m in 
plan with each bay having dimensions of 5 m × 5 m. A ceiling 
slab of 160 mm thick is assumed for each story. The slabs are 
supported by beams, 300 mm wide and 400 mm deep, which 
in turn rest on square columns of dimensions 300 mm × 300 
mm. The dead load of each structural component of the frame 
building is considered according to the material unit weight of 
that component, and an additional distributed live load of 5 
kPa is also assumed to act on top of the slabs. All concrete 
materials (including footings) are made of concrete of an 
elastic modulus of 35 GPa, Poisson’s ratio of 0.2 and unit 
weight of 24 kN/m3.   

The GPAF system consists of square pad footings of 
dimensions 2 m × 2 m, each supported on a group of three 
granular piles of 0.5 m in diameter and 3.0 m in length. A 
schematic diagram of the arrangement of the three granular 
piles within the pad footing is shown in Fig. 2. A group of 
piles is used rather than a single pile to enhance the rotational 
stiffness and stability of the system. The problem is analyzed 
using the 3D model presented in Fig. 3, which has a 
discretized mesh that consists of 17,880 wedge elements of 15 

displacement nodes and 6 Gaussian stress points each.      

Granular pile

2 m

2 
m

0.5 m

0.1 m

Pad footing

Pile anchor

 
Fig. 2: Schematic diagram of the pad footing with three 

granular pile anchors 
 

 
 

 
 

Fig. 3: FEM 3D model: (a) double-story building including 
GPAF system; (b) plan view of building foundation; (c) mesh 

discretization 

Heave/Shrinkage area

Footing 

Ground beam 

Foundation Level 
(a) 

(c) 

(b) 
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The idealized ground profile consists of a gently sloping 
reactive clay layer of an average thickness of 3.5 m (across 
the footing foot print) overlying dense sand of an average 
thickness of 11.5 m. The model is strategically refined around 
the footing and granular piles to improve the accuracy of the 
analysis and the boundaries are located farther from the area 
of interest to minimize the boundary effect. The concrete 
footings are located 1.0 m below the ground surface and are 
modeled using a Mindlin’s plate element of thickness of 0.6 
m. The pile anchor is modeled as an elastic embedded pile 
[14] of 75 mm in diameter with an elastic modulus of 200 GP. 
The steel base plate is modeled as an infinitely rigid plate. All 
pad footings are connected by concrete tie beams (see Fig. 3b), 
300 mm wide and 600 mm deep.        

3.2 Soil Models and Parameters 

The reactive clay is modeled using a Mohr-Coulomb (MC) 
model and is assumed to behave in a drained manner during 
expansion and shrinking. The underlying dense sand and 
granular pile material are best modeled using the hardening 
soil constitutive model (HS). The HS model [15] is a 
non-linear elastic plastic formulation which adopts multiple 
yield loci as a function of plastic shear strain and a cap to 
allow volumetric hardening. The non-linear stress strain 
relationship is represented by a hyperbolic formula, with 
primary loading governed by a secant deformation modulus 
(E50) at 50% of the material strength. Loading and unloading 
within the current yield surface are assumed to be elastic 
(defined by a separate modulus, Eur) with failure governed by 
the Mohr-Coulomb failure criterion. Both E50 and Eur evolve 

with the minor effective stress, 3
' , according to the 

following formula: 
m

ref

ref

pc

c
EE 


















sincos

sincos 3
5050             (1) 

 
where: c is the soil effective cohesion, ϕ is the effective peak 
friction angle, m is the exponent that controls the dependency 
of the stiffness on stress and pref  is the reference stress 

corresponding to refE50 . A summary of the material parameters 

used for all soils are presented in Table 1.  It should be noted 
that the properties of the reactive clay are those evolving after 
the wetting/drying event and during expansion/shrinking.  In 
reality, the strength of a reactive soil degrades during 
expansion and increases during shrinking (due to suction), but 
this is not modeled in this study.  

The rate of volume change at which reactive clays would 
normally encounter depends on the location from the source 
of moisture and magnitude of overburden pressure. In the 
current study, a leaking event of an underground water 
facility located underneath the central column is assumed to 
cause arbitrary values of heave and shrinkage of 20% and 
10%, respectively, over the layer thickness of the affected 
area underneath the central footing, as shown in Fig. 3b.  Both 
heave and shrinkage were modeled by applying equivalent 
volumetric strains to the affected area. The heave and 

shrinkage events are applied independent of each other, 
starting from the stage after application of the dead and live 
loads.  

Table 1. Soil properties used in the finite element analyses 

Parameter 
Soil Type 

Reactive 
Clay 

Dense 
Sand 

Granular 
Pile 

 (kN/m3)(1) 15 20 20 
refE50 (MPa) 2 75 200 
ref

oedE (MPa) – 75 200 
ref

urE (MPa) ̶ 200 600 

c (kPa) 2 0.1 0.1 
 (°) 24 36 40 
ur

( 2) 0.35 0.2 0.2 
pref (kPa) – 100 100 

m – 0.5 0.5 
K0

(3) 0.6 0.4 0.4 
(1) Soil unit weight; (2) Unload-reload Poisson’s ratio; (3) Coefficient of 
earth pressure at rest.

4. RESULTS AND DISCUSSION 

In order to investigate the efficiency of the GPAF system in 
enhancing the behavior of the two-story building constructed 
over a reactive soil, an additional independent analysis is 
carried out for the building resting on pad footings without 
the GPAF and the results are compared with those obtained 
from the analysis of the building resting on the GPAF system. 
The comparison is made for the top beams of the central 
frame (i.e. beams B1 to B4 in Fig. 4). The comparison results 
in terms of induced deformations due to heave and shrinkage 
are shown in Fig. 5, and the angular distortions and bending 
moments due to heave are given in Table 2.   
 

GS

B1 B2 B3 B4

Footing

5 m 5 m 5 m 5 m

3 
m

3 
m

3 
m

1 
m

Reactive clay

Dense sand

 
Fig. 4: Schematic diagram of the central frame 

 
It can be seen from Fig. 5 that the ability of the pad footings to 
resist the vertical movements induced by soil heave is 
significantly improved when the GPAF system is used. The 
maximum vertical displacement induced by soil heave for 



 

120 
 

beams B1–B4 without the GPAF system is found to be equal 
to 6.7 mm, whereas negligible vertical movement is 
developed when the GPFA system is used. More importantly, 
it can be seen from Table 2 that all beams undergo much less 
angular distortions when the GPFA system is used. For 
example, the angular distortion of beam B2 without the GPAF 
system is some 300 times greater than that experienced when 
the GPAF system is used. 
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Beam Initial Position

Fig. 5: Deformation of central beams B1 to B4 due to 
heave and shrinkage  

 
Table 2. Angular distortions and internal forces of central 

beams B1 to B4 due to heave 
 

Beam  
Number 

Angular 
distortion 
(× 10–5) 

Maximum 
negative 
moment 
(kN.m) 

Maximum 
positive   
moment 
(kN.m) 

B1 
GPAF 0.6 44.6  23.0 
No GPAF 50 81.2  29.3 

B2 
GPAF 0.2 59.8  26.0 
No GPAF 59 130.2  25.3 

B3 
GPAF 2.8 58.0  28.0 
No GPAF 64 132.4  28.6 

B4 
GPAF 1.8 44.0  25.0 
No GPAF 51 79.7  29.6 

Note: 20% Heave: Free field heave = 75 mm 

 
Previous investigations found in the literature did not address 
the suitability of the GPAF system to resist shrinkage events 
when reactive soil loses moisture. However, it can be readily 
shown from Fig. 5 that under such event the GPAF system is 
capable of arresting the shrinkage and significantly reducing 
its induced settlement. It is found that the maximum beam 
settlement induced by soil shrinkage for the building with 
GPAF system is reduced by about 75% compared with the 
case of no GPAF system. It should be noted that the capacity 
of the GPAF system to resist shrinkage is a result of its ability 
to bear directly on the piles (while still in contact with the 
shrinking soil), which in turn could engage the bearing 

capacity of the sand layer that embrace the base plate (there 
are evidences that down drag forces are transferred to the 
shrinking soil).  Given that the granular pile has no tension or 
bending capacity, it is therefore expected that the maximum 
capacity to resist shrinkage will be reached when the 
shrinking soil detaches itself completely from the granular 
pile. In such case the shrinkage resistance can be significantly 
improved by encasing the granular pile into a stiff, geogrid 
case to stop the pile from bulging. 

As can be seen in Table 2, the use of the GPAF system 
significantly reduced the maximum negative bending 
moments of all beams, but slightly reduced the maximum 
positive bending moments. For example, the maximum 
negative and positive moments of beam B1 are 81.2 and 29.3 
kN.m, respectively, for the case without the GPAF system, 
whereas these values are reduced to 44.6 and 23.0 kN.m, 
respectively, for the case with the GPAF system.    

The practical implication of the above results is that the use of 
the GPAF system for light-weight structures can significantly 
reduce the superstructure damage induced by reactive soils, 
leading to immense savings on the cost of structural repairs 
and ongoing maintenance.  

5. SUMMARY AND CONCUSIONS 

This paper presented results from 3D FEM analyses of the 
granular pile-anchor foundation (GPAF) system as a 
plausible foundation solution for light-weight structures built 
on reactive soils. The paper investigated the superstructure 
response of two-story, four-bay frame building to the ground 
heave/shrinkage induced by reactive soils.  

The results indicate that the effect of the GPAF system in 
reducing the vertical displacement and angular distortion 
induced by soil heave are quite significant. It was shown that 
the maximum vertical displacement of 6.7 mm that is 
developed at the top beams of the central frame in the case of 
no GPAF has been totally arrested by the GPAF system, and 
no heave induced vertical displacement is produced. It was 
also shown that the GPAF system reduced the maximum 
angular distortion of the top beams dramatically. In 
accordance with this, the GPAF system is found to reduce the 
maximum negative and positive bending moments of the top 
beams by 56% and 21%, respectively, compared with the 
maximum negative and positive bending moments produced 
in the case of no GPAF system. It was also observed that the 
resistance to shrinkage is improved immensely when the 
GPAF system is used. The maximum settlement induced by 
shrinkage for the top beams of the central frame is reduced by 
75% compared with the case of no GPAF system. 

The above results conclude that the GPAF system is a 
promising foundation technique that can be potentially used 
to reduce the detrimental impacts of reactive soils under both 
heave and shrinkage conditions.  



 

121 
 

6. REFERENCES 

[1] Richards BG, Peter P, and Emerson WW, "The effects 
of vegetation on the swelling and shrinking of soils in 
Australia," Geotechnique, 33(2), 1983,  pp. 127-139.  

[2] Al-Rawas A, and Goosen MFA, Reactive soils, recent 
advances in characterization and treatment. London: 
Taylor & Francis, 2006.  

[3] Chen FH, Foundations on reactive soils. New York: 
Elsevier, 1988.  

[4] Wray WK, So your home is built on expansive soils: a 
discussion of how expansive soils affect buildings. New 
York: American Society of Civil Engineers, 1995.  

[5] Barthur R, Jaksa MB, and Mitchell PW, "Design of 
residential footings built on expansive soil using 
probabilistic methods," in Proceedings of the 7th 
Australia New Zealand Conference on Geomechanics, 
1996, Adelaide, pp. 369-374.  

[6] Nusier OK, Alawneh AS, and Abdullatit BM, 
"Small-scale micropiles to control heave on reactive 
clays," Ground Improvement, 162(1), 2009,  pp. 27-35. 

[7] Ene E, and Okagbue C, "Some basic geotechnical 
properties of reactive soil modified using pyroclastic 
dust," Engineering Geology, 107(1-2), 2009,  pp. 61-65. 

[8] Khattab SAA, Al-Mukhtar M, and Fleureau JM, 
"Long-term stability characteristics of a lime-treated 
plastic soil," Journal of Materials in Civil Engineering, 
19(4), 2007,  pp. 358-366.  

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
[9] Phanikumar BR, and Ramachandra Rao N, "Increasing 

pull-out capacity of granular pile anchors in reactive 
soils using base geosynthetics," Canadian Geotechnical 
Journal, 37(4), 2000,  pp. 870-881.  

[10] Phanikumar BR, Srirama Rao A, and Suresh K, "Field 
behaviour of granular pile-anchors in reactive soils," 
Ground Improvement, 161(G14), 2008,  pp. 199-206.  

[11] Sharma RS, Phanikumar BR, and Nagendra G, 
"Compressive load response of granular piles reinforced 
with geogrids," Canadian Geotechnical Journal, 41(1), 
2004,  pp. 187-192.  

[12] Ismail AM, and Shahin MA, "Finite element analyses of 
granular pile anchors as a foundation option for reactive 
soils," in International Conference on Advances in 
Geotechnical Engineering, 2011, Perth, Western 
Australia, in press.  

[13] Phanikumar BR, et al., "Granular pile anchor foundation 
(GPAF) system for improving the engineering behavior 
of expansive clay beds " Geotechnical Testing Journal, 
27(3), 2004,  pp. 1-9.  

[14] Brinkgreve RB, and Broere W, PLAXIS 3D foundation 
manual, Version 2.2. The Netherland: Delft University 
of Technology and PLAXIS, 2008.  

[15] Schanz T, Vermeer PA, and Bonnier PG, "The 
hardening-soil model: formulation and verification," 
Beyond 2000 in Computational Geotechnics, 
Brinkgreve RBJ, Editor. Rotterdam: Balkema, 1999, pp. 
281-290.  

 
 



 

123 
 

 

 

ABSTRACT: In order to design rock structures, deformation 
properties for discontinuous rock mass should be understood. For 
the former method of elastic wave velocity measurement, some PS 
logging studies showed that S wave velocities of rock masses, Vs, 
were found to be dependent on the RQD values. However, the 
influence of the discontinuities of rock masses was not studied yet. 
Therefore, a series of elastic wave velocity measurements were 
conducted using the laminated specimens of metals and rock cores to 
investigate the influence of the discontinuities. Results demonstrated 
that as number of discontinuity n increase, elastic wave velocity (Vp, 
Vs)  become smaller. It is seemed because delay of running time. As 
axial compression stress a increase, delay time at discontinuity td 
become smaller. It is expected that as a increase discontinuity 
become closed. 
 
Keywords: Ultrasonic wave, Elastic wave velocity, 
Discontinuity, Rock, Shear modulus 

1. INTRODUCTION 

In order to design rock structures, deformation properties of 
discontinuous rock mass should be understood. For the 
former method of elastic wave velocity measurement, some 
PS logging studies showed that S wave velocities of rock 
masses, Vs, were found to be dependent on the RQD values 
[1]- [2]. However, the influence of the discontinuities of rock 
masses for elastic wave velocity was not studied yet. 
Therefore, a series of elastic wave velocity measurements 
were conducted using the laminated specimens of metals and 
rock cores to investigate the influence of the discontinuities.  

2. METHODOLOGY 

2.1 Laminated specimens 

Photo1 shows laminated specimens. Table1 shows physical 
properties of materials for laminated specimens. These data is 
measured in continuous specimens (n=0 in Photo1). 
Laminated specimens have boundaries which are 
discontinuous in horizontal direction to loading plane. As 
table1 show, laminated specimens are  made from Aluminum, 
Nylon, Mudstone, Basalt. Height of specimens H = 
93.0~100mm.  

2.2  The model for delay times of elastic waves at 
discontinuities 

Figure1 shows the model for delay times of elastic waves at 
discontinuity td. In this model, discontinuities are modeled by 
boundaries between element &element. There are two 
assumptions for this model. The first was that total time of 
wave propagation was continuous from top  

 
 

of specimens to that of bottom. The second was that td is 
constant values for any discontinuities in each specimen.  
From the second assumption, elastic wave velocity in the 
element is described as 
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Continuous equation of running time t equation (2) and height 
of the specimen H equation (3) are described as 
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Delay Times of Elastic Waves at Discontinuities in Laminated Specimens 

Yota Togashi*, Kazuo Tani*, Tetsuji Okada** and Hiroaki Sato**., *Yokohama National University and 
**Central Research Institute of Electric Power Industry 

Photo1 Laminated specimens (Aluminum) 

Materials V p(m/s) V s(m/s) d G d(MPa) E d(MPa)

Aluminium 6452 3091 0.351 2.642E+04 7.139E+04
Nylon 2673 1057 0.41 1.282E+03 3.607E+03
Basalt 5271 2616 0.34 1.799E+04 4.810E+04

Mudstone 2165 677 0.45 8.652E+02 2.502E+03

Table1 Physical properties of material for laminated 
specimens 

Figure1 Model for delay times of elastic wave 
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The definition of velocity, equation (3) is described as 
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2.3 Ultrasonic wave velocity measurements under axial 
compression 

Figure2 shows the test apparatus. Photo2 shows conditions of 
test. As Fig2 shows, ultrasonic wave velocity measurements 
under axial pressure (a ≒ 0.1&0.5MPa) are conducted. 
Frequencies of wave transmitter are 100kHz (S wave) and 
200kHz (P wave). Bonding is done in boundary between 
wave transmitter and acceptor and specimens.  Amount of 

bonding is 0.05~0.21g. The data by these tests are outputted 
in oscilloscope by 100MS/s sampling interval. The data used 
for analysis are average values by 128 times stacking. 

3 TEST RESULTS 

Figure3 shows time-lines taken from wave acceptor for 
aluminum laminated specimens. Allow lines show reading 
points of running times. As the values n increases, reading 
points become larger in direction of time axis. And also as the 
values n increases, wave amplitude A becomes smaller. It is 
shown that the wave energy was damped then running times 
are delayed at discontinuity because as the values n increases, 
the reading point become less-visible. 
Figure4 shows the relationships between n and P wave 
velocity Vp. Figure5 shows the relationships between n and S  

Figure2 Test apparatus 

Figure3 P wave time-lines for aluminum (left: overall view, right: enlarged view ) 
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Figure.4 the relationships between P wave velocity Vp & n  

Figure5 the relationships between S wave velocity Vs & n 
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wave velocity Vs. In these figures, model curves are also 
shown for the td values of 0 to 64s. As the values n increases, 
the elastic wave velocities (Vp, Vs) become smaller. It is 
because delay of running time. It would appear that the wave 
amplitude was damped by discontinuity then running time 
was delayed. 
Figure6 shows the relationships between 1/V & n for 
aluminum. td are calculated from the shapes of different 
material’s regression lines.  
Figure7 shows relationships between td & a. As a increase, 
td becomes smaller values. It is expected that as a increase 
discontinuity become closed. 
In this figure, there are some data by Tanimoto et al (1995) [3]. 
Their test apparatus is almost same from ours, but their 
studies differ from ours about specimen’s height and placing 
of discontinuities (in Tanimoto’s studies, placing of 
discontinuities are by central.). Almost same tendency 
between our data & Tanimoto’s is shown in figure7, so it is 
expected that placing of discontinuity is not dominant for this 
model.  

4 CONCLUTIONS 

In order to clarifying delay of elastic wave velocity at 
discontinuity, a series of elastic wave velocity measurements 
were conducted using the laminated specimens of metals and 
rock cores. 
1) As number of discontinuity n increase, elastic wave 
velocities (Vp, Vs) become smaller. It is seemed because delay 
of running time at discontinuities. 
2) As axial compression stress a increase, delay time at 
discontinuity td become smaller. It is expected that as a 
increase discontinuity become closed. 
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Figure6 Relationships between 1/V and n for aluminum 

Figure7 Relationships between td and a (left: P wave, right: S wave) 
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ABSTRACT: Counter-measures by using the regulations, 
information technology and the education to the residents are 
important because it take a tremendous time and cost for 
implementing physical disaster prevention measures to all 
potentially dangerous areas. The purpose of this study is to develop 
the site-investigation of natural valley using lightweight cone 
penetration test (LWDCPT), in order to implement the risk 
assessment of individual valleys with the slope stability analysis 
based on the models of valley obtained by the investigation. A series 
of investigation was carried out at four valleys in Higashi-Hiroshima 
city, which are put on the list of valleys potentially dangerous for 
mud and debris flows during heavy rain. LWDCPT was performed 
at both sides of valley with each descending to 20 meters with 
reference to head of valley until gradient of valleys become below 
12.5 degrees, in which the necessary time for the site-investigation 
by two persons was about eight hours per one valley. 
 
Keywords: Geotechnical investigation, Lightweight cone 
penetration test, Individual natural valley, Ground model 

1. INTRODUCTION 

In Hiroshima Prefecture, 31,987 valleys and slopes are listed 
as areas of dangerous for slope failure and debris flow, and 
this is the largest number in Japan. Counter-measures by 
using the regulations, information technology and the 
education to the residents are important because it take a 
tremendous time and cost for implementing physical disaster 
prevention measures to all potentially dangerous areas. In 
Hiroshima Prefecture, the prefectural land is divided into 350 
unit areas of 5 kilometers square, and in each unit area, the 
criteria using the rainfall indexes, such as the soil water index 
and rainfall intensity, are determined on the basis of past 
records of landslide disasters due to heavy rain. In this system, 
a warning for an expected landslide or an evacuation order is 
made for each unit area, however, the risk of individual slopes 
in each area cannot be shown. 
To assess the safety of an individual valley or slope, the 
geotechnical slope stability analysis is necessary.  However, 
one major problem in natural slopes is that there has been 
little information on geotechnical conditions because of the 
extreme difficulty associated with ground investigation on the 
steep slopes covered with vegetation. The purpose of this 
study is to develop the site-investigation method of natural 
valley using lightweight cone penetration test (LWDCPT), in 
order to implement the risk assessment of individual valleys 
with the slope stability analysis based on the models of valley 
obtained by the investigation. 
We focused on the large number of potentially dangerous 

 
 

valleys in Higashi-Hiroshima City, and selected four valleys 
in as same unit. The areas painted in yellow in Fig. 1 show the 
potentially dangerous valleys in Saijo Town of Higashi 
Hiroshima City. Fig. 2 shows the selected four valleys, which 
is in the red circle in Fig. 1, which are included in one 
5km×5km regional mesh for the present risk assessment. 
Accordingly, the risks in these four valleys are same in the 
present method, and the purpose of this study is to evaluate 
the risks of the four valleys individually. 
 

2. GEOTECHNICAL INVESTIGATION 

Geotechnical investigation was carried out in order to model 
the valleys for the seepage analysis and the slope stability 
analysis. The necessary items of modeling are slope gradient, 
thickness of surface soil and strength parameters. We explain 
how to determine of these items. 
 
 

Geotechnical Investigation of Valleys using Lightweight Dynamic Cone 
Penetration Test for Landslide Risk Assessment 

Takashi Hanaoka, Takashi Tsuchida, Shouichi Kawabata, Shouta Nakagawa, Hiroshima University 

Hiroshima University

1 km
 

Fig. 1. Valleys at risk of landslide of in the town of Saijo. 
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Fig. 2. Valleys where the survey were carried out. 
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2.1 Light weight cone penetration test 

LWDCPT has been designed and developed in France since 
1991 (Langton, D.D., 1999). The schematic view of 
LWDCPT is shown in Figure 3. The mass is about 20 kg, and 
mainly consists of an anvil with a strain gauge bridge, central 
acquisition unit (CAU), and a dialogue terminal (DT). The 
below from the hammer to the anvil provides energy input, 
and a unique microprocessor records the speed of the hammer 
and the depth of penetration. The dynamic cone resistance 
(qd) is calculated from the modified form of Dutch Formula as 
shown in Equation (1) (Cassan, M., 1988).  
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1
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1
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MV
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                    (1) 

 
Where,    x90°= penetration due to one below of hammer by  

90°cone,  
           A = area of the cone, 

M = the mass of striking hammer, 
P = the mass of the struck materials, and 
V = speed of the impact of the hammer. 

 
Photo 1 shows appearance of LWDCPT. The advantages of 
LWDCPT are that the detail measurements are possible by 
getting a penetration resistance value with each hitting, and 
that in virtue of the lightweight and the simple, even for the 
non-specialist of geotechnical investigation, the operation is 
easy and safe. 

2.2 Selection of the testing points in a valley 

A geotechnical investigation of the valleys was carried out 
under the following policies. 
 (1)The headwater area was determined by using 
topographical data and a field trip. About six geotechnical 
investigation points were selected in the headwater area, and 
along the valley the geotechnical testing points were selected 
at intervals of 20 meters, downward. 
(2) A test of the valley was carried out at both sides of the 
valley, which are 5 located meters away from the center of 
valley. The tests were carried out the headwater down to the 
valley, the gradient of which is larger than 12.5 degree. 
(3) The sampling was carried out at both sides of four 
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：Penetration test 

：Soil sampling

 
Fig.4. A example of selection of geotechnical investigation 

points (Valley 1). 
 

Table 1. Number of geotechnical investigation points. 
Valley 1 Valley 2 Valley 3 Valley 4

Number of LWCPT 9 4 7 7

Number of soil sampling 4 4 4 4  
 

 
Photo 2. Site of the geotechnical investigation. 

(Valley 4) 
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Figure 3. Outline of LWDCPT. 

 

 
Photo 1. Appearance of LWDCPT (Valley 1). 
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investigation points in each valley. 
Fig. 4 shows a example of selected of testing points (Valley 
1). Table 1 shows the number of geotechnical investigation 
points of the four valleys. Photo 2 shows the site of the 
geotechnical investigation in Valley 1. The testing points 
were nine and the soil sampling points were four in Valley 1. 
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(d) Point d 

Fig. 5. Penetration resistance qd with depth 
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2.3 Investigation of thickness of surface soil 

LWDCPT was continued until over 10 MPa value through 
three hitting in a row. Because, the relationship between the 
penetration resistance qd of LWDCPT and Nd value of the 
portable dynamic cone penetration test (PDCPT) was 
proposed by Tsuchida et al. (2011), as shown in Equation (2).  

dd Nq
4

1
                         (2) 

That is, over 10 MPa of qd is considered to be equal to over 40 
of Nd value, which can be estimated as the basement 
rock.Fig.5 shows penetration resistance qd with depth in 
Valley 1. The thickness of surface soil of each point in Valley 
1 was estimated as the average value both sides. Table 2 
shows thicknesses of surface soil each point in Valley 1. 

2.4 Estimation of strength parameters 

Using these results, the cohesion and the internal friction 
angle of the ground were estimated using the equations 
suggested by Tsuchida et al. (2011). In these equations, the 
degree of saturation Sr and the penetration resistance of 
LWDCPT qd are necessary. In order to obtain degree of 
saturation Sr, the tube sampling was carried out at the point in 
Fig. 4 (Valley 1). The appearance of tube sampling is shown 
in Photo 3. The corrected penetration qd5 was calculated by 
using Equation (3), where qd5 is the penetration resistance 
under 5kPa effective overburden stress and the correction 
from qd to qd5 are made as follows: 

 501.05  zqq tdd              (3) 

where, qd = penetration resistance (MPa),  γt = unit weight 
(kN/m3), and  z = depth(m). 
The cohesion and internal friction angle of the ground were 
calculated by Equation (4) and (5), which were proposed by 
Tsuchida et al. (2011), 

  rdd Sq 142.0ln61.19.29 5          (4) 

   rdd Sqc 041.0ln19.16.10 5          (5) 

where, cd = apparent cohesion of drained condition(kN/m2),  

d = apparent internal friction angle of drained condition 

(degree), and Sr = degree of saturation (%). 
Table 3 shows the estimation of strength parameters in Valley 
1. 

3 MODELING OF VALLEYS BY INVESTIGATION  

Fig. 6 shows modeling of four valleys by geotechnical 
investigation. The average values of the thickness of Valley 1, 
Valley 2, Valley 3 and Valley 4 were 0.79 m, 0.70 m, 0.57 m, 
and 1.31 m, respectively. The average values of the slope 
gradients of Valley 1, Valley 2, Valley 3, and Valley 4 were 
14.4 degree, 16.3 degree, 16.1 degree, and 18.1 degree, 
respectively. In the present risk assessment method, these 
four valleys were included in a mesh for the assessment. By 
carrying out geotechnical investigation shown in this study, it 
is possible to model the valley and assess the risk by the 

Table 2. Thicknesses of surface soil each point (Valley 1) 

a 0.60 m 1.24 m 0.92 m
b 1.48 m 0.53 m 1.01 m
c 1.10 m 0.65 m 0.88 m
d 0.66 m 0.53 m 0.60 m
e 0.97 m 0.65 m 0.81 m
f 0.26 m 0.58 m 0.42 m
g 1.13 m 0.46 m 0.80 m
h 0.42 m 0.48 m 0.45 m
i 1.22 m 0.99 m 1.11 m

right sideleft side average

 

 
Photo 3. Tube sampling 

 
Table 3. Estimation of strength parameters (Valley 1). 

a b c d e f g h i

wet density ρ ｔ  (g/cm
3
)

degree of saturation S r  (%)

wet unit weight γ ｔ  (kN/m
3
)

q d5  (MPa) 1.18 0.54 0.96 1.33 0.73 1.68 0.86 1.16 0.67

 e 0.93 0.99 0.94 0.92 0.97 0.90 0.95 0.93 0.97
φd  (degree) 34.9 33.7 34.6 35.1 34.2 35.5 34.4 34.9 34.0

c d  (kN/m
2
) 9.4 8.5 9.2 9.6 8.8 9.8 9.0 9.4 8.7

1.35

33.61

13.21
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stability analysis individually. 
As already discussed, in Hiroshima Prefecture, 31,987 
valleys and slopes are listed as areas of dangerous for slope 
failure and debris flow. Therefore, it is difficult to investigate 
all dangerous areas in a short period with the limited budget 
of local government. It is preferable in order to become a 
practical method that the investigation method is as simple 
and inexpensive as possible. As one way, it is considered that 
to request volunteers, who are not experts but members of 
autonomy disaster prevention organization in the area, to 
investigate the valleys. Thus, the investigation method which 
everyone can do and personal error not observed is 
preferable.  

4 CONSIDERATION 

The purpose of this study is to develop the procedure of site 
investigation of natural valley using lightweight cone 
penetration test (LWDCPT), in order to implement the risk 
assessment of individual valleys. From the investigations of 
four valleys,  the following points were found;  
1) The operation of investigation in this study is very easy, 

and it seems that even a non-experts can carry out the 
investigation based on a manual of this method. However, 
some investigation points, LWDCPT cannot work well, 
because of  many tree roots or gravels under the ground and 
the much steepness of slope. In these cases, non-expert may 
not cope. And if the penetration resistance appears large 
value, sometimes, it is difficult to judge whether there is a 
gravel of a large diameter  at this point, or it reaches bedrock 
as shown in Photo 5. 

2) In this investigation, two LWDCPT were used by two 
persons (one person use one machine), and other two 
persons took undisturbed and disturbed samples at the site. 
It took eight hours to investigate all investigation points in 
Valley 1 which has largest  investigation points (9 points) in 
the four valleys. Therefore, it is possible to investigate each 
valley in a day. However, in case of investigate points are 
over 10 points, it may be necessary to increase investigator  
or to take two days. 

5 CONCLUSIONS 

The geotechnical investigation using the LWDCPT was 
carried out in order to model natural valley or slope for the 
stability analysis. The advantages of LWDCPT are that the 
detail measurements are possible by getting a penetration 
resistance value with each hitting, and that in virtue of the 
lightweight and the simple, even for the non-specialist of 
geotechnical investigation, the operation is easy and safe. 
Thickness of surface soil and strength parameters were able to 
be estimated. Four valleys, which are same risk assessment in 
present method, were able to be modeled individually. It took 
eight hours to investigate all testing points in Valley 1 which 
has largest number testing points (9 points) in the four valleys. 
In case of investigate points under this, it is possible to 
investigate a valley in a day. However, in case that testing 
points over more than 10 points, it is necessary to increase 
investigator in order to improve efficiency or divide two days. 
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             Photo 4. The steep slope.                             Photo 5. The gravel under the ground. 
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Fig. 6. Model cross-section of 4 valleys in Higashi-Hiroshima City. 
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ABSTRACT: In Hiroshima Prefecture, the prefectural land is 
divided into 350 unit areas of 5 kilometers square, and in each unit 
area, the criteria using the rainfall indexes, such as the soil water 
index and rainfall intensity, are determined on the basis of past 
records of landslide disasters due to heavy rain. However, in this 
system, the risk of individual valleys or natural slopes in each area 
cannot be shown. In this study, a series of investigation was carried 
out at four valleys in Higashi-Hiroshima city, which are put on the 
list of valleys potentially dangerous for mud and debris flows during 
heavy rain. For the conditions continuous rain, the infiltration 
analysis during the rain, the ground water seepage analysis and the 
slope stability analysis were carried out based on the ground models 
obtained by the site investigation. The risk of slope failure for each 
of four valleys was given as the risk assessment point, and was 
compared and discussed. 
 
Keywords: Risk Assessment, Landslide, Site Investigation, Ground 

Water 

1. INTRODUCTION 

Hiroshima Prefecture has 31,987 hazardous areas for 
landslide disasters, the largest number in Japan in [1]. In 
Hiroshima, a regional soil called Masado soil, a weathered 
granite, widely covers the surfaces of natural slopes. From a 
geotechnical point of view, the failures of natural slopes are 
mainly caused by rises in groundwater levels and the loss of 
inbound shear strength of Masado soil due to both continuous 
and intensive seasonal rains. 
Fig. 1 shows present risk assessment method and purpose of 
this study. The present regional risk assessment method 
utilized by the Hiroshima Prefecture government is 
thoroughly based on the measured rainfall and the 
rainfall-failure relationship in each 5 km×5 km area obtained 

 
 

from the past records of the disasters. In this system, the risks 
of slope failure and evacuation orders are given for an area 5 
km×5 km, and the risks to individual slops cannot be shown. 
Accordingly, it can be said that the present risk assessment 
method is an empirical one, and is not a theoretical or 
geotechnical one. In this study, Geotechnical investigations 
of four natural valleys in Higashi Hiroshima City were carried 
out using a lightweight dynamic cone penetration test and a 
soil sampling. In order to improve the present risk assessment 
method, landslide risk assessments of these valleys for some 
predicted rain conditions were made by using a seepage 
analysis, a ground water level analysis, and a slope stability 
analysis of each valley. 

2. SELECTION OF VALLEYS 

In the selection of valleys for the study, we focused on the 
large number of potentially dangerous valleys in 
Higashi-Hiroshima City. Fig.2 shows the selected four 
valleys, which are included in one 5 km×5 km regional mesh 
for the present risk assessment based on the rainfall index. 
Accordingly, the risks in these four valleys are the same as in 
the traditional method, but the purpose of this study is to 
evaluate the risks to the four valleys individually. 

3. GEOTECHNICAL INVESTIGATION METHOD OF 
NATURAL VALLEYS 

Table 1 shows geotechnical investigation points. A 
geotechnical investigation of the valleys was carried out 
under the following policies. 

Study on Individual Landslide Risk Assessment of Natural Valleys and Slopes 
during Heavy Rain Based on Geotechnical Investigation and Analysis 

Shouichi Kawabata. Takashi Tsuchida. Takashi Hanaoka. Shouta Nakagawa., Hiroshima University 
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2
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Saijo:Toyomaru area

Saijo:Sukezane area

 
Fig. 2. Valleys where the survey were carried out in [2]. 
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Fig. 1. Valleys at risk of landslide of in the town of Saijo. 

Table 1. Geotechnical investigation points. 
valley1 valley2 valley3 valley4

 penetration test 9 4 7 7
soil sampling 4 4 4 4  
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(1) The headwater area was determined by using 
topographical data and a field trip. About six geotechnical 
investigation points were selected in the headwater area, 
and along the valley the geotechnical testing points were 
selected at intervals of 20 meters, downward. 

(2) A test of the valley was carried out at both sides of the 
valley, which are 5 located meters away from the center of 
valley. The tests were carried out the headwater down to 
the valley, the gradient of which is larger than 12.5 
degree. 

(3) The sampling was carried out at both sides of four 
investigation points in each valley. 

4. RESULTS OF THE GEOTECHNICAL 
INVESTIGATION 

The thickness of the surface soil was estimated by analyzing 
the penetration resistance of each geotechnical investigation 
point. In Fig.3, the penetration resistance qd of lightweight 
dynamic cone penetration test with depth, which was 
measured at point 9 in Valley 1, is shown in [3]. Slope models 
were made using the estimated thickness of the surface soil 
and the slope gradients. With these results, a model 
cross-section of each valley was made, as shown in Fig.4. The 
horizontal distance of the cross-section was determined by 
the geotechnical investigation point, and the thickness of the 
surface soil came out of the average from the estimated values 
of both sides, which were 5 meters away from the center of 
the valley. The average values of the thickness of Valley 1, 
Valley 2, Valley 3, and Valley 4 were 0.8 m, 0.7 m, 0.6 m, and 
1.3 m, respectively. The average values of the slope gradients 
of Valley 1, Valley 2, Valley 3, and Valley 4 were 14.4 degree, 
16.3 degree, 16.1 degree, and 18.1 degree, respectively. 
Furthermore, the void ratio, the density of soil particles, the 
degree of saturation, and the unit weight were obtained by the 
laboratory tests of soil samples taken in each valley. 
Using these results, the cohesion and the internal friction 
angle of the ground were estimated using the equations 
suggested by Tsuchida et al. (2011). 
With these results, cohesions were estimated to be between 
8.2 kN/m2 and 11.2 kN/m2, and the internal friction angles 
were between 29.6 degree and 36.4 degree. 

5. SEEPAGE ANALYSIS 

Fig. 5 shows the model of the rainfall seepage in this study. 
When it rains continuously and the rainfall begins to infiltrate 
into the ground, the volumetric moisture content of the upper 
soil layer rises to a certain value h  from the surface layer. 

Afterwards, the unsaturated layer maintains the volumetric 
water content h  and descends toward the lower layer. This 

unsaturated layer is called the high moisture content belt 
(HMCB). The underground water level is formed in the soil 
layer when the HMCB reaches the impermeable layer, and 
the groundwater level starts to gradually rise from the 
impermeable layer upward, as shown in Fig. 5. 
To figure out this process, a one-dimensional unsaturated 
seepage analysis was carried out at each point of the valleys. 
The primitive equation used for the unsaturated seepage 

analysis is that used in the expression of Richards in [6]. The 
expression of Richards is given by the following equation: 
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where,  =pressure head(cmH2O),  C = specific moisture 

capacity,  k = hydraulic conductivity (cm/s). The rainfall 

seepage boundary condition in the surface of the ground is 

 
Photo 1. Site of the geotechnical investigation.  
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Fig. 3. Penetration resistance qd with depth (Valley 1). 
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Fig. 4. Model cross-section of Valley 1 in 

Higashi-Hiroshima City. 
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Fig. 5. Conceptual diagram of rainfall seepage. 
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given by the following equation:  
 

  





 



 1
z

KqR
                                                        (2) 

 
where, R= amount of rainfall, q= flow velocity in a surface. 
Suction was calculated by using the difference approximation 
expression of Richards’ equations. The volumetric moisture 
content was calculated by applying the obtained suction value 
to the soil moisture characteristic curve, in which the initial 
pressure head and the total head are determined by the 
experiments on weathering granite (Masado) carried out by 
Yuri (2010); that is, the saturated volumetric moisture content 
was 0.433, the residual volumetric moisture content was 
0.158, the saturated hydraulic conductivity was 0.006 cm/s 
and the initial volumetric moisture content was 0.300. Fig. 6 
shows the soil moisture characteristic curve used in this 
study. 
Fig. 7 shows an example of the one-dimensional seepage 
analysis at Point b in Valley 1 under a rain intensity of 5 
mm/hour. As shown in Fig. 7, HMCB is formed from the 
surface, and goes downwards. After 14.1 hours, the HMCB 
reaches the bottom of the soil layer, and after the saturated 
layer is formed at the bottom after 21.15 hr, the groundwater 
level rises.  
The volumetric moisture content in HMCB is closely related 
to the rainfall intensity, and the descending speed of HMCB is 
decided by the rainfall intensity regardless of the thickness of 
the surface. The seepage analysis also clarified the link 
between rainfall intensity in each thickness of the surface and 
the time necessary for the formation of groundwater levels in 
the soil layers. 

6. GROUND WATER LEVEL ANALYSIS 

A portion of rain water evaporates from the surface of ground, 
and some is also intercepted by objects such as trees and the 
grasses. The rain water that infiltrates into the ground forms a 
high moisture content belt (HMCB) and descends from the 
surface to the bottom. When the HMCB reaches the basement 
rock, it flows here as underground water, and it flows out to 
the surface of the ground when the water table reaches the 
surface. An equilibrium relation exists among the amount of 
rainfall supplied in a certain period, the amount saved on the 
surface, and the volume of water that flows out from the 
surface. Here, it is thought that the amounts of 
evapotranspiration and that intercepted by trees and grasses 
are very small compared with the amount of the rainfall, and 
those were neglected. If all the amounts of rainfall infiltrate in 
the ground, the following equation can be derived: 
 

outinput GwGwR                                                           (3) 

 
where, Rinput= amount of rainfall, Gw= amount of rainfall 
saved in the layer, and Gwout= net amount of water flowing 
out due to the groundwater flow. 
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Fig. 6. Soil moisture characteristic curve used in this study 

(Yuri, 2010).  
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Fig. 8 showed the computing model of the groundwater level 
rise. 
Water change for each Δt (hr) at Point a of Fig. 8.The amount 
of rainfall between the ridge and Point a is: 
 

tsrRinput  cos1
                                                        (4) 

 
where, r=rainfall intensity(mm/hr), s1= slope length(m). 
The amount saved as underground water in the ground of 
Section S1 in Δt is:  
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where, ne=effective porosity, t

wh 1 =groundwater level of Point 

a in t (m), and 1wh =groundwater level rise amount of Point 

a in Δt (m). 
In addition, the amount where underground water flows of 
Section S1 in Δt is:  
 

thkGw t
wout   cossin 1                                                  (6) 

 
where, k= hydraulic conductivity. 
By substituting Equations (4), (5), and (6) into Equation (7), 
we obtain the following: 
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where, tt

wh 
1 =groundwater level of Point a in Δt (m),  

s = saturated moisture content by volume. 

Water change for each Δt (hr) in Point b of Fig. 8.As well as 
the Equation (7):  
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where, tt

wh 
2 =groundwater level of Point b in Δt (m), 

t
wh 1 =groundwater level of Point a in t (m), s2= slope length 

(m) . 
Equation (7) is used in Point a of Fig.8. Equation (8) is used in 
the other Points of Fig.8. 
Fig. 9 shows the changes with the lapse of groundwater level.  

7. SLOPE STABILITY ANALYSIS AND RISK 
ASSESSMENT 

Results of the one-dimensional unsaturated seepage analysis, 
the slope stability analysis in the high-moisture belt descent 
process, and the groundwater level rise process were 
accomplished based on the physical property values obtained 
in the in situ geotechnical investigation, and on the estimated 
strength parameters. Fig. 10 shows the high moisture belt 
descent process and the groundwater level rise process. The 
slope stability analysis was done as a slide surface with a  
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basement rock and a lower side of the high moisture belt 
during the HMCB descent process, and as a slide surface with 
the basement rock during the groundwater level rise process.   
Slope stability analyses were also carried out in different 
rainfall conditions: in the various points of the valleys. those 
being, rainfall intensities of 5 mm/hr, 20 mm/hr, and 50 
mm/hr. Fig. 11 shows the results of the slope stability analysis 
with a rainfall intensity of 5 mm/hr in Valley 1. In addition, 
Fig. 12 shows the required time in which the safety factor of 
the slope becomes less than one, in the points in Valley 1 
when the rainfall intensity is 5 mm/hr. 
Table 2 shows the risk assessments of the four valleys 
relatively. In Table 2, the risk assessment points in each 
valley are given by: 
 
・Time when a safety factor of a part of the valley becomes 

less than 1.0. 
 ・Range of the valley where the safety factor becomes less 

than 1.0 
 
And finally, the total risk assessment value was calculated as 
a sum of the three risk assessment points. It was shown that 
Valley 1 is the most dangerous. However, a social importance, 
the number of residences downstream is not thought this 
study. It will be necessary to investigate social importance in 
the future. 

 
 
 
 
 
 

8. CONCLUSION 

In Hiroshima Prefecture, the prefectural land is divided into 
350 unit areas of 5 kilometers square, and in each unit area, 
the criteria using the rainfall indexes, such as the soil water 
index and rainfall intensity, are determined on the basis of 
past records of landslide disasters due to heavy rain. However, 
in this system, the risk of individual valleys or natural slopes 
in each area cannot be shown. In this study, a series of  in-situ 
geotechnical investigation of four potentially dangerous 
valleys inn Higashi-Hiroshima City were carried out. Models 
of the valleys for the geotechnical analysis were constructed 
by the investigation results. The one-dimensional infiltration 
analysis during the rain, the ground water seepage analysis, 
and the slope stability analyses when the rainfall intensities 
were 5, 20, and 50 mm/hr were continuously carried out. 
Based on these analysis, the risk of the four valleys were 
shown quantitatively .The risk of slope failure for each of four 
valleys was given as the risk assessment point, and was 
compared and discussed. The methods developed in this 
study are a useful to assess the landslide risk of individual 
slopes in potentially dangerous areas. 
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Table 2. Relative risk assessment of four valleys. 
Valley 1 Valley 2 Valley 3 Valley 4

18.6 25.7 20.0 19.5

0.8 0.7 0.6 1.3

25.2 25.1 19.0 47.2

5.2 7.7 5.2 12.2

2.3 3.7 2.4 5.7

1)
Risk assessment point 1

Time that it becomes less than safety
factor 1（On a scale of 1 to 5）

4.1 3.8 5 1

2)
Risk assessment point 2

Range that it becomes less than safety
factor 1（On a scale of 1 to 5）

5 1 3 3

9.1 4.8 8 4

Time that the safety factor of slope
becomes less than one in rainfall

intensity 50mm/hr(hr)

Total risk assessment
overall risk assessment
（On a scale of 1to10）

Maximum slope gradient(°)

Average thickness of the surface soil(m)

Time that the safety factor of slope
becomes less than one in rainfall

intensity 5mm/hr(hr)
Time that the safety factor of slope
becomes less than one in rainfall

intensity 20mm/hr(hr)
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ABSTRACT: Creep flow theories that are Bligh’s and Lane’s 
equation have been used as the safety criteria against piping under 
foundation of weirs. These methods were not able to estimate the 
mechanism leading to piping under foundation of weirs. In this study 
the effectiveness of our FEM for piping analysis under foundation of 
weirs was verified by model experiments.  
These model experiments were carried out in five patterns and had 
same creep length by changing the installation position and length of 
cut-off wall in high ground density. These critical water heads of 
model experiments were different from each pattern. It was clear that 
creep flow theories were not able to predict these differences in high 
ground density. 
The finite element analysis employs the elasto-plastic constitutive 
equations with a non-associated flow rule and strain 
hardening-softening. The constitutive equations based on the yield 
function of Mohr-Coulomb and the plastic potential function of 
Drucker-Prager. The finite element is 4-noded iso-parametric 
element with one point integration. The explicit dynamic relaxation 
method combined with the generalized return-mapping algorithm is 
applied. The elasto-plastic constitutive relations including the effect 
of the shear band are employed. A simplified and generalized 
version of mesh size-dependent softening modulus method (Tanaka 
and Kawamoto, 1989) is used in this study. 
Our FEM predicted these critical water heads of model experiments. 
Maximum shear strain contour line by our finite element analysis 
indicated that shear strain concentrated in similar soil mass as 
Terzaghi assumed in the seepage failure equation. The analyses of 
piping under foundation of weirs in different ground density 
indicated that the critical water head approach to constant with the 
position of cut-off wall in loose ground density and the domain for 
concentration of maximum shear strain in same weir shape changed 
by each ground density. 
 
Keywords: Piping, Creep theory, FEM, Relative density 

1. INTRODUCTION 

Creep flow theories are applied to the design criteria against 
piping of foundation of a weir. Bligh’s creep flow theory was 
developed as the empirical equation for the design of floating 
type weirs in permeable layer through many experiences in 
1910 (Bligh)[1]. After suggestion of this theory it was 
indicated that vertical sections of the creep length contribute 
more to reduce the danger of piping than horizontal sections 
of the length. In the response to this, Lane (1935)[2] 
suggested the weighted creep flow theory. These creep flow 
theories were based on the assumption that the cause of 
piping was erosion along the contact surface between soils 
and weir. 
The purpose of this study is the reexamination of these 
practical safety criteria against seepage failure. We conducted 

 
 

a series of model experiments that have same creep length, 
and then evaluated these practical safety criteria and the 
validity of the elasto-plastic FEM by applying to the 
experiments in high relative density sand. 
The condition of the foundation of weir is different in each 
weir. So we estimated the impact of relative density in the 
foundation of the weir on the critical water head by the 
elasto-plastic FEM.  

2. CREEP THEORIES 

To prevent piping at the down-stream side of a weir, practical 
manuals indicate that a safe creep length have to be ensured 
under the surface of the weir and along the side of the weir. 
The creep length to be ensured must be larger than the values 
calculated by two methods. 
The first method is Bligh's method. 
 

HCL BB                                                                         (1) 

 
Where 

BL  is the creep length that is measured along the 
bottom face of the weir, 

BC  is Bligh's creep ratio which varies 
depending on the type of the foundation soil, and H  is the 
water head. For example the fine sand 

BC  is 15. The critical 
head is CBH  when CBBB HCL  . 
The second method is Lane's method. 
 

HCL LL                                                                        (2) 

 
Where 

LL  is the weighted creep length. 

 

  hhvvL lkklL /                                                   (3) 

 
Where, vl  is the creep length of vertical direction (inclination 

angle of more than 45 degrees), hl  is the creep length of 

horizontal direction (inclination angle of lower than 45 
degrees). vk  is the vertical coefficient of permeability and vk  

is the horizontal coefficient of permeability. However, hv kk /  

has been used 1/3 customarily. 
LC  is Lane's creep ratio which 

varies depending on the type of the foundation soils. For 
example the fine sand 

LC  is 7.0. H  is the water head. The 

critical head is CLH , when CLLL HCL  . 

3 MODEL EXPERIMENTS 

The experimental apparatus was consisted of a glass-walled 
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sand box. The size was 1000mm long, 500mm high and 
200mm wide. The permeable layers in these model 
experiments were made by using clean sand. The sand was 
the Toyoura sand with a specific gravity of 2.64, a mean 
diameter (D50) of 0.16 mm and a uniformity coefficient of 
1.46. The weir was made of rigid acrylic plates. The weir was 
fixed to sand box and was sealed by silicon rubber and silicon 
adhesion bond to prevent water and sand from spilling out. 
The sandpaper was pasted on the bottom and side of the weir 
to prevent roofing. The cut-off wall was made of aluminum 
plate. The sand layers were prepared by pouring dry sand 
using hopper into stored water and deleting air during the soil 
particle falling. The high density of the sand layers was 
obtained: the relative density was about 85% (Figure1).  
 After setting up the water levels of both upstream and 
downstream side equal, the downstream water level was 
lowered incrementally (5mm after an hour). The deformation 
of the sand layer was measured. When piping or boiling 
occurred, the water head was defined to attain the critical 
water head. 
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Figure 1 The layout of the test apparatus 
 
The data of a series of model experiments are indicated in 
Figure2. All patterns had same creep length in which Bligh’s 
creep length is 180mm and Lane’s creep length is 123mm. 
These data were obtained by conducting 2 or 3 times in each 
experiment. These experiments are divided into 3 groups 
(Figure1). The first group was named “Depth group” to 
change penetration depth of the weir: 10-40-M, 20-30-M and 
50-0 (penetration depth - depth of cut-off wall - the position 
of cut-off wall). From these experiments we can evaluate the 
influence of the depth of the weir for piping. The second 
group was named “Position group” to change the position of a 
cut-off wall: 10-40-L, 10-40-M and 10-40-R. From these 
experiments we can evaluate the influence of the position of 
the cut-off wall for piping.  

Table1 shows results of model experiments that are relative 
density (%), critical water head, the kind of seepage failure 
(Piping or Boiling) and average of critical water head. Piping 
was observed in some patterns of model experiments. The 
heaving was observed because sand ground in down-stream 
side deformed. Relative densities were about 85% from 

81.2% to 88.9%. Critical water heads in each pattern were 
similar water heads. In these model experiments the 
reproducibility was observed. 
These model experiments had same creep length. Bligh’s and 
Lane’s creep flow theories predict a critical water head with 
patterns. However, each critical water head was different 
from the other pattern. The result indicated that creep flow 
theories were not able to predict the critical water head in the 
hard foundation.  
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Figure 2 Patterns of model experiments 
 
Table1 Results of model experiments 

Relative
Density

Critical
water head

Piping / Boiling
Average of critical

water head

% mm mm

82 80 Piping

86.3 90 Piping

83.6 90 Piping

84.7 140 Piping

86.1 145 Boiling

84.5 125 Piping

88.9 250 Boiling

85.1 251 Boiling

81.4 271 Boiling

87.4 70 Piping

81.2 75 Piping

81.5 75 Piping

82.6 155 Boiling

83.1 175 Boiling

87.4 180 Boiling

10-40-R 170

50-0 258

10-40-L 73

Pattern

10-40-M 87

20-30-M 137

 
 

4 SEEPAGE FAILURE ANALYSES BY 
ELASTO-PLASTIC FEM 

4.1 Finite element method and analysis conditions 

In this study the finite element analysis consisted of two steps. 
The first step is the seepage flow analysis by FEM. The 
second is the seepage failure analysis by the elasto-plastic 
FEM to input effective stress regarding the seepage force as 
the external force. 

The finite element analysis employs the elasto-plastic 
constitutive equations with a non-associated flow rule and 
strain hardening-softening. The constitutive equations based 
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on the yield function of Mohr-Coulomb and the plastic 
potential function of Drucker-Prager. The finite element is 
4-noded iso-parametric element with one point integration. 
The explicit dynamic relaxation method combined with the 
generalized return-mapping algorithm is applied. The 
elasto-plastic constitutive relations including the effect of the 
shear band are employed.  
  A simplified and generalized version of mesh 
size-dependent softening modulus method (Tanaka and 
Kawamoto, 1989)[3] is used in this study. A material model 
for a real granular material (i.e., Toyoura sand) with a high 
angle of internal friction is used with the features of nonlinear 
pre-peak, pressure-sensitivity of the deformation and strength 
characteristics of sand, non-associated flow characteristics, 
post-peak strain softening, and strain-localization into a shear 
band with a specific width. The material model will be briefly 
described in this section. 
In the elasto-plastic finite element analysis, the material 
constants of Toyoura sand are as follow: relative density = 
88%, residual friction angle = 33 degree. The calibration of 
the other elasto-plastic parameter of air-dried Toyoura sand in 
the elasto-plastic constitutive model was performed using the 
plane strain compression tests by Tatsuoka et al (1993)[4]. 
The analysis was performed using a series of finite element 
mesh of each model experiment, as shown in Figure3. 
Elements around the weir were consisted of 2mm square 
mesh. Elements bordering on the weir were boundary 
elements and the friction was set to be equal to the friction 
between sand and weir in these elements. 
 

 
(a) All mesh of 50-0 mesh  

        
(b) 20-30-M mesh                     (c) 10-40-M mesh 

        
(d) 10-40-L mesh                      (e) 10-40-R mesh 
Figure3 FEM mesh 
 

4.2 The validation of this FEM 

Result of model experiments and FEM in each groups are 
discussed about the effectiveness of FEM and the tendency of 
seepage failure of foundation of the weir. Figure4 indicates 

the critical water head of Position group. The critical water 
head gradually increases with the moving to the downstream 
end of the weir in Position group which has same creep length. 
Results of FEM predicted each critical water head well. 
Figure5 indicates the critical water head of Depth group. The 
critical water head gradually increases with the increasing the 
penetration depth of the weir in Depth group which has same 
creep length. Results of FEM predicted each critical water 
head well.  
 Results of FEM which penetration depth of weir was 10mm 
and the cut-off wall was set at upstream side or middle of the 
length of weir were computed higher than results of model 
experiments (10-40-M and 10-40-L). The reason is 
considered that the continuum model might not hold true 
when number of particle of sand (the average particle side is 
0.16mm) was about 60 at the downstream edge of the weir. 
Result of FEM which penetration depth of weir was 50mm 
was computed lower than results of model experiment (50-0). 
The reason was considered that the friction of the side glass 
wall influenced the water head of boiling because it was 
observed that larger sand mass moved during the boiling in 
the model experiments of 50-0. These discussions indicated 
that our FEM was effective analysis to compute the critical 
water head of the foundation of the weir. 
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Figure 4 Critical water head of Position group 
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Figure 5 Critical water head of Depth group 
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5 SEEPAGE FAILURE OF THE FOUNDATION IN 
DIFERENT RELATIVE DENSITY 

5.1 Finite element method and analysis conditions 

It was considered that the foundation of the weir had various 
densities. In this study the effectiveness of our FEM was 
verified on the seepage failure of the foundation of the weir. 
The effectiveness of our FEM had been verified on the 
seepage failure of the ground around the sheet pile by 
Okajima et al. (2009)[5]. We considered that our FEM was 
able to be applied to the seepage failure problem in different 
relative density foundation. 
We prepared the set of model cases to estimate the impact of 
relative density in the seepage failure of the foundation of the 
weir. Shapes of weirs were 10-40-L, 10-40-M, 10-40-R, 
20-30-L, 20-30-M and 20-30-R. The tendency of seepage 
failure in the difference of the position of the cut-off wall and 
penetration depth of the weir was checked. Finite element 
meshes which were indicated in Figure 6 were applied to 
analyses of 20-30-L and 20-30-R. Conditions of relative 
density of the foundation were high(85%), middle(50%) and 
low(15%) in each weir shape. 
 

5.2 Impact of relative density in seepage failure of weir 

Critical water heads of finite element analyses was shown in 
Figure 7. Even when relative density was changed, each 
difference of critical water heads of the group of penetration 
depth 20mm and cut-off length 30mm (20-30 group) was 
much the same difference. On critical water heads of the 
group of penetration depth 10mm and cut-off length 40mm 
(10-40 group), each difference of critical water heads in 
high(85%) and middle(50%) relative density was much the 
same difference but critical water heads in low(15%) relative 
density were almost same.  
To estimate the seepage failure mechanism of 10-40 group in 
low(15%) relative density, Figure8 showed the maximum 
shear strain distribution around the weir of 10-40 group in 
low(15%) relative density. The contour lines showed ten lines 
from 0.1 to 1.0 of maximum shear strain. Our elasto- plastic 
FEM has the frictional hardening-softening functions. When 
the maximum shear strain reached about 0.1, the frictional 
function changed from hardening regime to softening regime. 
We evaluated that the shear band develops in these elements 
at that time.  The concentration of maximum shear strain 
contour line reached under downstream edge of the weir in 
10-40-L and 10-40-M. This indicated that seepage failure 
progressed in the ground of downstream in 10-40-L and 
10-40-M. On the other hand the concentration of maximum 
shear strain contour line reached under upstream edge of the 
weir in 10-40-R. The seepage failure of 10-40-R which had 
shallow penetration depth progressed from upstream. 10-40 
group of low(15%) relative density had almost same critical 
water head, but the mechanism of seepage failure of each weir 
was different. And critical water heads of 10-40-R in 
middle(50%) and high(98%) were near to critical water heads 
of 20-30-R in middle(50%) and high(98%). Critical water 

heads of 20-30-L and 20-30-M and critical water heads of 
10-40-L and 10-40-M were near each other. It indicated that 
the seepage failure of the foundation of the weir might depend 
on penetration depth of downstream side of the weir. 
 

     
(a) 20-30-L mesh                      (b) 20-30-R mesh 
Figure6 FEM mesh 
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Figure7 Relationship of relative density and critical water 
head 
 

 
(a) Maximum shear strain distribution at water head 75mm of 
10-40-L in low relative density (15%) 
 

 
(a) Maximum shear strain distribution at water head 80mm of 
10-40-M in low relative density (15%) 
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(a) Maximum shear strain distribution at water head 80mm of 
10-40-R in low relative density (15%) 
 
Figure8 Maximum shear strain distribution of elasto-plastic 
FEM 

6 RESULT 

Creep flow theories were reexamined by model six patterns 
experiments and finite element analyses that had same creep 
length by changing the installation position and length of 
cut-off wall in this study. These critical water heads of model 
experiments were different from each pattern. It was clear 
that creep flow theories were not able to predict the critical 
water head.  
Our FEM predicted these critical water heads of model 
experiments.  
We estimate the impact of relative density in the seepage 
failure of the foundation of the weir. Difference of each 
critical water head depending on position of cut-off wall was 
less affected by relative density. When the penetration depth 
of the weir was shallow, however, difference of each critical 
water head depending on position of cut-off wall was few by 
the difference of mechanism of seepage failure. 
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ABSTRACT:  Monitoring of surface displacement of slope has been 
widely adopted as time prediction method of shallow landslide due 
to rainfall. Modeling of shear deformation according to rainfall 
infiltration is necessary for establishment of the method. In order to 
examine the constitutive relation for the model, surface 
displacement, pore pressure at the base, volumetric water content 
(hereafter, V.W.C.) and suction, shear strain in the sandy model 
slope are monitored during artificial rainfall. Analysis of the 
monitored data shows that surface displacement proceeds at small 
rate under unsaturated condition first, then increases remarkably 
with the rise of pore pressure at the base. Unsaturated component of 
surface displacement of steeper slope is larger than that of gentler 
slope. It is likely to be due to that shear strain with the increase of 
suction is larger in steeper slope while shear strain according to the 
increase of pore pressure is larger in gentler slope. 
 
Keywords: Shallow landslide, Rainfall, Shear strain, Pore 
pressure, Suction 

1. INTRODUCTION 

The modeling of shear deformation of steep slope due to 
rainfall infiltration is necessary for the establishment of time 
prediction method of shallow landslide due to rainfall. 
Observations of deformation of the slope under artificial 
rainfall or specimen under anisotropic condition just before 
the failure had been implemented by some researchers [1]-[3], 
and produced the empirical law between time and 
deformation. The law has been adopted as the time prediction 
method based on the monitoring surface displacement [2], [3]. 

 
 

Because this method is empirical one, it does not take the 
change of stress in the slope into consideration. So it often 
failed to predict the time of failure of the slope under sudden 
change of rainfall intensity. 
Recently some researches [4], [5] tried to observe slope 
deformation by Microelectro-mechanical system (MEMS) 
tilt-meter under the change of geometry of the slope such as 
cutting works, and other researches [6], [7] observe the 
deformation of the slope under artificial rainfall. Although 
they made much efforts to measure the slope deformation, 
they could not examine the mechanical law of the slope 
deformation.  
In order to examine the constitutive law for the deformation 
of the slope under rainfall, the monitoring of V.W.C., suction, 
shear strain, pore pressure, and surface displacement are 
measured in the sandy model slope under constant rainfall in 
this paper. And some consideration are made in order to 
derive the relation between V.W.C., suction and shear strain, 
or that between shear strain and pore pressure in the slope 
under rainfall infiltration. 
 
2. METHODOLOGY 
 
2.1 Model slope and monitoring devices 
Fig.1 shows the plane and longitudinal section of the model 
slope and location of monitoring devices with slope angle of 
30deg. Model slope is made in a flume of 300cm length, 
150cm width, and 50cm height at horizontal section, and 
600cm length, 150cm width, and 50 cm depth at slope section 
(Fig.2). The flume has vertical steel blades of 1cm height 
located every 50cm in the longitudinal direction at the base of 
the slope in order to prevent slip between the soil mass and 
the base. Model slope is made of granite soil (Fig.3). The soil 
is filled and compacted horizontally at every 20cm thickness 
due to human stepping on the soil, and is managed to keep 

Shear Deformation and Failure of Sandy Slope According to Pore Pressure 
Generation due to Rainfall Infiltration 

Sasahara K., Kochi University, Sakai N. , NIED 

First International Conference on Geotechnique, Construction Materials and 
Environment, Mie, Japan, Nov.21-23, 2011, ISBN: 978-4-9905958-0-7 C3051 

 

 
Fig.1 Geometry of model slope and location of monitoring 

devices  
 

Fig.2 Flume and model slope 
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void ratio of 1.46~1.52.  Water content of the soil layer is 
3.7~4.4%. The soil layer thickness is 50cm so that soil depth 
to gravitational direction is 57.7cm The base and upper 
boundary of the flume is undrained condition, while the lower 
boundary is drained condition. 
In the model slope, soil moisture sensors (expressed as ‘VW’ 
in Fig.1) are installed at the depth of 10, 25, 40cm at 100, 
300,500cm from the toe of the slope. They has the accuracy of  
0.02 (m3/m3). Tensiometers  (expressed as ‘T’ in Fig.1) are 
installed at the depth of 10, 25, 40cm at 300cm from the toe of 
the slope. They have accuracy of 1(kPa). Shear strain gauge   
(expressed as ‘SS’ in Fig.1) is installed at 300cm from the toe 
of the slope. It is series of tilt meter at every vertical depth of 
9.2cm and tilt meters are connected by bolt and nut. So the 
meters can incline only to slope inclination direction. Shear 
strain increment at some depth Δγ is defined as tan(Δθ), while 
Δθ is the inclination increment of the tilt meter (Fig.4). Tilt 
meter has non-linearity of 0.2 degree which corresponds to 
that of 0.0035 for Δγ. Groundwater level (hereafter G.W.L.) 
gauges (expressed as ‘P’ in Fig.1) with the accuracy of 
1cmH2O are located at the base of the model at 0, 100, 300, 
400, 500cm from the toe of the slope. The measurement data 

of the gauge at 100, 300, 500cm are used for the examination 
in this paper. Extensometers are installed at the surface of the 
slope. The location is 100cm, 300cm, 500cm from the toe of 
the slope. It has the non-linearity of 0.1mm 
 
2.2 Experimental conditions 
2 types of model slope with different inclination 30deg. 
(Fig.1), 40deg. are prepared for the examination of the 
influence of the slope inclination to the relation between shear 
deformation and rainfall infiltration. The arrangement of 
measurement devices in the slope of 40deg. are just same with 
that of 30deg. The difference between the slope of 30deg. and 
that of 40deg. are soil layer depth to gravitational direction at 
the slope section of the model. Soil layer depth to 
gravitational direction of 30deg. is 57.7cm, while that of 
40deg. is 65.3cm. Artificial rainfall with the constant 
intensity of 50 mm/h is sprayed from the rainfall simulator 
above the model slope until the onset of slope failure.  
 
3. RESULTES OF EXPERIMENTS 
 
Fig.5 shows time variation of V.W.C., suction and shear 
strain in the slope at 300cm from the toe of the slope, G.W.L. 
and surface displacement at 100cm, 300cm, 500cm from the 
toe of the model slope with 30deg inclination. Slope failure 
occurred at 5150sec. in the model slope of 30deg.. V.W.C. 
keeps constant just after the start of the experiment, then 
makes rapid increase earlier with shallower depth, and it 
continues to be almost constant after rapid rise. After constant 
value, V.W.C. at 40cm depth increases again at 4300sec. and 
that at 25cm also increase again at 5000sec., while that at 
10cm keeps almost constant.  Suction starts rapid decreasing 
earliest at 25cm at 500sec., then 40cm at 1300sec., and keeps 
almost constant negative value after that. Suction at 10cm 
keeps constant just after the start of experiment then makes 
rapid decrease at 3000sec. then makes second decrease at 
6000sec.. Shear strain at each depth is almost zero until 
3700sec., then increase rapidly. Shear strain at 4.6cm, 13.8cm, 
23cm, and 50.6cm proceeds to positive while that at 32.2cm, 
41.4cm proceeds to negative. Negative value may be due to 
reaction of tilt meter at this depth against large movement of 
tilt meters at upper or lower location. Time variation of 
G.W.L. and surface displacement at 100cm is almost same 
with those of 300cm, 500cm. This fact suggests that shear 
deformation and groundwater rise at any cross-section from 
100cm to 500cm is almost same. G.W.L. continues slight 
decreases from the start of the experiment until 4000sec., and 
then makes remarkable increase after almost 4000sec.. 
Surface displacement also makes no increase until 4000sec., 
then increases rapidly. Surface displacement and shear strain 
in the slope makes remarkable increase after around 4000sec 
when G.W.L. starts rise. It suggests that shear deformation 
proceeds according to increase of pore pressure in the slope of 
30deg.. 
Fig.6 shows time variation of V.W.C., suction and shear  
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Fig.3 Grain size distribution of granite soil 
 

 

Increase of increment of tilt-meter :Δθ 

Shear strain increment Δγ = tan(Δθ) 
 

 
Fig.4 Measurement of shear strain by tilt meter 
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Fig.5 Time variation of V.W.C., suction, shear strain, pore 

pressure, and surface displacement (30 deg.) 
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Fig.6 Time variation of V.W.C., suction, shear strain, pore pressure, 

and surface displacement (40 deg.) 
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strain in the slope at 300cm from the toe of the slope, G.W.L. 
and surface displacement at 100cm, 300cm, 500cm from the 
toe of the model slope with 40deg inclination. V.W.C. starts 
increase earlier at shallower depth, then keeps almost 
constant vale within 0.25~0.3. Suction also starts decrease 
earlier at shallower depth, then keeps almost constant value 
within 0~10 kPa. Shear strain make little variation until 
4000sec., then remarkably increase to positive. G.W.L. keeps 
negative and continues slight decrease until 4000sec., then 
increase largely. G.W.L. at 100cm, 500cm is lower than that 
at 300cm.Surface displacement also shows almost no 
variation until 4000sec., then rapidly increases. Remarkable 
increase of shear strain and surface displacement starts 
around 4000sec. when G.W.L. starts rise also in the case of 
the model slope of 40deg.. It suggests that shear deformation 
in the slope of 40deg. also greatly influenced by generation of 
pore pressure. 
 
4. DISCUSSION 
 
4.1 Surface displacement and pore pressure 
 
Fig.7(a) shows the relation between surface displacement and 
pore pressure head on the base at 100, 300, 500cm from the 
toe of the slope of 30deg.. Pore pressure head at the base is 
equal to G.W.L.. Pore pressure head decreases and then keeps 
-7~-3 cmH2O just after the start of the experiment. Surface 
displacement increases under unsaturated condition with 
negative pore pressure at this stage. After the surface 
displacement of 0.5~1.4cm, it increases with the increase of 
pore pressure head. Surface displacement increment becomes 
larger as pore pressure head increase. So the relation between 
surface displacement and pore pressure head can be modified 
by hyperbolic curve which is often adopted for stress-strain 
relation of the element of soil. The unsaturated component 
and all surface displacement are 0.5 and 1.7cm for 100cm, 0.4 
and 2.8cm for 300cm, 1.4cm and 2.9cm for 500cm. So the 
ratios of unsaturated component to all surface displacement 

are 0.29 for 100cm, 0.14 for 300cm, and 0.48 for 500cm in 
the slope of 30deg.. 
Fig.7(b) shows the relation between surface displacement and 
pore pressure head on the base at 100, 300, 500cm from the 
toe of the slope of 40deg.. Similar to the relation of the slope 
of 30deg., pore pressure sudden decreases just after the 
experiment and keeps -4~0 cmH2O until surface 
displacement of 5~8cm. Surface displacement proceeds 
under unsaturated condition in this stage. Although pore 
pressure of 300cm fluctuates and rises up to 2cm in this stage, 
it can be thought negative. Fluctuation of pore pressure may 
be due to error of measurement. Surface displacement 
remarkably increases with increase of pore pressure after that. 
Even though pore pressure at the start of this stage of 100, 
500cm is negative, this stage can be thought to be under 
generation of positive pore pressure. Negative value of pore 
pressure of -4~0 kPa might mean quasi-saturated condition 
near the base of the slope. The unsaturated component and all 
surface displacement are 5 and 7.9cm for 100cm, 7.8 and 
10.9cm for 300cm, 8.2cm and 12.2cm for 500cm. So the 
ratios of unsaturated component to all surface displacement 
are 0.63 for 100cm, 0.72 for 300cm, and 0.8 for 500cm in the 
slope of 40deg.. The ratio of unsaturated component is larger 
in the slope of 40deg. than that of 30deg.. 
 
4.2 Suction and shear strain in the slope 
 
Fig.8(a) shows the relation between suction and shear strain 
at the same depth in the slope of 30deg.. Suction decreases 
with small increase of shear strain in the soil layer shallower 
than 23cm. Especially shear strain at 4.6cm is almost zero 
even after the increase of suction up to 4 kPa. Suction is still 
positive after the decrease at those depths. At the depth 
shallower than 23cm, shear strain continues to be almost zero 
with the increase of suction up to -4~0 kPa of suction, then it 
proceeds under almost constant suction. Shear strain proceeds 
to positive at 23, 50.6cm while it proceeds to negative at 32.2, 
41.4cm with positive constant suction.. 
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Fig.7 Relation between surface displacement and pore pressure 
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Fig.8(b) shows the relation between suction and shear strain 
at the same depth in the slope of 40deg.. Shear strain keeps 
almost zero with the increase of suction at first, then  proceeds 
with almost constant suction at all depths. Shear strain 
increases under positive suction (unsaturated condition) in the 
soil layer shallower than 32.2cm while it increases under 
negative suction at 41.4, 50.6cm. Shear deformation proceeds 
at unsaturated condition at deeper soil layer in the slope of 
40deg. than that of 30deg..  
Fig.9(a) shows the vertical profile of shear strain and suction 
at 300cm from the toe of the slope of 30deg.. Soil layer with 
negative suction is assumed to be saturated. Shear strain at 
deeper soil layer is larger than that near surface. Shear strain 
at 23~41.4cm depth is negative which might mean inverse 
movement of tilt meter at the depth corresponding to large 
movement of upper or lower tilt meter. Deeper soil layer is 

saturated. In the slope of 30deg., shear strain increases largely 
at saturated soil layer. Fig.9(b) shows the vertical profile of 
shear strain and suction at 300cm from the toe of the slope of 
40deg.. Shear strain is larger near surface where suction is 
positive, while it is relatively smaller near the base which is 
saturated. In the slope of 40deg., shear strain increases largely 
at unsaturated soil layer.  
 
4.4 Shear deformation under different slope inclination 
 
According to the examination as above, shear deformation at 
saturated layer is larger in the gentler slope while shear 
deformation at unsaturated layer is larger in steeper slope. In 
order to compare the contribution of unsaturated component 
to shear deformation at examined section of the slope under 
different slope inclination, ratio of unsaturated part of shear 
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Fig.8 Relation between shear strain and suction 
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Fig.9 Vertical profile of shear strain just before failure 
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area under different slope inclination is calculated from Fig.9. 
Shear area is defined as sum of shear strain from one depth to 
other depth, and is derived by the equation below. 


2

1

z

z

dzA                                                                            (1) 

Here, A: shear area,  : shear strain at some depth, z1, z2: 
depth (z1<z2). Shear area under unsaturated layer and 
saturated area in each slope is calculated. The ratio of shear 
area of unsaturated layer are 0.17 for the slope of 30deg. 
while it is 0.58 for 40deg.. So contribution of shear 
deformation at unsaturated layer is larger in the steeper slope. 
It is same trend with the ratio of unsaturated component of 
surface displacement that is larger in the steeper slope. 
 
5. CONCLUSION 
From the examination as above, the facts as bellows are made 
clear. 
(1) Surface displacement and shear strain in the slope makes 
remarkable increase at the time of rise of G.W.L.  
(2) Surface displacement proceeds at unsaturated condition at 
first, then increase remarkably with the increase of pore 
pressure at the base. The relation between surface 
displacement and pore pressure is hyperbolic just like 
stress-strain curve of soil element. The ratio of unsaturated 
component to all surface displacement is larger in steeper 
slope. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 (3) In the slope, shear strain proceeds under almost constant 
suction after rapid increase of suction. Unsaturated soil layer 
near surface is thicker in the steeper slope. 
(4) Shear strain at saturated zone near bottom is larger than 
that at unsaturated layer in the slope of 30deg., while shear 
strain at unsaturated layer near surface is larger in the slope of 
40deg.. 
(5) Contribution of unsaturated shear deformation is larger in 
steeper slope. 
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ABSTRACT: In order to elucidate the mechanical properties of 
load-settlement relationships of spread foundations on sand ground, 
experimental and analytical study on strain hardening and dilatancy 
of sand is needed. Here we present the theoretical properties which 
were derived from circular footing model experiment and computer 
simulation. The model experiment was carried out through vertical 
loading on circular footing, and used relative density and tank 
dimensions as parameters. The quantitative relationship between 
load and settlement was analyzed through FEM simulation with 
SMP-Cam-Clay model, which is capable of estimating the dilatancy 
of sand. The results are summarized as follows; In both cases of 
dense and loose sand models, before reaching the ultimate load, the 
load-settlement relationship obtained from FEM simulation 
corresponded with that of obtained from the experiment. After 
reaching the ultimate load, “Terzaghi’s bearing capacity line” 
corresponded with the load-settlement relationship obtained from 
the experiment. In the case of medium-dense sand models, some 
binding effect of a soil tank rectangle was recognized. The effect 
was considered to be exerted by the positive dilatancy of the sand, 
which occurred steadily with the settlement progresses. 
 
Keywords: Spread Foundation, Sand Ground, 
Load-Settlement Curve, Constitutive Equation, Dilatancy 

1 INTRODUCTION 

Although the quantitative load-settlement relationships of 
spread foundation have been experimentally well 
demonstrated on sand ground [1]–[4], the underlying 
mechanical properties of the relationships still remained to be 
elucidated. Especially, since little study has been done on the 
mechanical properties characterized through strain hardening 
and dilatancy of sand. Here we present the theoretical 
properties which were derived from circular footing model 
experiment and computer simulation. The model experiment 
was carried out through vertical loading on circular footing, 
and used relative density and tank dimensions as parameters. 
The quantitative relationship between load and settlement 
was analyzed through FEM simulation with SMP-Cam-Clay 
model. In addition, a part of the contents of this paper have 
been reported in [5], [6].  

2 VERTICAL LOADING TEST OF        

CIRCULAR FOOTING 

2.1 Test Pit and Loading Equipment 

The model experiments were performed on Toyoura sand, 
with different relative densities. The Maximum and minimum 
densities of the sand, as determined by the standard procedure, 

 
 

are given in Table1. The loose sand models were built by 
pouring sand from containers. The density of the sand models 
is a unique-function of the height of free fall of sand. 
Medium-dense and dense sand models were built by vibration 
provided by an earthquake simulator. The soil tank was made 
of steel, which made the tank completely resistant to earth 
pressure. Teflon sheets with double layers of grease were set 
on the sides of the soil tank, in order to omit the friction 
caused by the experiment ground [7]. To study the effect of 
sand dilatancy on mechanical properties of the 
load-settlement relationship, soil tanks with different 
volumes were used in the experiments. The short side of the 
big soil tank was measured to be 400 millimeters in Fig.1-1 
which shows the experimental device, whereas that of the 
small soil tank was 100 millimeters in Fig.1-2 which shows 
the experimental device. The model footing has a circular 
cross section with diameter of 20 millimeters, and is 80 
millimeters in height. Moreover, the model footing is made of 
wood, and sandpapers are put on the tip [1]. In the following, 
 

Table1 Specifications of the Experiment Ground 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Load Settlement Relationships of Circular Footings                          
Considering Dilatancy Characteristics of Sand 
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Density of Soil Particles ρs 2.558g/cm3 
Maximum Density ρd max 1.645g/cm3 
Minimum Density ρd min 1.337g/cm3 

The Ground Plan：  20B (Unit：mm) 

Sand Ground 

Fig.1-1   Experimental Device (  20B)  

The Ground Plan：
 5B (Unit：mm)

Model Footing 
and 
Load Cell 

Model Footing 
and 
Load Cell 

Fig.1-2   Experimental  
Device (  5B)
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2.3.3   In the Case of Medium-Dense Sand Models 

M-20B and M-5B were performed three times, each. As a 
result, the p-S relationship showed no significant variation. 
The result of a typical case is shown in Fig.3. In any results of 
M-20B and M-5B, p steadily increases until S reaches about 
1.6 millimeters. Both results are almost consistent until S 
reaches 0.8 millimeters. But the stiffness on settlement of 
M-5B becomes larger than that of M-20B from 0.8 
millimeters to 1.6 millimeters. As a result, p of M-5B is about 
1.2 times larger than that of M-20B at S reached about 1.6 
millimeters. From 1.6 millimeters to 4.0 millimeters, p 
steadily decreases as the settlement progresses where the rate 
of decrease in p of M-5B is about 3 times larger than that of 
M-20B. In any results of M-20B and M-5B, p then steadily 
increases again as the settlement progresses, and both 
results appeared to be consistent. In addition, in both results 
of M-20B and M-5B, the ultimate load is confirmed when S 
reached about 1.6 millimeters. Such characteristics of the p-S 
relationship were similar to that of the p-S relationship which 
was derived from D-20B and D-5B. The elevation of sand 
surface around the model footing did not appear in any results 
of M-20B and M-5B. Such behavior of sand was similar to 
what was derived from L-20B and L-5B.  

3 THE INFLUENCE OF SAND DILATANCY ON      

P-S RERATIONSHIPS 

3.1   In the Case of Dense Sand Models 

In the case of dense sand models, sand ground under the 
footing seemed to exhibit a continuous behavior with positive 
dilatancy until p reaches the ultimate load, whereas the sand 
behavior under footing exhibits a discontinuous behavior 
with a sign of failure surfaces after p reached the ultimate load. 
Therefore, the FEM simulation was performed until p reaches 
the ultimate load, and then the rigid-plastic analysis based on 
the bearing capacity of Terzaghi’s theory was performed [5]. 
In the following, SD-20B expresses the analysis 
corresponding to D-20B, and SD-5B expresses the analysis 
corresponding to D-5B.  

3.1.1   In the Case of D-20B 

[Until p reaches the ultimate load] 
The comparison of the load-settlement relationship obtained 
from D-20B and SD-20B, and “Terzaghi’s bearing 
capacity line” is shown in Fig.4. Here, “Terzaghi’s bearing 
capacity line” is calculated as Df S in (1), indicating the 
line that linked qu as a parameter S. In Fig.4, both p of 
SD-20B and D-20B are roughly consistent until S reaches 
about 1.0 millimeter. From 1.0 millimeter to 2.0 millimeters, 
p of SD-20B is larger than that of D-20B.  
 

 

                       qfγcu NDγBNβγcNαq 21 ++=
                 

(1) 

 
Fig.4   Comparison of the Load-settlement Relationship obtained from 

D-20B and SD-20B, and “Terzaghi’s Bearing Capacity Line”  
 
 

 
Fig.5   The Distribution of Stress Ratio obtained from SD-20B(Unit：mm) 

 
 

 
Fig.6   The Distribution of Stress Ratio obtained from SD-5B(Unit：mm) 
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     Fig.7 Comparison of the Load-settlement Relationship  

obtained from L-20B and SL-20B 

 

 
 
 
This is because the progressive failure accompanied by the 
generation of the failure surface occurs. It can be confirmed 
from Fig.5 which shows the distribution of stress ratio 
obtained from SD-20B when S reached about 2.0 millimeters. 
In addition, the element that stress ratio reached critical state 
line occurred first when S reached about 1.0 millimeter. In 
Fig.5, it is confirmed that the element that stress ratio 
reaching critical state line steadily increases from 1.0 
millimeter to 2.0 millimeters. Therefore, because the 
condition that the boundary of the element changes 
discontinuous when stress ratio reached critical state line is 
not considered in the case of SD-20B, p of SD-20B is 
considered to be larger than that of D-20B from 1.0 
millimeter to 2.0 millimeters. From the above, it is considered 
that sand behavior shifts from a continuous behavior based on 
SMP-Cam-Clay model to a discontinuous behavior 
accompanied by the generation of the failure surface when S 
reached about 1.0 millimeter, and that the sheared mass of 
sand appears under the footing when S reached about 2.0 
millimeters. 
[After p reached the ultimate load] 
In Fig.4, from 2.0 millimeters to 4.5 millimeters, p decreases 
slightly as the settlement progresses. When S reached about 
4.5 millimeters, the load-settlement relationship is asymptotic  

to “Terzaghi’s bearing capacity line”. Therefore, sand 
behavior is considered to result in a total failure at this stage. 
After S reached about 4.5 millimeters, p increases steadily 
along “Terzaghi’s bearing capacity line” as the settlement 
progresses, indicating the sand behavior resulted in a 
continuous failure. 

3.1.2   In the Case of D-5B 

[Until p reaches the ultimate load] 
The comparison of the load-settlement relationship obtained 
from D-5B and SD-5B is shown in Fig.4. Because both p of 
SD-5B and D-5B are roughly consistent until S reaches about 
1.0 millimeter, the mechanical properties of the p-S 
relationship obtained from D-5B is considered to be similar to 
that of obtained from D-20B. From 1.0 millimeter to 2.0 
millimeters, both p of SD-5B and D-5B 
are roughly consistent throughout. As a result, the ultimate 
load of D-5B is 2.4 times larger than that of D-20B. To 
analyze the cause, the comparative studies shown in Fig.5 and 
Fig.6 were conducted. Fig.6 shows the distribution of stress 
ratio obtained from SD-5B. In the case of SD-20B, the area 
recognized as sheared mass of sand appears under the footing. 
On the other hand, in the case of SD-5B, the area recognized 
as sheared mass of sand does not appear. In other words, in 
the case of D-5B, positive dilatancy exerts a marked binding 
effect of a soil tank rectangle and the dilatancy causes the 
increase of mean principal stress as a result. Therefore, from 
1.0 millimeter to 2.0 millimeters, the ultimate load of D-5B is 
considered to be 2.4 times larger than that of D-20B. 
[After p reached the ultimate load] 
In Fig.4, from 2.0 millimeter to 4.5 millimeters, p decreases 
slightly until p reaches half of the ultimate load. Such 
characteristic of the p-S relationship is not recognized in the 
case of D-20B. Because the failure surface appeared at the 
sand surface when S reached 4.5 millimeters, the effect of 
positive dilatancy which occurred from 1.0 millimeter to 2.0 
millimeters is considered to disappear from 2.0 millimeters to 
4.5 millimeters. 

3.2   In the Case of Loose Sand Models 

In the case of loose sand models, shear failure which occurs 
and progresses below edge of the footing is considered to 
have a significant influence on the mechanical properties of 
the p-S relationship. Therefore, the element that stress ratio 
reached critical state line and shear strain excelled was 
defined as “Large deformation element”, and regarded it as a 
gap element in each step, and the FEM simulation was 
performed [6]. In the following, SL-20B expresses the 
analysis corresponding to L-20B, and SL-5B expresses the 
analysis corresponding to L-5B. In addition, because both 
results of SL-20B and SL-5B were almost consistent, only the 
results of SL-20B are described as follows. 
[Until p reaches the ultimate load] 
The comparison of the load-settlement relationship obtained 
from L-20B and SL-20B is shown in Fig.7. In Fig.7, both p of 
SL-20B and L-20B are almost consistent until S reaches 
about 1.0 millimeter. To investigate the stress condition in the 
sand ground, the distribution of “Large deformation element” 
was obtained from SL-20B as shown in Fig.8. In Fig.8,  

L-20B 

SL-20B

Fig.8   The Distribution of “Large Deformation Element”
obtained from SL-20B (Unit：mm) 
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Table3   Comparison of the Ultimate Load by the Relative Density 

 
“Large deformation element” appears below edge of the 
footing first when S reached 0.26 millimeters, and after S 
reached 0.27 millimeters, it appears directly below “Large 
deformation element” which occurred when S reached 0.26 
millimeters. Because both p of SL-20B and L-20B are almost 
consistent until S reaches about 1.0 millimeter, the sand 
ground under the footing is considered to exhibit a behavior 
based on SMP-Cam-Clay model until S reaches about 0.26 
millimeters. In other words, sand ground under the footing is 
considered to exhibit a contractile behavior with negative 
dilatancy. From 0.26 millimeters to 1.0 millimeters, it is 
considered that sand ground under the footing exhibits a 
contractile behavior continuously with negative dilatancy and 
that shear failure occurs and progresses at the same time 
below edge of the footing. 
[After p reached the ultimate load] 
In Fig.7, the p-S relationship obtained from SL-20B showed 
a good correspondence with that of obtained from L-20B 
until S reaches 1.0 millimeter. After S reached 1.0 millimeter, 
the simulation of the p-S relationship was carried out based on 
“Terzaghi’s bearing capacity line,” since SL-20B was 
difficult to perform as p of L-20B approached the ultimate 
load. Here, the relative density Dr was determined to be 
consistent with qu when S reached 3.0 millimeters and the 
ultimate load of L-20B. The relationship between Dr and 
internal friction angle  φ was estimated from [9]. As a result, 
Dr=59%, φ =38.9°, γ1=γ2=1.52g/cm3 were obtained. 
These values correspond to the constants representing the 
mechanical properties of the medium-dense sand ground. The 
comparison of “Terzaghi’s bearing capacity line” using these 
values and the load-settlement relationship obtained from 

L-20B is shown in Fig.9. In Fig.9, it was obtained the 
interesting results that “Terzaghi’s bearing capacity line” 
shows a good correspondence with the p-S relationship 
obtained from L-20B after S reached 3.0mm millimeters.  

3.3  In the Case of Medium-dense Sand Models 

A comparison of the ultimate load in the case of each 
sand model is shown in Table3. In Table3, Ru is the ratio of 
the ultimate load in the case of using  5B against  20B. 
Some binding effect of a soil tank rectangle is recognized on 
Ru in the case of medium-dense sand model. A binding effect 
of a soil tank rectangle becomes marked by positive dilatancy 
as described in Section 3.1.2. Therefore, in the case of 
medium-dense sand model, because the condition of 
dilatancy occurrence is located between positive dilatancy 
and negative dilatancy, some binding effect of a soil tank 
rectangle recognized on Ru is considered to be exerted by 
positive dilatancy which occurred steadily as the settlement 
progresses. 

4 CONCLUSIONS 

In this paper, we present the theoretical properties of the 
load-settlement relationship on sand ground, which were 
derived from circular footing model experiment and 
computer simulation. To study the effect of sand dilatancy on 
the mechanical properties of the load-settlement relationship, 
the model experiment was carried out on relative density and 
tank dimensions as parameter. The quantitative relationship 
between load and settlement was analyzed through FEM 
simulation with SMP-Cam-Clay model, which is capable of 
estimating the dilatancy. The results are summarized as 
follows; 
1) In the case of dense sand models with large soil tank 

(D-20B), it is considered that sand behavior shifts from a 
continuous behavior based on SMP-Cam-Clay model to 
a discontinuous behavior accompanied by the generation 
of the failure surface when S reached about 1.0 
millimeter, and that the sheared mass of sand appears 
under the footing when S reached about 2.0 millimeters. 
When S reached about 4.5 millimeters, sand behavior is 
considered to result in a total failure. After S reached 
about 4.5 millimeters, sand behavior is considered to 
result in a continuous failure. 

2) In the case of dense sand models with small soil tank 
(D-5B), until S reached about 1.0 millimeter, the 
mechanical properties of the p-S relationship obtained 
from D-5B is considered to be similar to that of obtained 
from D-20B. From 1.0 millimeter to 2.0 millimeters, it is 
considered that positive dilatancy exerts a marked 
binding effect of a soil tank rectangle and the dilatancy 
causes the increase of mean principal stress. Accordingly, 
the ultimate load of D-5B was 2.4 times larger than that 
of D-20B. From 2.0 millimeter to 4.5 millimeters, the 
effect of positive dilatancy which occurred from 1.0 
millimeter to 2.0 millimeters is considered to disappear. 
When S reached about 4.5 millimeters, mechanical 
properties of D-5B are considered to be similar to that of 
D-20B. 

 

Experiment Name 
  The Ultimate Load 

(kN/m2) 
Ru 

L-20B 9.51 
0.96 

 L-5B 9.17 

M-20B 25.01 
1.15 

 M-5B 28.70 

D-20B 35.66 
2.35 

 D-5B 83.91 

Fig.9   Comparison of the Load-settlement Relationship obtained from
 L-20B and “Terzaghi’s Bearing Capacity Line” 

L-20B 
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3) In the case of loose sand models with large and small soil 
tank (L-20B and L-5B), sand ground under the footing is 
considered to exhibit a behavior based on 
SMP-Cam-Clay model until S reaches about 0.26 
millimeters. In other words, sand ground under the 
footing is considered to exhibit a contractile behavior 
with negative dilatancy. From 0.26 millimeters to 1.0 
millimeters, it is considered that sand ground under the 
footing exhibits a contractile behavior continuously with 
negative dilatancy and that shear failure occurs and 
progresses at the same time below edge of the footing. 
After S reached 3.0millimters, the results showed that, 
with the values correspond to the constants representing 
the mechanical properties of medium-dense sand ground, 
“Terzaghi’s bearing capacity line” seemed to correspond 
with the p-S relationship obtained from L-20B. 

4) In the case of medium-dense sand models (M-20B and 
M-5B), some binding effect of a soil tank rectangle was 
recognized on Ru which shows the ratio of the ultimate 
load in the case of using  5B against  20B. This is 
considered to be exerted by positive dilatancy which 
occurred steadily as the settlement progresses, because 
the condition of dilatancy occurrence is located between 
positive dilatancy and negative dilatancy. 
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ABSTRACT – The application of geology in civil engineering 
make possibility of ground improvement. This paper involve with 
the thermally modification of construction material based on 
changing micro and macro characteristics. The heat could modify 
the soil shape, size and chemical composite as well as crystal 
structure. In this research work the bentonite subjected to the heat 
for 6 hours from 100 ºC to 500 ºC in increment of 100 ºC. The 
different techniques and methods have been used for changing soil 
micro and macro characteristics. And also the different technique 
validated this research investigation and the result has been shown 
that heat has significant affect on controlling geotechnical 
engineering problem. And in the final author would like suggest 
that the there is still more scope for continuing this research work 
on several natural soil and mineral in applying heat for different 
time and level  for approaching better results. 

 
Keyword: Soil characteristics; natural soil; ground 
improvement; geotechnical problem; soil atomic structure  
 
1. INTRODUCTION  
Clay has always played a major role in human life. Clay 
raw materials are used and their value recognized in many 
economic branches, agriculture, civil engineering and 
environmental studies. This is largely because of their wide 
ranging properties, high resistance to atmospheric 
conditions, geochemical purity, and easy access to their 
deposits near the earth's surface and low price. 
Clay minerals, the essential constituents of argillaceous 
rocks, can be classified in seven groups according, to their 
crystal structure and crystal chemistry. Clay raw materials 
are divided in the same way into seven groups. An eighth 
group covers clay ochres and pigments. Further 
classification is based on the purpose-made technological 
application. It gives information on the application of clay 
raw materials or individual clay minerals: in the production 
of foods, feedstuffs, beverages, paper, rubber, plastics, 
artificial leather, protective coatings for interior and 
exterior use, pharmaceutics, cosmetics, paints, pencils, 
pastels, porcelain, etc [1]. There are many tests have been 
performed on bentonite for simulating compaction and 
densities. It is heated on one end while hydration with 
deionised water takes place by the opposite end to simulate 
the thermal gradient created by the heat generated by the 
radionuclide decay and the hydraulic gradient generated by 
the groundwater coming from the host rock into the 
bentonite barrier [2-3]. It has been considered the 
engineering behavior of bentonite enhanced sand (BES) 
mixtures in relation to their performance as environmental 
barriers. Data on the swelling and hydraulic conductivity 
are presented. At low effective stresses the bentonite within 
BES mixtures swells sufficiently to separate the sand 
particles. In such states two factors affect the void ratio 
reached by the bentonite after swelling: the ionic 
concentration of the pore solution and the bentonite fabric 
after compaction. Bentonite swelling is very sensitive to the 
pore solution concentration because increasing 
concentration suppresses the diffuse double layer 
component of swelling. Remoulding during compaction 

 
 

can result in a slight reduction in bentonite swelling, 
probably because of disruption to the cluster-based fabric 
of bentonite. At high effective stresses the bentonite has 
insufficient swelling capacity to force the sand particles 
apart, and the sand pore volume thus limits swelling [4]. 
Bentonite enhanced sand (BES) mixtures are widely used 
as barriers to control the movement of liquid from waste 
disposal facilities because BES can combine relatively high 
strength and low compressibility with very low hydraulic 
conductivity. This is achieved by using a mixture that 
contains sufficient sand to ensure the stability of the 
compacted mixture and enough bentonite to seal the voids 
between the sand particles. Other benefits are that 
compacted BES containing modest amounts of bentonite is 
fairly resistant to the effects of desiccation, and the 
bentonite in BES has a high chemical buffering capacity 
[5-6].  
 
It has been reported on GMZ bentonite as a potential 
material for the construction of engineered barrier in the 
Chinese program of geological nuclear waste disposal, for 
its high montmorillonite content, high cation exchange 
capacity (CEC) and large specific surface etc. Studies on 
mineralogy and chemical composition, mechanical 
properties, hydraulic behavior, swelling behavior, thermal 
conductivity, microstructure and volume change behavior 
of GMZ bentonite were performed from 1980s. Based on a 
review of the former studies, achievements on experimental 
and theoretic results obtained on compacted GMZ 
bentonite specimens including basic properties, thermal, 
hydraulic and mechanical behaviors are presented. Results 
show the thermal conductivity of GMZ bentonite and the 
bentonite based mixtures influenced by its dry density, 
water content, mixture of other materials and degree of 
saturation etc. Water retention capacity of highly 
compacted GMZ bentonite decreases as the temperature 
increases under confined and unconfined conditions. The 
hysteretic behavior in the water retention curves of the 
compacted GMZ bentonite is not so significant at 20 or 
40 °C. The unsaturated hydraulic conductivity of 
compacted GMZ bentonite under unconfined conditions is 
higher than that of under confined conditions. This is 
possibly induced by the difference in the mechanism of 
micro-structural changes during hydration under different 
confining conditions. The compaction curves for GMZ 
bentonite with different dry densities are clearly step 
phased. And the optimum water content for GMZ bentonite 
is about 15%. An exponential relationship between 
swelling pressure and dry density of highly compacted 
GMZ bentonite was determined for the prediction of 
swelling pressure. Furthermore, the void ratio after 
swelling for unconfined sample also can be predicted using 
diffuse double layer (DDL) theory [7]. Conceptually the 
design of high-level radioactive waste (HLW) repositories 
in deep geological media includes the construction of an 
engineered barrier around the waste containers constituted 
by a buffer backfill material [8].  
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The purpose of the entire this research exercise would be (i) 
identification under heat bentonite morphology and 
mechanical properties (ii) and modify bentonite 
characteristic for innovation of new material could be use 
for mitigation of geotechnical and geo-environment 
problems.   
 
2. METHODOLOGY AND EXPERIMENTS 
To innovation a new construction material for solving 
geotechnical and geo-environment problems an 
investigation on thermally treated bentonite has been 
executed. The bentonite has been submitted to the heat for 6 
hours from 100 ºC to 500 ºC in increment of 100 ºC. The 
main research attempt was to modifying construction 
material under laboratory condition. The evaluation of both 
for the macro and micro of bentonite characteristics based 
on new research work and previous investigation have been 
taken systematically trough of laboratory testing. And in 
the laboratory triaxial, XRF and SEM tests have been 
conducted.  
 
3. RESULTS AND DISCUSSION 
The heat has been affected on soil mechanical behavior 
based on soil crystal structure and chemical composite and 
had significant affect on soil mechanical properties in 
macro and micro scale. In this investigation has been 
observed that the heat strongly changed soil mechanical 
properties. From the previous investigation in the table 1 is 
indicated unit weight, optimum moisture content and 
natural moisture content of bentonite.  

  
Table. 1 the bentonite mechanical properties [9] 

Heat 
ºC 

γ  
 

kN/m3) 

OMC 
(%) 

NMC 
(%)  

RT 12.1 42.4 13.43
100 12.2 42.5 9.46 
200 12.3 42.77 8.9 
300 12.1 42.3 5.3 
400 11.6 39.2 2.53 
500 11.5 38.8 2.33 

 
Table. 2 the bentonite mechanical properties 

Heat 
ºC 

 
(KN/m3) 

C 
(KN/m2) 

Φ [°] 

RT 12.1 38 0 
100 12.2 48 0 
200 12.3 56 5 
300 12.1 70 10 
400 11.6 84 3 
500 11.5 98 12 

 
From this research work some other mechanical 

properties of bentonite has been mentioned in the table 2. 
The heat is playing in reducing bentonite unit weight and 
the interesting issue is the bentonite cohesive characteristic 
is increased linearly and from other hand the internal angle 
of friction is changing nonlinearly. In overall it is find that 
the bentonite with new characteristic is with less weight 
and more bearing capacity. The changing bentonite crystal 
structure due to heat resulted in improved permeability. It 
could be suggested that for increasing waterproof of soil 

foundation thermally treated bentonite could be acceptable 
material.  The soil mechanics experiment result has been 
shown that the best safe bearing capacity appeared when 
soil is subjected to 500 ºC heat, and the decreasing unit 
weight in this level has not affected on final result compare 
to when bentonite is under less heat level. In the room 
temperature bentonite has 700.06 kN/m2 safe bearing 
capacity, when it is submitted to the heat for 500 ºC has 
been improved up to 3132.90 kN/m2, it was understood that 
the application of heat on soils could helps in modification 
of construction material for improving earth structure 
stability and impermeability, and also could used in other 
industry. The fig 1 is stress-strain relationship of bentonite 
from triaxial test and the fig 2 is [9] also stress-strain 
relationship of bentonite from compression tests when 
subjected to different level of heat. The results of both 
methods are almost close to each other. When the heat is 
increased the stress-strain relationship increased but not 
linear and always increasing of heat not resulted in 
improving soil bearing capacity in this regard could bring 
example of bentonite is submitted to the 400 ºC. This 
investigation was for applying heat on the bentonite up to 
500 ºC and has also been limited for 6 hours. For the future 
investigation could be extend the heat time and level in 
applying on bentonite, or other material for approaching 
better or optimizing result. For evaluation of changing 
bentonite mechanical properties subjected to the heat the 
chemical element and the morphology of the bentonite 
have also been investigated.  
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Table. 3 Chemical element of the bentonite in different 
level of heat 

Heat 
ºC 

 O Mg Al Si 

25 
Wt % 40.71 0.89 8.42 26.97
At % 59.18 0.85 7.25 22.33

100 
Wt % 40.91 - 8.34 26.79
At % 59.68 - 7.22 22.27

200 
Wt % 43.09 - 8.57 27.26
At % 61.27 - 7.23 22.09

300 
Wt % 36.29 - 8.05 28.17
At % 55.41 - 7.28 24.50

400 
Wt % 40.06 - 8.44 27.98
At % 58.72 - 7.33 23.36

500 
Wt % 39.65 - 9.21 27.67
At % 58.29 - 8.03 23.17

  
                    Table continued 

C K Ti V Fe 
1.12 1.90 2.68 0.48 16.84 
0.73 1.13 1.30 0.22 7.01 
1.09 1.95 2.97 - 17.95 
0.71 1.16 1.45 - 7.50 
1.14 2.11 2.82 - 15.01 
0.73 1.22 1.34 - 6.12 
0.82 1.95 3.03 - 21.69 
0.56 1.22 1.54 - 9.49 
0.93 1.73 2.50 - 18.36 
0.62 1.04 1.22 - 7.71 
0.50 1.91 2.27 - 18.79 
0.33 1.15 1.11 - 7.91 

 
The table 3 indicated the chemical composite of the 
bentonite subjected to  the heat from 100 ºC to 500 ºC in 
increment of 100 ºC, and the XRF chemical analysis 
experiment has been indicated that the Mg and V of the 
bentonite have been disappeared after applying 100 ºC heat, 
and the from other hand the remaining elements which are 
O, Al, C, K, Ti, Si, Fe showing different level in changing 
heat level, and could be understand that the chemical 
elements are not responsible for changing soil mechanical 
properties.  
 

The SEM photographs have clearly revealed that the 
surface morphology, shape and size of the minerals (figs 
3-8). The bentonite under heat for 6 hours from 100 ºC to 
500 ºC in increment of 100 ºC selected to study its 
morphology modification, the result shown that under all 
conditions results are closely similar (fig 3-8) and also same 
result is observed about soil chemical composite from the 
XRF experiment (table 3) it could be expected that the soil 
crystal structure is main reason in modification of soil 
mechanical properties. It is observed different color of 
bentonite at any level of heat is applied. The changing 
bentonite color during increasing heat is due to 
modification of crystal structure of bentonite.    

 
It is to be noted that innovation of the better 

construction material is possible by application of the heat 
on bentonite. It is interesting to be mention that in the 
bentonite submitted to the heat for 500 ºC after return to 
room temperature when mixed with the water to carry out 

of compaction test the small hydration has been observed. It 
is due to developed new bentonite characteristic based on 
changing crystal structure.  The modification of crystal 
structure was responsible for improving bentonite 
mechanical properties.     

 

 
fig. 3 SEM Photo of bentonite at 25 ºC 

 

 
Fig. 4 SEM Photo of bentonite processed under 100 ºC  

for six hours 
 

 
Fig. 5 SEM Photo of bentonite processed under 200 ºC 

 for six hours 
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Fig. 6 SEM Photo of bentonite processed under 

300 ºC for six hours 
 
 

 
Fig. 7 SEM Photo of bentonite processed under 

400 ºC for six hours 
 
 

 
Fig. 8 SEM Photo of bentonite processed under 

500 ºC for six hours 
 
 
 
 

4. CONCLUSION 
 The validation of the results have been proved by 

comparing different results 
 The bentonite crystal structure was responsible for soil 

mechanical properties modification   
 It could be suggested this method can apply for 

improving construction material characteristic.  
 There is different material could be investigated in 

applying heat for different time and level  for 
approaching better results 
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7. NOMENCLATURE  
Φ (Degree)  = Angle of Friction 
C (KN/m2)  = Cohesive of Soil  
OMC (%)  = Optimum Moisture Content 
SBC (KN/m2) = Safe Bearing Capacity 
 (KN/m3)  = Unit Weight 
NMC (%)  = Natural Moisture Content 
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ABSTRACT: The concept of beam on elastic foundation has been 
extensively used by geotechnical engineers for foundation design 
and analysis.  However most of the studies on the analysis of beam 
on elastic foundation are devoted to the mesh based methods. In this 
paper a mesh-free method is implemented for the analysis of beam 
on two parameter elastic foundation. The geometry of the problem is 
modeled by nodes and the displacement field is constructed by radial 
basis functions. The final system of equations is derived by the 
substitution of the displacement field into the weak form of the 
governing equation. The elastic foundation is simulated by the 
concept of linkage element and there is no need of node or element 
in the traditional sense. At the end of the paper the results of analysis 
with the mesh-free method are compared with the results of the finite 
element analysis. 
  
 
Keywords: Mesh-Free, Beam, Elastic Foundation 

1. INTRODUCTION 

There are many geotechnical engineering problems that can 
be idealized as beams on elastic foundations. This kind of 
modelling helps to understand the soil-structure interaction 
phenomenon and predict the contact pressure distribution and 
deformation within the medium. The most common theory 
for the beam on elastic foundation modelling is the Winkler 
approach [1]. However the modelling of soil using the 
Winkler's theory was considered inadequate in the handling 
of various problems. The main weakness lies in the fact that it 
overlooks the shear interaction between the spring elements. 
Hence the two-parameter models were proposed some 
decades ago [2-3]. The numerical solution for these 
two-parameter models are mainly obtained by mesh based 
methods such as finite element or finite difference method 
[4]. 
In this paper a mesh-free method is implemented for the 
analysis of beam on two-parameter elastic foundation. In the 
proposed approach the geometry of the beam is modelled by 
nodes and the displacement field is constructed by radial basis 
functions. The two-parameter foundation is simulated by a 
virtual layer consists of two sets of springs with different 
stiffness coefficients. At the end of the paper the results of 
analysis with the mesh-free method are compared with the 
results of the finite element analysis. 

2. MESH-FREE METHODS  

A new family of numerical methods is developed to get rid of 
the deficiencies related to mesh definition. These methods are 
globally coined as mesh-free or mesh-less methods and their 
main characteristic is their independency to the traditional 

 
 

mesh definition. There are many mesh-free methods such as 
smoothed particle hydrodynamics (SPH) [5], element free 
Galerkin method (EFGM) [6], reproducing kernel particle 
method (RKPM) [7], etc. In this paper the radial basis point 
interpolation method (RPIM) is used for the analysis of beam 
on elastic foundation. 
  

2.1 Enriched RPIM 

According to the enriched RPIM A field function u(x) can be 
approximated using both radial and polynomial basis as  

         
n m

T T
i i j j

i j

u = R a + P b = + x x x R x a P x b       (1)                       

where R(x) and P(x) are, respectively, the vector of radial and 
polynomial basis and n is the number of field nodes in the 
local support domain for point x. Vectors a and b are 
coefficients for R(x) and P(x) respectively . 
The coefficient vectors a and b are determined by enforcing 
Eq. (1) to be satisfied at all the n nodes within the local 
support domain. Hence, Eq. (1) can be written as:  

    su =x Φ x U                                                                (2)                      

where  sU  is a vector of nodal displacements, and  Φ x  

contains RPIM shape functions for the n local nodes in the 
support domain. For details the reader is referred to [8]. 

3. BEAM ON ELASTIC FOUNDATION MODELING 

 

3.1 Beam Modeling 

In the present approach, a beam with any arbitrary thickness 
can be simulated readily. As shown in Fig. 1 two or more 
parallel sets of nodes may be used to model the beam 
structure. Considering the variational (weak) form of the total 
potential energy functional for the beam, the discrete form of 
equations in mesh-free approach can be written as  

B B BK U F                                                                       (3) 

where 
T

Ω

dΩ B B B BK B D B                                                   (4) 

T T

Ω Γ

dΩ dΓ  B B BF Φ b Φ T                                    (5) 

where Φ and B are respectively, the shape functions and the 
gradient of shape functions matrices, b is the body force 

vector, D is the material matrix,  is the problem domain, T  
is the prescribed surface traction and  is the boundary along 
which the surface traction is imposed. It should be noted that 
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subscript B stands for the beam media. 

3.2 Elastic Foundation Modeling 

In order to simulate the elastic foundation, the concept of 
linkage element is used [9]. As shown in Fig. 2 the 
two-parameter foundation can be considered as a layer with 
two stiffness coefficients along two orthogonal directions (i.e. 

SK and nK ). According to Fig. 2, the relative deformation 

vector    at point P between the top and bottom surfaces can 
be related to the displacements of points A and B. Hence it 
can be written as 
 

 
Fig. 1 Mesh-free modeling of beam media 

 

S A B
A B

n A B

u u

v v




   
         

 U U                              (6) 

where S  and n are respectively, the shear and normal 

relative displacement at point P. AU and BU are the 
displacement vectors in the local coordinate n-s at points A 
and B respectively.  However, as the location of point B is 

fixed, the displacement components of  BU  (i.e. Bu and Bv ) 

are both zero. Then equation (6) can be re-written as 

S A
A

n A

u

v



   

     
   

 U                                                 (7) 

where Au and Av are respectively, the displacement of point 

A in the s and n directions.   
 

 
 

Fig. 2 Foundation modeling by linkage element concept 
 
Considering the relation between local and global coordinate, 
we have  

A AU LU                                                                       (8) 

where L is coordinate transform matrix and AU is the 

displacement vector of point A in global coordinate. 

As shown in Fig. 2 the field variable (i.e. displacement) at 
point A can be estimated by its nodal values at the nodes 
located in the compact support domain of point A. According 
to Eqs. (2) , (7) and (8) the displacement of point A can be 
written as 

f SA B U                                                                       (9) 

where SAU is the displacement vector composed of 

displacement at all nodes in the compact support domain of 
point A and 

f B LΦ                                                                        (10) 

Neglecting the normal strain component in the s direction, the 
strain vector in the local coordinate can be defined as 

1

h
                                                                             (11) 

where h is the virtual thickness assumed for the foundation 

layer and   Tns n  , in which n  is the normal strain in 

the n direction, and  ns  is the shear strain. By substituting Eq. 

(11) into Eq. (9) the relation between strain and nodal 
displacement can be obtained as  

1
f SAh

 B U                                                                  (12) 

To evaluate the stiffness matrix related to the elastic 
foundation, the relation between stress and strain in this 
region is also needed. According to Fig. 2 the relation 
between stress vector and relative deformation can be written 
as 

f D                                                                          (13)  

where the stress vector   consists of the normal stress n  

and the tangential stress  in the foundation region.  

 Tn                                                                  (14) 

 Matrix fD can also be defined as 

0

0
S

f
n

K

K

 
  
 

D
                                                         (15) 

Substituting  (11) into (12) gives 

 
1

fh
 D

                                                                   (16) 

Using the variational principle the stiffness matrix of elastic 
foundation can be written as 

 f

1 1
=

h f f f

A

h dA
h

   
   
   Κ B D B                            (17) 

Assuming constant virtual thickness for foundation layer, Eq. 
(17) can be written as 

f = f f f d


Κ B D B                                                    (18) 

where   is the length parameter along the foundation layer. 

The final matrix form of equations for the whole system of 
beam on elastic foundation can be written as 



 

165 
 

 

  B f K K U F                                                       (19) 

where  U and F are nodal displacement and nodal force 
respectively. 

4. NUMERICAL STUDY 

A typical example is investigated to verify the efficiency of 
proposed method in this paper. As shown in Fig. 3, a beam 
with 10 m length and 1 m thickness is assumed. The elastic 
modulus and Poisson ratio of the beam material are 2 GPa and 
0.25 respectively. The normal and shear stiffness modulus are 
respectively, 15000 and 10000 kN/m3. Plane strain condition 
is assumed.  Two 500 kN concentrated loads are exerted in a 
symmetric manner at 2 m distance from each end.  
 

 
 

Fig. 3 Typical problem of beam on two parameter elastic 
foundation  

 
The problem is solved by the finite element program 
SIGMAW as well as the proposed mesh-free method. The 
finite element modelling consists of two models; 10 elements 
model and 40 elements model (Fig. 4). It is obvious that by 
increasing the number of elements the accuracy of results will 
also increase.  Hence this can be a measure to investigate the 
accuracy of proposed mesh-free method. As it is depicted in 
Fig. 5 the mesh-free model is constructed by the same number 
of nodes as the 10 elements finite element model. The results 
of analyses are shown for the upper and lower surfaces of the 
beam in Figs. 6 and 7. Due to the symmetry of the model only 
the results for one half of the beam are demonstrated. As it is 
obvious from the figures, the proposed mesh-free method 
offers acceptable results that are even more accurate than the 
results of finite element analysis with the same order of 
nodes.    
 

 

 
Fig. 4  Finite element models of beam on two parameter 

elastic foundation using 10 and 40 elements  
 

 
 
Fig. 5 Mesh-free model for the beam on two parameter elastic 

foundation  
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Fig. 6 Horizontal and vertical displacement of the nodes 
located at the lower edge of the beam 
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Fig. 7 Horizontal and vertical displacement of the nodes 
located at the upper edge of the beam 

 

5. CONCLUSION 

A mesh-free procedure is implemented for the analysis of 
beam on two parameter elastic foundation. The elastic 
foundation is simulated by the linkage element concept and 
there is no need of node or element in the traditional sense. 
The thickness of the beam can be readily adjusted and the 
nodes can be added or omitted easily. Besides all these 
benefits, the accuracy of results is also acceptable and they 
are even better than the finite element results with the same 
order of nodes.  
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ABSTRACT: Geosynthetic reinforced segmental retaining walls 
(GR-SRWs) are in a period of development and have achieved 
popularity all over the world. Inclusion of geosynthetic layer at the 
interface has great influence on interface frictional performance of 
segmental retaining wall units. In this investigation, three (3) types 
of geosynthetic reinforcements were chosen and used to find out 
their influences on the interface shear capacity of newly designed 
and locally produced precast I-blocks. A series of direct shear tests 
were conducted using a specially designed and fabricated direct 
shear apparatus to assess the frictional characteristics of the blocks 
with geosynthetic inclusions. The results presented in this paper 
report that flexible geosynthetic reinforcements perform well than 
stiff geosynthetics although decrease the interface shear capacity 
than no inclusion condition. The presence of geosynthetic layers also 
minimizes the localized stress concentrations at the interface. 
 
Keywords: geosynthetics; interface shear; segmental block; 
retaining wall; reinforced soil 

1. INTRODUCTION 

Segmental concrete units (segmental retaining wall units) as 
the facing element for geosynthetic MSE (mechanically 
stabilized earth) walls have been frequently used worldwide 
for about three (3) decades [1]. They have achieved 
popularity due to many advantages in the fields of 
geotechnical engineering. In Malaysia, geotechnical 
engineers have been widely exercising geosynthetic 
reinforced segmental retaining walls (GR-SRWs) for last 
decades [2].  
 
Facing stability is an important issue in the current design 
guidelines [3], [4] and it is related to shear and connection 
failures. Past research works [5], [6] reported that facing 
instability basically occurs due to poor connection strength 
and inadequate connection systems. 
 
In GR-SRW constructions, polymer reinforcements are used 
to stabilize the backfill soils and facing columns. The 
presence of geosynthetic layers at the interface might increase 
or decrease the interface shear capacity of segmental concrete 
units [1], [7]. It depends on the flexibility of geosynthetic 
reinforcements as well as block’s geometry. 
 
In this investigation, three (3) types of geosynthetic 
reinforcements were chosen: a knitted polyester (PET) 
geogrid (flexible), a high density polyethylene (HDPE) 

 
 

geogrid (stiff), and a non-woven polyester geotextile 
(flexible) those which are mostly used in Malaysia for 
GR-SRW constructions. Plastic shear pins and natural coarse 
aggregate (NCA) were used to increase the interface shear 
capacity of the facing systems “to be published” [8]-[9]. A 
series of direct shear tests were executed under various 
normal loading conditions [3], [10]. Test results were 
presented in the form of shear stress-displacement 
relationship to compare the effect of different types of 
polymer reinforcements at interface. Shear capacity 
envelopes were also drawn using Mohr-Coulomb failure 
criteria to outline the angle of friction for different inclusions. 

2. MATERIALS 

2.1 Segmental concrete unit  

 “I” blocks were used as segmental concrete units in this 
research. “I” blocks are wet cast concrete units (G30), which 
have one center web and the tail/rear flange is extended 
beyond the web (Fig. 1). The rear flange is tapered that allows 
the blocks to form curve walls. The maximum tapered angle 
of the “I” block is 11.3 deg. “I” blocks are double open-ended 
units and provide a larger hexagonal hollow space in 
conjunction with two units, and the equivalent hole 
dimensions are about 450 mm in length, 280 mm in width and 
300 mm in height. The infill weigh is approximately 93 to 94 
kg with the aggregate of bulk density of 1527 kg/m3.The 
physical and mechanical properties of the used blocks are 
outlined in Table 1. 

2.2 Granular infill 

The hollow cores between the blocks were infilled with 100% 
crushed limestone aggregate and lightly compacted. The 
maximum and nominal maximum sizes of the aggregate were 
25 and 19 mm respectively.  The particle size distribution of 
the granular infill meets ASTM standard size #57 gradations 
[11]. The physical properties of infill are given in Table 2. 

2.3 Plastic pin 

Ultrahigh molecular weight polyethylene (UHMWPE) plastic 
bars were used in this investigation as flexible connectors 
because of their toughness and flexibility. UHMWPE has also 
highest impact strength. The physical and mechanical 
properties of the plastic bars are given in Table 3. 
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Table 1 Physical and mechanical properties of segmental 
             concrete unit 

* W = Width (Toe to heel), H= Height, L= Length (Parallel to the wall face) 

 
Table 2 Physical properties of granular infill 

Property Value 
Bulk density (g/cm3) 1.53 
Specific gravity (SSD) 2.63 
Void content (%) 42 
Coefficient of gradation, Cc 1.15 
Fineness Modulus (FM) 7.16 

 
Table 3 Physical and mechanical properties of plastic bar 

 
Table 4 Physical and mechanical properties of inclusions 

2.4 Geosynthetic reinforcements 

Three (3) different types of geosynthetic reinforcements were 
used in this study because of their high strength and low creep. 
Details of the reinforcements are referred as below: 
 
Miragrid GX 80/30 is a knitted uniaxial geogrid prepared 
from high tenacity polyester yarns, and covered with a black 
polymeric coating. The major characteristics are good 
connection capacity with modular blocks and excellent 
interface friction behavior, and high tensile strength at low 
creep.  
 
E’Grid 90R is an extruded uniaxial geogrid with elongated 
apertures. It is made of high density polyethylene (HDPE). 
The principal characteristics are good gripping capacity with 
the shear connectors of the modular block units and good 
creep performance with low strain, and high tensile strength 
under constant load.  
 
Rock PEC 75 is a non woven needle punched composite 
geotextile consisting of combination between high tenacity 
polyester yarns stitched to polypropylene continuous 
filaments. It provides high tensile strength at low elongation 
and high water flow capacity in its plane.  
 
Typical application areas of the geosynthetics (Fig. 2) are 
reinforcement of modular block walls, earth walls, slopes and 
bridge abutments. Table 4 summaries the physical and 
mechanical properties of the used geosynthetic 
reinforcements.  
 
 
 
 
 
 
 
 
 
 
 
 

 
 
 

Property Value 
Dimensions (WxHxL)* in mm 370x300x500 
Weight (kg) 41-42 
Oven dry density (g/cm3) 2.17 

Water absorption capacity 
% 7.1 
g/cm3 0.16 

Moisture content (%) 3.7 
Net compressive strength (MPa) 8.0 

Property Value 
Yield strength at 23C (MPa) 22 
Modulus of elasticity  (MPa) 750 
Elongation at break (%) >300 
Notched impact strength (kJ/m2) No break 
Density (g/cm3) 0.94 
Cross section area (mm2) 127.66 

Property  GX80/30 E’Grid 90R Rock PEC75 

Short term tensile strength Tc (KN/m)  
MD 80.0 90.0 75.0 
CD  30.0 - 14.0 

MD Tensile strength (KN/m) 5% strain 34.0 45.2 33.8 
Strain at MD tensile strength (%) 11.0 11.5 10.0 
Weight (Kg/m2) 0.32 0.55 0.34 

Aperture size (mm) 
MD 23 240 

- 
CD 21 16

Thickness (mm) 
Bond thickness (Tb) 1.40 

4.1 
2.2 

Rib thickness (Tr) 1.1

 
Fig. 1 Schematic of used “I” block 

Note: MD = machine direction; CD = Cross-machine direction. Unless noted otherwise, data are from manufacturers’ 
literature. 

      
Fig. 2 Photographs of GX80/30, E’Grid 90R, and Rock 

PEC75 (left to right) 
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3. TEST METHODOLOGY 

3.1 Experimental device  

A specially designed and modified large-scale apparatus was 
used to carry out the shear tests of the “I” blocks. A 
photograph of the modified test apparatus is illustrated in Fig. 
3. It mainly consists of loading frame, hydraulic actuators, 
and a fabricated electric hydraulic pump. The vertical 
actuator was mounted with the loading frame using steel 
rollers to allow block movement during the shear test but in 
ASTM test protocol the vertical actuator was kept fixing [12]. 
The vertical and horizontal actuators were capable of 
applying around 45 tons of surcharge load and 130 tons of 
push/pull out force respectively and simultaneously. The 
electric hydraulic pump was connected to the actuators with 
pressure hoses.  
 
A geosynthetic loading clamp was set with horizontal 
actuator to apply the tensile load as well as shear load. To 
hold the geosynthetic layer at back of the blocks, a 
geosynthetic gripping clamp was mounted for interface shear 
tests. Two (2) pressure transducers were installed over each 
hydraulic actuator of 150 mm stroke, and the actuators were 
calibrated by using load cell against the pressure transducers. 
Two (2) flow regulators were attached with the pump to 
control the rate of displacement of horizontal (shear) and 
vertical actuators. 
 
The shear displacements were measured using of two 50 mm 
linear variable displacement transducers (LVDTs) with an 
accuracy of 0.001mm. Pressure transducers and LVDTs 
reading were continuously measured and recorded during the 
test by a data logger. The data were recorded at every 10 
second interval. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

3.2 Interface Shear Tests 

Two (2) courses of modular block units were used for 
interface shear tests. The bottom course consisting of two (2) 
“I” blocks was installed and braced laterally at the front of 
loading frame and the hollow space between the blocks was 
filled up with fresh aggregate, and lightly compacted using a 
steel rod. Due to tapered rear flange, a small steel plate was 
used at the back of the bottom course to hold the compacted 
aggregate. One end of the geosynthetic sample was placed 
over the bottom course and connected with the plastic shear 
pins, and then the other end of geosynthetic was gripped to 
the steel clamp for preventing the slippage of the 
reinforcement layer during the shear tests.  A single “I” block 
was placed centrally over the running joint formed by the two 
underlying units to simulate the staggered construction 
procedure used in the field. The double open-ended space of 
the top block was filled up with aggregate and two (2) steel 
plates were used to hold the infilled aggregate of the top block. 
A photograph of interface shear test arrangement is shown in 
Fig. 4. 
 
Normal load was imposed only over the top block through 
stiff rubber mat and simulated an equivalent height of the 
stacked blocks. The shear load was applied against the top 
block at a constant rate of 1 mm/min [10]. A steel plate with 
stiff rubber mat was used with geosynthetic loading clamp to 
concentrate the shearing load only over the centrally installed 
top block. A horizontal seating load was applied to the top 
block to ensure close fitting of the blocks, and after that the 
load and displacement devices were set to zero. The imposed 
seating load was 10% of maximum shear strength. 
Mohr-Coulomb failure criteria were used to find out interface 
shear capacity at ultimate strength criterion. 
 
V = N tan + ɑ.                                                                    (1) 
Where: 
V = Interface shear capacity (kPa) 
N = Normal stress (kPa) 
 = Angle of friction (deg.) 
ɑ = V interception (apparent cohesion) 
 
 
 
 
 
 
 
 
 
 
 
 
 
 Fig. 3 Photograph of test apparatus 

Fig. 4 Photograph of interface shear test showing      
  geotextile sample and gripping system 

Vertical 
actuator 

Horizontal 
actuator 

Electric pump

Pressure transducers 
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4. RESULTS AND DISCUSSION 

Fig. 5 and 6 illustrate the typical curves for blocks with 
geosynthetic inclusions under different normal stresses. From 
the Figs. 5 and 6, it is also seen that the ultimate shear stresses 
of the infilled blocks without any geosynthetic inclusion is 
higher than inclusion conditions. 
 
Among the three (3) types of inclusions, polyester geogrid 
(flexible) perform well than other types of geosynthetics. This 
is happened due to its cushion effects, which minimizes the 
stress concentration at interface and it also allows the 
aggregate interlocking through the apertures because of its 
grid structures. Figs 5 and 6 demonstrate that the shear stress 
behavior of the blocks with HDPE geogrid and polyester 
geotextile inclusion is quite same for both normal stresses (54 
&124 kPa). Even at high normal stress the frictional 
performance of the blocks with HDPE geogrid inclusion is 
almost equal to those with polyester geotextile (Fig. 6). Due 
to the physical structure i.e. thickness and grid structure of 
HDPE geogrid, blocks can easily move over each others. 
HDPE geogrid works like a friction reducing layer for its 
grids, which are stiff and smooth. Its aperture systems also do 
not give better interlocking mechanism among the aggregates. 
On the other hand, although, the polyester geotextile provide 
better cushion at the block’s interface but actually it interrupts 
the aggregates interlocking mechanism fully that reduces the 
frictional capacity of the blocks with geotextile inclusion. 
 
Fig. 6 shows that the ultimate shear stress of the blocks with 
polyester geogrid inclusion is almost equal to those without 
inclusions. At high normal stress, the shear stress drop of the 
blocks with HDPE geogrid and polyester geotextile is more 
than those with polyester geogrid at low normal stress (Fig. 
5).   
 
Plots of the ultimate interface shear stress against the applied 
normal stress are presented in Fig. 7. It is seen that, the 
presence of geosynthetic inclusions reduces the ultimate 
interface shear capacity of the blocks. Bathurst and Simac [1], 
and Bathurst et al. [7] observed the same behaviors for 
different types of blocks with polyester geogrid inclusion. 
The ultimate interface shear capacity of the blocks with 
polyester geogrid inclusion is closer to no-inclusion condition 
because this flexible inclusion improves shear transfer across 
the block’s interface than others. Fig. 7 also reports that the 
reduction in ultimate shear capacity for the inclusions of 
HDPE geogrid and polyester geotextile is higher than 
polyester geogrid inclusion. It is influenced by the physical 
structures of the used geosynthetics i.e. flexibility and grid 
patterns.  
 
Table 7 summarizes performance parameters of the tested “I” 
block with and without geosynthetic inclusions. It is seen that 
the flexible geosynthetic inclusions give better angle of 
friction than stiff geosynthetic layer. 
 

 
Fig. 5 Shear stress against displacement 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Table 5 Interface shear parameters for different inclusion          
         conditions 

Inclusion  Angle of 
friction, (deg.) 

Apparent 
cohesion, ɑ (kPa) 

N/A 41.2 51.6 
Flexible 
PET-geogrid  

39.8 46.4 

Stiff 
HDPE-geogrid 

28.2 53.4 

Flexible 
PET-geotextile 

33.2 36.1 

Shear displacement (mm)

0 5 10 15 20 25

S
he

ar
 s

tr
es

s 
(k

P
a)

0

50

100

150

200

250

Inclusion (N/A) 
Inclusion (flexible PET-geogrid)
Inclusion (stiff HDPE-geogrid)
Inclusion (flexible PET-geotextile)

Normal stress = 124 kPa

            Fig. 6 Shear stress against displacement 
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         Fig. 7 Ultimate shear capacity for “I” blocks 
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5. CONCLUDING REMARKS 

The presence of geosynthetic layer at the facing unit’s 
(segmental concrete unit) interface reduces the interface shear 
capacity. It depends on the flexibility of the used geosynthetic 
samples as well as its grid patterns. The angle of friction of 
the blocks with polyester geogrid inclusion is higher than 
those with HDPE geogrid and polyester geotextile inclusions.    
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ABSTRACT: During a seismic event, the occurrence of liquefaction 
causes severe ground deformations that compromise the structural 
integrity of many buried elements. Currently, there are a number of 
different ground improvement methods that can be adopted to treat 
the foundations of the newly constructed structures. However, fewer 
remediation methods have been developed for the treatment of the 
ground of already existing superstructures. This study explores the 
performance of a cost-effective remediation technique consisting of 
inducing ground water level (GWL) depth variation. A 2-D profile 
of a soil embankment (i.e. river levee) was selected to model the 
GWL variation effect on the deformations associated with the 
dynamic loading. The results show that the GWL located at higher 
depth, minimizes the overall embankment deformations and 
contribute to a significant reduction in the vertical displacements 
observed on the top of the embankment. 
 
Keywords: Liquefaction, partially saturated ground, 
remediation method, GWL variation, 

1. INTRODUCTION 

In the event of an earthquake, the occurrence of liquefaction 
is often the main cause of severe ground deformations that 
compromise the structural integrity of many buried elements 
of urban superstructures, including buildings, foundation 
piles, and lifelines. This aspect is of paramount importance, 
since the vast majority of the largest cities centres in the world 
that are exposed to frequent seismic events, are located by the 
coast lines. Furthermore, due to the increasingly urban 
development pressure, there is a great deal of superstructures 
now constructed in high liquefaction susceptibility terrains 
that were part of earlier reclamation schemes. Currently, there 
are a number of different ground improvement methods that 
can be adopted to treat the foundations of the newly 
constructed structures, including soil densification, dynamic 
compaction or vibroflotation. However, there are few 
remediation methods developed for the treatment of the 
ground, on which already existing structures were built. In 
fact, a large number of old structures, currently erected in 
high liquefaction susceptibility areas, are without treatment 
against liquefaction. 
The bubble injection method, proposed in [1], is an example 
of a current existing method for liquefaction remediation of 
existing structures. In general, this method consists of 
inducing partial saturation in the ground by injecting air 
bubbles, which constitutes a very attractive cost-effective 
liquefaction remediation technique. Conversely, in time the 
air bubbles will dissolve in the ground water and the 
recurrence interval of the treatment should be adequately 
 

 

studied. This is the main disadvantage of using this method, 
since the mechanics of air dissolution in ground water, 
necessary to establish the recurrence period are still not well 
understood. 
The method proposed in this study is based on similar concept 
(i.e. inducing partial saturation in the ground) by artificially 
varying the ground water level (GWL) (i.e. by pumping 
water). Since the GWL is located at greater depth, the ground 
above the water level indirectly becomes partially saturated. 
And because liquefaction is less likely to occur under 
partially saturated conditions [2], [3], the application of this 
technique will likely reduce the overall deformations caused 
by the occurrence of liquefaction. This method has further 
advantages related to the supply of water, since it involves the 
continuous pumping of ground water to maintain the GWL at 
certain depth. By doing so, a steady supply of water can be 
guaranteed and the water extracted can be either lead to 
storage facilities or used for other purposes (i.e. agricultural, 
industrial use). 
The study of the effectiveness of this technique was carried 
out numerically, adopting a 2-D profile of a soil embankment 
(i.e. river levee). Different GWL depths were superimposed 
in the ground profile and the effect of the GWL change on the 
deformations associated with the dynamic loading of 1Hz 
sinusoidal wave was investigated. The dynamic numerical 
analysis was conducted adopting a finite element code 
LIQCA-2D-SF, in which both saturated and partially 
saturated soil theoretical frameworks were included.   

2 ELASTO-PLASTIC SIMPLIFIED MODEL FOR 
PARTIALLY SATURATED GROUND 

The governing equations for gas-fluid-soil coupled problem 
can be derived from Biot's type theory of water saturated 
porous media based on the continuum mechanics. Herein, the 
compressibility of the air is assumed to be very high, or in 
other words, the three-phase analysis can be simplified into 
the soil-water coupled two-phase mixture theory [4], [5]. An 
elasto-plastic model with the effect of suction has been 
applied to the unsaturated soil using the skeleton stress 
concept expressed in (1) as follows, 

  ij
a

rij
f

rijij pSpS   1'                                             (1) 

where Sr is degree of saturation, pf and pa are the pore water 
and pore air pressure, respectively and ij is the Kronecker’s 
delta.  

 In the present model the collapse behaviour is described by 
the shrinkage of the over consolidation boundary surface due 
to the decrease in suction, as shown in (2) and (3), as below:  
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where’m is the mean effective stress, M*
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where ’mbi is initial value of consolidation yield stress ’mb 
pre-consolidation pressure, e0 is the initial void ratio,  is the 
compression index,  is the swelling index, the vp is the 
plastic volumetric strain, SI is the is the ratio of reduction of 
initial suction, sd represents the rate of that change, 

C
iP is 

initial suction and CP is the current suction value. The 
governing equations and the elasto-plastic model are 
implemented in the finite element code to consider partial 
saturation and seepage flow LIQCA-2D-SF [6],[7]. 

In the numerical analyis the u-p formulation was adopted. For 
the discretization of the equations of the motion (or 
equilibrium of the mixture) FEM (Finite Element Method) 
was used, while for discretization of the continuity equations 
of the pore fluids (water and gas) FDM (Finite Difference 
Method) was used. The time discretization is based on 
Newmark's  method, with  and  set at 0.3025 and 0.6, 
respectively. The time increment in the calculation was set to 
be small enough to guarantee the accuracy of the results 
without having large computational time (i.e. 0.01 seconds).  

3 TWO-DIMENSIONAL NUMERICAL ANALYSIS 

To study the influence of the GWL, an embankment-ground 
system was adopted, typically with a total ground depth of 
15m. Three cases with GWL’s located at different depths 
were adopted as follows:  

Case1 ; GWL=0.0m  

Case 2 ; GWL=-1.0m   

Case 3 ; GWL=-3.0m.  

The dynamic input motion used was a 1Hz of frequency 
sinusoidal wave with increasing amplitude, following an 
arithmetic progression scheme, with maximum amplitude of 
250 gal (Fig.1). In the liquefaction analysis the definition of 
the initial effective is an important step. The profile adopted 
was composed of saturated and unsaturated domains, which 
means that two different approaches have to be considered. In 
the saturated domain the effective stress was calculated using 
the conventional Terzaghi’s effective stress based on the unit 
weight. Conversely, in the unsaturated domain, the skeleton 
stress tensor, ’ij, as defined in (1) was adopted. The 
horizontal stresses were estimated from the vertical stresses 
under the at-rest condition, assuming a coefficient of earth 
pressure at rest K0 of 0.5 and a Poisson's ratio  of 0.33. In the 
unsaturated domain, the increase of the negative pore water 
pressure (or matric suction) as the depth decrease, was 
assumed to follow the relationship given by the soil water 
characteristic curve (SWCC) (Fig.2). At the transition 

between saturated-unsaturated regions the vertical mesh was 
refined, so that the change (herein assumed linear for 
simplicity) of degree of saturation and effective stress could 
be adequately considered. The dimensions of 
embankment-ground system used in the analysis were set to 
be consistent with of a river levee, as in Fig.3. For the 
boundary conditions it was adopted a horizontal and vertical 
fixed condition on the base, equal horizontal displacement 
condition on the lateral boundaries and impermeable 
boundary on base, lateral and top boundaries (Fig.3). The 
parameters concerning the soil, the elasto-plastic analysis and 
the hydraulic properties are representative of Edosakisa sand 
and were taken from [4], as shown in Table1. 

The results were analysed in terms of top vertical 
displacement and acceleration reduction, as well as in the 
Effective Stress Decreasing Ratio (ESDR) minimisation. The 
ESDR is a quantitative indicator of the occurrence of 
liquefaction and is given as the ratio between the current 
effective stress value and the initial mean effective stress, as 
follows:  

                                                                                             (4) 
 
in which ’m is the mean effective stress and ’m0 is the initial 
mean effective stress, and for the unsaturated soil the skeleton 
stress is used instead of the effective stress . 
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Figure 1: Sinusoidal input motion wave 
Figure 2: Unsaturated domain hydraulic model. 

 
Figure 3: Boundary conditions of the embankment-ground system, 

ie.GWL=-3m 
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4 RESULTS AND DISCUSSION 

The results show that the GWL located at higher depth, 
minimizes the overall embankment deformations and 
contribute to a significant reduction in the vertical 
displacements observed on the top of the embankment (Fig. 
4). In fact, the GWL located at a larger depth yielded smaller 
vertical displacements on top of the embankment levee. 
However, the vertical displacements are reduced by a more 
significant amount for the case with GWL located closer to 
the surface at -1m depth (i.e. 24% reduction). In the case 
where GWL was set a deeper level (GWL=-3m) the reduction 
of the vertical displacements was marginal comparatively to 
the case with GWL -1m depth (increase of 4%). These results 
indicate that even small GWL depth changes (i.e. up to -1m 
depth) are likely to minimise significantly the vertical 
displacement of the superstructures located on high 
liquefaction susceptibility areas. In Figs. 5, 6 and 7 are 
represented the horizontal acceleration time profiles for the 
top right corner of the embankment levee together with their 
respective envelopes. In Fig. 7 the envelopes representative 
of the acceleration profiles for the GWL at different depths 
are shown together with the acceleration profile for GWL= 
-3m depth. The decrease in the water level leads to a 
progressive increase in the peak acceleration, varying from 
0.38 m/s2 for GWL= 0m depth to 0.42m/s2 for GWL= -3m 
depth. This tendency is likely to be related with the reduction 
of the saturated region, that causes a more significant 
transmission of the dynamic motion to the upper elements 
located at the level of the embankment. Conversely, after the 
peak acceleration is reached (i.e. around 2sec) the 
acceleration values are smaller for the cases where GWL is 
located at higher depth.  

Table 1: Soil and Elasto-plastic parameters 

Initial void Ratio: e0 0.85 
Swelling index: κ 0.0018 
Compression index: λ 0.006 
Permeability: k (m/s) 2.5E-05 

Density:  (kN/m3) 19.0 

Normalized Shear modulus: G0/’m 873.28 
Quasi Over consolidation ratio: OCR* 1.2 
Phase transformation stress ratio: Mm* 0.91 
Failure stress ratio: Mf* 1.12 
Hardening parameter: B0* 2200 
Hardening parameter: B1* 30 
Dilatancy parameters: D*, n 1.1, 1.5 
Elastic modulus of water: Kf (kPa) 2.04E6 

Plastic, Elastic ref. strain: γref
P＊γref

E＊ 0.005; 0.001
Initial degree of Saturation: Sr 0.6 

van Genuchten parameters:  and n’ 1.8 , 3.2 

Initial suction: 
C

iP  (kPa) 6.6 
Suction parameters: SI and sd 0.2 ; 0.2 

 
Fig.8 a) to c) shows the 2D representation of the final values 
(t=20sec) of ESDR for GWL’s located at different depths. 
ESDR values closer to 1 it suggest that the ratio between the 
current effective stress (which is decreasing during cyclic 

loading) and initial effective stress has become very small, 
which means that liquefaction has occurred.  
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           Figure 4: Top Vertical displacement at t=20sec. 
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Figure 5: Top horizontal acceleration at the top boundary, t=20sec  

(GWL= 0m, surface). 
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Figure 6: Top horizontal acceleration at the top boundary, t=20sec 
(GWL= -1m, surface). 

0 2 4 6 8 10 12 14 16 18 20

-0.4

-0.2

0.0

0.2

0.4
GWL= 0 m depth
GWL= -1 m depth
GWL= -3 m depth

Time (sec)

H
or

iz
on

ta
l A

cc
el

er
at

io
n 

(m
/s

2 )

Ground water level -3 m depth

 
Figure 7: Top horizontal acceleration at the top boundary, t=20sec  

(GWL= -3m, surface). 
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(a ) Case 1: GWL = 0.0m 

 
(b ) Case2: GWL = -1.0m 

 

(c) Case3: GWL = -3.0m 

Figure 8: 2D representation of ESDR values at t=20sec. 

 

Overall, the increase in GWL depth seems to decrease the 
area that is affected by liquefaction (i.e. ESDR =0.99).  

In all the cases (Fig. 8a to 8c) ESDR values obtained for the 
unsaturated domain were smaller or even negative, 
particularly on top of the embankment. In this domain there is 
nearly no increase in pore water pressure and consequently 
the effective stress does not decrease during cyclic loading. 
However, negative ESDR values (i.e. ESDR=-0.471) indicate 
that effective stress is increasing beyond its initial value this 
is likely to be related with the definition of effective stress in 
the unsaturated domain; where matric suction (negative by 
convention) plays an important role in the shear strength of 
the soil. Below the embankment levee were obtained smaller 
values of ESDR this tendency is related to the effective 
confining stresses acting on the ground, which are higher for 
the portion below the embankment. Note also that the 
liquefaction condition closer to the toe of the embankment 
(Fig 8a) that are likely to cause severe lateral deformations to 
the embankment structure are considerably minimised for the 
cases where GWL in located at a deeper level.  

5 CONCLUSION 

An alternative cost-effective method for liquefaction 
mitigation inducing GWL variation was investigated. The 
artificially variation of GWL depth causes the soil to be 
partially saturated and in turn strengthens the soil against 
liquefaction hazards. In fact, smaller vertical displacements 
were observed for the cases where GWL was located at 
higher depth. Furthermore, even a small variation of GWL, i.e. 
GWL=-1m depth was enough to produce a vertical 

displacement reduction of 24% compared with a marginal 
increase of 4% obtained for GWL located at -3m depth. The 
peak acceleration values were higher for GWL depths located 
at deeper levels motivated by the transmission of dynamic 
motion to the upper unsaturated elements (that typically 
behaved like dry soil). However, the order of this difference 
was found to be small.  
This study shows that artificially GWL variation can be used 
as an effective method to control the magnitude of the 
superstructures deformations caused by the occurrence of 
liquefaction. In this study a 1Hz sinusoidal input wave was 
adopted for simplicity. Similar results are likely to be 
obtained for a real earthquake wave, on which frequency and 
acceleration contents are quite different. Further studies using 
real earthquake data are necessary to confirm the present 
findings. Moreover, the successful application of this 
methodology lies on an adequate GWL numerical study, so 
that the best cost-benefit ratio (GWL depth vs. vertical 
displacement reduction) can be found. 
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ABSTRACT: Our aim in this study is to develop a new type of 
reinforced soil walls as substitute for concrete ones. The structure 
that piles are inserted into reinforced soil wall body has been studied 
as the new type structure. In this development, a static loading test, a 
dynamic centrifuge test and an impact loading test were carried out 
in order to confirm the practicability of the structure to actual diverse 
sites. In this paper, the details of the static and impact loading tests 
are introduced and the practicability of the structure is discussed.  
 
Keywords: Reinforced soil, pile foundation, retaining wall, 
rockfall protection structure 

1. INTRODUCTION 

The high ductility of soil structures reinforced by geogrid is 
well known, as is the possibility of building independent soil 
structures. The independent reinforced soil structure, which is 
referred to “Geo-wall” in this paper, has been applied to such 
diverse structures as rockfall protection walls [1], mud and 
snow avalanche protection walls [2] and the suchlike. Fig. 1 
shows an example of the application of Geo-wall to a rockfall 
protection wall. Since Geo-wall can be built using existing 
soil at the construction site if it is compactable one, they are 
being used ever more frequently as one of economic and CO2 
reducible structures. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig. 1. Application to a rockfall protection wall. 
 
At present, however, the adoption of the spread foundation 
for Geo-walls makes the design too wide for application to 
narrow construction sites, such as beside mountainous road. 
If a narrow Geo-wall as like as RC structure with pile 
foundation is achieved, Geo-walls could be widely applied. 
And it can also be applied as substitute for concrete structures 
and contribute sustainable development. 

 
 

Therefore, a new type reinforced soil wall that piles are 
inserted into the Geo-wall body as shown in Fig. 2, which is 
referred to “Piled Geo-wall” in this paper, has been developed 
by authors. The application of piles to Geo-wall in order to 
improve lateral resistance is a completely new approach, 
since piles tend to be vertical bearing piles and are applied to 
soil fillings or as reinforcements to soil fillings on soft ground 
vertical pile [3]. In this novel approach, an assumption is 
made regarding the interaction between the pile and Geo-wall, 
as shown in Fig. 3. The high ductility of the Geo-wall was 
assumed to make it possible to transmit lateral force to the 
piles despite large relative displacement between the pile and 
Geo-wall. The validity of this assumption and practicability 
of Piled Geo-wall to actual diverse structure were confirmed 
through three experiments, a dynamic centrifuge model test 
[4]-[6], a static loading test and an impact loading test. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig. 2. An image of Piled Geo-wall. 
 
 
 
 
 
 
 
 
 
 
 

Fig. 3. Interaction between pile and Geo-wall. 
 
In this paper, the details of the static and impact loading tests 
are introduced and the practicability of the Piled Geo-wall is 
discussed. 
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2. STATIC AND IMPACT LOADING TEST 

2.1 Geo-walls for Experiments 

Three full scale Geo-walls, normal Geo-wall (without pile), 
Piled Geo-wall-1 (PGW-1) and Piled Geo-wall-2 (PGW-2) 
were built on an actual field, and, at first, a static loading test 
was carried out with using the normal Geo-wall and PGW-1 
and then an impact loading test was carried out with using all 
Geo-walls as shown in Fig. 4. Respective structural 
conditions, measurements and loading conditions are 
illustrated in each section of experiment. Fig. 5 shows the 
appearance of the Geo-walls. 
 
 
 
 
 
 
 
 
 
 

Fig. 4. Location of Geo-walls and respect experiments. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig. 5. Appearance of Geo-walls. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig. 6. Results of dynamic penetration tests. 

2.2 Ground Condition 

The foundation ground consists of three types of sandy silt, 
soft buried one, medium stiffness and stiffness ones. Fig. 6 
shows the results of dynamic penetration test converted to N 
value of standard penetration test (SPT). The location of the 
borings, PD-1 and 2, is shown in Fig. 4. The thickness of the 
soft buried top soil is varied from the place of normal 
Geo-wall (PD-1) to Piled Geo-walls (PD-2). 

2.3 Static Loading Test 

A static loading test was carried out in order to confirm the 
practicability of Piled Geo-wall to earth retaining wall. In this 
test, two full scale Geo-walls, PGW-1 and normal Geo-wall 
(without pile), were adopted. Fig. 7 shows the structural 
summary of the test. Static horizontal load are given by two 
jacks set at 1.0m in height. And the horizontal load is carried 
as distributed pressure through an EPS of 0.5m in thickness, a 
steel plate of 0.12m in thickness and H steel (H200 x 200 x 8 
x 12). 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

(a) PGW-1                       (b) Normal Geo-wall 
Fig. 7. Structural summary of static loading test. 

 
The procedure of Geo-walls’ building is as follows; 
   Pile installing (Piled Geo-wall only): H steel piles 
(H-300x300x10x15) of 6.0m in length are installed in 4.0m 
into the ground. 
   Setting of steel face member and installing of geogrid at 
each layer: steel face members were set on the both side of 
Geo-wall and a geogrid was installed at one layer. In the 
construction of Piled Geo-wall, a geogrid with holes located 
in the piles was installed through the piles, as shown in Fig.8. 
Fig. 9 shows the tensile stiffness of the geogrid. 
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Fug. 8. Installing of steel face member and geogrid. 
 
 
 
 
 
 
 
 
 
 
 
 

Fig. 9. Tensile stiffness of geogrid. 
 
   Installing of longitudinal additional geogrid at each 
layer (Piled Geo-wall only): the additional geogrid was 
installed on the loading side of piles, as shown in Fig. 10, in 
order to transmit the load to the piles from the Geo-wall body 
smoothly. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig. 10. Installing of longitudinal additional geogrid. 
 
The executions of each layer, 0.5m in thickness, were 
repeated until that the Geo-walls, 2.0m in height, were 
completed. 
The measurements of strains of geogrids, additional 
longitudinal geogrids and a pile, earth pressure of the 
Geo-walls at the loading side, deformation of the Geo-walls 
and jack pressures were planned. Figure 11 and 12 show the 

summary of measurements. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig. 11. Measurements of strain in geogrids. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig. 12. Measurements of strain of pile, earth pressure and 
deformation of Geo-wall. 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig. 13. Response of Geo-walls. 
 
Fig. 13 shows the relationship between falling moment and 
displacement of center top of the Geo-walls (No.2 of Fig. 
12(b)). Where, in order to compare with the active earth 
pressures loaded to retaining walls with different height, 
vertical axis is presented by falling moment. According to the 
results, high resistance characteristics of the Piled Geo-wall 
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can be confirmed from the view point of that the proof 
strength of Piled Geo-wall is still increasing even if 
corresponding earth pressure of retaining wall of 4.0m in 
height is loaded. Against the Piled Geo-wall, because of soft 
bearing foundation shown in Figure 6, the normal Geo-wall 
indicated the tendency of falling by corresponding earth 
pressure of retaining wall of 2.0m in height. Namely, in case 
of adoption of normal Geo-wall in this site, too wide 
Geo-wall has to be designed. 
Fig. 14 shows the maximum response distribution of pile. 
According to the results, it can be confirmed that the 
horizontal load is transmitted to the pile and the pile 
contributes for improving the lateral resistance of the narrow 
Geo-wall. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

(a) Displacement                 (b) Bending moment 
Fig. 14. Maximum response distribution of pile. 

 
Fig. 15 shows the relationship between horizontal load and 
strain occurring in longitudinal additional geogrid. According 
to the results, the strain occurring in the geogrid of the pile 
side is larger than the center one and the strain depends on the 
intensity of the horizontal load, thus the geogrid is considered 
to sufficiently function for transmitting of lateral force to 
piles from Geo-wall body. 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig. 15. Strain occurring in additional geogrid. 

Fig. 16 shows the responses of the pile and the Geo-wall body 
at the point of pile top (No.1 of Figure 12(b)). According to 
the results, large relative displacement of the pile and 
Geo-wall is occurred though, the lateral force is transmitted to 
the pile from the Geo-wall and the lateral resistance of the 
Geo-wall was improved as abovementioned. Namely, the 
validity of the assumption established previously, “Geo-wall 
with high ductility can transmit lateral force to piles despite 
large relative displacement between the pile and Geo-wall as 
shown Fig. 3”, could be confirmed. 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig. 16. Response of pile and Geo-wall body. 
 

2.4 Impact Loading Test 

An impact loading test was carried out in order to confirm the 
practicability of Piled Geo-wall to rockfall protection walls. 
In this test, three actual scale models, the two models of the 
normal Geo-wall and PGW-1, which are adopted in the static 
loading test, and a new one (PGW-2) were adopted, as shown 
in Fig. 4. The piles of PGW-2 are installed at outside of 
Geo-wall as shown in Fig. 17, are adopted.  
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig. 17. Structural condition and measurements of PGW-2. 
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PGW-2 was adopted to confirm the best position of pile 
installing in case of impact loading, because there considered 
a possibility that keeping wide energy absorption extent is 
better than receive the rockfall energy at the center of 
Geo-wall body as PGW-1. In addition, the loading direction 
of static and loading tests are different, thus longitudinal 
additional geogrid of PGW-1 was installed on both sides of 
the Pile previously. In PGW-2, the additional geogrid was not 
installed. In this impact test, the impact of 100kJ was loaded 
to respective Geo-walls as shown in Fig. 18.  
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig. 18. Impact loading test. 
 
Fig. 19 to 21 show the respective test results.  
According to the results, against the collapse of normal 
Geo-wall, both Piled Geo-walls could receive the impact 
energy. Namely, the effectiveness of application of piles to 
improve lateral resistance of Geo-wall could be confirmed. 
Note, however, that the deformation of the back side of the 
Geo-wall (protecting side, road side for instance), one of 
PGW-2 (piled installed at outside of the Geo-wall) is smaller 
than one of PGW-1 (piles installed at center of the Geo-wall). 
Since this result, the possibility that the best position of pile 
installing is outside of the Geo-wall in impact loading case 
can be considered. Meanwhile, from Fig. 22 showing 
responses of piles of the PGW-1 and 2, it is also considered 
that the resistance of the piles of PGW-1 seems to be smaller 
than ones of PGW-2. With respect to the result, following 
reasons can be considered. 
- There might be a void in front of resistance surface of the 
piles of PGW-1 before the impact loading test because of the 
static loading test implementation. 
- In the foundation ground that the piles of PGW-2 were 
installed, the soft buried soil is comparatively thin, because 
the piles of PGW-2 were installed at the position closed to 
vicinity hill of 0.65m. 
The best position of pile installing in case of impact loading 
has to be studied again with considering abovementioned 
phenomenon in the near future. 
 
 

 
 
 
 
 
 
 
 

Fig. 19. Normal Geo-wall. 
 
 
 
 
 
 
 
 
 
 
 

(a) Loading side 
 
 
 
 
 
 
 
 
 
 

(b) Back side (protecting side) 
Fig. 20. Piled Geo-wall-1 (PGW-1) 

 
 
 
 
 
 
 
 
 
 

(a) Loading side 
 
 
 
 
 
 
 
 
 
 

(b) Back side (protecting side) 
Fig. 21. Piled Geo-wall-2 (PGW-2) 
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(a) Displacement 
 
 
 
 
 
 
 
 
 
 
 
 
 

(b) Bending moment 
Fig. 22. Response of piles of PGW-1 and 2. 

 
Fig. 23 shows transition of strain occurring in the longitudinal 
additional geogrid and the pile of PGW-1. According to the 
results, from the view points of the strain occurring in the 
geogrid and the timing of occurrence of the strain between the 
geogrid and the pile, effect of the geogrid to transmit the 
lateral forces to the piles from Geo-wall could also be 
confirmed in the impact loading test. 
 
 
 
 
 
 

(a) Additional geogrid 
 
 
 
 
 

(b) Pile 
Fig. 23. Strain of additional geogrid and pile of PGW-1. 

 

3. CONCLUSION AND DISCUSSION ON 
PRACTICABILITY OF PILED GEO-WALL 

Application of piles to Geo-wall: The effectiveness of 
application of piles to Geo-wall in order to improve lateral 
resistance of Geo-wall was confirmed from all the tests 

carried out in this study. 
Unification of piles and Geo-wall body: Geo-wall with high 
ductility can transmit lateral forces to piles despite large 
relative displacement between the pile and Geo-wall. And 
adoption of longitudinal additional geogrid is effectiveness to 
achieve the unification of piles and Geo-wall body. Note, 
however, that the effect of the relative displacement to the 
internal quality of the Geo-wall body has to be studied. 
Application to retaining walls: High resistance 
characteristics against static load and dynamic earth pressure 
could be confirmed from the static loading test as well as the 
previous carried out dynamic centrifuge model test [4]-[6]. 
Therefore, application of Piled Geo-wall to retaining walls is 
sufficiently possible for all ones depending on the tolerable 
deformation of the Piled Geo-wall and the embankment 
sustained by Piled Geo-wall. 
Application to rockfall protection walls: High performance 
of Piled Geo-wall to receive rockfall could be confirmed from 
the impact loading test. Hence, application of Piled Geo-wall 
to rockfall protection walls would be possible if it is similar 
target rockfall with the experiment carried out in this study. 
Further experiments to determine the best position of the pile 
installing and to study the design for appropriate size of Piled 
Geo-wall depending on the intensity of rockfall energy are 
necessary before the widely application. 
Design code for the application: Studies on the design 
method based on numerical simulations of the test results are 
conducting by authors. Although needed further experiments 
and studies to solve several issues are remained as 
abovementioned, a valuable design code for widely use of 
Piled Geo-wall would be published in the near future. 
Expectation of Piled Geo-wall to sustainable 
development: Piled Geo-wall has possibility to be used as 
alternative structure of concrete ones with similar size. 
Therefore, if the development of Piled Geo-wall is achieved, 
it can be expected that the Piled Geo-wall contribute to 
sustainable development from the viewpoint of reducible 
structure of CO2. 
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ABSTRACT: The present study is an attempt to develop design 
chart for reinforced embankment using excel spreadsheet slope 
stability analysis. The selected reinforcing materials that have been 
identified for reinforced embankment are composite materials with 
smooth surface and rough surface made of used cells, stones, wood, 
concrete and brick. Utilizing simplified available method and 
equations, the design charts for reinforced embankments have been 
presented using simple techniques. The most critical slip surface has 
been identified based on random searching that produced minimum 
factor of safety. Results for different slope angle with varying 
reinforcing layers and spacing corresponding to the most critical slip 
surface are given. It is expected that this study will facilitate in 
designing and constructing reinforced embankments containing 
various types of reinforcing materials.  
 
Keywords: Reinforced Embankment, Slope Stability, 
Composite Reinforcements, Design Charts 
 
1. INTRODUCTION 
Compared to conventional soil reinforcing material, 
composite materials generally exhibit superior behavior in 
performance and strength. Generally, the conventional 
reinforcements, used for reinforcing soil, contain only one 
type of material such as geogrid, geosynthetic or wire mesh 
etc. It is known that the material used in soil reinforcement 
applications must be safe against tension failure and adhesion 
failure for its effective utilization in the field and reliable 
design of earth structures. For a given situation, single type of 
material can provide limited reinforcement capability in 
reinforced soil structures due to its low frictional resistance 
and poor cohesion. For an optimal response, therefore, 
different types of reinforcement, that fulfills both the 
requirements such as possess adequate tensile strength and 
adequate frictional resistance, is getting considerable 
attention lately. Thin-reinforced-mortar composite consisting 
of evenly distributed fine mesh as the reinforcement and 
cement-sand mortar as the matrix showed enhanced 
performance because of its synergetic action of mesh with 
mortar and mortar with soil [1]. In view of the above distinct 
advantages of composite material, a study is undertaken with 
the following objectives; a) to present a simplified technique 
for slope stability analysis using excel spreadsheet and b) to 
develop design charts for reinforced embankment containing 
different composite materials in order to facilitate safe and 
reliable construction using locally available materials.  
 
 
 

2. METHODOLOGY 
There are several methods for stability analysis of slopes 
[2-15]. Any method can be used to solve the equilibrium 
equations of slices and to search for the critical slip surface 
automatically, by the combined use of spreadsheet iteration 
method. Here, Jambu’s generalized procedure of slices is 
used [16]. Equations for generalized procedure of slices are 
given as follows (Fig.1). Fill embankment considered in the 
present study is shown in Fig.2.  
 

x

P
qzp




 

 
Fig.1 Symbol used in Janbu’s generalized procedure of slices 
 

Fig.2 Example of search of critical slip surface 
 
For Vertical equilibrium 
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3. SPREADSHEET AUTOMATED ITERATION 
METHOD 
 
The spreadsheet approach is shown in Table 1 as an example 
of 19 slices. 

 
 
 
Table 1. Input fundamental properties of slopes 

 

 
Ytp=I=Xi/slope ratio   P=J=1/2(hij1+hij2)γ  
 
 
 

X Y Ytp hij Ea = 0

Slice# 9.5 15 15 0 tan a D X P Bo A'o n a0 Ao D Eo 0

1 10.5 11.4 15 3.6 3.6 1 32.4 116.64 19.44 0.162658 119.5148 47.69536 47.69536

2 11.5 9.5 15 5.5 1.9 1 81.9 155.61 49.14 0.362396 135.5974 77.38782 125.0832

3 12.5 8.3 15 6.7 1.2 1 109.8 131.76 65.88 0.583429 112.9186 66.62053 191.7037

4 13.5 7.4 15 7.6 0.9 1 128.7 115.83 77.22 0.727997 106.0718 54.64025 246.344

5 14.5 6.7 15 8.3 0.7 1 143.1 100.17 85.86 0.836967 102.5847 40.99186 287.3358

6 15.5 6.1 15 8.9 0.6 1 154.8 92.88 92.88 0.891017 104.2404 32.74674 320.0826

7 16.5 5.6 15 9.4 0.5 1 164.7 82.35 98.82 0.941189 104.9949 21.78152 341.8641

8 17.5 5.25 15 9.75 0.35 1 172.35 60.3225 103.41 1.000927 103.3143 0.723512 342.5876

9 18.5 4.95 14 9.05 0.3 1 169.2 50.76 101.52 1.01458 100.0612 -6.96237 335.6252

10 19.5 4.8 13 8.2 0.15 1 155.25 23.2875 93.15 1.029776 90.45657 -28.8943 306.7309

11 20.5 4.65 12 7.35 0.15 1 139.95 20.9925 83.97 1.029776 81.54201 -26.0467 280.6842

12 21.5 4.6 11 6.4 0.05 1 123.75 6.1875 74.25 1.015111 73.14472 -36.0076 0
13 22.5 4.7 10 5.3 -0.1 1 105.3 -10.53 63.18 0.955151 66.14659 -48.688 -48.688
14 23.5 4.9 9 4.1 -0.2 1 84.6 -16.92 50.76 0.893659 56.80018 -49.6864 1
15 24.5 5.25 8 2.75 -0.35 1 61.65 -21.5775 36.99 0.78081 47.37386 -48.9061 -47.9061
16 25.5 5.7 7.5 1.8 -0.45 1 40.95 -18.4275 24.57 0.699511 35.12452 -38.6898 2

17 26.5 6.25 7.5 1.25 -0.55 1 27.45 -15.0975 16.47 0.618707 26.62005 -30.4538 -28.4538
18 27.5 6.95 7.5 0.55 -0.7 1 16.2 -11.34 9.72 0.505315 19.23553 -22.4364 3
19 28 7.5 7.5 0 -1.1 0.5 4.95 -2.7225 1.485 0.276801 5.364863 -5.81733 -2.81733
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Table 2 Calculation of factor of safety 

 
 
 
In the field of earth slope protection, the basic materials 
needed for cement composite constructions are wire mesh, 
sand, cement and water. The skeletal steel is used in the 
construction of cement composite frame structures for earth 
slope protection. A basic description of the constituent 
materials and construction procedure is given below. After 
iteration, the solver automatically searches the critical slip 
surface as shown in light blue color or orange color in Fig.1 
and determines the minimum factor of safety [FS less than 1 
depending on slope]. Reinforcements for this critical slip 
surface having minimum FS needs to be calculated for the 
safe design and construction of embankments.  
 
4. RESULTS AND DISCUSSION 
Reinforcements for embankments having slope angle 45 and 
60 are calculated and shown in Fig.3. The FS values are 
greater than one by inserting 3 layers of reinforcements 
[Fig.4]. 

Fig.3a Reinforced slope with 60 angle 
 

 

 
Fig.3b Reinforced slope with 45 angle 

 
Fig.4 FS vs. types of reinforcements with 3 layers 

S B1 S A1  Fs =
Calculation  of T1 646.5529 1563.479 2.418176

Col( 15 ) Col( 16 ) Col( 17 ) Col( 18 ) Col( 19 ) Col( 20 ) Col( 21 ) Col( 22 ) Col( 23 ) Col( 24 ) Col( 25 ) Col( 26 ) t s
DEo / Dx tana t ht T1 D T1 t1 B1 A'1 na1 A1 D E1 E1(Ea = 0)

0 0 0
62.54159 2.4 1.2 -39.419 -39.419 -39.419 -25.2682 -4.21137 0.084389 -49.9043 -4.63107 -4.63107 -1.47831 -1.69705
72.00417 1.266667 1.833333 -26.431 12.98792 12.98792 180.287 56.93275 0.237306 239.9127 81.0748 76.44374 21.52109 53.99784
60.63039 0.8 2.233333 -17.9551 8.475943 8.475943 141.9311 70.96557 0.434163 163.4539 74.33725 150.781 27.70241 85.03305
47.81606 0.6 2.533333 -26.6724 -8.71727 -8.71727 107.9845 71.98964 0.577081 124.7478 56.39691 207.1779 28.50141 94.33146
36.8693 0.466667 2.766667 -32.085 -5.41262 -5.41262 96.38117 82.61243 0.694379 118.9731 47.18165 254.3595 33.01981 114.5735

27.26413 0.4 2.966667 -47.1494 -15.0645 -15.0645 83.84132 83.84132 0.757116 110.7377 38.04744 292.407 33.67198 119.5324
11.25251 0.333333 3.133333 -78.6968 -31.5474 -31.5474 66.57632 79.89158 0.819786 97.45425 26.2756 318.6826 32.24058 117.0323
-3.11943 0.233333 3.25 -90.0753 -11.3784 -11.3784 56.34005 96.58294 0.906292 106.5694 12.2699 330.9525 39.26071 147.2303
-17.9283 0.533333 3.016667 -233.084 -143.009 -143.009 7.857412 15.71482 0.931045 16.87869 0.877485 331.83 6.403602 24.27029
-27.4705 0.433333 2.733333 -208.003 25.08112 25.08112 27.04967 108.1987 0.985251 109.8183 -18.364 313.4659 44.41438 173.669
-31.0271 0.433333 2.45 -197.646 10.35643 10.35643 22.54596 90.18386 0.985251 91.53385 -15.3065 298.1595 37.01949 144.7535
-42.3478 0.366667 2.133333 -90.342 107.3043 107.3043 11.55272 138.6326 0.999973 138.6363 -45.7782 0 57.18797 228.1949
-49.1872 0.266667 1.766667 -73.9139 16.42806 16.42806 -12.1728 73.03684 0.985202 74.1339 -42.8298 -42.8298 30.35341 124.7634
-49.2962 0.2 1.366667 -67.5715 6.342401 6.342401 -18.1885 54.56544 0.952026 57.31506 -41.8903 -84.72 22.79017 95.50043
-43.798 0.1 0.916667 -35.3575 32.21401 32.21401 -32.8524 56.3184 0.875446 64.33113 -59.4556 1 23.69992 102.159

-34.5718 -0.13333 0.6 -20.4764 14.88109 14.88109 -25.124 33.49865 0.81309 41.19917 -42.1613 -41.1613 14.16822 62.20679
-26.4451 -0.36667 0.416667 -21.4519 -0.97545 -0.97545 -14.561 15.88473 0.746867 21.26847 -23.3563 -64.5175 6.752594 30.18848
-18.8358 -0.46667 0.183333 -2.05324 19.39864 19.39864 -24.919 21.35918 0.647903 32.96664 -38.5519 2 9.149566 42.00334
-11.6347 -0.73333 0 -2.06604 -0.01281 -0.02562 -2.70841 1.477315 0.427869 3.45273 -4.13623 -2.13623 1.292148 6.345746
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For safe design, the FS should be more than 1.5 which 
indicates that the number of layers should be more than three 
layers. For economic design, it is necessary to minimum 
number of layers of reinforcements. Considering the both 
safe and economic design, the number of layers were 
increased to 4 and FS has been calculated and given in Fig.5. 
It was observed that the FS values are greater than 1.5 for 
reinforments containing stones, wood, concrete and brick.  
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
 
Fig.5 FS vs. types of reinforcements with 4 layers at bottom 

part 
 
The above FS are obtained when the reinforcements are 
inserted at the bottom part of the embankment. This was 
performed for the ease of calculation. However, for the ease 
of construction, it is necessary to insert the reinforcement 
uniformly throughout the embankment. Considering the 
facts above, the FS with 4 layers inserted at 1m interval are 
calculated and given in Fig.6. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
 
Fig. 6 FS vs. types of reinforcements with 4 layers at uniform 

distribution 

It is observed that the embankments with 60 slopes are 
giving FS values of more than 1.5 for reinforcements made 
of wood, concrete and brick only. The embankments with 45 
slopes giving lower FS for all the cases. This type of 
behavior was absolutely obscured in the case of Fig.5 
although the numbers of layers were same. This factor needs 
to be carefully considered during construction reinforced 
embankments. 
 
5. CONCLUSIONS 
 
Design charts for reinforced embankments containing 
various types of reinforcements have been presented in this 
paper. In the process, the powerful spreadsheet techniques 
are used to render the iterations in the search for critical slip 
surface and for calculation of minimum factor of safety. A 
noteworthy feature of the proposed study is that the search 
for the critical slip surface is non-circular and automatic, 
despite the fact that the FS is non-explicit. It is expected that 
the present study will bring the new concept for the design of 
reinforced slope. The conceptual simplicity, ease of 
implementation and practical versatility of the proposed 
perspectives and spreadsheet methods are likely to apply 
also to other reinforcement and slopes.  
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ABSTRACT: In this paper, the extended finite element method 
(XFEM) is applied in modeling the 2D crack growth with frictional 
contact under uniaxial compress load in the rock-like materials. First, 
the implementation of XFEM is incorporated into a commercial 
FEM software (ABAQUS) in which the constitutive law of linear 
elasticity and the criterion of maximum tangential stress (MTS) is 
adopted. Then a user subroutine is coded and incorporated into 
ABAQUS to simulate the growth of wing crack with the frictional 
contact in the crack faces. A series of numerical simulations of 2D 
plane strain rectangle with central pre-set crack are carried out, and 
computed results are compared with experimental ones. The effects 
of inclination and coefficient of the friction of the pre-set cracks on 
growth of wing cracks are examined. In addition, size effect of 
materials is also investigated, and these jobs contribute to the 
understanding of 2D crack growth.  
 
Keywords: Extended finite element method (XFEM); 
rock-like materials; crack growth; frictional contact; size 
effect. 

1. INTRODUCTION 

The discontinuities (e.g. joint, crack, and void) which exist 
previously or appear during the evolution often control the 
instability and final failure in the brittle materials. In recent 
years, a lot of experiments and numerical simulations have 
been carried on crack growth in brittle materials, such as rock, 
concrete and so on. It has been widely acknowledged that 
FEM is one of the effective methods used to model the crack 
problem because of its good adaptability and scalability. But 
conventional FEM has many difficulties in dealing with the 
strong discontinuities, which mostly lead to high density 
meshes on the crack tip or repeated remeshing as crack grows 
[1]. 
The Extend Finite Element Method (XFEM) originally 
proposed by Belytschko and Black [2, 3] in 1999, is very 
powerful for discontinuous problems in fracture mechanics. 
They added discontinuous enrichment function to the finite 
element approximation to account for the presence of the 
crack. Later, other researchers improved the method, and 
applied it in many subjects in fracture mechanics. 
Actually, the extended finite element method (XFEM) is an 
extension of the conventional finite element method based on 
the concept of partition of unity. It allows the presence of 
 
 

discontinuities in an element by enriching degrees of freedom 
with special displacement functions. It does not require the 
mesh to match the geometry of the discontinuities. It allows 
contact interaction of cracked element surfaces based on a 
small-sliding formulation and allows both material and 
geometrical nonlinearity [4].  
 During the numerical analysis, the contact is a typical 
nonlinear problem, which not only due to the complicated 
mechanical model for the contact surface, but also more 
originate from the special discontinuous constraint of contact 
surface. The convergent results are difficult to obtain only 
when the appropriate friction model is chosen.  In the 
simulation of the paper, the penalty method is used to deal 
with the frictional contact of the crack surfaces during the 
load process, which can better model the impact on the 
contact surface when the wing crack grows. 
This paper intends to contribute to the understanding of 2D 
crack growth under uniaxial compress load in brittle material 
with frictional contact, and a series of numerical modeling are 
carried out whose results are compared with experimental 
ones [5]. The effects of inclination and coefficient of the 
friction of the pre-set cracks on growth of wing cracks are 
examined.   

2. THE XFEM APPROXIMATION 

In the classical FEM, the approximation to displacement field 

 xu  is expressed as [1] 

  



n

i
ii

h Nx
1

uu  (1) 

where iN  is the interpolated shape function associate with 

the node i; iu is the classical vectorial DOF(degrees of 

freedom) at node i. For each computational point (x, y) in the 

field, iN  should satisfy PU (partition of unit): 

 



en

i
i yxN

1

1, .  (2) 

The XFEM enriched a standard approximation locally on the 
crack with discontinuous functions. 
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Fig. 1 An arbitrary crack placed on a mesh 
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where I is the set of all nodes in the mesh; J is the subset of 
nodes which support is intersected by the crack but do not 
cover any crack tips (e.g. the circled nodes in Fig. 1.); 

21, KK is the subset of nodes which support conclude the 

first and second crack tips (e.g. the squared and diamond 
nodes in Fig. 1.). 

The function  xH  is a “generalized Heaviside” function, in 

which the discontinuity is aligned with the crack surface d . 

ja is the corresponding additional DOF for the discontinuity. 

Given a point in the domain, we denote the vectorial distance 

x  between it and the closet point on d . Also, the normal 

vector to d  is constructed. The function  xH  is then 

given by the sign of the scalar product nex : 
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n

n
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e
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The set of near-tip functions   ,rl  are a set of additional 

shape functions which span the exact asymptotic crack-tip 
fields for a linear elastic material: 

  

   

, { sin , cos ,
2 2

sin sin , cos sin }
2 2

l r r r

r r

  

  

       
   

   
   
   

 (5) 

where  ,r  are the local polar coordinates at the crack tip. 

Except this, l
kb  is corresponding additional DOF for the 

crack tip. 

3. FRICTIONAL BEHAVIORS 

3.1  Conventional friction theories  

Usually, when the inner surfaces of the crack are in contact, 
the shear force will be transmitted as well as the normal force 
across the interface. We now consider unilateral contact with 
friction on the interface. 
The crack faces or the interface are assumed as 

  ddd    with the unit normal vector to d  denote 

by n  in Fig. 2, and in the later modeling flat ellipse is chosen 
which is close to the real situation of rock-like material. We 
also introduce the displacement and traction on each face of 

the crack:  tw ,  on d  and  tw ,  on d [6].  

 
Fig. 2 The crack faces 

 
The frictional model is easily described by using the 
appropriate form of the displacement and traction on the 
crack faces. The normal components are expressed in the 
condition of no contact and in contact: 

  ,0  nww   (6A) 

n,tnt0,nt0,nt    (6B) 

   0nwwnt    (6C) 

The tangential component will satisfy the equilibrium: 

    0ntnntn   , (7) 

so that the standard value of the tangential component can be 
represented by 

 ntn  p . (8) 

The additional equations depend on whether or not there is 
friction. When the friction is idealized using a Coulomb law, 
two contacting surfaces can carry shear stress up to the 
maximum frictional force before they start sliding relative to 
each other: 

nt  g , (9) 

where   is the coefficient of friction. 

There is two states (sticking and sliding) and two equations to 
be satisfied are: 

   nwnnwn          if gp   (stick),  (10A) 

    0  nwnnwn  if gp   (slide).  (10B) 
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3.2  Stiffness method for friction  

The stiffness method used for friction is a penalty method that 
permits some relative motion for the surfaces called elastic 
slip when they should be sticking. While the surfaces are 
sticking, the magnitude of sliding is limited to the elastic slip 
and adjusted to enforce this condition. 
The stiffness method requires the appropriate selection of an 
allowable elastic slip i . Using a larger i  makes the 

convergence of the solution more rapid, but brings the bad 
accuracy. If  i  is chosen very small, convergence problems 

may occur. So the value of allowable slip used in the 
simulation which works very well must provide a 
conservative balance between efficiency and accuracy. 
The allowable elastic slip is given as [4] 

i f iF l   (11) 

where fF  is the slip tolerance, and il  is the characteristic 

contact surface length.  

4. NUMERICAL EXAMPLES 

4.1  The pre-set of parameters 

The models used in the numerical study are rectangle blocks 
with dimension 240 mm high and 120 mm wide. A 
pre-existing flaw (25 mm long and 0.5 mm wide) with 
different inclinations and coefficients of friction is set up in 
the center of each model. The flaw will close during the 
loading procedure. The other parameters of the flaw and the 
parameters of the material see Table. 1 and Table. 2.  

 
Fig. 3 The model of a flaw under compression 
(2a: the length of the flaw, θ: the initial angle) 

 
Table.1 The dimension parameters of the flaw 

No. 
Inclination 

α/° 
Coefficient 
of friction μ 

No. 
Inclination 

α/° 
Coefficient 
of friction μ

1-1 30 0.5 2-2 45 0 
1-2 45 0.5 3-2 45 0.1 
1-3 60 0.5 4-2 45 0.3 

   5-2 45 0.7 
 

4.2  Modeling and Computing 

Before the analysis of the program, we set appropriate 
loading steps and the number of iteration, which not only  

Table.2 The parameter of material 
Compressive 

strength 
/MPa

Tensile 
strength 

/MPa

Yonng’s 
modulus 

/GPa 

Possion’s 
ratio 

38.5 3.2 5.93 0.14
 

 
Fig. 4 Algorithm used for crack propagation analyses[8] 

 
enables the convergent results, but also makes a good crack 
propagation path. During the meshing, the encryption 
(0.1mm*0.1mm) is made around the crack tip, while normal 
mesh (5mm*5mm) is chosen in other zones. After each 
converged load increment the crack propagation criterion is 
checked. If no crack growth happens, the current crack 
configuration remains unchanged and the next loading step is 
applied; otherwise a new crack segment will be inserted with 
some length (thought as the size of element). Subsequently, 
the process will continue with the next loading step [8]. 

4.3  Numerical results 

The main findings from the modeling are as follows: 
(1) Wing cracks are observed in all the models, which shows 
mode-I cracking is the main failure mode. Wing cracks 
appear first with a very short length at the tips of the initial 
crack, and then become wider and longer with the load 
increasing, finally towards the direction of the compressive 

 

     
  (1) 50 steps                  (2) 100 steps               (3) 200 steps 

Fig. 5 The typical propagation path of the wing crack 

Interative computation for 
current crack configuration 

Evaluation of the 
crack propagation 
criterion (MTS) 

no crack 
propagation 

crack propagation 

Determination of the crack 
growth direction (MTS) 

Crack extension by a crack 
segment with a length 

Loading step 
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Fig. 6 Curve of the length of wing crack vs. 

vertical load/the plane width for μ=0.3 
 

 
Fig. 7 Curve of the length of wing crack vs. 

vertical load for β=45° 
 

 
Fig. 8 Curve of the length of wing crack vs. 

vertical load for μ=0.5 
 

stress. The path of wing crack seems to be similar to the 
hyperbola lines in mathematics, which are discussed in the 
previous papers of Yang who is one of this paper’s authors. 
(2) The crack in the infinite plate will completely keep open 
or close under the loading, while in the finite plate middle 
region maybe exist, which means the crack will close partly. 
Because of the complex in mathematics, it is difficult to 
obtain the analytical solution of the problem, and the 

phenomenon is observed in this modeling. 
(3) The size has little effect in the vertical load increasing 
when the wing crack grows, so the model with fixed width 
and height is able to simulation the real results for different 
rock mass’s situation. 
(4) As the increase of the coefficient of the friction, the wing 
crack propagation will be slowly as the vertical load increase. 
Fig.7 also shows the crack faces will close when the length of 
wing crack reaches near 5mm. The curves extend mostly not 
as the line, which shows the friction over the crack face make 
the stress around the crack changed, thereby inhabit the 
propagation of the wing crack. 
(5) The length of the wing crack increases nonlinearly as the 
vertical load increases, in details that increasing rate of crack 
length for vertical load increase at first and then decrease fast 
when the length of the wing crack reaches the critical value 
which means that the stress around the crack is changed due 
to the propagation of the crack. The initial load decreases as 
the increase of the inclination of the pre-set crack. The results 
in Fig. 8 show the difference of the inclination produce the 
different distribution of the normal and tangential stress. 

5. CONCLUSIONS 

The mechanism of crack propagation was studied using 
brittle material with the frictional contact under uniaxial 
expression and the relationship between the length of wing 
crack and vertical load was recorded and analyzed. A XFEM 
technique was used to simulate the propagation of wing 
cracks in the specimens, and the obtained results were 
compared with the laboratory test one [5], which shows they 
were very close to the experimental ones. It proves the 
accuracy and practicability of the above method in modeling 
the frictional contact behavior. 
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ABSTRACT: The suitability of the geosynthetic materials depends 
on not only the mechanical properties but also the soil-geosynthetic 
interaction properties. Therefore, this paper attempted to evaluate 
interface behaviour of basalt type geosynthetic with sand through a 
series of direct shear tests. In the tests the applied normal stresses 
were 40-160 kPa. The test results reveal that the shear strength of all 
sand-geosynthetic interfaces increased with the increasing normal 
stresses. The geogrid having small apertures and thin ribs shows the 
maximum interface shear resistance whereas the sand-geotextile 
interface shows significantly lower shear resistance comparing to 
that of sand-sand interface. Strain hardening-softening behaviour is 
clearly observed for the geogrid interfaces, but the geotextile 
interface shows completely different behaviour. It is also observed 
that the presence of sand in the apertures of geogrids dominates the 
dilatancy behaviour of the sand-geogrid interfaces. The average 
interface efficiency of the sand-geogrid interfaces tested in this study 
ranges from 0.61 to 0.87.  
 
Keywords: Direct shear tests, Basalt geosynthetics, Interface 
efficiency, Toyoura Sand. 

1. INTRODUCTION 

Geosynthetics have been increasingly used in geotechnical 
and environmental engineering for the last four decades. 
There are a significant number of geosynthetic types and 
applications in geotechnical and environmental engineering. 
Common types of geosynthetics used for soil reinforcement 
include geotextiles (particularly woven geotextiles), geogrids 
and geocells. For practical use of geosynthetics as soil 
reinforcement materials, the suitability of the material should 
be checked by evaluating not only the mechanical properties 
but also the soil-geosynthetic interaction properties.  
The pullout and the direct shear tests are the two laboratory 
tests commonly used to measure the corresponding mobilized 
interaction resistances. With the advancement of soil 
reinforcement techniques, a number of researches on 
soil-geosynthetic interaction testing have been performed 
[1]-[5]. The interface shear resistance of geotextiles against 
soil results solely from the shear resistance between the 
geosynthetic surface against soil particles because soil 
particles are not interlocked with openings. On the other hand, 
Geogrids are characterized by a combination of longitudinal 
and transverse ribs. Therefore, the interactions between soil 
and geogrid refer to the following mechanisms: (1) shear 
resistance between soil and the surface of the geosynthetic 
along the reinforcement plane (the ribs, in the case of 
geogrids); and (2) internal shear resistance of the soil (in the 
aperture of geogrid). The mechanisms (1) and (2) have been 
quantified by researchers such as [6], [7].  
Practically, the direct shear test is a suitable mean to study the 
interaction between soil and reinforcement because it can 

 
 

simulate the shear mechanism along a potential failure plane 
in reinforced earth structure. However, the in-soil interaction 
behaviour of a geogrid depends on the relative displacement 
of the geogrid and soil. It is necessary to use an appropriate 
testing method for estimating the behaviour of reinforced soil 
structures since the details of the test method may influence 
the results of direct shear tests. Moreover, the interaction 
mechanisms between soil and geogrid in direct shear mode 
are more complicated than sheet-like geosynthetics like 
metallic strips and geotextiles. Different test methods have 
been used by different researchers. Mitachi et al. [8] proposed 
a method to estimate the deformation behaviour of geogrid 
embedded in soil based on the results of direct shear tests. The 
study also compared the data calculated from direct shear 
tests with observed data from pull-out tests. They concluded 
that the relative displacement of geogrid in any part of the 
reinforced soil, as well as the pull-out force vs. pull-out 
displacement relationship, can be predicted by using direct 
shear test results. Consequently, Nakamura et al. [9] 
performed a series of direct shear tests changing the 
configurations of soil and geogrid, roughness of substrate 
material on which the geogrid is glued, and the distance 
between the surface of geogrid and the shear plane. They 
proposed that the test specimen of the geogrid glued on the 
substrate should be placed under the sand layer and a suitable 
substrate material should be used taking into account the 
mode of interaction between soil and geogrid in situ. A 
similar type of device has been used in this study where the 
relative position of the geosynthetics against the soil layer 
remain unchanged which gives the most approximate 
condition to that in the field.  
The shear strength of sand-geosynthetic interfaces has been 
investigated using direct shear tests by a number of 
researchers [10]-[12]. These studies used geosynthetic 
materials such as High density polyethylene (HDPE), poly 
propylene (PP), Polyester (PET) yarns coated with PVC etc.    
However, this study focuses on estimating the interface 
behaviour of Basalt geosynthetic with sand in direct shear 
mode. The frictional behaviour   of sand-sand and sand-steel 
interfaces is also investigated. Moreover, the interface 
efficiency is evaluated with the influence of various 
geometric properties of Basalt geogrids at different applied 
normal stresses.  

2. MATERIALS 

As backfill material, air-dry uniform silica sand (Toyoura 
sand), available in Japan, was used in all direct shear tests 
conducted throughout this study. Before testing, the physical 
properties of sand were tested in the laboratory. This sand has 
no fine content less than 0.075mm with effective diameter D10  
of 0.01 mm, D30 of 0.15 mm, D60 of 0.19 mm, the uniformity 
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plate was used as substrate material on which geosynthetic 
specimens were placed below the sand layer. To know the 
frictional behaviour of Toyoura sand with the steel plate, the 
direct shear tests of sand-steel interface were also performed. 
The geosynthetic specimen was positioned on the substrate 
placed on the top of the lower box. Subsequently, the 
specimen was clamped on the front edge of the steel plate 
using four aligned bolts and two steel clamping blocks. The 
sand in the upper shear box was rained using a raining device 
with two sieves. The dry unit weight of the sand mass in 
upper box was 1.63 g/cm3 (15.9kN/m3), which corresponds to 
relative density (Dr) of 95% (dense condition). The thickness 
of the sand layer in upper shear box was 70mm. The 
specification of this equipment is within the standard of JIS 
and the Japanese Geotechnical Society (JGS: T941-199X). 
The detail of this equipment is also available at [13]. The 
direct shear tests were conducted using normal stresses of 40, 
80, 120 and 160 kPa. All shear tests involved applying the 
normal stress and monitoring the vertical displacement. The 
shear load was only applied after the vertical displacement 
had reached equilibrium after applying the normal load. The 
vertical load is maintained constant during shearing process. 
A shear displacement rate of 0.5mm/min was used during 
testing. This rate is in the range recommended in the research 
manual [14]. The maximum shear strength obtained during 
the shear process was recorded as the peak shear strength.     
  

4. TEST RESULTS 

4.1 Test of sand-sand and sand-steel interfaces 

To quantify the shear strength parameters of experimental 
sand, the direct shear tests are conducted for four different 
normal pressures. The shear stress versus horizontal 
displacement and vertical displacement versus horizontal 
displacement curves from direct shear tests on sand is plotted 
in Fig. 4(a). A well defined peak and residual shear stress is 
observed at all normal stress level. Maximum shear resistance 
mobilized within 3-6mm of shear displacement. Before and 
after the peak shear stress, hardening and softening behaviour 
is markedly observed. The volumetric behaviour shows 
positive dilatancy during shear after a small contraction at 
initial stage of horizontal displacement. The average peak and 
residual angle of internal friction of the sand are found to be 
34.5⁰ and 25⁰ respectively. The shear stress-displacement and 
volumetric behaviour of sand-steel interface is shown in Fig. 
4(b). Several researchers have already studied the interface 
behaviour of steel surfaces (rough and smooth) with sand and 
fine grained soil [15]-[18]. In this study used a smooth steel 
plate is used as substrate for holding the geosynthetic 
specimens. Thus, it is important to understand the behaviour 
of smooth steel surface with sand in case of testing geogrid 
interfaces, particularly. As shown in Fig. 4(b), small 
difference between the peak and post peak shear strength of 
the sand-steel interface is observed for all normal stresses. 
The average friction angle between sand and smooth steel 
surface is calculated as 10.5⁰. All the shear stress lines seem 
to follow the same line upto yield point which is similar to the 
findings reported by Kishida and Uesugi [19] on Toyoura 

sand-steel interface tests. A progressive nature of 
strain-softening behaviour is also observed after the peak 
shear stress. From vertical vs. horizontal displacement 
relationship, only compression behaviour is observed during 
shearing which is typical of laboratory shearing along smooth 
interfaces, e.g. [20].       

4.2 Test of sand-geosynthetic interfaces 

Four types of Basalt geosynthetic materials, including one 
woven geotextile (GT) and three geogrids (GG1, GG2 and 
GG3) have been used to evaluate the behaviour of 
sand-geosynthetic interfaces. These interface tests were 
performed using the same direct shear equipment which was 

Fig. 4 Shear stress-displacement and horizontal vs. vertical
displacement relationships of (a) sand-sand, (b) sand-steel
interfaces

(b) 
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used for the direct shear tests on sand and sand-steel 
interfaces. The results of sand-geosynthetic interface tests are 
shown in Fig. 5. It shows that the shear strength of all 
interfaces including the geotextile (GT) and geogrids (GG1, 
GG2 and GG3) increases with the increase of normal stresses 
of 40, 80, 120 and 160kPa. At the initial stage of shear 
loading, all interfaces develop linear shear stiffness before 
yielding takes place. This may be because of the initial high 
bonding stress between sand and the surface of geosynthetic 
materials. From the yield point to maximum shear stress, 
strain hardening behaviour is observed in all interfaces. The 
post peak nature of sand-GG1 and sand-GG2 interfaces are 
similar to that of sand-sand interface which ends up with a 
constant residual state. In case of sand-GT interface, a slight 
strain-softening response is seen at lower normal stress 
(40kPa), but this response disappears with the increase of 
normal stress and the residual stress becomes equal to the 
peak shear stress. Though the sand-GG3 interface shows 
strain softening behaviour after the peak, a slight strain 

hardening response is seen further for higher normal stresses 
of 120 and 160kPa. The maximum shear stress obtained from 
sand-sand interface tests is consistently higher than that 
obtained from all other interface tests except for sand-GG1 
interface at lower normal stress of 40kPa.  However, the 
maximum shear stress is found decreasing with the decrease 
of geosynthetic area of the geogrids at all normal stresses. 
Since GG1 has small apertures and thin ribs, large shear stress 
is exerted from the initial stage of shear due to interlocking 
between geogrid and sand. On the other hand, as the size of 
the apertures of GG2 and GG3 is relatively larger than GG1, 
the shear stress is found relatively low due to less 
confinement of sand in the apertures as well as less 
geosynthetic area for effective skin friction.  

4.3 Volume change behaviour of the interfaces 

The vertical displacement versus shear displacement curves 
obtained from the direct shear tests on the sand-geosynthetic 
interfaces are shown in Fig. 5. It shows that the maximum 
vertical displacement (0.07mm) of sand-GT interface is very 
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Fig. 5 Shear stress-displacement and horizontal vs. vertical displacement
curves for (a) sand-GT, (b) sand-GG1, (c) sand-GG2, (d) sand-GG3 interfaces 
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all interfaces 

small compare to that of sand-sand interface (0.8mm).  The 
behaviour is mostly dilative with a little contractive nature at 
the initial stage of shearing. The presence of dilation with 
shearing indicates the presence of some degree of particle 
rolling and interlocking as dilation is required for the shearing 
and rearrangement of angular particles. The volumetric 
behaviour of sand-GG1 interface is seen almost same to 
sand-sand interface, but the magnitude is different. In case of 
GG2 and GG3, as shown in Fig. 5(c) &5(d), the volumetric 
behaviour is almost similar to sand-GG1 interface at lower 
normal stress. But, exception volumetric behaviour is 
observed   at high normal stress of 160kPa where GG2 and 
GG3 interfaces show very small changes in volume that is 
contractive or negative dilatancy in nature. This contractive 
behaviour has similarities with that of the sand-steel interface.    
It is interesting to note that the maximum vertical 
displacement increases with increasing the percent open area 
of the geosynthetics. The maximum vertical displacements 
for sand-GT, sand-GG1, sand-GG2 and sand-GG3 interfaces 
are 0.07, 0.12, 0.34 and 0.44mm respectively.  It means that 
the sand in the apertures of geogrids dominates the dilatancy 
behaviour of the sand-geogrid interfaces.  

4.4 Frictional resistance of the interfaces 

The maximum shear stress vs. normal stress values of all six 
interfaces are presented in Fig. 6. It can be observed that, if 

linear shear strength envelop is drawn fitting the experiment 
results it would define a little cohesion intercept. This 
intercept may be induced probably due to nonlinearity of the 
shear strength envelop. The sand-sand interface obtained 
maximum friction angle of 34.5⁰ whereas the minimum 
friction angle of 10.5⁰  is found for sand-steel interface. The 
friction angles of sand-GT, sand-GG3, sand-GG2 and 
sand-GG1 interfaces are obtained as 18.5⁰, 21.5⁰, 27⁰ and 
29.5⁰, respectively. It is observed that among all 
sand-geosynthetic interfaces, the sand-GG1 interface 
develops the highest frictional resistance whereas sand-GT 
interface develops the lowest resistance which is about 86% 
and 54%, respectively, of the sand-sand interface frictional 

resistance. Although the frictional resistance of sand-GG2 
interface is closer to that of sand-GG1 interface, significant 
difference is observed for sand-GG3 interface. The possible 
reason of this phenomenon is already discussed in the 
previous section.  

4.5 Interface efficiency 

To calculate efficiency of the sand-geosynthetic interfaces, 
the peak shear strength of Toyoura sand (τs) at each normal 
stress is considered as a reference value. It is to note that the 
shear strength values are the test values and not the fitted 
values using Mohr-Coulomb failure criterion. The shear 
strength values of sand-geosynthetic interfaces (τs-g) were 
normalized using the reference values at the corresponding 
normal stress level (40, 80,120 and 160kPa). The normalized 
value is identified as the interface shear strength efficiency or 
interface efficiency (Ei= τs-g/τs). In literature similar 
relationships have been identified as "bond coefficient" [5], 
"interface efficiency"[9], and interface shear strength 
coefficient [14]. The interface efficiency of different 
sand-geosynthetic interfaces are shown in Table 2.  
 

Table 2 Interface efficiency of sand-geosynthetic interfaces 
 

Interfaces
Normal stress, kPa 

Average
40kPa 80kPa 120kPa 160kPa 

Sand-sand 1.00 1.00 1.00 1.00 1.00 
Sand-GG1 1.02 0.84 0.81 0.83 0.87 
Sand-GG2 0.68 0.85 0.73 0.75 0.75 
Sand-GG3 0.59 0.65 0.62 0.56 0.61 
Sand-GT 0.42 0.52 0.49 0.51 0.49 

 

Table 2 shows that the sand-GT interface strength is 
significantly lower than the shear strength of the sand. Unlike 
geogrids, the woven geotextile does not allow direct contact 
between sand particles. Hence, the shear resistance comes 
only from shear between geosynthetic surface and the sand 
particles. It is observed that the efficiency of sand-GG1 
interface is higher than other sand-geosynthetic interfaces. 
Although, at 80kPa of normal stress, the efficiency of 
sand-GG2 interface is little higher than that of the sand-GG1 
interface. It is interesting to note that the efficiency of GG1 
interface at low normal stress (40kPa) is higher (1.02) than 
sand. But, this is not exception in the literature.  Cancelli et al. 
[12] reported interface shear strength coefficients ranging 
from 1.04 to 1.12 for interfaces between HDPE and 
polypropylene (PP) geogrids against sand, Cazzuffi et al. [13] 
reported interface shear strength coefficient of 0.97 for 
sand-HDPE geogrid interface, while Liu et al. [21] found 
interface shear strength coefficients for sand-PET (coated 
with PVC) geogrid interface ranging from 0.89 to1.01. For 
the sand-geogrid interfaces tested in this study, the average 
interface efficiency ranges from 0.61 to 0.87. However, the 
interface efficiency of the same geosynthetic would vary 
depending on the backfill material used in the field. Thus, 
there is scope for further investigation to evaluate the 
interface efficiency for different backfill materials like 
cohesive soils and soil with various admixtures which may 
increase interface efficiency.   
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5. CONCLUSION 

This study was carried out to evaluate the interface behaviour 
of basalt geosynthetic with sand by a series of direct shear 
tests. The main conclusions that can be drawn from this 
investigation are as follows: 
1. The interface shear strength of all sand-geosynthetic 

interfaces increased with the increasing normal stresses. 
2. Strain hardening-softening behaviour is clearly observed 

for all sand-geogrids (GG1, GG2 and GG3) interfaces 
which resembles the shear stress-displacement behaviour 
of the sand. The sand-geotextile (GT) interface shows 
strain hardening behaviour before peak and almost plastic 
condition is observed after the peak. 

3. Due to small size apertures and thin ribs of GG1, large 
shear stress is exerted from the initial stage of shear. Since 
GG2 and GG3 have larger apertures, the shear stress is 
found relatively low due to less confinement of sand in the 
apertures as well as less geosynthetic area for effective 
skin friction.  

4. The maximum vertical displacement increases with 
increasing the percent open area of the geosynthetics 
which is 0.07, 0.12, 0.34 and 0.44mm for sand-GT, 
sand-GG1, sand-GG2 and sand-GG3, respectively. It 
means that the presence of sand in the apertures of 
geogrids dominates the dilatancy behaviour of the 
sand-geogrid interfaces. 

5. The interface efficiency of sand-GG1 interface is found 
higher than other sand-geosynthetic interfaces which was 
even higher (1.02) than sand itself at low normal stress. 
However, the average interface efficiency of the 
sand-geogrid interfaces tested in this study ranges from 
0.61 to 0.87.  
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ABSTRACT: Pipelines are important lifeline facilities spread over a 
large area and they generally encounter a range of seismic hazards 
and different soil conditions. The seismic response of a buried 
segmented pipe depends on various parameters such as the type of 
buried pipe material and joints, end-restraint conditions, soil 
characteristics, burial depths, and earthquake ground motion, etc. 
This study highlights the effect of the variation of geotechnical 
properties of the surrounding soil on seismic response of a buried 
pipeline. The variations of the properties of the surrounding soil 
along the pipe are described by sampling them from predefined 
probability distribution. The soil-pipe interaction model is 
developed in OpenSEES. Nonlinear earthquake time-history 
analysis is performed to study the effect of soil parameters 
variability on the response of pipeline. Based on the results, it is 
found that uncertainty in soil parameters may result in significant 
response variability of the pipeline. 
 
Keywords: Buried pipe, soil-pipe interaction, soil parameters, 
uncertainty, seismic response 
 

1. INTRODUCTION 

Buried segmented pipelines are commonly used in many 
lifeline systems, such as water distribution and gas supply 
systems, etc. There are several publication and reports that 
discuss the severe damage to civil life cause by the failure of 
buried pipelines during or after the high-intensity earthquake 
[1], [2]. After the Hyogo-Ken Nanbu earthquake of 1995 in 
Japan, it was reported that gas leakage from buried pipelines 
occurred at 234 different places; subsequently, fires started 
primarily due to gas release and electricity sparks. Fires 
occurred at 531 different places and burnt areas were over 1 
km2 [3]. Another example, the Chi-Chi earthquake of 1999 in 
Taiwan also caused serious damage to natural gas supply 
systems. More than 100,000 industrial and residential 
customers in the disaster area were cutoff from the natural gas 
supply after the earthquake, and the estimated economic loss 
of five major natural gas companies was approximately 
US$ 25 million [4].  
During the 1994 Northridge earthquake, several pipelines and 
aqueducts were broken due to large permanent ground 
deformation; and during the 1995 Kobe earthquake, around 
2000 repairs had to be done in the water distribution system 
due to significant ground shaking, ground distortion, and 
liquefaction in the artificial fills constructed near the bay [5]. 
Due to the serious consequences of lifeline system failure 
under earthquakes, their seismic performance has been the 

 
 

subject of many research studies. The performance of a 
pipeline under seismic load depends on type of buried pipe 
material and joint, end-restraint conditions, soil 
characteristics, earthquake ground motion, and burial depths 
etc. In this paper, the effect of soil parameters uncertainty in 
seismic response of pipeline in longitudinal direction is 
investigated. The dynamic soil-pipe interaction is developed 
using Winkler-based approach with nonlinear discrete soil 
springs in longitudinal and vertical directions. The effect of 
soil variability in seismic response is modeled using 
probabilistic approach. 

2. PIPELINE CONSIDERATION 

A cast iron pipeline of 120 m long with lead caulked pipe 
joint buried in sandy soil with fixed end condition is 
considered in this study. The length of pipe segment (ls), yield 
strength (fy), outer diameter (D) and burial depth (H) are 6 m, 
250 MPa, 150 mm and 800 mm, respectively. The friction 
coefficient (δ), depending on the outer-surface characteristics 
and hardness of the pipe, is taken as 0.8. It is assumed that the 
pipeline is placed well above the ground water level; 
therefore, the soil liquefaction is not considered. The change 
in internal pressure in the pipeline and the live load over the 
ground surface are neglected. 

3. FINITE ELEMENT MODELING OF PIPELINE 

Finite element analysis of the pipe-soil system is performed 
using OpenSEES finite element analysis package [6]. Pipe 
segment is modeled with elastic beam element and the joint is 
modeled using zero-length element with nonlinear material 
model. Also, the soil response in vertical and axial direction is 
modeled with zero-length element and nonlinear material 
model. The schematic diagram of pipe-soil system is shown 
in Fig.1. 
 

 
 

Fig.1. Schematic diagram of pipe-soil system 
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3.1 Behavioral model for soil spring 

The force-displacement behavior of axial soil springs are 
based upon recommendations in the 1984 ASCE Guideline 
for Gas and Liquid Fuel Pipelines [7] for non-cohesive 
backfill. The nonlinear behavior of axial spring is shown in 
Fig. 2 (right).  
A symmetric bilinear-type curve (elastic-perfectly plastic) is 
employed with a peak force per unit length at the soil-pipe 
interface, Tu: 
 

)tan()1(
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                                            (1) 

 

where γ is the effective unit weight of the soil,   is the angle 

of internal friction of the sand and Ko is the coefficient of 
lateral soil pressure at rest. The equivalent “yield” 
displacement (Δt) for the soil spring is typically about 2 mm. 
 

 
 
Fig.2. Nonlinear force-displacement behavior of soil springs: 

vertical spring (left); axial spring (right) 
 

The nonlinear behavior of vertical soil springs is shown in Fig. 
2 (left). The upward soil resistance per unit length (Qu) of the 
pipe in sandy soil can be determined as: 
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The corresponding displacement, Δu at Qu can be taken as 
0.01H for the dense sand.  
The vertical bearing soil spring force per unit length (Qd) can 
be calculated by: 
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The displacement, Δd ,  at Qd  is 0.1D for granular soil. A more 
detailed description of (1) to (6) is provided in the American 
Lifeline Alliance, ASCE [8]. 

3.2 Behavioral model for pipe joint 

The axial force-deformation relationship considered for the 
lead caulked pipe joint is based on the study reported in [9]. 
The force-displacement response is represented by bi-linear 
relationship as shown in Fig. 3.  

 
 

Fig.3. Axial force-displacement behavior of joint spring 
 

There is an initial elastic region until slippage at a relative 
joint displacement of Δs, followed by a linear post-slippage 
region until leakage at a relative joint displacement of Δl. The 
axial force at slippage, Fs, is based upon a model proposed in 
[10]. 
 

1DdCF as 
                                                                      (7) 

 
where Ca is the adhesive strength at the pipe/lead interface 
and d1 is the depth of lead caulking. The average value of Ca 
is around 1.7 MPa, and d1 for a 150 mm diameter pipe is 55 
mm. The initial stiffness of the joint and the joint force at 
leakage also reported in [9]. For 150 mm diameter pipe the 
initial stiffness is quite large, resulting in a typical slippage 
displacement of only about 3.3 μm. The joint force at leakage 
is equal to twice the slippage force. The slippage 
displacement at leakages (Δl) is taken as 16.5 mm. 

4. EARTHQUAKE GROUND MOTION 

In order to perform nonlinear time-history analyses, the 
acceleration time history recorded at El-Centro during 
Imperial Valley California (1940) is considered. The 
characteristics of the record are: the magnitude (Mw) is 6.6, 
source-to-site distances (r) range is 8 km and soil condition is 
stiff. The maximum acceleration to velocity ratio (A/V) is 
1.04, where A is in 'g' and V is in m/s. Fig.4 shows the 
acceleration time history and acceleration response spectra 
with 5% damping of El-Centro record. 
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Fig.4. El-Centro acceleration time history (top) and response 

spectrum (bottom) 

5. VARIABILITY IN SOIL PROPERTIES AND THEIR 
MODELING   

It is evidence from section 3.1, that the soil proprieties are one 
of the performance controlling parameter of pipe-soil system. 
The force-displacement behavior of soil spring is controlled 
by the soil parameters. Thus, it is essential to investigate the 
effect of soil parameters uncertainty in seismic response of 
buried pipelines. In this study, the soil properties such as 
internal friction angle and unit weight of soil are considered 
as uncertain variable. Those variables are assumed be 
described by lognormal distribution, since they are 
necessarily positive values. Table 1 shows the list and 
respective mean values and corresponding 10% coefficient of 
variation (CV) of the input parameters. Although some 
studies have reported that a larger variation of the in situ CV, 
the 10% CV for different soil types including, sand, clay and 
silt seems to be reasonable [11]. No correlation between 
internal fraction angle and unit weight is considered. 
 

Table.1 Statistical property of soil parameters 
Parameter Mean CV (%) Distribution

Friction angle 350 10 Lognormal 
Unit weight 16 (kN/m3) 10 Lognormal 

6. TREATMENT OF UNCERTANITY IN SEISMIC 
RESPONSE ANALYSIS 

Seismic response analysis of the pipeline which incorporates 
the source of uncertainty considered above can be carried out 
using random sampling Monte Carlo simulation coupled with 
the finite element pipeline model. Fig. 5 shows histogram of 
500 values of random sampled fraction angle and unit weight 
of soil. 
 

 
Fig.5. Histogram of sampled soil unit weight (left) and 

fraction angle (right) 
 
Each randomly generated (γ,φ) pair is input into the finite 
element model and time history analysis is performed to 
predict the response. The natural period of the pipeline with 
mean value of soil property is 0.27 s. 

7. RESULTS AND DISCUSSION 

Fig.6 shows the axial displacement of pipeline, which has the 
mean values of the soil properties, at different time in the time 
history analysis. The displacement is concentrated at the 
joints and the maximum displacement is occurred at the 
middle section of the pipeline. The maximum pipe 
displacement observed at the middle of the pipeline is 
approximately 24 mm. 
 

 
Fig.6. Axial displacement of pipeline at different time in the 

time history analysis 
 
The maximum relative displacement is observed at the joints 
which are close to the supports. Fig.7 shows the maximum 
relative displacement at each joint along the pipeline. The 
maximum relative displacement at the joints is close to 9 mm 
which is less than the slippage displacement at leakages. The 
joint at the middle of the pipeline shows no relative 
displacement for the mean valued model. The maximum 
relative displacement is high at the joints close to support and 
decreases towards the middle of the pipeline. 
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Fig.7. Maximum relative displacement at the joint during 

time history analysis 
 

To study the effect of single soil parameter on the response, 
the lower and the upper value among the sampled values of 
each parameter is selected, while keeping the other one in its 
mean. Fig. 8 shows the effect of unit weight of soil on the 
response. For the upper value of the unit weight, the 
maximum relative joint displacement response is increased in 
general compare to the mean valued model response and 
decrease for lower value of the unit weight. It may be due to 
the fact that the mass of the system is increased with 
increasing unit weight and consequently the system subjected 
to higher inertia force, which causes larger displacement in 
the system. In the case of lower value of unit weight of soil, a 
few joints at the middle part of the pipeline show no relative 
displacement. 
 

 
Fig.8. Effect of unit weight on the maximum relative 

displacement at the joint 
 
Fig.9 shows the effect of internal fraction angle of soil on the 
maximum relative joint displacement response. For the lower 
value of the soil fraction angle, the joint displacement is 
increased and for the upper value of the fraction angel the 
joint displacement is decreased significantly from the mean 
valued model. Due to large axial soil fractional forces in the 
pipe segment, a few joints at each side from the middle 

section of the pipeline show no relative displacement for 
upper value of fraction angle. Contrary, the pipeline shows 
significant increase in relative joint displacement for lower 
value of frication angle from the mean valued model. Further, 
the effect of fraction angle on the response of the system is 
much significant compare to the unit weight of the soil. 
 

 
Fig.9. Effect of friction angle on the maximum relative 

displacement at the joint 
 

Fig. 10 shows the 95% confidence bound and median of the 
maximum relative joint displacement response from the 
random sampled model together with the mean-valued model 
response. The median and mean-valued model responses are 
essentially the same. But the variability in the response due 
the uncertainty in the soil properties is significantly high.  
 

 
Fig.10. Mean-valued pipeline model response and 95% 

confidence bound and median of random sampling model 
response 

8. CONCLUSION 

The influence of soil parameters uncertainty on the seismic 
response of buried segmented pipeline is investigated in this 
paper. A 120 m long pipeline in sandy soil is molded using 
nonlinear Winkler approach to represent the soil behavior. 
Random sampling method is used to randomize the soil 
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parameters. The effect of different types of soil is not 
considered. Within this limitation, the analysis results show 
that the uncertainty in soil property has significant influence 
on the displacement response of pipeline. The influence of 
internal fraction angle is significant compare to unit weight of 
the soil. The coefficient of variation of joint response is more 
than 100% in some location. Finally, it is important to 
consider the variability in soil properties in seismic risk 
assessment of pipeline. 
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ABSTRACT: This paper presents the sorption capacity of 
Cu by SC-soil collected from a location in the Northeastern 
part of Thailand. Copper (Cu) is one of the common heavy 
metals that have been discharged from industries and from 
the use in the daily life of human being. The toxic 
conditions from Cu are always occurred with plants, 
animals, and human from this metal. The batch equilibrium 
method was used as a tool to investigate the adsorption 
value. The results from batch tests can demonstrate the 
sorption isotherm of the soil. The results showed that the 
adsorption isotherm well fit both the Langmuir and 
Freundlich models. The next series of test were evaluated 
by performing column leaching test. The purpose of the test 
is to investigate the transportation phenomena of liquid into 
soil layer. This method is also for the assessment of ground 
water risk due to pollutant emission from contaminated 
soil. 
 
Keywords: Copper, Adsorption, Isotherm, Langmuir  

1. INTRODUCTION 

Due to economic growth during many decades in Thailand 
especially in the Northeastern part, industrial sector leads 
many environmental problems. Industries discharged the 
waste water into river or soil without treatment and care. 
Copper (Cu) is one kind of heavy metals and toxins that has 
caused serious health problem to humans and animals [1,2]. 
There are many methods for remove the heavy metals from 
the waste water and soil [3,4,5]. Adsorption is one of the 
most common methods for heavy metal removal because it 
is an effective and economical technique. This is the main 
objective that brought about the research to be a choice of 
improving pollution problem by focusing on the sorption 
capacity of heavy metal by soil. In this work, the adsorption 
of Cu by soil found in the Northeastern part of Thailand was 
studied and investigated by batch and column techniques. 

2. MATERIALS AND METHODS 

2.1 Adsorbent 
The material used as adsorbent was soil collected from one 
location in the upper part of Northeastern (Fig.1), Thailand. 
It was excavated at a depth of 50 cm from its surface (Fig.2). 
The soil was dried at a temperature of 110 oC for 48 hours 
and was sieved through sieve No.16. It can be classified by 
the Unified Soil Classification System (USCS) as SC-Soil. 
It will then be called SC-Soil throughout this paper. 
Engineering properties and porous properties of the soil 
sample are tabulated and shown in Table 1. The porous 
properties were evaluated by adsorption of nitrogen gas 
(N2) at -196 oC.  The specific surface area was calculated by 
Brunauer-Emmett-Teller (BET) equation. Figure 3 shows 
the SEM photographs of the soil with different 
magnifications. As shown in Fig 3, it can be seen that the 

 
 

surface of soil particles are almost rough. Table 2 
summarized the compound composition of this soil by 
using XRF technique. 
 

 
 

Fig.1 The aerial view of the location of excavation pit  

 

 
 

Fig.2 The collection of soil sample 

Table 1. Engineering properties of soil 

Soil SC-Soil 
Specific gravity 2.65 
Optimum moisture content 
(OMC), % 

18.28 

Maximum dry unit weight ( d ), 

kN/m3 
16.48 

Coefficient of permeability (k), 
cm/s 

0.51 x10-6 

Specific surface area (SBET), m2/g 103 
Micropore volume (VDR), cm3/g 0.040 
Total pore volume (VT), cm3/g 0.21 
Average pore diameter (DP), nm 8 
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(a) x300 

 

 
(b) x500 

 

 
(c) x1000 

 

 
 

(d) x3000 

Fig.3 SEM photograph of SC-Soil at different 
magnifications 

 
(e) x5000 

Fig.3 SEM photograph of SC-Soil at different 
magnifications 

 
Table 2. Compound composition of SC-soil 
 

 O Si Al K Ti Ca P Mg
(%) 51.26 36.89 8.62 1.54 0.61 0.39 0.37 0.31
 
 
2.2 Heavy Metal Solution 
Heavy metal chosen as the adsorbed materials in this study 
was copper (Cu). It was prepared by dissolving Copper 
Nitrate (Cu(No3)2) in distilled water. The solutions were 
varied with concentrations of 5, 25, 50, 100, 250 and 500 
mg/L. Table 3 summarized properties of copper nitrate. 
Selection of Cu as a heavy metal was based on its low 
toxicity and also Cu is easily found in all areas and Cu is 
commonly discharged from various industries. 
 
Table 3. Properties of copper nitrate 
 

Compound  Copper Nitrate 
Formula 
Molecular weight (g/mol) 
Density (g/cm3) 
Solubility (g/100 ml) 

Cu(NO3)2 
295.65 
2.07 

137.8 
 

 
2.3 Experimental work 
In this study, batch and column adsorption tests were 
carried out to investigate the heavy metal adsorption. The 
batch test processes can be performed by mixing a 2.5 g of 
soil with the Cu solution. The initial concentrations were 
ranged from 5 to 500 mg/L and put it in 120 mL plastic 
bottle. Then the mixture was shaken by the horizontal 
shaker with a speed of 130 cycles per minute for 0.5, 1, 3, 6, 
12, 24, 48, and 72 hours. After a particular period of the 
time, the soil was separated from the heavy metal solution 
by using a 0.45µm filter and diluted it into the solution. 
Finally, concentration of the residual solution was analyzed 
by using Atomic Adsorption Spectrometer (AAS) (Fig.4). 
From the step above, it can be measured the adsorption 
equilibrium time and the amount of heavy metal adsorbed 
by soil at equilibrium time (q). The equilibrium amount of 
heavy metal can be calculated from the following equation: 
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Where q is the adsorption capacity of the soil at equilibrium 
condition (mg/g), Co is the initial concentration of heavy 
metal solution (mg/g), Ceq is the equilibrium concentration 
of the solution (mg/g), Vsol is the volume of solution (cm3), 
and W is the mass of soil (g). After the adsorption volume 
was determined, the adsorption isotherm can then be 
investigated. The adsorption isotherm is the relationship 
between the concentration of the heavy metal solution at 
equilibrium condition (Ceq) and the equilibrium amount of 
heavy metal adsorbed by soil (q). In this study, the 
Langmuir and Freundlich models were used to describe the 
adsorption isotherm. 
  

 

Fig.4 Atomic Adsorption Spectrometer (AAS) 

For column leaching test, the purpose of the test is to 
investigate the transportation phenomena of liquid into soil 
layer. The column test is commonly used for the 
determination of desorption or dissolution rates of 
contaminants from contaminated soil. This method is also 
for the assessment of ground water risk due to pollutant 
emission from contaminated soil. The column leaching 
procedure used in this study is described briefly in Fig.5. 
Figure 5 show the schematic drawing of equipment used in 
the column test. The soil sample was compacted by 
standard compaction method into the column with a 
maximum dry density and optimum moisture content. 
Contaminated water is pumped and put in the top container. 
The soil column and storage tank are connected each other 
by system of nut. The flow velocity of contaminated 
solution and water in the column are adjusted by pressure 
from pressure pump. In this study flow velocity in the 
column was about 1 m/day, which corresponds roughly to 
typical groundwater flow velocity. The advantage of 
column test compared to the batch technique is that the 
amount of soil used in the column is much larger than in the 
batch test and the column technique can simulate the 
conditions as found in the real field. 

In this study, three cycles of column test were done to 
simulate the infiltration of contaminated solution into the 
soil. In the first cycle, copper solution was used and the 
solution was infiltrated into the soil under pressure. The 
concentrations were measured with different elapsed times. 
In this cycle, a total time of 144 hours or 6 days were used. 
The elapsed times of 1, 3, 6, 12, 24, 48, 96 and 144 hours 
were selected to pick up the sample concentrations. The 

solutions leaked under the sample were then collected and 
were sent to the lab to measure the concentration by AAS 
technique.   In the second cycle, the distilled water was used 
as a solution instead of copper. The purpose of this cycle is 
to simulate the leaching effect from raining. The adsorption 
of copper around the soil surface was leached by this water. 
The remaining concentration can then be measured. The 
results of this effect are depending on the soil type and its 
physical and chemical properties. The time used in this 
cycle is the same as in the first cycle.  The last cycle was 
then performed by using the copper solution again. The 
purpose of the last cycle is to simulate the repetition of 
leaking of contaminated solutions into the soil. The 
amounts of leaking solution from the bottom of the 
container were then sent to measure the concentration after 
a particular period of times. 

 
 

 

 

Fig.5 The schematic drawing of column test 
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3. RESULT AND DISCUSSION 

3.1 Adsorption isotherm from batch test 

The adsorption of Cu for various concentrations by SC-Soil 
at different time was shown in Fig 6. The results show the 
remaining concentration of the heavy metal (Ct) as a 
function of time. It can be seen that the adsorption took 
place rapidly at the beginning of the reaction, which the 
concentration rapidly decreased at the period of 1-3 hours 
and decline over time until reaching the equilibrium 
condition within 6-12 hours.  

 
Fig.6 Effect of contact time on Cu adsorption by SC-Soil 

 
Figure 7 showed the adsorption isotherm of Cu. As shown 
in 6, the amount of adsorption (q) increased with increasing 
equilibrium concentration (Ceq). The adsorption isotherm 
can be represented by Langmuir and Freundlich adsorption 
isotherms as shown in Figs 8 and 9, respectively. The 
consistency of the isotherm describes that the surface of 
soils was covered with monolayer of the metal particles. 
Langmuir parameters ( and ) and the coefficient of 
correlation (R2) were then summarized in Table 4. 
Freundlich parameters were summarized in Table 5. Very 
high coefficient of correlation (R2) from both models 
indicated that the adsorption of Cu by soil sample favorable 
fit both to Langmuir and Freundlich adsorption isotherms.  

 

 
 

Fig.7 Adsorption isotherm of Cu adsorption by SC-Soil 
 

 
Fig.8 Langmuir adsorption isotherm of Cu 

 

 
 

Fig.9 Freundlich adsorption isotherm of Cu 
 

Table 4. Langmuir parameters of soil samples 
 

Soil  (mg/g)  (L/mg) R2 
SC 3.2960 0.0405 0.9636 

 
 
Table 5. Freundlich parameters of soil samples 
 

Soil K (L/g) n R2 
SC 0.4048 2.8066 0.9948 

 

3.2 The results from column test 

The relationship between sorption capacity of Cu and flow 
rate of polluted solution with a particular time (Ct) are 
shown in Figs. 10 and 11, respectively. At the first cycle, 
the initial concentration of 100 mg/l was used. In Fig.10, it 
can be seen that the measured values of remaining 
concentration, Ct at a time of 0 hour is approximately 0.9 
mg/l. It means that the soil has a high potential to adsorb 
almost all of the concentration. After a certain period of 
time, the measured concentrations seem to slightly and 
slowly increase with time. The reason to explain this 
phenomenon is that the accumulations of Cu particles on 
the soil surfaces almost reach the maximum value that soil 
can offer so that the areas for the adsorption remain smaller. 
The rate of adsorption found is very slow (1.6 mg/l). In the 
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second cycle (144-288 hours), the distilled water was 
replaced in the container. The purpose of this cycle is to 
simulate like a raining occurred above the soil surface. It 
can be seen in the middle part of Fig.11 that the 
concentrations of the solution are almost the same as at the 
end of the first cycle but Ct is not 0. It is indicated that Cu 
still slightly leaked by the leaching effect of water. In the 
last cycle (288-432 hours), the copper solution was put into 
the container again. The measured values of concentration 
seem slightly increase with time and have a same trend 
found in the first cycle. It can be said that after leaching by 
water, the soil can still adsorb copper and the soil did not 
lost the capacity in adsorbing the copper solution. In Fig. 12, 
it can be found that the flow rates are in the range of 4-7 
cm3/hr. 
 
 

 
 
Fig.10 The sorption of Cu at different times by column test 
 
 

 
 
Fig.11 The flow rate of Cu at different times by column test 
 

4 CONCLUSION 

In this study, the adsorption capacity of Cu by SC- Soil 
collected the upper part of Northeastern, Thailand was 
investigated by performing batch and column leaching tests. 
The results from batch test indicated that the adsorption 
reaches the equilibrium time within 6-12 hours. The 
adsorption capacity increased with increasing initial 
concentration. Langmuir and Freundlich isotherm models 

can favorable and well describe the adsorption of this soil. 
For column leaching test, the purpose of the test is to 
investigate the transportation phenomena of liquid into soil 
layer. In this study, three cycles of column test were done to 
simulate the infiltration of contaminated solution into the 
soil. In the first cycle, copper solution was used and the 
solution was infiltrated into the soil under pressure. The 
concentrations were measured with different elapsed times. 
In the second cycle, the distilled water was used as a 
solution instead of copper. The purpose of this cycle is to 
simulate the leaching effect from raining. The adsorption of 
copper around the soil surface was leached by this water. 
The remaining concentration can then be measured. The 
last cycle was then performed by using the copper solution 
again. The purpose of the last cycle is to simulate the 
repetition of leaking of contaminated solutions into the soil. 
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ABSTRACT: The pressing need for the preservation of natural 
resources and reductions in carbon dioxide emissions together with 
the ever-rising production volume of concrete to meet the needs of 
the developing world have fuelled the search for alternative 
solutions. As the green construction movement begins to hit its stride, 
recycling of waste and utilization of supplementary cementing 
materials are gaining promises as efficient and attractive choices in 
the production of concrete. This paper is a state-of-the-art report on 
the study and research findings of the behaviour of concrete 
containing palm oil fuel ash (POFA) as supplementary cementing 
material. Fresh and hardened state properties including durability 
aspects of POFA concrete in both indoor and outdoor exposure 
conditions have been presented and discussed. Along with the 
typical applications, possible use and potential benefits of the high 
volume palm oil fuel ash in concrete have also been highlighted in 
this paper. 
 

Keywords: Supplementary cementing materials, sustainable 
development, palm oil fuel ash, green construction 
 
1. INTRODUCTION 

 

Over the decades there has been a growing emphasis on the 
utilization of waste materials and by-products in construction 
industry. Use of these materials not only helps in getting them 
utilized in cement, concrete, and other construction materials, 
but also has numerous indirect benefits such as reduction in 
land-fill cost, saving in energy and protecting the 
environment from possible pollution effects. Further, their 
utilization has shown to improve the microstructure, 
mechanical and durability properties of mortar and concrete, 
which are difficult to achieve by the traditional method of 
concrete construction. 
There is no doubt that the inclusion of pozzolanic materials, 
either naturally accruing or artificially made, as a partial 
replacement of cement imparts significant enhancements of 
the basic characteristics of the resulting mass both in its fresh 
and hardened states. Of all the silicon by-products, pulverized 
fuel ash or fly ash is widely used globally. Added to this is the 
fact that fly ash makes significant changes to physical, 
mechanical and durability properties of concrete that are well 
documented in national codes and standards. Apart from 
industrial waste, ashes from agricultural origin like rice husk, 
coconut husk, corn cob, peanut shell etc. have been identified 
as supplementary cementing materials in many parts of the 
world [1]-[4].  One of such pozzolanic materials is palm oil 
fuel ash, a waste material obtained on burning of palm oil 
husk and palm kernel shell in palm oil mill plants. 
The objective of this paper is to provide a cohesive literature 
survey on studies published in recent decades, accounting for 
the contribution or behaviour of palm oil fuel ash (POFA) in 
concrete, rather than a comprehensive report summary of all 
the investigations. Being a new member in the ash family, 

however, POFA has not been studied in all types of concrete 
works particularly at long-term outdoor exposure conditions. 
Considering the availability and the inherent quality, 
significant research findings have been highlighted in regard 
to the utilization of this ash as a sustainable construction 
material in concrete. 
 
2. CONCRETE AND ENVIRONMENT 

 

2.1 Waste Materials in Concrete Construction 
 

Concrete is without question one of the oldest and strongest 
man-made materials in the world where cement as a binding 
material plays a key role in achieving strength and durability. 
Portland cement concrete is a fundamental and versatile 
building material that touches the life of nearly every 
individual in the modern world. It is difficult indeed to 
visualize what a comparatively dark age we would be living 
in without concrete. The economy of many nations is 
markedly influenced by the cement and concrete industry. It 
has been estimated that the world-wide consumption of 
concrete amounts to about one thousand kilogram per person, 
and this demand is expected to rise in future [5]. However the 
environmental aspects involved in the manufacture and use of 
cement, concrete and other building materials are of growing 
concern. This situation can, however, be improved by 
effective and efficient utilization of existing materials 
together with the development of recycled materials 
generated as industrial or agricultural wastes.   
With a given set of constraining conditions waste materials in 
concrete mixes can be employed in several ways. For many 
purposes a pozzolan, for example, has been regarded as a 
substitute for a proportion of cement in a concrete. In some 
cases, it is preferable to use it as an addition. This involves 
direct weight addition of pozzolan to cement, replacing part 
of aggregate (usually sand) in concrete. Another method 
which Samarin et al. [6] describe as a replacement-addition 
method that involves replacement of a part of the Portland 
cement with excess weight of fly ash, replacing also part of 
the aggregate in order to achieve more economical concrete. 
According to Dunstan [7], fly ash should be considered to be 
the ‘fourth ingredient’ in concrete, that is in addition to the 
aggregate, cement and water but not as a replacement of the 
cement. It has also been postulated that only in this way it is 
possible to obtain the fullest benefits from fly ash, 
particularly with low lime content. Whatever is the mode of 
application, all the methods can result in a significant 
improvement and optimization of certain properties of both 
fresh and hardened concrete. The strategy of applying 
pozzolans in concrete, as revised and modified from Hwang 
[8], is sketched in Fig. 1. 
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Fig. 1 Strategies of using pozzolans in concrete productions  
 
Although the use of supplementary cementing materials has 
been increased during the last decades, the amount is still 
below the satisfactory level. At the same time the data 
available so far on the performance behaviour of such 
materials are not ample; the current information can 
sometimes be confusing regarding their usefulness. In 
response to growing environmental economic forces it is, 
therefore, likely that the materials that might have been 
researched to some extent will require adaptation and further 
development for full commercial utilization. In this respect, 
green building practices have all the potentials towards 
sustainable construction. 
 
2.2   Green Construction and Sustainable Development 
 

There is no single definition of green construction. But, in 
general green construction or green building refers to a 
structure using process that is environmentally responsible 
and resource-efficient throughout a building’s life-cycle: 
from sitting to design, construction, operation, maintenance, 
renovation and demolition. Green building aims to maximize 

efficiency in their use of water, energy and other resources to 
minimize waste, pollution or other contributions to 
environmental degradation, and to create environments that 
contribute to health and productivity. 
Although the concept of green construction differs from place 
to place there are fundamental principles that consist of 
economy, utility, durability and comfort [9],[10]. The essence 
of green building is thus an optimization of one or more of 
these principles. As the world population continues to grow, 
further urbanisation and developments are inevitable. The 
challenges in civil engineering practices in the near future 
will, therefore, be to realise projects in harmony with the 
concept of sustainable development, and this involves the use 
of high performance materials  and  products  manufactured  
at  reasonable  cost  with  the  lowest  possible  environmental 
impact. Concrete is, indeed, the most widely used man-made 
material in the world, and is second only to water as the most 
utilised substance on the planet. However, the production of 
Portland cement, an essential constituent of concrete, releases 
large amount of CO2 into the atmosphere, i.e. about one ton of 
CO2 for every ton of Portland cement produced. As CO2 is a 
major contributor to the green house effect and the global 
warming of the planet, both the developed and developing 
countries are considering very severe regulations and 
limitations on CO2 emissions. 
To make a breakthrough the trend toward sustainable 
construction has pushed the envelope in the area of concrete 
mix designs by introducing materials that are not only more 
green but also can create a more superior final product. There 
are several factors that constitute ‘green’ and the overall 
greenness of a new construction can be increased 
exponentially through synergic actions of innovative 
construction materials. The first and simplest measure in 
sustainable construction is the choice of materials with high 
percentage of recycled content. As a normal practice fly ash, 
for example, is used to partially replace Portland cement at 
relatively modest levels of 15 to 25% (by mass). Research 
workers have demonstrated that fly ashes can suitably be used 
at much higher replacement levels of between 40 to 60% to 
produce concrete with good mechanical properties and 
excellent durability [11]-[14]. 
 
2.3 Palm Oil Fuel Ash: A Unique Cement Substitute 

 

The oil palm is a tall-stemmed tree which belongs to palm 
family Palmea. The countries in the equatorial belt that 
cultivate oil palm are Benin Republic, Colombia, Ecuador, 
Nigeria, Zaire, Malaysia, Thailand and Indonesia of which 
Malaysia is the largest producer of palm oil and palm oil 
products. To date, for instance, there are more than two 
hundred palm oil mill plants operating in the country that are 
self sufficient industry as far as energy utilisation is concern. 
It has been estimated that the total solid waste generated by 
this industry has amounted to about ten million tons a year 
[15]. The palm fibre and shell obtained as waste products by 
the industry are generally used as boiler fuel to produce steam 
for electricity generation and palm extraction process. The 
ash produced on burning palm fibre and palm kernel shell is 
considered to be a waste product, the disposal of which poses 
enormous problems. As a normal practice this ash, popularly 
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known as palm oil fuel ash (POFA) is simply disposed of 
without any commercial return. However, it has been 
identified that POFA has good pozzolanic properties that can 
be used as a cement substitute in mortar and concrete mixes 
[1],[3],[16].  
In bulk, POFA is grayish in colour that becomes darker with 
increasing proportions of unburned carbon. The particles 
have a wide range of sizes, a typical electron micrograph of 
POFA being shown in Fig. 2. Physical properties and the 
chemical analysis of typical ash, illustrated in Table 1, reveal 
that POFA satisfies the requirements to be pozzolanic and 
may be classified in between Class C and Class F according to 
the standard specified in ASTM C6I8-94a. Critical evaluation 
based on the current literature, however, suggests that the 
present-day classification system of grouping of ashes into 
Class N, Class F, and Class C is not adequate to apprise their 
total usefulness. It should be the performance-oriented 
criteria rather than the chemical composition alone should be 
considered for proper representation of ashes of agricultural 
origin like POFA. 
 

 
 

Fig. 2: Scanning electron micrograph of POFA 
 
Table 1: Physical properties and chemical composition of 
typical palm oil fuel ash 
 

  Tests POFA 

  Physical Properties  
  Fineness - Sp. surface area (m2/kg)  520 
  Soundness – LeChatelier method (mm)  1 
  Specific Gravity  2.22 

  Chemical Analysis (%)  
  Silicon Dioxide (SiO2)  43.60 
  Aluminium Oxide (Al203)  11.40 
  Ferric Oxide (Fe2O3)  4.70 
  Calcium Oxide (CaO)  8.40 
  Magnesium Oxide (MgO)  4.80 
  Trioxide (SO3) 2.80 
  Sodium Oxide (Na2O)  0.39 
  Potassium Oxide (K2O)  3.50 
  Loss of Ignition (LOI)  18.00 

  28-day Strength Activity Index with OPC  112 

3. FRESH CONCRETE PROPERTIES 
 

3.1   Setting Time of OPC and Palm Oil Fuel Ash 
 

One of the most important properties of cementing materials 
is setting time that influences the fresh and hardened state 
properties of concrete. The setting time of OPC as well as of 
OPC with POFA at various replacement levels are shown in 
Table 2. Setting times given in the table suggest that like other 
fly ashes the inclusion of POFA in cement paste retards the 
setting time; the higher the amount of ash the more is the 
retarding time. This is to be expected; because when the ash 
content is high, less is the amount of cement that results in 
slower setting time. Test results on setting time also reveal 
that setting time of cement with 60% ash is within the limit as 
specified in ASTM C150-94. The slight retarding effect with 
higher amount of ash would, however, be beneficial to 
concreting in hot weather conditions.  
 

Table 2: Setting time of OPC and palm oil fuel ash 
 

Mix Setting Time (min) 

100% OPC 150 
90% OPC + 10% POFA 195 
80% OPC + 20% POFA 225 
70% OPC + 30% POFA 300 
60% OPC + 40% POFA 375 
50% OPC + 50% POFA 420 
40% OPC + 60% POFA 420 

 
3.2   Workability of Concrete 
 

Concretes with pozzolans usually have an improved 
workability than those made with un-substituted Portland 
cement at the same water content though there are exceptions. 
There are numerous evidences that pulverised fuel ashes 
improve workability of concrete because of their spherical 
glassy particles. It has generally been thought that the 
improvement of workability of concretes incorporating fly 
ash is due to a ‘ball-bearing’ action of the particles. These fine 
spherical particles are assumed to reduce the interference 
between larger particles of the aggregate. 
It is interesting to note that unlike fly ash concrete, POFA 
concrete exhibits higher water demand. To attain the same 
level of workability, mixes containing 30% POFA required 
higher water content than those containing only ordinary 
Portland cement as the binder [16]. Table 3 illustrates that the 
slump of concrete for all mixes increased with the increase in 
water-binder ratios. Although the slump of both OPC and 
POFA concretes using superplasticiser was found to increase 
reasonably, its response to POFA concrete at low 
water-binder ratios was not significant. At higher 
water-binder ratios, however, POFA concrete showed some 
improvement but the slump values still remained below that 
of concrete with OPC alone. 
No single cause has so far been identified for the lower slump 
value in POFA concrete. The cohesiveness of the mix due to 
the higher surface area and high carbon content in the ash 
could be responsible for the lower slump. Also, unlike typical 
fly ash particles, the POFA particles seem to be 
predominantly   irregular   although    some    particles   with  



 

214 
 

 

Table 3: Workability of OPC and POFA concrete 
 

Mix 
Type of 
Concrete 

Slump of Concrete (mm) at 
Water-Binder ratio of 

0.4 0.45 0.5 0.55 0.6

Without 
admixture 

OPC 0 0 20 30 60

POFA 0 0 10 10 30

With 1% 
superplasticiser 

OPC 40 50 80 120 180

POFA 10 30 65 100 165

 
spherical shape appeared in the scanning electron micrograph 
as illustrated in Fig. 2. Possibly because of such character, 
other pozzolanic materials like rice husk ash behave similarly 
[5],[17]. 
 
3.3   Bleeding Characteristics 
 

Over the decades, extensive research has been carried out into 
the causes and mechanism of bleeding in cement paste and 
concrete. Among others, the properties of cementing 
materials largely affect the bleeding characteristics, and, in 
general, it is decreased by the increase in the fineness of the 
cement. The bleeding characteristics of concrete containing 
various amount of palm oil fuel ash have been studied [16] 
and illustrated in Fig. 3. It can be seen that bleeding in POFA 
concrete was much lower than in OPC concrete at all levels of 
replacements. The accumulated bleeding water after 30 
minutes, for example, in OPC concrete was 60ml; whereas 
concrete with 10, 30 and 60% POFA bleeded only 35, 20 and 
5ml respectively after the same period of test. Similar 
observation goes with other pozzolanic materials like rice 
husk ash and silica fume. The reason for the low bleeding 
would possibly due to the fact that the extremely fine particles 
attach themselves to the cement particles, reducing the 
channels for bleeding, and leaving very little free water 
available in the fresh concrete for further bleeding [18]. 
 

 

Fig. 3: Bleeding characteristics of OPC and POFA concrete 

4.   STRENGTH AND DEFORMATION BEHAVIOUR 
 

4.1   Ash Quality and Development of Strength 
 

The hydration of cement paste containing pozzolanic 
materials is complex in nature, and the factors which are 
responsible for hardening of concrete with fly ash have, in 
general, shown to influence the strength of concrete 
containing palm oil fuel ash. Among others, type and amount 
of ash, curing of concrete are most critical. Like other fly 
ashes the fineness of palm oil fuel ash has been shown to 
influence the strength of concrete [14],[19]. Fig. 4 
demonstrates that finer the ash, higher is the development of 
strength.  
 

 

Fig. 4: Effect of fineness of ash on strength of concrete 
 
Although it has been possible to replace 30% OPC by POFA 
without any loss of strength [16], replacement levels from 10 
to 20% have been found to be optimum in producing high 
strength concrete [19].  
 
4.2   Effect of Curing on Strength Development 
 

There has been a school of thought that the strength 
development of concrete containing pozzolans at early ages is 
slower than that of concrete with only Portland cement. Like 
other typical fly ash concrete POFA concrete has been shown 
to develop lower strength at early ages [16]; at later ages the 
compressive strength of POFA concrete has been found to be 
slightly higher than the OPC concrete (Fig.5). 
 

 

Fig. 5: Strength development of concrete containing  POFA  
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Interestingly POFA concrete has been identified to be highly 
sensitive to wet curing as the reactions of ash in concrete take 
a relatively longer time; prolonged weight curing appears to 
be vital for the development of strength (Fig. 6). Insufficient 
curing especially during early ages, therefore, seems to be 
detrimental to the long term strength of POFA concrete. 
Similar observations have been made by Abdullah et al. [20] 
on lightweight aerated concrete containing palm oil fuel ash. 
 

 

Fig. 6: Effect of curing regime on compressive strength of  
OPC concrete and concrete with 30% POFA. 
 
4.3   Influence of Admixture 
 

Over the years there have been tremendous advances in the 
development of chemical and mineral admixtures. The use of 
chemical admixture particularly superplasticisers of various 
types in fly ash concrete has been emphasised since the 
beginning of the wide application of ashes in structural 
concrete. Although fly ashes impart workability to a certain 
extent, the use of superplasticiser has been shown to be 
indispensable for the improvement of strength and long-term 
durability, especially when the amount of ash is large. 
Short-term investigation on the compatibility of POFA 
concrete with chemical and mineral admixture indicates 
(Table 4) that superplasticiser has a positive response on the 
development of strength of concrete.  
 
Table 4: Strength development of concrete as influenced by 
chemical and mineral admixture 
 

Concrete Mix 

Compressive Strength 
(MPa) 

1 
 Day 

7 
Days

28 
Days 

Control 
(100% OPC) 

17.55 37.40 46.60

Double Blend 
(70% OPC+30%POFA)  

14.70 35.10 45.50

Double Blend 
(70% OPC+30%POFA)  
with 1% superplasticiser 

16.85 36.25 50.60

Triple Blend 
(65% OPC+30%POFA+ 5% Silica 
Fume)  with 1% superplasticiser 

16.00 37.15 49.70

Limited data on concrete with silica fume have also shown to 
influence the strength of concrete by compensating the slower 
strength gain at early ages although the overall performance 
of silica fume in POFA concrete was not much satisfactory. 
 
4.4   Modulus of Elasticity 
 

Modulus of elasticity of concrete containing POFA has been 
studied by several researchers and has been described in 
different ways. In general, however, it has been shown to be 
closely associated with the magnitude of the corresponding 
compressive strength of concrete. Ishida [21] demonstrated 
that modulus of elasticity of 20% POFA concrete was lower 
at early ages, but slightly higher than that of control after one 
year. Concrete containing 30% POFA exhibited similar trend 
although the compressive strength was a bit lower than that of 
the control specimen. The observation made is consistent 
with the short-term research findings of Awal and Hussin [22]. 
In another experiment    Sata et al. [19] found that the ground 
POFA content up to 30% by weight of cementitious materials 
had little effect on modulus of elasticity of concretes. With 
the compressive strength value of about 90 MPa, it was found 
that ground POFA gave slightly lower modulus of elasticity 
than those of control specimen. This lower value, as they 
presumed, was due to the decrease in coarse aggregate 
content of the concrete mixes. Tangchirapat and 
Jaturapitakkul [23] experienced it in different ways. Although 
the use of coarse and fine POFA did not influence the value, 
the modulus of elasticity of ground POFA concrete increased 
with the increase of compressive strength, and was found to 
be about 7% higher than that predicted by ACI 318.      
  
4.5   Shrinkage and Creep 
 

In addition to the deformation due to load, a concrete 
specimen exhibits other types of deformations – creep and 
shrinkage. Creep is the deformation when a concrete member 
is subjected to a sustained load, and shrinkage is the 
contraction suffered by concrete even in the absence of load. 
Like that of other pozzolanic materials, the properties of 
POFA have been shown to influence the shrinkage and creep 
of concrete. Along with modulus of elasticity, Ishida [21] 
carried out extensive study on shrinkage behaviour of 
concrete containing POFA over a period of one year. It has 
been found that POFA concrete, in general, exhibited more 
shrinkage value than the concrete with OPC alone. 
Tangchirapat and Jaturapitakkul [23] also demonstrated that 
concrete incorporating coarse ash did not have reduced 
drying shrinkage; however, concrete containing fine palm oil 
fuel ash exhibited 10-17% lower drying shrinkage than OPC 
concrete. 
Awal and Nguong [14] conducted short-term investigation on 
shrinkage of concrete containing high volume palm oil fuel 
ash.  The measured values of shrinkage over a period of 28 
days, plotted in Fig. 7, reveal that the shrinkage strain of 
POFA concrete was higher than that of concrete with OPC 
alone. The magnitude of shrinkage of OPC concrete at 28-day, 
for instance, was 285 x 10-6. At the same time about 21% 
higher value of shrinkage i.e. 347x10-6 was recorded for the 
concrete with 50% palm oil fuel ash. The general 
observations  made by Brooks and  Neville [24] corroborates  
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Fig. 7: Drying shrinkage of OPC concrete and high volume 
POFA concrete 
 
the findings in this study. They have demonstrated that at a 
constant water-cement ratio, a higher proportion of fly ash 
leads to higher shrinkage magnitude by some 20%. 
Unlike shrinkage, research findings on creep of concrete 
containing palm oil fuel ash are not many. The observation 
made by Ishida [21] suggests that the inclusion of POFA in 
concrete did not influence much of creep properties. The 
specific creep of concrete containing 30% POFA was found 
to be 5% lower than that of control at 180 days. The creep 
co-efficient of POFA concrete, as he observed, was about 
11% lower as compared to that of concrete without ash. 
 
5.   ASPECTS OF DURABILITY 
 

5.1   Resistance to Heat Rise 
 
 

The hydration of cement compounds is exothermic i.e. heat is 
generated within the concrete matrix during hydration. The 
temperature rise of concrete due to hydration is largely 
controlled by materials and mix properties, and by 
environmental factors. Like that of chemical admixture the 
use of pozzolanic materials in reducing heat of hydration in 
concrete is well established. 
Experimental investigation conducted by Awal and Hussin 
[25] on resistance to heat rise demonstrates that the partial 
replacement of OPC by POFA is advantageous particularly 
for mass concrete where thermal cracking due to excessive 
heat rise is of great concern. The development of temperature 
due to heat liberation by the hydration process was measured 
at the mid-depth of concrete blocks. Fig. 8 reveals that during 
the initial period, the temperature rise for both OPC and 
POFA concrete was almost equal. With time, a two-fold 
effect of the partial replacement of OPC by POFA can be 
detected. Firstly, concrete with POFA reduced the total 
temperature rise and secondly, it delayed the time at which 
the peak temperature occurred. Although the initial mixing 
temperature of both the mixes was approximately the same, 
considerably more heat was evolved from OPC concrete 
during the first day i.e. within twenty four hours after casting. 
The peak temperature of 36.7oC, as obtained for OPC 
concrete, was  recorded at  20 hours. On  the other hand,  the  

 

Fig. 8: Development of temperature in OPC and POFA concrete 
 
highest temperature of 35.4oC was monitored in concrete with 
30% POFA at 28 hours of casting. 
 
5.2   Resistance to Chloride Penetration 
 

Concrete, either plain or reinforced, can be harmfully affected 
by chloride action. To protect from chlorides less permeable 
concrete and adequate cover thickness are generally 
considered. In addition to these precautions, however, 
utilisation of special cements and particularly incorporation 
of pozzolanic materials have been proved to be useful in 
minimizing the harmful effects.  
Investigation on the resistance to chloride ion revealed (Fig. 
9) that the depths of penetration of chloride ions in concrete 
containing 30% POFA was much lower than in concrete with 
OPC alone [26]. The pozzolanic behaviour of the ash causing 
a decrease in permeability resulting from the refinement of 
pore structure of the cement matrix has been attributed for the 
higher resistance to penetration of chloride ion into concrete. 
 

 

Fig. 9: Chloride penetration in OPC and POFA concrete 
 
5.3   Resistance to Sulphate Attack 
 

Among all chemicals, sulphates are the most significant in 
view of their attack on concrete. Sulphate attack on concrete 
is a complex phenomenon that involves a series of primary 
and secondary chemical reactions, some of which are 
interrelated. The inclusion of pozzolanic materials in 
increasing the resistance to sulphate attack is well recorded in 
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the literature. Many pozzolans have been found that can 
effectively double the service life of a concrete when exposed 
to sulphate attack [27]. Although the composition of pozzolan 
that influences the resistance of concrete to sulphate attack is 
not fully understood, but in general terms it appears that 
low-calcium fly ashes have been reported to be effective 
mineral admixtures for combating sulphate attack on concrete 
[28]. The results on the expansion of mortar bars prepared 
from ordinary Portland cement and the one blended with 
POFA have been presented in Fig. 10. 
 

 

Fig. 10: Expansion of mortar bars due to exposure in 10%  
sodium sulphate solution 
 
5.4   Resistance to Acid Attack 
 

Cement based materials are subjected to acidic environment 
in a variety of ways. The resistance of concrete to acid attack 
can be increased either by artificial surface treatment [29] or 
by incorporating suitable pozzolans [18],[30]. Like concrete 
with other fly ashes of low-lime content, POFA concrete 
exhibited a commendable resistance to acid attack [26]. 
Concrete specimens exposed to hydrochloric acid solution for 
a period of 1800 hours demonstrated (Fig. 11) that at all 
periods of immersion the loss of weight of OPC concrete was 
higher than that of concrete with 30% POFA. The pozzolanic 
behaviour as well as its low CaO content had been 
characterized for the resistance to such acidic environment. 
 

 

Fig. 11: Comparative weight loss of OPC and POFA concrete 
specimens immersed in 5% hydrochloric acid solution 
 

5.5   Alkali-Silica Reactivity 
 

 

The alkali-silica reaction, in its simple meaning, is an internal 
chemical reaction between the hydroxyl ions derived from the 
alkalis and certain forms of reactive silica present in the 
aggregate of a concrete mass.  The use of supplementary 
cementing materials such as fly ash, slag and silica fume is 
one of the most popular solutions proposed to suppress the 
expansion due to alkali-silica reaction [31],[32].  
The extent of research in fly ash and alkali-aggregate reaction 
has proliferated in the past decades. Despite higher alkali 
content, laboratory tests following the South African 
accelerated mortar bar test method demonstrated that POFA 
has a good potential in suppressing expansion due to 
alkali-silica reaction [33]. Inevitably, the fineness of POFA 
and its pozzolanic behaviour, identified responsible for its 
unique resistance to other aggressive chemicals, acted in 
favour of its effectiveness in preventing expansion owing to 
alkali-silica reactivity. 
 
5.6   Performance in Marine Environment 
 

The use of concrete in marine structures goes back to the 
ancient Romans and Greeks. Since that time numerous 
marine structures have been built using concrete, and many of 
the structures made with pozzolans are still in good condition. 
However, the history of concrete in marine environments 
demonstrates that no construction materials are perfectly 
durable to sea water which presents one of the most corrosive 
natural environments in the world. Most importantly concrete 
in the marine conditions differs from the concrete in other 
environments in that, under water, the material is 
continuously exposed to the action of complex sea water, and 
above water, to spray or airborne salt and other mechanical 
load [34]-[36]. With the increasing marine activities, the use 
of pozzolanic materials such as fly ash, silica fume, and 
natural pozzolans in concrete contribute to the formation of a 
denser binder which inhibits the migration of the sea water 
into concrete. Indeed, due to the higher pozzolanicity, the 
performance of these materials in marine environment have 
been well marked [37]-[40]. The durability performance 
study of concrete containing palm oil fuel ash in marine 
environment was carried out [41], [42] by installing the 
concrete specimens in sea under the jetty of Marine Police 
Station along Johor Straits near the Malaysia-Singapore 
‘causeway’. Table 5 illustrates the performance behaviour of 
concrete at various exposure periods. 
Results summarised in Table 5 reveal that all the concrete 
specimens had an overall very satisfactory appearance at all 
ages of inspection. The strength data obtained here in, on the 
whole, suggest that the performance of concrete containing 
palm oil fuel ash in sea is quite satisfactory. Penetration data, 
given in the table also reveal that at all periods of exposure the 
depth of penetration of chloride ions into OPC concrete was 
higher than in concrete with POFA.  No significant 
differences in carbonation, however, have been noticed in 
OPC and POFA concrete specimens. At early exposure 
periods, the depth of carbonation was almost zero. At later 
ages, only a small amount of carbonation in both OPC and 
POFA concretes was detected. 
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Table 5: Characterization of ageing performances of concrete 
exposed to marine environment 
 

Tests 
Exposure 

Period 

Types of Concrete 

OPC POFA 

Visual 
Observation 

2 years 

Almost intact 
with few bore 
holes on the 

surface of the 
concrete 
specimen 

Same as 
OPC 

concrete 

Compressive 
Strength 
(MPa) 

6 months 56.8 58.1 

1 year 59.9 59.5 

2 years 60.7 61.9 

Flexural 
Strength 
(MPa) 

6 months 6.85 7.70 

1 year 6.95 7.00 

2 years 6.90 7.50 

Chloride 
Penetration 
(mm) 

6 months 21.0 13.5 

1 year 23.5 17.0 

2 years 28.0 20.5 

Carbonation 
(mm) 

6 months 0.0 0.5 

1 year 1.5 1.5 

2 months 2.0 1.5 

 
6.  CONCLUDING REMARKS 
 

While the whole world is going green, the construction 
industry in both the developed and developing world is also 
going green. Indeed, the sustainable development has become 
the core of green technology i.e. transition or transformation 
of all activities towards greener future through green actions.  
Due to the increased interest in green building concepts and 
practices, more supplementary cementing materials are 
expected to be seen in the market. The experimental findings 
and the observations made so far, suggest that the inherent 
pozzolanic properties of palm oil fuel ash have resulted in 
significant quality improvements including enhancement of 
strength and durability. These high performance 
characteristics have positioned POFA as a suitable material 
when resistance to aggressive chemical environments and 
long-term strength characteristics are called for. It remains, 
however, for the construction industry to adopt and advance 
the material technology to its full utilization towards the 
green concrete construction.  
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ABSTRACT: The water content, shape and roughness of soil 
particles are related to the strength and stiffness of loessic soil 
samples in remolded state. When soil sample are in undisturbed 
stage, the cementation level between particles by the presence of 
water-soluble carbonates, govern the macroscopic behavior. Soil 
stiffness depends on the rigidity of the link. To control the 
mechanical collapsible behavior usually compaction and 
stabilization is made with cementations agents. This work presents 
the hydration process of cement without mixing water and how 
geotechnical index and parameter are modified. The variables that 
influence the resistance have been evaluated by unconfined 
compression tests. Results showed that resistance depend with the 
initial water content of hydration. Optimal conditions for generation 
cementing bridges are established.  
 
Keywords: micrograph, hydration, strength, unconfined 
compressive 

1. INTRODUCTION 

In the construction of geotechnical structures, the 
improvement of soil properties is very common in Argentine 
1-4. Many studies in the literature are related to the use of 
cement in the improvement of engineering properties of 
soils5-8 . The compacted soil and soil mixtures must be 
constructed with local soil, so soil behavior is relevant to 
design. The Córdoba city is located in the geographical center 
of Argentina. Loess soils are usually found in arid or semiarid 
climates and their physical and chemical characteristics 
depend on their geological origin 9. In nature the loess has 
an open structure, low unit weight, highly dependent on 
external conditions. The purpose of the addition of cementing 
agents is to stabilize the silty loess due to lack of technical 
qualities for application in construction works. 
Environmental conditions such as temperature and humidity 
significantly influence the strength characteristics of 
soil-cement mixtures 10. The amount of cements 
incorporated, is generally related to the strength and stiffness 
assigned to the material at the stage of design, however this 
definition may be inadequate if the environmental conditions 
during the stage of hydration are not considered in the final 
strength of material 11, 12. This paper presents the 
chemical composition, principal geotechnical properties, 
particles size and relation between different kinds of loess in 
Argentine. An electron microscope has been used to establish 
the chemical composition of local cement. Different samples 
have been built to study the behavior of loess-cement 
mixtures. To quantify the stress strain relation, unconfined 
compression test have been made. Time of curing, 
temperature of curing, initial water and cement contents, are 
the variables that govern behavior. The results allow 

establishing the roughness and sphericity of the particles. It 
also identifies the link between them. The results showed that 
stress-strain curves modify its initial elasticity modulus with 
variations of cement content. 

2.  MATERIALS 

2.1 Loessic soil 

Loess is non stratified aeolian deposit, and probably most 
abundant Quaternary deposit on land 13. It consists of silt 
with some small fraction of clay, sand and carbonate. The 
deposits are up 30 m in thick en the Missouri and Rhine Rives 
Valleys, more than 180 m thick in Tajikistan, 330 m thick in 
northern China 14 and 2-80 m thick in Argentine. The most 
important deposit in Latin America is located in central area 
of Argentine.  

These kinds of soils have been deposited during the Upper 
Pleistocene and Holocene and cover much of the province of 
Córdoba. Reference 15 has been described how, light 
yellow or brown in color, some times with a reddish or grey 
tinge. Usually, most researchers agree that the material 
originates from the Andes Mountains, with volcanic 
mineralogy agents. Recent contributions on the knowledge of 
the origin and evolution of the loess are presented in 9 and 
16. Locally, the soil has got mineral content from Small 
Hills of Córdoba Province. Grain-size distribution includes 
fine sand (1%-10%), silt (50%-80%) and clay (2%-15%) that 
have been deposited by wind action in areas of low energy. 
Fig. 1 presents typical grain size distribution. The chemical 
compositions of loess are mainly SiO2, Al2O3, Fe2O2 y CaO.  
Chemical compositions of the soil from different regions of 
Argentina are shown in Table I. Note that close similarity 
exists between those loess, except for the percentages of CaO 
(which reflect the influence of locally degradation of Cordoba 
Small Hills). However the chemical composition is 
remarkably uniform, suggesting a common regional source. 
In natural conditions the water content (%)  ranges from 12.7 
to 23.0, the dry unit weight (kN/m3) is 12.5 to 13.5, Specific 
gravity is 2.66 to 2.67, Atterberg limits are: liquid limit 23% – 
30% and plasticity index  4.2% – 4.9%. Dynamic Cone 
Penetration Index [mm/blow] is 18–24, for Mohr-Coulomb 
failure criterion the friction angle in triaxial test (CD) is 27º – 
30º, and cohesion [kN/m2] in triaxial test (UU) is 15 – 40. 
Poisson modulus rages from 0.3 to 0.35, and elasticity 
modulus from unconfined compression test (MN/m2) is 1.5–8. 
From oedometer test, the secant modulus for 100kPa in 
MN/m2 is 2.0 – 7.0. Usually yield pressure in oedometer test 
(a: vertical direction; b: horizontal direction) is (a) 60kPa – 

Behavior of Collapsible Loessic Soil After Interparticle Cementation 

Arrua P., Aiassa G., Eberhardt M., Alercia Biga I., Grupo de Investigación y transferencia en Geotecnia, 
Estructuras y Fundaciones (GIGEF), Facultad Regional Córdoba, Universidad Tecnológica Nacional. Argentina 

First International Conference on Geotechnique, Construction Materials and 
Environment, Mie, Japan, Nov.21-23, 2011, ISBN: 978-4-9905958-0-7 C3051 
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280kPa, (b) 100kPa – 180kPa. 
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Fig. 1. Gradation result for loess soil  

2.2 Cement 

The chemical composition of Normal Portland Cement CP40 
and particle morphology have been determined by a LEO 
1450 VP Energy Dispersive Spectroscopy analysis (EDS) and 
Scanning Electron Microscope (SEM). The results shows that 
ordinary cement manufactured in Malagueño-Córdoba have 
SiO2: 15.42%, Al2O3: 4.60%, Fe2O2: 3.35%, CaO: 65,71%, 

MgO: 2.79%, K2O: 1.97%, Na2O: 0.59%, SO3: 5.10%, TiO3: 
0.47%. The most important difference with soil is content of 
SiO2 and CaO.  

2.3 Soil cement mixtures 

The mixtures were designed to evaluate the performance in 
Unconfined Compression (UC). A review of literature about 
the testing of laboratory samples of soil-cement indicates that 
test results are highly dependent on sample preparation. This 
work includes variations in cement content, time of curing, 
temperature of curing, initial water content and compaction 
level. 
The cement contents (C.c.) used, expressed as a percentage of 
the dry soil weight, were: 2.5%, 5.0%, 7.5%, 10% and 15%. 
The soil was dried in an oven at 105 ºC for 24 hours, was 
sieved and recovering the material passing sieve #40. Water 
was added in the proportions established at each case as 
mixing water. The samples were generated by compaction in 
the mold at constant dry unit weights (approx. 14 kN/m3). The 
manufacture of the samples was performed in three equal 
layers scarification between them. Were classified and 
arranged in different curing conditions. Variable 
temperatures were taken from -20°C to 120°C. 

Table I: Oxides soil components 
SiO2 Al2O3 TiO3 Fe2O2 CaO MgO K2O Na2O H2O Reference 
58.35 16.64 --- 6.69 8.98 2.75 2.82 2.11 --- Soil used in this work. Cordoba City 
67.22 14.35 --- 6.81 5.16 2.13 2.93 1.41 --- Córdoba City 17  
59.20 13.60 --- 4.30 6.50 1.10 2.20 3.10 --- Provincia de Córdoba 18 
59.86 17.40 --- 4.80 3.08 1.17 1.70 1.97 6.04 Baradero, La Plata 13 
62.70 15.00 --- 6.00 2.80 1.90 1.88 1.40 4.32 Miramar. Buenos Aires 13 
57.16 17.28 --- 5.43 2.83 1.67 3.68 8.35 --- Buenos Aires 15 
66.01 16.22 0.88 5.30 2.85 1.62 1.90 1.97 3.14 La Pampa 19 

59.00 17.00 --- 5.87 3.05 2.55 1.56 1.38 5.80
Valles Preandinos subtropicales; Provincia de 
Tucumán 20 

--- 14.00 0.80 4.60 0.09 1.50 3.00 1.90 --- Llanura Chaco Oriental 21  
 

3 SHAPE AND COMPOSITION OF PARTICLE 

The shape and connection between particles are an inherent 
soil characteristic that play a mayor role in macroscopic 
mechanical properties. The morphology describes at large 
scale the level platy or sphericity, and texture in smaller 
scales reflect the local roughness. 
In this work, the chart from 22 is used to compare individual 
grains for visual estimation of roundness and sphericity. The 
chart from 23 is used for shape characterization. The 
particle morphology, roughness and roundness have been 
determined by a LEO 1450 VP Scanning Electron 
Microscope (SEM) and the components of loess soil with an 
Energy Dispersive Spectroscopy analysis (EDS).  
The microscopic morphology of loess was shown in Fig. 2. It 
could be seen from these SEM results that the surface of loess 

material are subrounded and rounded with 0.7 sphericity 
coefficient and a 0.5 to 0.7 roundness coefficient. The size 
particles distribution is homogenous. The silt particles are the 
biggest and the smaller size are clay particles. Fig. 2 shows 
the zone to zoom and analyzed in Fig. 3. The cement presence 
affects the structure inherent of soil, because small particles 
stick to larger particles in stable connections. SEM photos of 
loess, cement, soil cement mixture at C.c: 2.5% and 15% are 
also shown in Figs. 3. Fig. 3(a) shows that particle size taken 
in consideration for comparison with mixtures, has size in 
upper limit of silty soil (< 75m and < 45m). It can be 
seen that particle has angular and subangular shape with some 
small silty particles. Also appears some clays particles. The 
Fig. 3(b) presents Portland cement particles. It shows that 
predominant grain sizes are smaller than silt and with size 
between 1m to 10 m. It could be seen from these SEM 
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that sphericity coefficient is 0.3 to 0.5 and roundness 
coefficient is 0.3-0.5. From SEM photo, it is found that the 
particles of cement are smaller than loessic soil. 

 
Fig. 2. SEM morphology of loess 
 

 
(a) 

 
(b) 

Fig. 3. SEM photos. (a) Natural loess soil. (b) Normal 
Portland cement 
 
As shown in Fig. 4 mixture after 21 cementation days with 
cement content of 2.5% do not shows relevant difference with 
Fig. 3(a).  When the cement content is low, stick on the 
cement particles some of silty soil, forming clusters that fail 

to establish links with others silt. 

 
Fig. 4. SEM photo of mixture C.c.: 2.5% 
 

There are cementation between smaller particles and big 
silt particles, but we do not find cementation between big silty 
particles. The low cement content may be responsible for the 
links absence. 

Fig.5 shows the SEM for a cement content of 15%. When 
the cement content are high (15 % of C.c.) were able to 
establish stable cementation and links between different silt 
particles. This phenomenon may be responsible for increased 
stiffness and strength of mixtures samples. The ellipses areas 
indicate links between silt and hydrations products. 

 
Fig. 5. SEM photo of mixture C.c.: 15% 
 

Analysis of Energy Dispersive Spectroscopy is presented 
in a schema three dimensional (Fig. 6). It shows the mineral 
level present in cement, loessic soil and a mixture of soil 
cement with C.c: 15%.   

The figure shows that the content of Si decreases with 
increasing of cement content (C.c), while calcium (Ca) 
decreases with decreasing of cement content. The content of 
Ca are 35.50%, 12.91% and 5.34% for cement, mixture 
soil-cement (15% of Cc), and loess respectively. The content 
of Si are 5.46%, 18.63% and 22.78% for cement, mixture 
soil-cement (15% of Cc), and loess respectively. 
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Fig. 6. Energy Dispersive Spectroscopy test (EDS). Variation of Si and Ca 
 

4 MECHANICAL TEST 

For unconfined compression tests (UC) a mechanical press 
was used, instrumented with a load cell with a capacity of 
50kN and a digital comparator for recording displacements 
with a precision of 0.001 mm, to a constant deformation rate 
of 2.4 mm/min. UC tests is used to evaluate the stress–strain 
characteristics and the stiffness properties of the 
Soil-Cement-Mixture (SCM). 

Fig. 7 shows the typical failure of specimens with C.c: 15% 
and natural loess soil (C.c: 0%). The addition of cement, 
causes an increase stress and strength. SCM samples have a 
typical inclined failure plane (f) for defining cohesion and 
friction angle in Mohr-Coulomb failure criterion. In loess 
samples without cement addition (C.c: 0%) there is an 
increase of sectional side due to material ductility. The failure 
stress is considered as maximum stress reached before 
softening in stress-strain curve. It does not take into account 
the level of deformation reached. 

The results obtained from 5 UC tests with unit weight: 14 
kN/m3, time of curing: 14 days, temperature of curing: 20 ºC, 
and initial water content: 21 % is shown in Fig. 8.  

The tendency on stress-strain curves show that the initial 
modulus increases with increasing of cement content. The 
tendencies are not linear and deformation reaches 2.5%. 
Cement content of 2.5% have a unconfined compressive 
strength of 270 kPa, but a cement content of 15% can increase 
resistance to 9628 kPa. Cementation, cohesion and suction 
level, modify cohesive parameter from Mohr-Coulomb 
failure criterion. (Fig.2 (b)), it grows to 1564 kPa for C.c: 
15%, 1463 kPa for C.c.: 10%, 987 kPa for C.c: 7.5%, 208 kPa 
for C.c: 5.0%, 71.95 kPa for C.c: 2.5%. For each C.c specified 

in paragraph 2.3, has been modified water content. This 
allows establishing its influence in the development of 
resistance. The specimens were built to 14 kN/m3 dry unit 
weight. 
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        (a)                              (b)                                 (c) 
Fig.7: Typical failure. (a) Soil-cement (C.c.: 15%) (b) 
Theoretical behavior model (c) Natural loess soil 
 

Fig. 9 shows the maximum compressive strength of 
concrete mixtures and the initial water content. Samples built 
with Cc: 2.5%, presents a maximum resistance to wi = 19%, 
for Cc: 5.0% at wi = 23%, Cc: 7.5% at wi = 19%, Cc: 10.0% 
at wi = 21 %, and Cc: wi = 15% to 23%. The results show that 
the peaks of resistance are obtained for water contents 
between 19% and 23%, average 21%. Outside this interval, 
the unconfined compressive strength decreases significantly. 
This behavior can be associated with deficiency or excess in 
available water in the soil matrix during the hydration 
process. 

 



 

225 
 

 

0

2.0

4.0

6.0

8.0

10.0

0 0.5 1.0 1.5 2.0 2.5 3.0
Axial strain (%)

A
xi

al
 s

tr
es

s 
(M

P
a)

Cement content:

15.0%

10.0%

7.5%

5.0%

2.5%
Failure

0

2.0

4.0

6.0

8.0

10.0

0 0.5 1.0 1.5 2.0 2.5 3.0
Axial strain (%)

A
xi

al
 s

tr
es

s 
(M

P
a)

Cement content:

15.0%

10.0%

7.5%

5.0%

2.5%

15.0%

10.0%

7.5%

5.0%

2.5%
FailureFailure

 
Fig.8: Stress-strain curves unconfined compression test  
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Fig. 9: Maximum compressive strength for different initial 
water content  
 

A cement content of 9% has been defined to study the 
curing time influence and curing temperature influence. Fig. 
10 presents the relationship between unconfined compressive 
strength and curing time, with 21% initial water content and 
20 °C curing temperature. 

At early ages less than 15 days, developed the most 
important percentage of resistance, which reaches 3.5 MPa. 
In semilogarithmic scale, the relationship between curing 
time and the resistance is linear.  
After 15 days, there is a strength improvement less than 20% 
of the maximum strength.  

Fig. 11 presents results that relate to the curing temperature 
and unconfined compressive strength. The samples were 
stored during the curing period in different environmental 
conditions. The samples were cured in an oven, refrigerator 
and laboratory environment. Temperature was controlled. 

For temperatures below 0 °C, the maximum strength 
reached is 2.0 MPa. The optimum is between 20 ºC and 30 ºC. 
The results showed that unconfined compressive strength 
decrease (40%), for temperature extreme conditions (100 ºC). 

Decreased resistance to low and high temperatures may 
occur by inhibition of water available for hydration during 
freezing effect or vaporization effect respectively. 
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Fig. 10: Compressive strength and time or curing 
 

This phenomenon prevents the hardening material 
generation and the cement links between particles. The lowest 
resistance obtained for tests, is presented for low 
temperatures. Possibly because of increased volume of water 
during freezing, and decrease in water available for 
hydration. 
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Fig. 11: Compressive strength vs. temperature of curing 
 

5 CONCLUSION 

This paper has presented a study on loess material and 
normal Portland cement and revised the importance of 
interparticle bridges and their influence on the mechanical 
performance of the material. Water content, unit weight, 
cements content, time of curing and temperatures of curing 
have been studied. The principal results are as follows:  

 The unconfined compression shows a maximum 
independent of cement content when initial water 
content range is 19% to 21% (hydration water). 

 The temperature range that triggers the hydration of 
cement and improves the unconfined compressive 
strength ranges from 20 ºC to 30 °C. 

 Extreme temperatures (high or low) will reduce strength 
of samples in 60%. 

 80% of unconfined compression strength is achieved 
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during the first 15 days of hydration. 
 Mixtures with Cc: 7.5% or higher have appropriate 

physical and mechanical properties for use in various 
civil infrastructures. Highlights the possibility of 
making bricks for building houses. 
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ABSTRACT: The study is to produce hardened soil bricks, blocks, 
boundary stones, or other objects. It uses hardening agent (liquid- or 
powder-type) made with eco-friendly ingredients. Contrarily to the 
traditional bricks, baked in the furnace, it is possible to make 
hardened soil bricks and blocks from site soil, whose particles are 
unevenly distributed, without applying heat to them. Therefore, a 
purpose of this study is to provide a method of the hardened soil 
brick production which is able to reduce costs and meet the 
demanding quality standard by utilizing the site soil. To achieve this, 
laboratory mixing test and uniaxial compression test have been 
performed regarding specimen that mixes liquid and powder type 
hardening agent with the site soil not meeting the standard of 
grain-size distribution. Input percentage of chemical components for 
the agents is also evaluated by XRF. Through the tests, improvement 
effect on the hardening agents may be verified, and moderate mixing 
ratio of them may be drawn. 
 
Keywords: Hardened Soil Brick, Powder Type Hardening 
Agent, Liquid Type Hardening Agent, OMC(Optimum 
Moisture Content), Maximum Dry Density(γdmax) 

1. INTRODUCTION 

Lately, the demands for economical and satisfactory methods 
of road base treatment and brick production have been 
increasing in developing countries such as China, Southeast 
Asian countries, and African countries. The fundamental 
reason for that is the short supply of quality sand and crushed 
stone in some regions or the financial difficulty to supply 
them.  
Currently, the road bases in developing countries are treated 
with concrete, but a technology to utilize the site soil is 
needed to reduce the expenses for the disposal of surplus soil 
and the treatment itself. On the other hand, bricks are 
produced by the conventional method, of which the site clay 
is collected with human hand then put in a mechanical former 
to shape clay bricks, and then the clay bricks are dried under 
the sun and burned in the furnace. Bricks produced in this 
way vary in quality since the heat a brick receives in the 
furnace differs depending on the spot it is placed. Also, the 
method caused deforestation when firewood is used to 
operate the furnace and resulted air pollution when fossil fuel 
is used.  
Other than burned clay brick, cement brick is out in the 
market. The approximate cement - sand - crushed stone ratio 
for cement brick production is 1:2:4. There are two ways to 
decide the quantity of water added, which have a great impact 
on the solidity of brick. One follows the approximate 

 
 

cement-to-water ratio of 1:10. The other is to go by the call of 
the site engineer. It is done by grabbing the mixture of 
aggregate, cement, and water with his fist and judges the 
O.M.C. (Optimum Moisture Content) by the sensation in his 
hand, which gives rise to varied quality. Also, if cement is 
used by itself, heavy metal eruption is possible and the 
strength is increased limitedly unless crushed stones are 
added. To prevent these problems, the additives are mixed 
with the cement. There are two different kinds of typical 
hardening agent, liquid type and powder type. The liquid type 
is suitable for sandy soil, and the powder type clayey soil. For 
these agents, input percentage of chemical components is 
evaluated by XRF(X-ray fluorescence) analysis in order to 
survey the harmful components. 
This paper presented two different ways for the production of 
the hardened soil bricks, which is elastic, economical, and 
eco-friendly and exceeds by far the target strength, 8 N/mm2 
(81.6kg/cm2), with high durability and no heavy metal 
eruption. The first of the two ways mentioned is to mix 
cement and sandy soil and add a little quantity of liquid type 
hardening agent. The second is to mix clayey soil and cement 
and add power-type hardening agent.  
A purpose of this study is to provide a method of the hardened 
soil brick production and the road base treatment, which is 
characterized by the aggregate of the site soil, cement, and the 
hardening agent mixed by the agitator, vibrated, pressed by 
oil pressure, and molded. Another purpose is to present the 
materials and mixing ratio of liquid and powder type 
hardening agents for the production of soil brick and the road 
treatment using the site soil (sandy soil, clayey soil) which is 
unevenly distributed.  

2.  FIELD OF STUDY AND METHOD 

2.1 Experimental Method 

Considering the unfavorable condition for the site soil quality 
in some countries, soil sampling for this study was conducted 
at Jebudo beach in Incheon-si, Korea, the silt and sand sample 
of which does not meet the standard of grain size distribution, 
Coefficient of Uniformity (Cu), of 4 to 6 [4].  
The quality control standard was established according to the 
result of the tests done to different types of hardening agents 
for road base treatment and brick production. Strength test 
and pre-mixture test was performed identically to each type, 
and then the agents which satisfy the criteria from those tests 
were tested in detail. Two different types of hardening agent, 
in broad, were developed and the improvement to each soil 
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type accordingly was shown after a series of tests. The first is 
liquid type which is mainly composed of chemicals, and the 
other powder type which is mainly mineral materials 
[2]-[3]-[7]. 

2.2  Used Hardening Agents 

2.2.1 Liquid type hardening agent 
Liquid type hardening agent used for this study is inorganic, 
and Sodium silicate (Na2SiO3), Magnesium chloride (MgCl2), 
Potassium chloride (KCl), Calcium chloride (CaCl2), and 
Sodium carbonate (Na2CO3) are the additives for the 
hardening agent.  The chemical reaction formulas among the 
additives are as follows: 
 
CaCl2+ Na2SiO3→CaSiO3+2NaCl                                        (1) 
 
KCl + Na2SiO3→KSiO3+2NaCl                                          (2) 
 
MgCl2+ Na2SiO3→MgSiO3+2NaCl                                    (3) 
 
H2O+ Na2SiO3→SiO2H2O+2NaCl                                      (4) 
 
The by-products of this process, which are Calcium silicate 
(CaSiO3), Potassium chlorate (KSiO3), Magnesium 
silicate(MgSiO3), and Silicon dioxide Hydrate(SiO2H2O), are 
assumed to complexly react to the main component of normal 
cement such as SiO2, Al2O3, CaO, and Fe2O3, with the chief 
ingredient of site soil like SiO2, Al2O3, Fe2O3, CaO to cause 
solidification [1]. 
The Input Percentage of the Component of Liquid Type 
Hardening Agent is as Table Ⅰ. 
 
Table Ⅰ. The Input Percentage of the Component of Liquid 
Type Hardening Agent 

Description SiO2 CaO MgO Na2O K2O 

Percentage(%) 50.08 3.02 3.08 2.25 4.08 

Description SO3 Cl CHO Others 

Percentage(%) 1.68 18.61 16.50 0.70 

The Standard Mixing Ratio for Liquid Type Soil Brick which 
satisfies the target strength of 8N/mm2 (81.6 kg/cm2) for 
hardened soil brick in this study is specified in Table Ⅱ 
below. 
 
Table Ⅱ. The Standard Mixing Ratio for Liquid Type Soil 
Brick 

Description 
Liquid Input 

(kg/m3) 
Cement Input 

(kg/m3) 

Sandy Soil 1.5 400 

2.2.2 Powder type hardening agent 
Silica Fume which is used for powder type hardening agent in 
this study is micro-fine powder that is the by-product of 
producing silicon and ferrosilicon alloys in electric arc 
furnace. Although it is essential in the production of 
high-strength concrete, the use for it as an additive to the 
hardening agent for brick is very insignificant. One of the 

physical properties of silica fume is that its particles are very 
minute. Above 95% of its particles is less than 1 micrometer 
in size. When silica fume is added to cement slurry, the fine 
particles of silica fume fill the space between cement particles 
and this phenomenon is called Micro Filling. Because Micro 
Filling substitutes the pores bigger than 1 micrometer in size 
to innumerable microscopic pores, using silica fume increases 
the coherent force among soil particles and the strength of 
solidified body. Also, silica fume, which has a high 
percentage of amorphous Silicon Dioxide (SiO2), turns into 
highly reactive pozzolan material in soil. It chemically reacts 
to Calcium Hydroxide (Ca(OH)2), the product of chemical 
reaction between Portland cement and water(H2O), and forms 
the binder called Calcium Silicate Hydrate(C-S-H). This 
binder especially improves the strength of solidified body. Its 
high amorphous Silicon Dioxide (SiO2) content and 
minuscule particles cause silica fume to be highly reactive 
especially in the early phase. Furthermore it is known that 
powerful dispersing agent or chemical admixture, known as 
the water reducing agent, increases effectiveness of silica 
fume [5]. The chemical equation for powder type hardening 
agent of this study shows Pozzolanic reaction and as follows. 
Particularly silica fume, SiO2, is artificially supplied to 
promote formation of the Calcium Silicate Hydrate(C-S-H) 
binder [5]-[6].  
 
C3S, C2S(in cement) +H2O→Ca(OH)2+H2O                        (5) 

↓ 
Add SiO2 to the product                                                       (6) 

↓ 
The formation of C-S-H(Calcium Silicate Hydrate)            (7) 
 
The Input Percentage of the Component of Powder type 
hardening agent is as TableⅢ. 
 
Table Ⅲ. The Input Percentage of the Component of Powder 
type hardening agent 

Description SiO2 Al2O3 Fe2O3 CaO MgO 
Percentage(%) 90.09 1.05 1.43 1.33 1.77 

Description Na2O K2O SO3 Cl Others
Percentage(%) 0.50 2.76 0.68 0.13 0.26 

The Standard Mixing Ratio for Powder Type Soil Brick 
which satisfies the target strength of 8N/mm2 (81.6kg/cm2) 
for hardened soil brick in this study is specified in Table Ⅳ 
below. 
 
Table Ⅳ. The Standard Mixing Ratio for Powder Type Soil 
Brick 

Description
Cement 
(kg/m3)

Silica Fume 
(kg/m3) 

Lignosulfonate 
(kg/m3) 

Clayey Soil 520 
26 (5% of 

Cement Weight) 
1.3 (0.25% of 

Cement Weight)
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3 RESULT 

3.1 Result of Soil Property Test 

Table Ⅴ. Result of Soil Property Test 
Description Sand Silt 
Depth (m) 0.30 0.30 0.30 0.30 

Moisture Content (%) 1.4 1.1 29.7 29.4 
Density, ρs (g/cm3) 2.692 2.694 2.697 2.697
Liquid Limit (%) NP NP 27.9 29.1 

Plastic Index - - 2.1 2.7 

D 
Compaction 

γdmax 
(t/m3) 

1.62 - 1.60 - 

OMC 
(%) 

18.0 - 17.0 - 

USCS SP SP ML ML 
The average Uniform Coefficient (Cu) of the site soil samples 
for this study was recorded 2.89 for sandy soil and 2.56 for 
clayey soil, which means the soil particles are unevenly 
distributed. According to the compaction test, sandy soil 
sample showed Maximum Dry Density (γdmax) of 1.62 t/m3, 
and Optimum Moisture Content (O.M.C) of 18.0%. Also, 
clayey soil sample showed Maximum Dry Density (γdmax) 
of 1.60 t/m3, and Optimum Moisture Content (O.M.C) of 
17.0%. 
The result of grain-size distribution test for sand and silt is 
shown in Fig. 1 and 2. The result of compaction test for sand 
and silt is also shown in Fig. 3 and 4. 
 

 
Fig. 1 Grain-Size Distribution Curve (Sand) 

 
 

 
Fig. 2 Grain-Size Distribution Curve (Silt) 

 
 

 
Maximum Dry Density (γdmax) 1.62 t/m3 

Optimum Moisture Content (OMC) 18.0 % 
Fig. 3 Result of Compaction Test (Sand) 

 
 

 
Maximum Dry Density (γdmax) 1.60 t/m3 

Optimum Moisture Content (OMC) 17.0 % 
Fig. 4 Result of Compaction Test (Silt) 

 

3.2 Result of the Uniaxial Compression Strength Test 

 
Fig. 5 Cement Input vs. Uniaxial Compression Strength of 

Liquid Type Soil Brick 
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Fig. 6 Cement Input vs. Uniaxial Compression Strength of 

Powder Type Soil Bricks 
 
According to the uniaxial compression strength test carried 

out to soil brick specimen, liquid type hardening agent is 

more effective to sandy soil sample, and powder type to silt 

soil sample. As for liquid type sand brick, the maximum 

strength was yielded when the input of the agent was 

2.5kg/m3, and as for powder type clay brick when the input of 

the mineral-consisting powder type agent reaches 8% of the 

total cement weight. Also, the mixture is to be compacted to 

-2% of Optimum Moisture Content(O.M.C.) in the case of 

liquid type sand brick, and +2% of O.M.C. in the case of 

powder type silt brick. The optimum mixing ratio for liquid 

type sand brick is 2.5kg/m3 of liquid hardening agent and 

400kg/m3 of cement. The optimum mixing ratio for powder 

type sand brick is when the input of powder type mineral 

additive is 8% of the total cement weight, and the cement 

input is 520kg/m3, and this satisfies the strength standard for 

cement brick as shown in Fig. 5 and 6 above [8]. 

4 CONCLUSION 

Liquid type hardening agent used for this study is inorganic, 

and Sodium silicate (Na2SiO3), Magnesium chloride (MgCl2), 

Potassium chloride (KCl), Calcium chloride (CaCl2), and 

Sodium carbonate (Na2CO3) are used as the additives for the 

hardening agent. 

The by-products of this process, which are Calcium silicate 

(CaSiO3), Potassium chlorate (KSiO3), Magnesium 

silicate(MgSiO3), and Silicon dioxide Hydrate(SiO2H2O), 

react complexly with the main components of normal cement 

such as SiO2, Al2O3, CaO, and Fe2O3 and cause the 

solidification.  

 

1. Silica Fume and lignosulfonate are used for powder type 

hardening agent as the main additives. 

Also, silica fume turns into highly reactive pozzolan material 

in soil and forms the binder called Calcium Silicate 

Hydrate(C-S-H). When it is mixed with cement and acts both 

as water reducing agent and binder for strength increase. 

 

2. Sodium silicate and various additives are used for liquid 

type hardening agent. 

These materials act with the normal cement and cause the 

strength increase. 

 

3. For sandy soil, the standard mixing ratio for liquid type soil 

brick which satisfies the target strength of 8N/mm2 (81.6 

kg/cm2) for hardened soil brick in  this  study is specified as 

follows; Liquid Input: 1.5(kg/m3), Cement Input: 400(kg/m3) 

 

4. The input percentage of the component of liquid type 

hardening agent is as follows; SiO2: 50.08(%), CaO: 3.02(%), 

MgO: 3.08(%), Na2O: 2.25(%), K2O: 4.08(%), SO3: 1.68(%), 

Cl: 18.61(%), CHO: 16.50(%), Others: 0.70(%) 

The input percentages of the component of powder type 

hardening agent are as follows; SiO2: 90.09(%), Al2O3: 

1.05(%), Fe2O3: 1.43(%), CaO: 1.33(%), MgO: 1.77(%), 

Na2O: 0.50(%), K2O: 2.76(%), SO3: 0.68(%), Cl: 0.13(%), 

Others: 0.26(%) 

 

5. For clayey soil, the standard mixing ratio for powder type 

hardening agent which satisfies the target strength of 8N/mm2 

(81.6kg/cm2) is specified as follows; Cement: 520(kg/m3), 

Silica Fume : 26(kg/m3)(5% of Cement Weight). 

Lignosulfonate : 1.3(kg/m3)(0.25% of Cement Weight) 
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Abstract 
In the Northeastern part of Thailand, saline soil can be easily 
found in abundance in all areas. Salts can be directly 
extracted from the topmost layer of soils. This study aimed 
to determine the sorption values of contaminations on soil 
with a variety of salt content. A soil sample in this study was 
collected from Khon Kaen University. The soil is known as 
loess or silty fine sand (SM). The amount of contaminations 
adsorbed in soil was measured using the batch equilibrium 
test. Chemical analyses were performed with an Atomic 
Absorption Spectrophotometer (AAS). The equilibrium 
conditions required are around 48 hours of shaking between 
loess with heavy metals. The results also show the 
adsorption isotherm and the maximum adsorption capacity 
of soil with different contents of salts. 
 
Keywords: Contaminations, Saline soil, Sorption value, 
Isotherm, Loess 
 
1. Introduction 
Due to technologies in the Northeastern part of Thailand 
growth during many decades, industrial has been increased. 
The results in a discharge of waste into environmental over 
the limit. The environmental problems are severe and 
difficult to resolve. One result is leakage of heavy metals in 
contaminated water and soil [2]. Heavy metals are some of 
the deposit in the soils. Because soils are heterogeneous, 
numerous studies have focused on the interaction of several 
heavy metals with different soil constituents [4]. The 
Northeastern region of Thailand covers an area of 
168,855.50 km2. The top most soil layer found in all areas in 
loess layer or wind-deposited soil (Fig.1). The thickness of 
loess ranges from a few meters to more than six meters. In 
the Northeastern part, saline soil can be also easily found in 
abundance in all areas, especially in the top and middle 
parts. Thus, this research aims to investigate the effect of salt 
content in soil on the adsorption capacity of heavy metals by 
the loess. 
 
2. Material description 
The material used in this study is loess which is collected 
and excavated from Khon Kaen University. The soil can be 
classified as silty find sand (SM) in the Unified Soil 
Classification System (USCS). The basic, index and 
engineering properties of the loess are tabulated in Table 1. 
 

 
 

Figure 1. Loess deposit in the Northeastern part of Thailand. 
 
Table 1. Loess properties. 

Properties Loess 
Soil classification (USCS) SM 
Specific gravity 2.60 
Natural dry unit weight (kN/m3) 15.30 
Natural water content (%) 5-12 
Liquid limit (%) 16.0 
Plastic limit (%) 13.0 
Plasticity Index (%) 3.0 
Optimum moisture content (%) 10.0 
Maximum dry unit weight (kN/m3) 21.1 
Coefficient of Permeability (cm/s) 2.80 x 10 -6 

 
Heavy metals chosen in this study was only copper (Cu), 
zinc (Zn) and nickel (Ni) which was obtained by dissolving 
nitrate. Tables 2, 3 and 4 summarized properties of copper 
nitrate, zinc nitrate and nickel nitrate, respectively. 
Selections of Cu, Zn and Ni as heavy metals were based on 
its low toxicity and relative ease involved in handling, 
disposal and also all are easily found in all areas. All three 
are the common heavy metals which are discharged from 
various and common industries [1].  
 
Table 2. Properties of copper nitrate. 

Compound  Copper Nitrate 
Formula 
Molecular weight (g/mol) 
Density (g/cm3) 
Solubility (g/100 ml) 

Cu(NO3)2 
295.65 
2.07 
137.8 
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Table 3. Properties of zinc nitrate. 
Compound  Zinc Nitrate 
Formula 
Molecular weight (g/mol) 
Density (g/cm3) 
Solubility (g/100 ml) 

Zn(NO3)2 
297.49 
2.065 
137.8 

 
Table 4. Properties of nickel nitrate. 

Compound  Nickel Nitrate 
Formula 
Molecular weight (g/mol) 
Density (g/cm3) 
Solubility (g/100 ml) 

Ni(NO3)2 
290.79 
2.05 
94.2 

 
3. Experimental methodology 
In this study batch adsorption test is designed as a tool to 
study the equilibrium adsorption of soil suspensions with 
contaminants [5]. In batch adsorption test, chemical solution 
and disaggregated state are brought into contact [3]. The 
main objective of this test is to find the adsorption capacity 
of heavy metals by loess and to find the effect of salt content 
in soil on the sorption capacity of heavy metals. 
 
3.1 Batch adsorption test 
The equilibrium contact time was firstly determined and 
investigated by batch adsorption test. Soil sample was loess 
(SM). This sample was washed to clear as much as 
contaminant away first after that, sized it by taking through 
by the sieve No. 200. Heavy metals used in the experiment 
were Copper Nitrate, Zinc Nitrate and Nickel Nitrate with 
the concentration of 100, 200, 300, 400 and 500 mg/L. A 
constant mass of oven soil powder of 2.5g and 50 ml of 
metal solution were added into a set of 120 ml plastic bottles 
(Fig 2.).  The soil solution ratios were then shaken at 150 
rpm for 0.5, 1, 3, 6, 12, 24, 48 and 72 hours by using a 
horizontal shaking machine (Fig 3.). After particular shaking 
time the solutions were filtrated though 0.45μm of filter to 
separate the soil and liquid solution. Liquid solution was 
then analyzed the chemical concentration by using Atomic 
Absorption Spectrophotometer (AAS) (Fig 4.). 

 

 
 

Figure 2. Soil and solution. 
 

 
 

Figure 3. Shaking soil and solution. 
 

 
 

Figure 4. Atomic Absorption Spectrophotometer (AAS). 
 

3.2 Salt content on the adsorption test 
The salt was mixed with loess with different contents. The 
salt contents were starting from 10% up to 90% by weight of 
soil. Heavy metals used in the experiment were the same as 
in the previous section. A constant mass of oven soil powder 
of 2.5g, percentage of salt by weight of soil and 50 mg/L of 
metal solution were added into a set of 120 ml plastic 
bottles. The soil solution ratios were then shaken at 150 rpm 
for 48 hours by using a horizontal shaking machine. After 
that, the experiment was the same as batch adsorption test.  
  
4. Experimental result 
4.1  Bath adsorption test 
Batch adsorption test were carried out with the aim of 
observing the equilibrium contact time of copper, zinc and 
nickel by loess. The results are shown in Figs. 5-7 for 
contact time of copper, zinc and nickel by loess, 
respectively. The equilibrium sorption of copper, zinc and 
nickel were found in the 48 hours. After achieving 
equilibrium condition if soil solution was kept in still state, it 
would not cause any sorption or leaching. 
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Figure 5. Sorption capacity of copper by loess. 
 

 
 

Figure 6. Sorption capacity of zinc by loess. 
 

 
 

Figure 7. Sorption capacity of nickel by loess. 
 

 
 

Figure 8. The sorption isotherm of zinc, copper and nickel  
by loess. 

 
After that, the results of chemical analyzed were plotted 
between the adsorbed concentration of soil ( solidC ) versus 

the equilibrium concentration of liquid ( eqC ) in order to see 

the highest tendency that soil can adsorption. For loess with 
all three solutions, the curves are in Fig. 8. All results show 
the non linear relationship between solidC  and eqC  thus the 

non linear models were implied in the analysis. The result 
will be plotted at the graph for find the slope and the 
intercept form to compare with Langmuir (Fig. 9). Langmuir 
sorption isotherm has been developed on the concept that a 
solid surface possesses a finite number of sorption sites and 
mathematically expressed as 
 

1
eq

solid
eq

C
C

C







 (1)

   
where α = the adsorption constant related to the binding 
energy (L/mg) and β = the maximum amount of contaminant 
that can be absorbed by the solid (mg/g). To determine the 
values of α and β, a relationship of eqC  versus eqC / solidC  is 

plotted. The determined values of α and β based on the 
calculation from Figs. 9 and 10 for different isotherms are 
shown in Table 5. It was found that the copper has the 
highest sorption capacity by considering the α  and β values 
from its isotherm. 

 
Table 5. Langmuir isotherm parameter 

Soil Solution
α 

(L/mg)
β 

(mg/g) 
Correlation 

Coefficient (R2)

Loess
Copper 0.0085 3.132 0.997 

Zinc 0.0078 1.976 0.999 
Nickel 0.0067 2.543 0.995 
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Figure 9. Langmuir isotherms of toxic metals by loess. 
 
 

 
 

Figure 10. Langmuir isotherm’s parameters. 
 
4.2  Salt content on the adsorption capacity 
The results of chemical analysis of soil with heavy metals 
with different contents of salt were plotted between the 
equilibrium concentration of liquid ( eqC ) versus the 

percentage of salt in order to see the highest tendency that 
soil can adsorption.  The results are shown in Figs.11-13. 
The sorption capacities of toxic metals by loess mixing with 
salt were found that the percentage of salt staring from 60% 
by weight can provide the equilibrium concentration of 
liquid   ( eqC ). The sorption capacities of heavy metals in 

loess mixing with salt ranked from the highest were copper, 
nickel and zinc, respectively. 
 
 

 
 

Figure 11. Sorption capacity of copper by loess mixing  
with salt. 

 
 

Figure 12. Sorption capacity of zinc by loess mixing  
with salt. 

 

 
 

Figure 13. Sorption capacity of nickel by loess mixing  
with salt. 
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Then, the results of chemical analyzed of loess mixed salt 
were plotted between the adsorbed concentration of soil 
( solidC ) versus the percentage of salt. The salt was mixed 

with loess. It was found that a salt content starting from 60% 
by weight can provide the highest sorption capacity. The 
results are shown in Figs.14-16. The sorption capacities of 
heavy metals in loess ranked from the highest were copper, 
nickel and zinc, respectively. 
 

 
 

Figure 14. The relationship between solidC  and percentage of 

salt from the test of copper. 

 
 
Figure 15. The relationship between solidC  and percentage of 

salt from the test of zinc. 
 

 
 
Figure 16. The relationship between solidC  and percentage of 

salt from the test of nickel. 
 

5. Conclusions 
This research presents sorption values of contamination on 
loess which can be found in the top most layers in Khon 
Kean University. A possible method of reducing the amount 
of toxic in the river is also proposed by adding and mixing 
the salt content into the original soil. Batch adsorption test 
can give an estimate for maximum possible amount of 
contaminant that can adsorbed by soil. The following 
conclusions are results in this study from batch adsorption 
test;  

1) The equilibrium sorption of copper, zinc and nickel 
were found in the 48 hours. 

2) The sorption capacities of heavy metals in loess 
ranked from the highest were copper, nickel and 
zinc, respectively. The highest sorption capacity by 
considering the   and   values from Langmuir 

isotherm. 
3) The salt was then mixed with the loess from Khon 

Kaen University in order to investigate the effect 
of salt content starting from 60% by weight can 
provide the highest sorption capacity. The sorption 
capacities of heavy metals in loess ranked from the 
highest were copper, nickel and zinc, respectively. 
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ABSTRACT 
With jute fiber (hessian cloth) reinforced unsaturated 
polyester (USP) resin along with additives; composites 
were prepared by simple hand lay-up technique at room 
temperature (25°C). The prepared composite has been 
given shape of corrugated tin, so termed as “JUTIN” 
(jute + tin). The mechanical properties (such as tensile 
and bending properties) of the composites were measured 
with the extent of jute contents (20-40%wt) and found 
highest at 30% fiber content. To improve the fiber-matrix 
adhesion, jute fiber is subjected to chemical treatment 
with curing and coupling agent, and physical treatment 
with UV radiation of different intensities. Composite 
made of chemically modified jute fabrics shows better 
mechanical performances than that of the untreated or 
UV treated composites. The two treatments together 
provide synergistic effect on the properties of the 
composite. The treated composites also show the best of 
charpy impact strength. Storage and loss modulus as well 
as cantilever tests of the composites were 
performed.About35%weight of the composite is for 
jute.The tensile strength of the composite is 147MPa, 
bending strength is 150MPa and impact strength is 68 
kJm-2and will be stable more than 50 years. 
 
Keyword: Jute, Composite, Natural Fiber, Jutin, 
Constriction materials 
 

1. INTRODUCTION 
Among destructive and terrifying natural calamities, 
earthquakes measuring intensity morethan 5.0 on 
the Richter scale can cause immense damage to the 
buildings and structures, dams, bridges, railways, 
communication systems etc [1]. Earthquakes are 
common in Japan, one of the world's most 
seismically active areas. The country accounts for 
about 20 percent of the world's earthquakes of 
magnitude 6 or greater. Recently a temblor struck 
the region of the Pacific where a magnitude-9.0 
quake hit on March 11, triggering a huge tsunami. 
At least 23,000 people were killed or left missing 
in those disasters, which destroyed hundreds of 
homes, offices and factories in northeastern 
Japan.As the occurrence of earthquakes is 
unpredictable, there is an ardent need to design and 
construct the buildings and structures to reduce the 
damages, thus saving precious human lives. 

Conventional heavy andbrittle building materials 
such as stones, bricks, mortar, granite etc. do not 
absorb shock waves but they amplify them, causing 
more destruction. The material of construction to 
be used in earthquake prone areas should be such 
that they absorb & reduce seismic energy [1]. 
Jute has high cellulose content and low micro-fibril 
angle which are desirable properties of a fiber to be 
used as reinforcement in polymer matrices. Jute is 
one of the most common natural fibers having high 
tensile modulus and low elongation at break. If the 
low density (1.45 g/cm3) of this fiber is taken into 
consideration, then its specific stiffness and 
strength are comparable to respective quantities of 
glass fiber [2, 3]. In spite of these above-mentioned 
advantages, jute fiber – like other natural fibers – 
exerts some difficulties while used as 
reinforcement in non-polar polymer matrices. 
Being polar and hydrophilic in nature, jute fiber 
exhibits poor interfacial adhesion with hydrophobic 
polymer matrices. To overcome these kinds of 
bottlenecks, many attempts, such as physical and 
chemical treatments, lead to changes in the surface 
structure and surface energy of the fibers.Such an 
effort was made to prepare a composite with 
improved mechanical properties using radiation 
induced jute-urethane polymer system. The resin 
matrix was prepared under gamma radiation using 
urethane acrylate in the presence of N-
vinylpyrrolidone, ethyl hexyl acrylate and 
trymethylol propane triacrylate. Some additives 
such as acetic acid, acrylamide, urea, talc, and 
titanium oxide were incorporated into the 
formulation [4]. In this context, hessian cloth (jute 
product) was coated with urethane pre-polymer 
with different formulations in the presence of 
plasticizers under UV radiation. Tensile properties 
of the composites were found to increase. It is also 
indicative that simulated weathering and soil 
degradation tests show the biodegradable nature of 
the prepared composites [5]. A good correlation 
was found between composite impact damping and 
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yarn toughness for the jute-epoxy composites [6]. 
Two monomers such as 2-hydroxy ethyl methyl 
acrylate (HEMA) and 2-ethyl hexyl acrylate (EHA) 
were successfully used as novel coupling agents for 
jute fabric (hessian cloth) polypropylene composite. 
The mechanical properties of the resulting 
composites increased as a result of surface 
treatment of the jute fabrics [7]. Polyester resin was 
used as matrix material for composite fabrication. 
The mechanical properties (tensile and bending 
strengths) of the surface modified jute fabrics 
reinforced polyester composites improved 
significantly [8]. The unsaturated polyester resin is 
quite useful for industrial and civilian world. As a 
low-cost, rigid, high strength-to-weight material, 
one can find its products in the form of mechanical 
parts, pipes, tanks, electronic gears, etc.They can 
be cured to give insoluble, infusible solid plastics 
through a free radical curing process. Organic 
peroxides are employed as free radical initiators 
while tertiary aromatic amines and some organic 
metal salts, such as cobalt naphthenate, are used as 
curing promoters if needed Tertiary aromatic amine 
and cobalt naphthenate can significantly reduce the 
decomposition temperature of peroxides via 
chemical reduction processes [9]. The objective of 
this research work is to prepare low cost light 
weight, durable, earthquake and cyclone tolerance 
housing materials and so on likewise products with 
sustainable local technology. 
 
2. MATERIALS AND METHODS 
2.1. Materials  
Jute fabric was used as the reinforcing agent. The 
matrix polymer was a commercial unsaturated 
polyester resin (EPOLAC G-153ALX) containing 
1.5% cobalt napthenate solution, 6% cobalt catalyst 
as promoter, and 36% styrene as diluent. Methyl 
ethyl ketone peroxide (MEKP) and wax were used 
as curing agent and mold releasing agent 
respectively. REOLOSIL fumed silica 
(aerosealpowder)was used as filler. A substituted 
aromatic tertiary amine was used as coupling agent. 
2.2. Methods  
Surface Modification 
Hessian cloth was cut into rectangles (12 ×10 cm2) 
and temporarily fixed in a long square sized plate 
(50 ×50 cm2) where UV radiation could be given 
together to six equal sized rectangular samples. 
Then the samples were subjected to UV radiation 
(254–133 nm) using an irradiator (UV minicure 
Me-200, ISTTechnik, Germany), which delivers 

apower strength of 2 kW. The speed of the 
manicure was 4 meter/minute for each pass of the 
substrate under the lamp by maintaining different 
UV radiation intensities expressed by number of 
passes. 
2.3.Composite Fabrication 
Composites were fabricated using a simple hand 
lay-up technique. The working surfaces were 
treated with releasing waxes to facilitate easy 
removal of samples from the mold surfaces. Cobalt 
napthenate(catalyst) and MEKP (curing agent) 
were mixed thoroughly with USP at various 
formulations before each operation. At the 
beginning of fabrication, a gel coat with 2% MEKP 
was uniformly brushed into the finished side of the 
male and female parts of the mold. After 1h, when 
curing of gel coat was completed, each layer of the 
fiber was pre-impregnated with formulations made 
of USP. The impregnated jute samples were then 
placed one over another as a sandwich. This 
sandwich was placed into a mould. Both parts of 
the mold were tightened by screw-bolt and allowed 
3 h for total curing (composite fabrication). The 
composites were cut into rectangular pieces of 
equal size (120×100×3mm3) for different tests. All 
results are taken as the average of five samples for 
each testing. 
2.4.Mechanical Tests 
The tensile and bending strength of the composites 
were measured according to DIN 53455 and DIN 
53452 standard methods by a universal testing 
machine (Hounsfield S Testing Series, UK) with an 
initial clamp separation of 20 mm and a cross-head 
speed of 10 mm/min. Charpy impact strength of the 
composite was determined by an impact tester 
(MT-3016) according to the DIN EN ISO 179 
standard in the flat wise, unnotched mode. The test 
samples were conditioned at 25°C and 50% 
relativehumidity for several days before testing and 
all the tests were performed under the same 
conditions.The result of each test is taken as the 
average value of five samples 
 
3. RESULTS AND DISCUSSION 
The effect of jute content (%wt) on the mechanical 
properties of the resulting composites is studied 
here and shown in Figures 1 and 2. It was found 
shows poor mechanical properties due to poor fiber 
population and low load transfer capacity to one 
another. levels of fiber content (such as 20%), the 
composite As a result, stress gets accumulated 
atcertain points of the composites and highly 
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localized strains occur in the matrix. At 
intermediate levels of loading (30%), the 
population of the fibers is just right for maximum 
orientation and the fibers actively participate in 
stress transfer. So, the mechanical properties of the 
composite reaches maximum. At high levels 
(suchas 40%) of jute content, the non homogeneous 
fiber matrix adhesion becomes prominent which 
leads to agglomeration among the fibers and stress 
transfer gets blocked [10]. As a result, the 
mechanical properties of the composite again 
decreased. The composite of the optimized jute 
content (30%w/w) showed 205% increase in tensile 
strength (TS), 141% in tensile modulus (TM), 
226% in bending strength (BS) and 195% in 
bending modulus (BM) than that of the resin based 
composite.  
 

 
 

Fig.1 Effect of jute content on tensile and bending strength 
of composite 

 
 

 
Figure 2. Effect of jute content on tensile and bending 

modulus of composites 
 

Fig. 2. Effect of jute content on tensile and bending 
modulus of composites 

 
 
Fig.3 Effect of UV radiation on tensile and bending 
strength of jute-based composites  

 
Fig.4. Effect of UV radiation on tensile and 
bending modulus of composites 
The effect of UV radiation on the mechanical 
properties of jute based composites was 
investigated and presented in Figures 3 and 4. Jute 
content in the UV treated composite is maintained 
at about 30%. The UV intensities of different 
passes (200-400 pass) were exposed to jute 
surfaces.1 UV pass indicates 1 metre of UV 
exposure in the machine. It was found that UV 
intensity of 200 pass showed the highest 
mechanical properties. Mechanical properties, such 
as tensile and bending properties increase up to 200 
pass, which gives 68% increase in TS, 78% in TM, 
58% in BS, and 57% in BM relative to untreated 
jute-based composites. The TS, BS, TM and BM of 
the control composite were found 29.45 MPa, 
38.35 MPa, 1.35 GPa and 2.54 GParespectively. 
The increase of mechanical properties of the 
composite with increasing UV radiation may be 
due to the intercross-linking between the 
neighboring cellulose molecules, which results in 
the strength of jute fabrics. It is observed from 
Figures 3 and 4 that mechanical properties of the 
composite increase with UV pretreatment up to a 
certain limit and then decrease due to the two 
opposing phenomena, namely, photo cross-linking 
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and photo degradation that take place 
simultaneously under UV radiation. At lower doses, 
free radicals are stabilized by a combination 
reaction and, as a result, photo cross-linking occurs. 
The higher the number of active sites generated on 
the polymeric substrate, the greater the grafting 
efficiency. But at higher radiation, the main chain 
may be broken-down and polymer may degrade 
into fragments and, as a result, mechanical 
properties were found to decrease after certain UV 
doses. An intense radiation results in a loss of 
strengths and a reduced degree of polymerization is 
observed [10]. 
Jute fabrics were further treated with a coupling 
agent (0.1 to 2.0 %) at the stage of pre-
impregnating the fibers with USP resin to show its 
effect on to the composites. Figs 5 and 6 show the 
effect of coupling agent on the properties of the 
composites.  

Fig. 5. Effect of coupling agent on tensile and 
bending strength of composites. 

 

Fig. 6. Effect of coupling agent on tensile and 
bending modulus of composites 
The coupling agent with a concentration of 1.0 % 
performed the best of mechanical properties. It is 
also indicative that coupling agent treated 
composite showed much better mechanical 
properties than that of the control composite. It was 
found that 1.0% coupling agent treated composite 
showed 90, 74.7, 77.77 and 57.48% higher TS, BS, 

TM and BM values than that of the control 
composite.  
Table 1 shows the synergistic effect of the two 
treatments – coupling effect and UV treatment – on 
the properties of the composite. It was found that 
TS, BS, TM and BM values of UV+CA treated 
composite were 96 MPa, 117 MPa, 4.2 GPa and 5.5 
GPa respectively. The values are about 226, 205, 
211and 116% higher than that of the control 
composite. The free radical and cross linking 
mechanisms of the two effects (UV +CA) may be 
mainly responsible for the increase of mechanical 
properties of the composite. 
 
Table 1.The effect of UV+CA on the properties of 
composite 

 
Sample Properties 

TS  
(MPa)

BS 
(MPa) 

TM 
 (GPa) 

BM 
 (GPa)

UV+CA  
treated 
composite 

96 ± 
2.2 

117± 
2.5 

4.2 ± 
0.11 

5.5 ± 
0.15 

 
The charpy impact strength (IS) of the control and 
treated composites were studied here. The IS 
values of UV, CA and UV+CA treated and control 
composites were found 35, 39 and 44 and 20 kJ/m2 
respectively. The effect of glass fiber (GF) in the 
mechanical properties of UV + CA treated jute 
fabrics composites was investigated and is shown 
in Figures 7and 8.  
The weight fractions of glass fiber content in the 
jute/GF hybrid composites varied from 5 to 100%. 
The incorporation of glass fiber into jute fabrics up 
to 75% helps the hybrid composites show better 
mechanical properties over the other treated 
composites. The values of TS, BS, TM, BM and IS 
of the hybrid composites at 75% GF content were 
found 140 MPa, 150 MPa, 6.55 GPa, 7.12 GPaand 
68 kJ/m2respectively. The incorporation of GF 
increases the reinforcement of jute fibers into the 
matrix. In a hybrid composite, the mechanical 
properties of composites are mainly dependent on 
the modulus and percentage elongation at break of 
individual reinforcing fibers. The increase in 
mechanical properties through the addition of glass 
fiber to jute can be explained on the basis of higher 
modulus and elongation at break of the glass fiber 
[11], whereas the extensibility of glass is low 
compared to the jute fiber. 
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Fig. 7. The effect of glass fiber content on tensile 
and bending strength of jute/GF hybrid composite

 
Fig. 8. The effect of glass fiber content on tensile
and bending modulus of jute/GF hybrid composite 
4.  Comparative Studies 
Figures 9 and 10 shows the comparative data of 
different treatments on the properties of jute and 
jute/GF based composites. It was found that the 
glass fiber on the UV + CA treated jute based 
composite performed the best mechanical 
properties. 

Fig. 9. The effect of different treatments on 
the strength of composites 

 

 
Fig.10. The effect of different treatments on 

the modulus of composites 
 

5. Aging properties of Composite (JUTIN) 
5.1. Thermal aging 
Table 2.The effect of thermal aging on tensile strength of 
JUTIN 

Sample Room 
temp.

Tensile strength (MPa) 15 days 

OºC  4ºC  50ºC  70ºC  

Jutin 96 116±2.0 99.8±1.9 93±1.82 78±1.8

 
The JUTIN was subjected to undergo different 
temperature treatments at 15 days time periods to 
investigate the effect of thermal aging on tensile 
strength of JUTIN. It was found that the strength of 
composite increases with the decrease of 
temperature. The TS decreased to about 19.0 and 
3.0 % at aging temperature of 70ºC and 50ºC 
respectively. Whereas, the incat 4ºC and 0ºC, TS 
increased about 4.0 and 21.0% respectively. 
5.2. Water aging 
There is very negligible amount of water uptake 
(<1%) within 3 months. There is no change in 
mechanical properties within 3 months. 
5.3. Normal weathering aging 
The mechanical properties increased up to 7-10% 
within 6 months and remain unchanged up to 12 
months. 
5.4. Acceleratedweathering aging 
To study the weathering effect on the mechanical 
properties of Jutin, the samples of jutin were 
exposed under simulated weathering tester from Q-
panel Co. (model QUV, USA). The weathering 
testing was performed in alternating cycles of 
sunshine over 4h (65º±2ºC) and condensation for 
2h (45º±2ºC). This aging test was carried out for 
600 h.Owing to this test the losses of mechanical 
properties more or less zero up to 300 hours and 
about 10% up to 600 h. 
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6. Conclusion 
The tensile strength of the prepared composites 
composite is 150 MPa, bending strength is 147 
MPa and impact strength is 68 kJm-2 and It will be 
stable up to 50 years. This jute-based polymer 
composite shows extra-ordinary features which are 
very promising to make jute based polymer 
composite as a effective alternative of metallic or 
plastic materials. It is rust proof, saline resistant, 
lightweight, heat resistant, sound proof, 
environmental friendly, Very low thermal 
expansion, and damaged area can be sealed very 
easily. In contrast, lightweight jute made composite 
boards fixed on steel frames with bolts & nuts are 
more flexible allowing lateral movements of the 
structures. They absorb and reduce seismic energy. 
The usage of natural fiber (jute) based products in 
post disaster management of rehabilitation & 
rebuilding, would become cost competitive 
compared to other building materials. Thus, all the 
properties of composite claim its position as an 
ideal building material. 
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ABSTRACT: In this study, the strength characteristics of granulated 
construction waste sludge mixed with quicklime were examined to 
identify an efficient improvement method for the effective use of 
such waste sludge. The tests results indicate that it is possible to 
estimate the strengths of improved sludge based on mixing ratio of 
quicklime and dried sludge. Furthermore, appropriate curing is 
necessary when using the sludge because the increased strength of 
the improved soil depends on minimal water content, which can 
easily increase due to saturation from rainfall. An in situ 
investigation into applications of soil structures using improved soil 
are also described in this paper, specifically, the counterweight fill 
for preventing slope failure and forming dike for a reservoir.  
 
Keywords: granulated construction waste sludge, quicklime, 
soil structure, unconfined compression strength 

1. INTRODUCTION 

According to the white paper on Land, Infrastructure, 
Transport and Tourism in Japan1), construction waste should 
be reduced, recycled and reused to establish a sound 
material-cycle for our society. The recycling rate of 
construction waste sludge (CS) has been lower than that of 
other construction waste. The primary reasons for this 
problem are as follows2), 3): 1)the characteristics of CS are 
extremely complicated because it is generated by the addition 
of water, regardless of the type of soil used, and 2)the 
treatment cost of CS is higher than that of construction 
generated soil, since it is classified as industrial waste. It is 
necessary to find an appropriate improvement method to raise 
the recycling rate of waste sludge.  
The properties and performance of CS treated with cement 
and lime have been studied4), 5). With cement treated soil, 
hexavalent chromium is generated, negating some of the 
advantages of the resulting high strength. With this 
shortcoming in mind, the characteristics of the soil stabilized 
by lime should be investigated to use it as an alternative to 
cement treated soil. CS treated with quicklime is known for 
being slow in developing an acceptable strength.  However, 
the improved sludge should maintain the cone index just after 
improvement at a value above 800kN/m2 that classified the 
second type of improved soil. To identify the amount of 
quicklime that provides the most improvement in the CS, the 
unconfined compression strength should be tested after 
quicklime are mixed and cured. 
The improved CS is being considered for use as constructing 
embankments and back filling6).Therefore, it is important to 
examine the variation in the strength of the improved soil 
when the degree of saturation is increased by rainfall.  

 
 

In this study, to evaluate the performance of granulated 
construction waste sludge mixed with quicklime (improved 
soil), cone penetrating tests and unconfined compression tests 
were conducted. The improved soils were produced with CS 
from various construction sites mixed with different 
quantities of quicklime. The relationships between the cone 
index and the unconfined compression strength just after 
improvement were identified. Unconfined compression tests 
were carried out to investigate the strength characteristics 
increase resulting from curing. Based on these tests, a method 
of describing the unconfined compression strength was 
developed based on the ratio of quicklime and dried sludge.  
Furthermore, laboratory tests and in situ test were conducted 
to examine the variation in the strength of the improved soil 
when the degree of saturation was increased. Additionally, 
the use of improved soil to form counterweight fill to prevent 
slope failure and to construct a reservoir dike were observed 
and discussed.  

2. GRANULATED CONSTRUCTION WASTE 
SLUDGE WITH QUICKLIME 

2.1 Improvement technology 

 
Fig. 1. The plant of treatment 

 
The treatment plant is shown in Fig. 1. The improvement 
method was as follows: 1) the CS collected in the pit was 
dredged by backhoe and put on the belt conveyor to the 
treatment plant. 2) On the belt conveyor, the CS was vibrated 
and the quantity was averaged by a gate in the plant. 3) Then, 
the quicklime was added to the CS and mixed by a paddle 
mixer. The amount of quicklime added was determined based 
on the water content of the CS. No tests were done to identify 
the CS properties before improvement. This choice was made 
to increase the efficiency of improved soil production. On the 
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Table 1. Test code and condition of specimen as well as weather conditions 

Test code 
Weight of quicklime against 

the volume of CS (kg/m3) 

Initial water content of 
improved soil 

(%) 

Weather condition at improvement 

Amount of precipitation 
(mm) 

Average daily temperature
(degree centigrade) 

CS18 18 28.6 3.0 20.7 

CS24 24 28.5 24.5 16.6 

CS30-1 30 28.3 0.0 19.5 

CS30-2 30 36.2 0.0 14.0 

CS38 38 41.2 0.0 12.0 

CS44 44 38.2 0.0 8.4 

 

other hands, not reviewing the properties of the CS before 
improvement makes it  difficult to obtain consistent 
properties in the produced improved soils.  

2.2 Specimen 

Improved soil was allowed to cure for 1day, and then, a 
sample was compacted into a mold. This was followed by 
carrying out the method for determining the cone index of 
compacted soils: JIS A 1228:2000. The specimen created for 
the unconfined compression test was formed into a cylinder 
10cm high and 5cm in diameter. It was then wrapped in vinyl. 
Curing was done following one of two methods in this study. 
The first method was standard curing while wrapped. The 
second method was to cure the sample without wrap, natural 
drying, in order to allow the water content to decrease with 
time. Table 1. lists the test cases in this study, and for each 
case it lists the test code, the weight of quicklime relative to 
the volume of CS, the initial water content of the improved 
soil, and the weather conditions at improvement. 
The permeability of the improved soil for test case CS38 was 
k=9.3×10-7(cm/sec). This implies that it should be difficult   
to saturate a soil structure constructed using improved soils. 
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Fig. 2. Relationships between unconfined compression 
strength and cone index shortly after soil improvement 
 

3 UNCONFINED COMPRESSION STRENGTH 

3.1 Relationships between unconfined compression 

strength and cone index just after improvement 

The cone penetration test conducted to identify the quality of 
the improved soil. Accordingly, it was also important to 
investigate the relationships between the cone index and the 
unconfined compression strength just after treatment. This 
relationship is shown in Fig. 2.  
For test cases with a lower cone index, the compression 
strength was represented by . The 

other cases can be expressed by . This result 
implies the cone index will be representative of the 
unconfined compression strength7).   
For test cases with high water content, a smaller unconfined 
compression strength was obtained. This was due to over 
compaction during the compaction process. This is why two 
versions of the estimation formula were required.  

4 INCREASING STRENGTH WITH CURING 

4.1 Standard curing 
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Fig. 3. Stress-strain curve for test case CS18 with standard 
curing 
 
The stress-strain curves obtained from the unconfined 
compression tests for test cases CS18 and CS30-1 are shown 
in Figs.3 and 4, respectively. The longer the curing was 
allowed to occur, the smaller the strain at the peak strength. 
This implies that the improved soil will become a brittle 
material after lime stabilization. The modulus of deformation 
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for test case CS18 after 28 days was 10MN/m2, showing an 
increase since just after improvement the value was 
2.5MN/m2. In test case CS30-1, the modulus of deformation 
also increased by 4 time after quicklime stabilization.   
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Fig. 4. Stress-strain curve for test case CS30-1 with standard 
curing 

 
The change in the unconfined compression strength in 
relation to the curing period for in each test case in this study 
is shown in Fig. 5. It is clear that the improvement in the soil 
strength from the addition of the quicklime was slow-acting, 
so that the curing continued a full 84 days after improvement. 
The variations in the water content of the specimens during 
the curing process are shown in Fig. 6. A steady decrease in 
the water content over time was not indicated in spite of the 
fact that the pore water should be spent not only on hydration 
but also the pozzolanic reaction of the improvement 
mechanism. As can be seen from the Fig.5, after 28days of 
curing the strength of the improved soil doubled. However, 
the figure also implies that a small amount of quicklime is 
enough to improve the CS.  
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Fig. 5. Variation in the unconfined compression strength 
relative to curing period.  

 
In order to analyze the unconfined compression strength of 
improved soil after 28 days curing (qu28), first an increment 
ratio relating qu28 to qu ini was defined. The term qu ini indicates 
the unconfined compression strength just after improvement, 
as identified using the one index. Second, the mixing ratio 

quicklime to dried CS (Lime content: LC) was defined, 
because it could be regulated in the treatment plant with 
easily additional soil tests. The increment ratio of strength 
was assumed by means of the relationships shown in Fig. 7. In 
this figure, the rough relationships between increment ratio of 
strength and mixing ratio of quicklime were obtained as 
follows: 
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Fig. 6. Variation into water content vs curing period 
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Fig. 7. Relationships between increment ratio of strength and 
lime content  

 
It is difficult to manage the lime content relative to several 
properties of the CS while the treatment plant is producing 
improved soil at a rate of more than 500m3/day from a diverse 
selection of construction sites. As a result of these tests, 
however, the strength of the improved soil at 28 days can be 
roughly estimated using the cone index, lime content, and 
water content of CS. 

4.2 Curing with natural drying 

The stress-strain curves obtained by the unconfined 
compression tests are shown in Fig. 8. The peak strength after 
curing for 5 days was 8 times the initial strength. These 
specimens suffered brittle fracture after peak strength was 
achieved.  



 

248 
 

 

0 5 10
0

200

400

600

800

Strain，ε (%)

C
om

pr
es

si
on

 s
tr

es
s
，

σ
 (

kN
/m

2
)

 Just after 
        improvement

 1day curing
 5days curing
 7days curing
 14days curing
 28days curing

 
Fig. 8. Stress-strain curve for test case with CS30-1 for curing 
with natural drying 
 
The relationships between the unconfined compression 
strength and the length of the curing time are shown in Fig. 9. 
In this figure, not only is the increment of strength observable, 
but also the sudden decrement of strength in the cases of 
CS30-2 and CS38. Fig. 10 shows the change in the water 
content of the specimens during the curing process. In all test 
cases, the water content decreased until about the tenth day 
before stabilizing. This indicates that the changes in the 
compressive strength were not caused by lime stabilization 
but rather by increase the friction between soil particles that 
comes with a decrease in the water content.  
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Fig. 9. Variation in unconfined compression strength relative 
to  curing time 
 
If the above mentioned theory is correct, it is important to 
investigate the unstable mechanism during rainfall, which 
will increase the volume of void water. To test this condition, 
samples were submerged in water before compression testing 
to test the strength when saturated. Using a specimen (CS38) 
that had cured for 28 days, the unconfined compression test 
was conducted after the specimen had been submerged for 
24hours. The variation in the stress-strain curve obtained by 
this test is shown in Fig. 11. The effect of submergence was a 
marked decrease in the peak strength when the sample was 
cured by natural drying. This was due to the increased water 
content lubricating the motion of the soil particles. Namely, it 
implies that the compression strength of improved soil cured 
by natural drying increases with the increase of friction of the 
surface, which dependent on the moisture levels. However, 

the permeability of these materials is lower than that of 
general soil when used for soil structures, so only the surface 
of the structure made with improved soil will become 
unstable due to rainfall. 
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Fig. 10. Variation in water content with curing 
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Fig. 11. Stress-strain curve when the sample is submerged 
 

5  APPLICATION TO SOIL STRUCTURE 

5.1 The counter weight fill for slope failure 

Cracks in the slope surface were observed at a ceramic 
material mine where the site had been reclaimed by using 
construction generated soil, as shown in Fig. 12. Identifying 
the cause of this phenomenon was complicated because of the 
following: 1) ground water was existent in the slope and 2) 
the load on the slope was increased due to the construction of 
an embankment at the crest of the slope. 
To solve these problems, improved soil was used to form a 
counterweight fill at this site. Also, the slope angle was 
changed to a gentler 1:2.0, or 26.6 degree. Lastly, a drainage 
conduit was inserted into the slope in order to lower the 
ground water level. 
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Table 2. Parameter of ground material for FEM analysis 

Material No. Model 
Young’s modulus 

(kN/m2) 
Cohesion 
(kN/m2) 

Internal friction angle
(degree) 

Constitutive law 

1 Base ground 2×105 - - Elastic 

2 Construction generated soil 8×102 1.0 24 
Elastic-perfectly plastic 

Mohr-Coulomb 

3 Improved soil 1 1.5×104 30.0 20 
Elastic-perfectly plastic 

Mohr-Coulomb 

4 
Improved soil 2  

(for countermeasure) 
1.5×104 200.0 24 

Elastic-perfectly plastic 
Mohr-Coulomb 

5 Base ground under toe of slope 4×102 1.0 20 
Elastic-perfectly plastic 

Mohr-Coulomb 
 

 
Fig. 12. Observed cracks in slope 
 
To examine the effectiveness of the countermeasure to the 
landslide, FEM analysis was performed. In this analysis, the 
shear strength reduction method (SSRM)8) was used to 
investigate the critical slip circle of the slope. The analysis 
model and the parameters of the ground material are shown in 
the Fig. 13 and Table 2, respectively. The results of 
unconfined compression tests with CS30-1, which examined 
the long term strength, were used to estimate the cohesion of 
the improved soils. In addition, the result of a triaxial 
compression tests was used to identify the internal friction 
angle of the improved soil. The internal friction angle of 
Improved Soil 1 was used in the model, with a measure of 
underestimation to account for the ground water present in the 
slope. Other parameters for the ground materials were 
decided by analysis, which continued until similar 
deformation was obtained.  
The results of the FEM analysis, which expressed the 
distribution of the maximum strain increment obtained by 
SSRM, are shown in Fig. 14. The critical slip surface was 
confirmed through the upper side of the embankment made 
by the construction generated soil and down to the toe area of 
slope. Furthermore, the largest strain was generated in the 
base ground at the toe area of the embankment. This indicates 
that the crack was caused by differential settlement of the 
foundation. After countermeasures were installed using 
improved soil, however, there was no definite slip circle in 
the slope. 

 
(a) Analysis model at sliding 
 

 
(b) Analysis model of countermeasure 
 Fig. 13. Analysis model of the ground 

 
(a) Result of analysis at slide 
 

 
(b) Result of analysis after countermeasure 
Fig. 14. Distribution of maximum strain 
 

5.2 Dike of regulating reservoir 
 
The improved soil was also suitable for constructing a dike 
for a regulating reservoir because of its low permeability, as 

already mentioned in 2.2. The photo of dike under 
construction is shown in Fig. 15. In the 2 years since 

construction, no remarkable deformation has been observed. 
Further observation is continuing, watching for changes, 

including deformation and collapse. 
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Fig. 15. Dike of the regulating reservoir during construction  
 

6 CONCLUSION 

In this study, a series of soil test were carried out to estimate 
the performance of granulated construction waste sludge 
when mixed with quicklime. Furthermore, a case study of the 
improved soil when used in two soil structures was described. 
The conclusions of this study as follows:  
 

1) The estimated strengths of improved soil can be estimated 
based on the mixing ratio of lime to dried sludge and the cone 
index of the improved soil just after treatment.  
 
2) The improved soil must be cured to fully strengthen the 
sludge since the increased strength of improved soil depends 
on a low water content and can easily be reduced with 
saturation by rainfall. 
 
3) The improved waste sludge is applicable for some soil 
structure, for instance, as counterweight fill to prevent slope 
failure and forming a dike for a reservoir. The granulated 
construction waste sludge has a low permeability and large 
strength while being easily formable. 
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ABSTRACT: In this paper, some aspects of OBRM (Optimum Batching 
Ratio Method) and OPMCS (Optimum Mechanical & Chemical 
Stabilization) in-situ based stabilization techniques, which have been 
scientifically developed and successfully applied for the design and 
construction of runway and highway pavement structures in East and Central 
Africa, are introduced through experimental data analysis. 
Quantitative analyses are carried out to show how the improved mechanical 
stabilization and reduction in voids (densification) by accelerated particle 
agglomeration, through the application of OBRM and OPMC respectively, 
contribute significantly to the enhancement of bearing capacity, strength and 
deformation resistance of the composite geomaterials. 
It is then demonstrated, through comparative analysis of the enhanced 
geotechnical engineering properties in respect to the cost aspect ratio and 
enhanced geotechnical engineering properties, that these techniques are 
highly cost-time-maintenance-effective whilst contributing to environmental 
conservation due mainly to the reduction in the quantities required for 
construction and length of access roads to borrow pits in comparison to the 
conventional and traditional methods of design and construction. 

 
Keywords: OBRM, OPMCS, Geomaterial, Strength and 
deformation resistance, Design and construction 

1. INTRODUCTION 

1.1 Geomaterial Constraints in Design and Construction 

In most parts of the world and, developing countries in 
particular, engineers are constantly faced with the major 
challenges of designing, constructing and maintaining 
pavement structures with limited financial resources. On the 
other hand, for the fulfillment of the acceptable construction 
standards, traditional design and construction practices 
require high-quality geomaterials which are usually 
expensive and mostly involve long haulage distances thereby 
increasing the period of construction and, most of all, the 
project cost. Due to these constraints, engineers are often 
forced to seek alternative designs that are innovative enough 
to allow for the use of substandard geomaterials, which, in 
singularity, are mostly deficient in mechanical stability and 
other geo-properties but are, however, readily available for 
the construction of most layers of the pavement and other 
geo-structures such as embankments and bridge abutments. 

1.2 Brief Introduction of OBRM and OPMCS 
Technologies 

In their natural state, most geomaterials are usually deficient 
in one or more of the particle fractions required. 
Consequently, mechanical stabilization plays an important 
role in achieving a pavement structure which, under loading 
conditions, is appreciably resistant to shear and deformation. 
In developing the Optimum Batching Ratio Method (OBRM), 
[1] considered that; such geomaterials would have a particle 

 
 

size distribution that tends towards a correctly proportioned 
ratio that would yield optimum density and adequate strength 
to resist stress-induced deformation.  
 
(1)  Optimum Batching Ratio Method (OBRM) 
The OBRM is a mechanical stabilization method that was 
odeveloped on geo-scientific basis. Based on this method, the 
blending of two otherwise structurally inferior geomaterials 
with different characteristics can be achieved at optimum 
proportionate levels thereby enhancing the vital geotechnical 
engineering properties such as mechanical stability, bearing 
capacity, strength and deformation resistance [1], [2]. 
 
(2)  Optimum  Mechanical and Chemical Stabilization 

(OPMCS) 
OPMC is the combination of optimum mechanical batching 
(OBRM) and optimum chemical mixing of, and into 
geomaterials with varying properties [3], [4].  
These methods have been practically applied for the design 
and construction of various civil engineering projects in East 
and Central Africa and have been proven to: 1) promote 
cost-effective use of otherwise relatively inferior 
geomaterials, whilst ensuring the achievement of sound 
geotechnical engineering structures; 2) contribute immensely 
to environmental conservation through the reduction in use of 
borrow and/or extruded geomaterials; 3) provide partial 
solutions to problematic soils, and; 4) realize significant 
reduction in the requirements of chemical stabilizers. 

2. METHODS OF TESTING AND ANALYSIS 

2.1 Laboratory and In-situ Testing Testing 

Details of the standard and innovative laboratory and in-situ 
testing regimes and methods are discussed in [5]-[9]. 
Experimental testing was undertaken on soil samples from, 
and in-situ, in five different countries in East and Central 
Africa namely; Southern Sudan, Ethiopia, Burundi, Tanzania 
and Kenya. 

2.2 Full Scale Experimental Testing Sections 

Full-fledged field experimental sections with varying 
pavement structural configurations were designed and 
implemented as reported in [6]-[10].   

2.3 Main Analytical Functions Adopted 

The fundamental theories and concepts adopted for the 
comprehensive analysis are discussed in detail in [4], [10], 
whilst some of the basic functions are introduced in this 
section. The analytical functions were derived to characterize 

Analysis of Enhanced Strength and Deformation Resistance of Some Tropical 
Geomaterials through Application of In-situ Based Stabilization Techniques 
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the impact of environmental factors on the performance of the 
road pavement, evaluate the change in the intrinsic material 
characteristics influenced by the nature, mode and degree of 
stabilization coupled with the reciprocal impact and intensity 
of loading [4] and [10], [11]. 
The relations applied for comprehensive Quality Control 
(QC) of OBRM and OPMC stabilized ground and 
geomaterials are also proposed in [11]. 

(1) Analysis of Mechanical Stability, Bearing Capacity, 
Shear Strength and Deformation Resistance 

The analyses for mechanical stability, strength and 
deformation resistance were made based on various equations 
[1]–[4] and [10]. Some of the principle relations adopted in 
the analysis of this Study are presented in (1) ~ (11). 
Quantitative analysis of the contribution of enhanced 
mechanical stability due to OBRM stabilization was 
undertaken by applying (1) to (5).	

161.exp  MS
f
S AM

                                                        (1) 

when η ≥ 0.5 
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                    (2) 

when 0 < η < 0.5 
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                              (4) 

when, 0 < η < 0.5 
f

SBN MA
CB exp

                                              (5)                                                

where, Mୗ	
 is the Mechanical Stability (MS) factor, and for 

this case, AMS is the MS constant=178.6, η is the gradation 
index=log0.01P/log(d/dmax), MS

ideal=100% for non-stabilized 
geomaterial, BC is the bearing capacity factor, ABC is the BC 
constant=130, AGI is the grading index constant=60, 
BC

ideal=100% for non-stabilized geomaterial, δ=BC-MS 
correlating constant=24.7 and ABN =BC-MS constant=0.014.  
The contribution of particle agglomeration in enhancing 
strength and elastic modulus due to cementation is 
quantitatively analyzed from (6). 
 

௫ݍ ൌ ݈݊ܽܣ  ௫ݍ                                        (6)                                                   

 
where, ݍ௫  is the maximum shear strength, ܣ ൌ 1.06 is a 

material constant and ܽ  is the agglomeration factor 

computed from the level of OPMC related factors. 
On the other hand, the effective angle of shearing resistance 
 :ᇱ is computed asߔ

ᇱߔ ൌ ఃܣ ܽ
ଶ  ఃܽܤ  ᇱߔ

                                    (7)                                      

where,  ܣః ൌ 0.05 and ܤః ൌ 0.95 are geomaterial constants. 
Based on UCS testing of OPMC specimens, ߔᇱ is determined 
from (8). 
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where, (qu)max values are expressed in kN/m2 and ANf, Af, Bf  

are experimentally determined geomaterial constants. 
On the other hand, under triaxial conditions considering that 
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The elastic stiffness ܧ௫ of OPMC stabilized Geomaterial 
taking into account the particle agglomeration effects, is 
quantitatively analyzed from: 

௫ܧ ൌ ாெܽܣ
ଶ  ாெܽܤ  ௫ܧ                       (10) 

 
where,  ாெܣ ൌ ாெܤ	݀݊ܽ	62.4 ൌ 690  are geomaterial 
constants. ܧ௫ is measured and/or expressed in MPa. 
Estimation of the linear elastic range or initial yield surface is 
made from (11). 
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where, ϕELS is a function of the deformation modulus E50 with 
respect to the initial (Elastic) modulus, ܧ௫ and A is a 
constant depending on the physical properties of the  
geomaterial. 

3. ANALYSIS AND DISCUSSIONS OF TEST 
RESULTS 

3.1 Tabulated Summary of Some Typical Test Results 

 
Tables 1 and 2 present a tabulated summary of some typical 
results based on laboratory and in-situ experimental testing 
reported in this Study. Table 1 is a summary of the basic 
physical and mechanical parameters for non-stabilized 
geomaterials, while part of the measured shear strength and 
elastic modulus data is presented in Table 2. 
The results in table 1 show that: 1) the basic physical and 
mechanical lateritic soils from different countries vary 
drastically (the same was observed for lateritic materials 
sampled from different locations in the same country); 2) the 
relatively fine graded Kenyan lateritic gravel exhibits rather 
superior bearing capacity, shear and deformation resistance 
properties when compared to the relatively coarse graded one 
from Burundi; attributable to the superior mechanical 
stability of the former [10]; and, 3) the degree of influence

  of MDD and OMC depends on properties of  the geomaterial. 
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Table 1 Summary of basic physical and mechanical geo-properties of non-stabilized geomaterial 

 
Table 2 Summary of shear strength and elastic modulus of OBRM and OPMC stabilized geomaterials 

It can further be noted from Table 1 that the Mechanical 
Stability (MS) is higher for the Kenyan gravel than the 
Burundi one. It can therefore be inferred that MS is the 
contributing factor to the enhanced shear and deformation 
resistance properties. A graphical summary of part of the 
results presented in Table 2 is made in Fig. 3.4. 

3.2 Shear Strength 

(1) OBRM Characteristics 
A typical graphical representation of OBRM shear strength 
characteristics is presented in Fig. 3.1. 

 

 
Fig. 3.1. Graphical representation of OBRM shear strength 
characteristics of geomaterials sampled from the swampy 
Sudd Plains in Jonglei, Southern Sudan. 

In this case, the Optimum Batching Ratio (OBR) was 70:30 in 
percentage terms of relatively expansive Sandy Clay : Sand. 
The original sand content in the sandy clay was 
approximately 12%. This exercise was part of the Basic 
Design (BD) study for pad foundations for oil drilling rigs. 
It can be noted from this figure that, as the batching 
proportionate tends towards to an optimum value, the shear 
strength is enhanced accordingly notwithstanding the inferior 
quality of the base material. 
 
(2) OPMCS Characteristics 
The OPMCS shear characteristics for specimens subjected to 
varying modes of stabilization, soaking and curing conditions 
are depicted in Fig. 3.2. The testing regime was specifically 
designed to investigate the rate of particle agglomeration for 
different batching ratios and types of chemical agents. 
OPMC-co implies the geomaterials that were batched at 
ratios of OBRM, i.e.,  50:25:25; Lateritic-Quartzic Gravel : 
Coarse Aggregate : Fine Aggregate with an addition of 20% 
by weight of Portland Cement (PC), while OPMC-cl refers to 
similar OBRM ratios but with an addition of 14% PC and 6% 
Hydrated Lime (HL). 
Analysis of the OPMC stabilized Juba gravel indicates that 
the following derivations can be made: 1) the development of 
most strength and deformation resistance is realized within 
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Tanza-
nia 

Songw
e 

Pozzolanic 1780 14.5 12.6 0.26 2.03 6.4 0.16 61 48.3 1.571 58 1.40 29.8 1467 

Kenya Isiolo Fine Graded 
Lateritic Gravel 

1486 19.1 15.3 0.36 2.36 11 0.53 53.3 45.3 1.562 52 1.23 28.6 1216 
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Jonglei Sandy Clay 0.27 125 0.52 301 1.28 1244 1.66 1880 2.59 3388 2.83 3504 
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Gravel 
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Lateritic 
Gravel 
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2.30 
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2.97 

 
5110 

 
3.87 

 
5651 

 
4.71 

 
6089 

 
5.63 

 
6516 
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the first three days (also ref. to Fig. 3.3); 2) It can be noted 
that, in this case, the OPMC-cl attains the commonly 
specified strength of qu ≥ 30kgf/cm2 after only three days of 
curing while the OPMC-co will have attained 65% of the 
required strength within the same period, and; 3) the inclusion 
of lime seems to accelerate the particle agglomeration 
mechanism by a significant magnitude. This mode of 
stabilization can therefore be effectively applied for 
geo-structures that require enhanced development of bearing 
capacity, strength and deformation resistance within a short 
period of time hence reducing the construction time. 
 

 
Figure 3.2 OPMC-cl and OPMC-co Stress – strain relations 
for varying curing and soaking conditions for specimens 
constituent of geomaterials sampled in Juba, Southern Sudan. 

3.3 Initial Deformation Resistance (Elastic Modulus) 

The investigation results on the influence of curing period in 
relation to the initial deformation resistance are graphically 
plotted in Fig. 3.3 for the two modes of stabilization 
introduced in this Study. It can be observed that: 1) as the 
curing period prolongs, the development of the elastic 
modulus mildly tends towards a residual state; 2) in general, 
the rate of strength and deformation resistance is higher for 
the OPMC-cl specimens compared to the OPMC-co ones; 
and, 3) the addition of lime enhances the rate of development 
of the deformation resistance immensely.  
 

 
Figure 3.3 Effect of curing period on the elastic modulus of 
OPMCS geomaterials – Juba, Southern Sudan. 

3.4 Graphical Summary of OBRM/OPMCS Shear 
Characteristics 

The graphical summary of OBRM/OPMCS shear 
characteristics subjected to different modes of stabilization 
for varying tropical geomaterials sampled from a number of 

countries in East and Central Africa is presented in Fig. 3.4. 

 
Figure 3.4 Summary of shear strength enhancement based on 
different modes of stabilization for varying tropical 
geomatrials 
 It can be derived from Fig. 3.4 that: 1) response to the mode 
of stabilization depends on the intrinsic properties of the 
geomaterial; 2) the magnitude and rate of increase in the shear 
strength varies with the mode of stabilization; 3) the rates of 
increase in the magnitude of shear strength are virtually 
uniform for the Addis Graded Crushed Aggregate and 
Songwe Pozzolana; and, 4) shear strength enhancement is 
dependant upon the degree/level and mode of stabilization. 

3.5 Combination of OBRM/OPMCS and Geogrid 
Reinforcement 

The quantitatively analyzed effects of soil particle 
agglomeration on the Unconfined Compressive Strength 
(UCS) for varying modes of stabilization are depicted in 
Figure 3.5. The results were adopted in the Detailed Design 
(DD) of the runway pavement, aprons, taxiway and parking 
for the Isiolo Airport located in the North Eastern Province of 
Kenya, which is to be upgraded to international standards [8]. 

 
Figure 3.5 Enhanced strength resulting from particle 
agglomeration for varying modes of stabilization [12]. 
It can be noted from this figure that: 1) the UCS is 
significantly enhanced as the soil particles agglomerate 
progressively with time particularly for the cemented 
geomaterial, 2) soil particle agglomeration is dependent on 
the mode of stabilization, 3) the effects of geogrid 
reinforcement are more noticeable with increased 
agglomeration possibly due to the influence of confinement 
in increasing the degree of interlocking of particles 
culminating in reduction of voids ratio and, 4) the degree of 
soil particle agglomeration is higher under OPMC 
stabilization in comparison to geogrid reinforcement thus 
further confirming the theory that, in comparison to other 
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influencing factors, cementation processes have greater  
impact on agglomeration mechanisms . 

4. CONTRIBUTION OF OBRM/OPMCS TO 
ENVIRONMENTAL IMPACT MITIGATION 

In this Study (ref. to Fig. 4.1) as well as [6]-[10], the results 
have shown that through the application of the OBRM and 
OPMCS technologies:   1) reduction of  volume of materials 
used by approximately 40% is achieved in most cases; 2) less 
disturbance of land for borrow pits; 3) reduced amounts of 
disposable soil during construction; 4) reduced risk of 
collapse of geo-engineering structures and; 5) 
environmentally friendly due to; utilization, as much as 
possible, of locally available material and reduction of dust,  
distances (lengths of access roads) to borrow pits, geomaterial 
quantities required and land acquisition, among other factors. 
Whilst developing these methods, comprehensive appraisals 
and environmental assessments that would lead to sustainable 
development with minimal negative environmental impacts, 
were undertaken [11]. 
The example depicted in Fig. 4.1 was part of the design for 
Wau~Abyei Trunk road constructed in the northern oil fields 
of Southern Sudan. 

 

 
Figure 4.1 Contribution of OPMCS to reduction of 
environmental impacts of road works [11]. 
A summary of the approach, considerations and contribution 
of OBRM and OPMCS from an environmental and 
geotechnical engineering perspective are discussed in [11]. 

5. EVALUATION OF CONSTRUCTION AND 
MAINTENANCE REQUIREMENT RATIOS 

The comparative evaluation and analysis of the construction 
and maintenance requirement ratios expressed in terms of 
enhanced structural soundness, cost and time savings, was 
undertaken for the recently constructed Songwe International 
Airport located in the Southern part of Tanzania [8]. 
The results of three varying design options are shown in Figs. 
5.1 ~ 5.6. OPTION1 (Reviewed) is the design that adopted 
the OBRM/OPMCS technologies reported in this Study. 

5.1 Quantitative Analysis of Structural Performance 

Figs 5.1 and 5.2 clearly show that the OBRM/OPMCS 
technologies significantly enhanced the structural capacity 
and deformation resistance of the pozzolanic geomaterials 
exhibiting far more superior geo-properties of the composite 
pavement structure in comparison to the other designs. 

 
Figure 5.1 Quantitative derivation of OBRM/OPMCS 
enhanced structural capacity performance. 

 
Figure 5.2 OBRM/OPMCS enhanced initial deformation 
resistance analysis in terms of elastic stiffness measured in 
in-situ in MPa. 

5.2 Cost Aspect Ratio for Construction 

The cost aspect ratio was computed mainly on the basis of: 1) 
reduction in the material quantities required; 2) reduction in 
construction time; 3) enhancement ratio of the structural and 
mechanical components in relation to the achievement of a 
sound geo-structure, and; 4) maintenance requirement ratio. 

 
Figure 5.3 Reduction in construction time due to application 
of OBRM/OPMCS technologies. 
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As can be inferred from the results depicted in Figs. 5.1~5.5, 
application of OBRM/OPMCS ensures the achievement of 
the stipulated objectives by an appreciable margin. 

 
 
Figure 5.4 Significant reduction in construction cost as a 
result of OPMCS (shown in blue: approx. 40% reduction). 

5.3 Maintenance Requirement Ratio (MRR) 

The computation of the MRR was made from (12) based on 
the results of the SCDR [8] model by adopting the TA over an 
initial reference loading period Nt and Design Life, 
(DL=20years). 
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Figure 5.5 Analytical results of the Maintenance Requirement 
Ratio (MRR). 

5.4 Summary of Overall Performance 

A summary of the overall performance of the three pavement 
structures based on the varying designs is presented in Fig. 
5.6. It can be noted that OBRM/OPMCS excels in all cases. 
 

 
Figure 5.6 Summary of performance of the varying designs 
and technologies 

6 CONCLUSIONS 

The analysis of the performance of some recently developed 
in-situ based stabilization techniques have been reported in 
this paper for varying tropical geomaterials from five 
different countries of the East and Central African Region. 
It has been demonstrated in all cases that the OBRM/OPMCS 
technologies contribute significantly to not only the 
enhancement of the geotechnical engineering properties that 
are vital in design, but also in achieving immense 
construction cost and time savings as well as minimum 
maintenance requirements. 
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ABSTRACT: The prediction of heave for pavements based on 
expansive subgrades requires knowledge of the percentage 
expansion expected at each depth at which the absorption of water 
takes place until equilibrium moisture is obtained under a controlled 
suction state. This heave prediction necessitates knowledge of the 
swell-pressure characteristics of the given clay stratum, data that are 
usually obtained from laboratory tests on undisturbed clay samples. 
It has been demonstrated in regard to 352 local undisturbed samples 
under ASTM 4546 testing that a general swelling model can be 
employed that predicts the percentage of swell under a given vertical 
pressure exerted on clay characterized by basic parameters. The 
present paper, too, deals with the development of the general 
swelling model, but this time for 674 local CBR remolded samples 
soaked in water and subjected to swell under a given surcharge 
pressure for a period of 4 days. The paper concludes with a 
comparison of these two general models. 
 
Keywords: CBR, expansive-clay, heave, suction, swell.   

1. INTRODUCTION 

A considerable proportion of roads and railways are based on 
swelling-clay subgrades. Thus, it is important to assess the 
rates of heave expected to occur as a result of clay activity in 
any given alternative that defines the design solution for 
pavement or railway-bed structures. This assessment is based 
on a swelling model that links the rate of vertical swell with 
the clay’s characteristics, combined with the rate of the swell 
pressure (i.e., rate of the vertical pressure to obtain a zero rate 
of vertical swell). 
The reliability of the aforementioned heave assessment 
depends on, among other things, the reliability of the swelling 
model (also known as the general swelling model) used in the 
prediction. This swelling model refers to undisturbed samples 
subjected to ASTM 4546 Method B testing for rates of 
vertical swell and ASTM 4546 Method C testing for rates of 
vertical swell pressure. Thus, it is only natural to have an 
interest in updating this model with the accumulation of 
additional test results over time. This paper presents such an 
update, while comparing its output with previous results. 
In addition, it is important to determine the rate of the 
remolded vertical swell ratio, defined as the ratio of the 
vertical swell rate obtained in remolded clayey samples to the 
vertical swell rate obtained in natural (undisturbed) clayey 
samples. Obviously, this definition refers to equal conditions 
of moisture, density, and consistency limits for both remolded 
and undisturbed materials. The rate of the remolded vertical 
swell ratio is reflected in the heave prediction for the clayey 
horizontal strips that were processed and compacted on site. 

 
 

The rate of the remolded vertical swell ratio is determined, 
obviously, by conducting specific vertical swell and 
swell-pressure tests on undisturbed and remolded samples for 
a given project. This paper, however, concentrates on the 
development of an additional swelling model for local CBR 
remolded samples soaked in water and subjected to swell 
under a given surcharge pressure for a period of four days. 
This additional swelling model is based on the same 
regression analysis used for the development of the general 
swelling model referred to above. Finally the paper concludes 
with a comparison of the these two models, one for 
undisturbed samples tested according to ASTM 4546, and the 
second for compacted samples in CBR molds after four days 
of soaking in water. 

2. OLD GENERAL SWELLING MODELS 

The first Israeli general swelling model was published in 
1969 [1]. This model introduces a statistical relationship 
between the swell pressure (Po), in kPa, and the following 
parameters characterizing the undisturbed clay samples: 
liquid limit (LL) in percentages, moisture content (W) in 
percentages, and dry density in kN/m3. The general 
formulation of this model is as follows: 

log (Po/98.07)=ao+aLLLL+aWW+ aD(D/9.81) (1) 

In (1), ao, aLL, aW, and aD denote the regression coefficients of 
four independent variables. Their values are given in the row 
labeled "[1]" in Table I. In this row, the coefficient of 
determination (R2), taken from [1], is also presented. Table I 
also contains the regression coefficients published in 1985 [2]. 
These coefficients were determined for the same 125 samples 
as in [1] through a semi-statistical analysis, which assumed that 
the ratio aW/aD had a fixed value of 0.04. Obviously, no value 
can be determined for R2 in such an analysis. 

Table I: Regression coefficients of (1) and its R2 

R2 
Regression coefficients of (1) 

Ref.

ao aLL aW aW 

0.36*–2.13200.0208 –0.0269 0.6650[1] 

--- –2.00000.0200 –0.0400 1.0000[2] 

0.38–1.88230.0202 –0.0248 0.6582[N]

* The value of ao published in [2] as a quotation from [1] is 
surprisingly different: –1.868.  

For the current study, a new multiple linear regression 
analysis in the form of (1) was performed for the same 125 
undisturbed samples. The results are listed in the row labeled 
"N" in Table I. This analysis yielded a standard error (SE) of 
0.48. The significance of this value is that 68 percent of all 
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predictions from (1), together with the data of row "N" of 
Table 1, are expected to be accurate within a range of 10-0.48 
(i.e., 1/3) to 100.48 (i.e., 3) times the value calculated. Similarly, 
95 percent of these predictions are expected to be accurate 
within 0.1 up to 9 times the calculated value. Both these ranges 
indicate the existence of an extensive dispersion characterizing 
the measurement results, as do the low value obtained for R2. In 
addition, it is important to emphasis that the results listed in 
row "N" in Table I are not fully identical with those obtained 
by [1]. Fig. I shows the gaps associated with these outputs. 
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Figure 1. Display of the gaps in swell-pressure outputs 
following (1) and the coefficients of Table I for the data shown  

In Fig. 1, PL=20%, 25% and 30% for LL=50%, 70% and 90%, 
respectively. For these data, the figure shows that the gap 
between the current regression and the original regression 
described in [1] is substantial. The ratio obtained for the 
original regression outputs to the current regression outputs is 
about 0.6. It is possible that this inexplicable gap may be due 
to the existence of possible typing errors in the data published 
in [1]. As for the regression presented in [2], the gap obtained 
is not constant, and the ratio varies from 0.6 up to 1.3. 
In contrast to [1], the predictions of vertical swell rates (Sp) 
are given for the first time in [2]. For these predictions, Sp (in 
percentages) depends on the applied vertical pressure, Pp (in 
kPa), and the defined characteristics of the undisturbed clay 
samples. The formulation of the relevant equation is as 
follows: 

Sp=–3.683(Po/98.07)log(Pp/Po) (2) 

In (2) the value of Po is determined from both (1) and the data 
of the row labeled "[2]" in Table I. Here it is important to note 
that the factor of -3.683 that appears in the equation is 
determined after the analysis of a series of empirical 
relationships reported in the technical literature. The value of 
this factor, unfortunately, did not receive any verification 
from requested local laboratory tests, and hence this also is an 
indication of its weakness. 

3. NEW GENERAL SWELLING MODELS 

Reference [3] presents the new swelling model, based on a 
multiple linear regression performed on 352 new local 
swelling test results obtained for undisturbed samples taken 

from different sites in Israel. The regressive equation 
obtained is as follows:  

Sp=–20.926+9.304log(LL)–1.948W/PL+ 
+4.250(D/9.81)–2.352log(Pp/98.07)  (3) 

For this regression, the R2 value obtained is 0.36, and the SE 
value is 1.49%. In other words, 68 percent of all predictions 
from (3) are expected to be accurate within ± 1.49%, and 95 
percent of these predictions are expected to be accurate within 
± 2.98%. Fig. 2 depicts (3) graphically for the clay data 
shown in the figure. For comparison purposes, this figure also 
includes a graphical representation of (2) for the same clay. 
Finally, the figure indicates that (3) leads to excessive values 
for the swell pressure. 
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Figure 2. Graphical comparison of three calculated variations 
of ASTM vertical swell rates with vertical pressure for the 
data shown 

The same 352 undisturbed samples were also used to 
determine the direct dependence of the variables in the same 
manner described in (1) and (2). This was performed with the 
Excel-Solver command, leading to the following two 
equations: 

log(Po/98.07)=–3.256+1.540log(LL)– 
–0.537W/PL+0.738(D/9.81) (4) 

Sp=–1.872(Po/98.07)log(Pp/Po) (5) 

The SE value associated with the development of these two 
equations is 1.45%, which is lower than that associated with 
the development of (3): i.e., 1.49%. In addition to this 
advantage, another advantage of the model formulated in (4) 
and (5) is that they produce reasonable swell-pressure values 
similar in principle to those obtained from the equations in [2]. 
For this issue, see also the numerical example in Fig. 3. All 
these facts serve as a necessary justification for replacing the 
LL independent variable by log(LL), and the W independent 
variable by W/PL. 
Furthermore, it is worthwhile examining the justification for 
using (4) and (5), in which the LL independent variable has 
been replaced by log(LL) and the W independent variable by 
W/PL in the following way. First, there is need to formulate 
two new equations with the aid of the Excel-Solver command 
for the 354 new undisturbed samples. This formulation, 
which is obviously based on the same structure as (2) and (3), 
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leads to the following two equations: 

log(Po/98.07)=–0.8936+0.0100LL– 
–0.01576W+0.5251(D/9.81) (6) 
Sp=–1.4836(Po/98.07)log(Pp/Po) (7) 

It should be noted that (6) and (7) yield an SE value of 1.52%. 
A graphical comparison of (4) and (5) (in which the 
independents variables are, among others, log (LL) and 
W/PL) with (6) and (7) (in which the independents variables 
are, among others, LL and W) is presented in Fig. 3 for the 
data shown. This graphical representation also contains the 
two equations given by [2]. 
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Figure 3. Additional graphical comparison of three calculated 
variations of ASTM vertical swell rates with vertical pressure 
for the data shown 

Figure 3 indicates that the use of the independent variables of 
log (LL) and W/PL leads unexpectedly to a stronger effect of 
the liquid limit on the vertical swell rate than that of the 
independent variable of LL and W. In fact, this result is more 
nearly similar to the original equations presented by [2]. 
Finally, it is also important to note that the preference for 
replacing W with W/PL arises from the fact that the 
acceptable characteristic of the moisture state that determines, 
among other properties, the intensity level of the swelling 
potential is W/PL [5]. 
In addition, the preference for the independent variables of 
log (LL) and W/PL on LL and W, respectively, also derives 
from the following comparison of the SE values: 1.45% 
associated with (4) and (5), and 1.52% associated with (6) and 
(7). Finally, it can be concluded from the comparisons 
presented in Fig. 2 and Fig. 3 that (4) and (5) are the most 
appropriate to serve as the updated equations to define the 
general swelling model in relation to the older equations 
described in [2]; this is due to the fact that (4) and (5) yield 
higher results than do (6) and (7), thus giving the former pair 
of equations the benefit of the factor safety.  

4. NEW CBR GENERAL SWELLING MODEL 

Reference [4] describes several predicting models of the 
vertical swell rates measured in local CBR molds. The 
samples of these molds are soaked in water and subjected to 
swell under a given surcharge pressure for a period of 4 days. 

Obviously, these vertical swell rates are related to compacted 
(remolded) material. At this juncture it is important to note that 
all the CBR swelling models of [4] do not belong to the same 
formulation family of the new general swelling models as 
expressed in (4) and (5). Thus, there is a need to formulize a 
new CBR general swelling model with a similar formulation of 
the above equations. Performing the Excel-Solver command 

on the local 674 samples led to the following two equations: 
log(Po/98.07)=–0.8002+0.8625log(LL)– 
–0.9370W/PL-0.0711(D/9.81) (8) 

Sp=–6.0347(Po/98.07)log(Pp/Po) (9) 

where Sp denotes the CBR vertical swell, in percentages; Pp 
denotes the vertical surcharge pressure, in kPa; LL denotes 
the liquid limit, in percentages; PL denotes the plasticity limit, 
in percentages; W denotes the water content, in percentages; 
and D denotes the dry density, in kN/m3. 
The SE value obtained for these two equations is 1.406%. 
Here it should be noted that these two equations lead, contrary 
to what was expected, to decreased values of Sp with 
increasing values of D. This behavior stems from the way the 
CBR test is conducted. As we know, the CBR molds are 
soaked in water for four days, an operation that does not 
ensure the complete saturation of the sample, unlike in the 
standard ASTM 4546 testing. 
In the CBR mold, the sample saturation occurs only at its top, 
the depth of this saturated strip depending on the rate of the 
water flow. When the dry density of the sample increases, the 
rate of flow deceases, thus leading to decreasing thickness of 
the top of the swelling strip. Therefore, the combination of this 
thickness reduction, which acts to decrease Sp, and the 
increasing potential for swelling that occurs with increased dry 
density creates the final balanced phenomenon in accordance 
with the weighting influence of these two magnitudes. As 
noted, this final phenomenon consists of a decline in the rate of 
heave of the sample and, hence, in the rate of vertical swell. In 
any case, the impact of D input on Sp output in (8) and (9) is 
secondary as will be demonstrated later in this section. 
To illustrate the issue of differences in the depth of the 
saturation in the CBR molds after four days of soaking, Fig. 4 
presents the relationship between the difference in moisture 
content of the top 1 inch of the sample from that of the total 
sample (both after four days of soaking in water) as seen with 
the ratio of the molding water content to the plasticity limit of 
the clay. This figure refers to swellings of clay samples taken 
from seven different locations in the area of Israel’s major 
airport.  
Fig. 4 shows that the difference in wetting after soaking the 
CBR samples in water depends on the ratio of the molding 
moisture content of the clay to its plasticity limit. With an 
increasing moisture-content ratio, the rate of the difference in 
wetting indicates a decrease. In the same manner, Fig. 5 
depicts the relationship between this difference in wetting and 
the sample's dry density multiplied by the expression 
(1+PL/100). The figure refers to the same clay samples as in 
Fig. 4. With an increasing rate of dry density, the rate of the 
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difference in wetting is also shown to increase; however, this 
occurs only when the upper swelling thickness apparently 
decreases.  
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Figure 4. Difference in moisture content of the top 1 inch from 
that of the total sample (both after 4 days of soaking) with the 
ratio of molding water content to the plasticity limit of the clay 
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Figure 5. Difference in moisture content of the top 1 inch from 
that of the total sample (both after 4 days of soaking), with dry 
density multiplied by (1+PL/100)  
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Figure 6. Comparison of rate of vertical CBR swell according 
to (8) and (9) with that according to (10) and (11) for the data 
shown in the figure  

Now, in order to neutralize the opposite effect of the 
dry-density input on the output of the vertical swell calculated 

value, it is necessary once again to implement the 
Excel-Solver command. This time, implementation should be 
without the dry-density variable; such an implementation 
leads to the following two equations:  

log(Po/98.07)=–1. 0099+0.93023log(LL)– 
–0.9409W/PL (10) 

Sp=–5.5283 (Po/98.07)log(Pp/Po) (11) 

The value of SE obtained for these two equations, 1.409%, is 
very similar to that obtained for the previous two equations. 
Also, the difference in the predictions of the vertical swelling 
rate, which derived from (8) and (9) minus that derived from 
(10) and (11), is low. For the numerical examples of Fig. 6, 
this difference is about 10% or less for the range of a 2% 
vertical swell rate and higher. 

5. COMPARISON OF CBR AND ASTM MODELS 

Fig. 7 presents a graphical comparison of the swelling models 
calculated from the outputs of the Excel-Solver command 
performed on the test results of (a) 674 CBR samples as 
expressed in (10) and (11) and (b) 352 undisturbed samples of 
the ASTM testing as expressed in (4) and (5), the latter 
serving as the local general swelling model. This comparison 
includes the old general swelling model taken from [2]; i.e., 
(1) and (2) together with the data of row "N" in Table I.  
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Figure 7. Graphical comparison of CBR swelling model 
obtained from (10) and (11) with that of ASTM obtained from 
(4) and (5), including [2] 
The aforementioned comparison refers to a dry density of 15 
kN/m3 and a ratio of moisture content to plasticity limit of 0.8. 
Fig. 7 shows that the predicted swell-pressure rates of the 
CBR remolded samples obtained from (8) and (9) are lower 
than those of the undisturbed ASTM samples obtained from 
(4) and (5). Here, it is important to note that the acceptance of 
this finding should be of a limited nature, as the behavior of 
the CBR swelling model beyond the surcharge pressure rates 
of 10 up to 20 kPa stems from the fact of their being in the 
extrapolation zone of the experimental data. To recall, 
surcharge pressure rates of 10 up to 20 kPa were applied in 
the CBR tests of [4]. 
Fig. 8 presents a variation of the ratio of measured vertical 
CBR swell to the predicted vertical ASTM swell according to 



 

261 
 

 

(4) and (5) with the variation in measured vertical CBR swell. 
The figure contains ratio values for three suction levels for 
which the vertical swell rate was calculated using (4) and (5). 
The logic of including two suction levels together with 0.0 
kPa is the possibility that after four days of soaking in water, 
the CBR sample will not reach a full saturated state, thus 
leading to a residual suction value in the sample. To recall, a 
residual suction value of 30 kPa exists in a clayey subgrade 
when, covered by a standard asphalt pavement, it reaches an 
equilibrium state of excess moisture absorption [5], [6]. 
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Figure 8. Variation in the ratio of the measured vertical CBR 
swell to the predicted vertical ASTM swell according to (4) 
and (5) with the variation in measured vertical CBR swell 

Fig. 8 shows that the value of the slope of the line of variation 
decreases with the increase in the suction level. This fact 
indicates an increase in the frequency of cases in which the 
swell ratio (as defined previously) is greater than 1.0. For a 
suction value of 0.0 kPa, the majority of the measured points 
is below the swell ratio of 1.0. Finally, the conclusion to be 
derived from Fig. 8 is that the vertical swell rates of remolded 
samples are higher than those of the undisturbed samples, 
provided that the final suction level in these two kinds of 
samples is identical. 

6. COMPARISON OF CBR SWELLING MODELS 

As stated in Section 4, all the CBR swelling models of [4], 
which are based on the swelling results of 674 remolded 
samples, do not belong to the same formulation family of new 
general swelling models as expressed in (3) or (4) and (5). 
Thus, it is interesting to compare these models with that 
developed in the present paper in Section 4. The two existing 
models of [4] are these: 

Sp=47.2124×[(0.0423×LL–0.001662×Pp)/ln(D/9.81)]Q 
Q=0.0078×W2–0.1617×W+2.6491 (12) 

Sp 72= .0419+0.1216×LL–0.02822×Pp 
–8.9911×ln(D/9.81)–0.4665×W (13) 

For the CBR swelling model expressed in (12), the value 
obtained for R2 was 0.680, and that obtained for SE was 
1.40%. In the same manner, the value obtained for R2 was 
0.655 for the CBR swelling model expressed in (13), and 
1.45% for that obtained for SE. What is interesting to note is 

that the standard error value of (12) is lower than that 
obtained for (10) and (11); i.e., SE=1.41%. Can one then 
conclude that the CBR swelling model expressed in (12) is 
the most appropriate one for implementation? 
In order to examine the likelihood of (12) and (13)  compared 
with that of (10) and (11), Fig. 9 depicts a graphical 
comparison of CBR swelling models obtained from (12) and 
(13) with that obtained from (10) and (11) for the data shown 
in the figure. This figure clearly indicates a non-physical 
compatibility of (12) being able to serve as a basic functional 
equation for developing a forecasting model for the vertical 
swell rates. The swell-pressure rates obtained from (12) in the 
extrapolation zone are completely unrealistic. Moreover, (12) 
does not allow for vertical swell rates to be negative (i.e., to 
be changed from heave to deflection) for surcharge pressure 
values greater than the swell-pressure values. Thus, the 
conclusion given in [4], that the impact of surcharge pressure 
values on the rates of the vertical swell is only of minor 
intensity, does not comply with reality. Obviously, this 
conclusion stems from the use of an inappropriate basic 
functional equation for the conditions of the given problem, 
and therefore its validity is very questionable.  
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Figure 9. Graphical comparison of CBR swelling models 
obtained from (12) and (13) with that obtained from (10) and 
(11) for the data shown in the figure  

Fig. 9 also indicates the non-physical compatibility of (13) to 
serve as a basic functional equation for developing a 
forecasting model for vertical swell rates. The linear variation 
of the rate of vertical swell with the rate of the vertical 
surcharge pressure as specified by (13) and shown in that 
figure has no reference in the technical literature, which 
presents a wide range of laboratory test results for this 
purpose. In addition, (12) and (13) indicate that increasing the 
dry density variable decreases the expected rate of the CBR 
vertical swell. To recall, the same phenomenon is 
characterized by (8) and (9). However, for (13) these 
deceased rates are not negligible, 0.6% or more for a 
dry-density increase of 1.0 kN/m3. As for (12), this decreased 
rate is, in contrast to (13), negligible, about 0.1% for the same 
dry density increase of 1.0 kN/m3. 
Together with the above-mentioned reservations concerning 
the CBR swelling models of  (12) and (13) in [4], it should be 
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noted that the gaps between the families of the three CBR 
swelling models shown in Fig. 9 are reduced for the zone of 
actual vertical surcharge pressure applied in the CBR vertical 
swell measurements (i.e., 10 to 20 kPa). The conclusion is, 
again, that the choice of a basic functional equation to insert 
into a statistical analysis of any measured data is critical, 
especially for use in predicting values that are outside the 
actual measurement range; that is, in the range of 
extrapolation. Therefore, the selection of a calculative model 
from a number of calculative alternatives only on the 
principle of minimum standard error (SE) or maximum 
coefficient of determination (R2) is seriously questionable.  

7. SUMMARY AND CONCLUSION 

A summary of all the developments described in the 
preceding sections is shown in Table II for the ASTM 
undisturbed samples and in Table III for the CBR remolded 
samples. The data in these two tables are given for the 
following independent variables: log(LL) and W/PL; i.e., 
instead of LL and W. When the principle of a minimum 
standard error (SE) is applied to the 352 ASTM undisturbed 
samples, the preferred solution is given by (4) and (5). 

Table II: Summary of SE for the ASTM undisturbed samples 
SE 
% 

Analysis 
Method 

Samples' 
Number  

Eqns. 
No. 

Section 
No. 

1.49Linear Regression352 3 3 

1.45Excel-Solver 352 4, 5 3 

Table III: Summary of SE for the CBR remolded samples 
SE 
% 

Analysis 
Method 

Samples' 
Number  

Eqns. 
No. 

Section 
No. 

1.63Linear Regression674 ---* ---* 

1.41Excel-Solver 674 10, 11 4 

* Taken from another local study [7].  

Table III refers only to the equations that do not contain the 
dry density independent variable. This table indicates, again, 
that when the principle of a minimum standard error (SE) is 
applied, the preferable solution is that of (10) and (11) as 
derived from the Excel-Solver command. Again, for this case, 
the application of the above principle is legitimate, as the 
basic functional equations are compatible with the physical 
behavior of the swelling phenomenon. 
It is clear that the preference for (12) taken from [4], for 
which the SE value is 1.40% (i.e., less than the 1.41% 
specified in Table III), is unacceptable, because the basic 
functional equation of (12) that is used in the implementation 
of the statistical analysis of the reported measured data does 
not represent the actual physical behavior of the variation in 
the vertical swell rate with the vertical surcharge pressure rate. 
As noted, the use of inappropriate basic functional equations 
is particularly severe in the extrapolation zone of the 
measured data. To conclude, the analysis of the measured 
CBR vertical swell rates of the 674 remolded samples 
presented in this paper can be used as an example of 
permissible and forbidden operations in order to determine 
models for any measured data.  

Another point to which attention need to be paid is the 
preference for replacing the LL and W variables with log (LL) 
and W/PL, respectively, as discussed in Section 3. This section 
shows that the equations corresponding to (4) and (5), namely 
(6) and (7), lead to an SE of 1.52%, compared with the 1.45% 
listed in Table II (see also Section 3). In addition, as obtained 
from Fig. 3, the effect of the variation in the LL independent 
variable on Sp is more severe when the independent variables 
are log (LL) and W/PL. This finding stems from the 
comparison with the variation in the LL independent variable 
with Sp as calculated from the two equations given in [2]. 
Finally it should be added that the analysis of the CBR samples 
cannot be used to determine the ratio of the rate of remolded 
vertical swell with the rate of undisturbed vertical swell, 
defined as the remolded vertical swell ratio. It is well known 
that the final moisture state reached in a swell test conducted 
according to ASTM 4546 on undisturbed samples is 
characterized by the presence of zero suction, while that for a 
swell test conducted on remolded samples according to the 
CBR procedure is characterized by the presence of a suction 
value greater than zero. Because of these different suction 
values, it is not possible to include the above two series of 
experimental results (i.e., the ASTM and the CBR results) into 
one basket of results. Thus, in order to evaluate the rate of the 
remolded vertical swell ratio, it is necessary to conduct a series 
of tests according to ASTM 4546 on remolded samples from 
the same source of clay in parallel with the undisturbed 
samples. 
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ABSTRACT: Copper (Cu), nickel (Ni) and zinc (Zn) are 
the common heavy metals that have been discharged from 
industries. The toxic conditions are always occurred with 
plants, animals, and human from these metals. This paper 
presents the sorption of Cu, Ni and Zn by soils collected 
from three different locations in the upper part of 
Northeastern, Thailand. Then the new method was used to 
increase the sorption capacity of Cu, Ni and Zn by the soils. 
Clay, lime and rice husk ash were then selected and used as 
the additional materials to improve the sorption capacity. 
The soils were mixed with different ratios of the additional 
materials. Batch equilibrium method was used as tools to 
investigate the adsorption value. The results showed that 
the adsorption fit to Langmuir Isotherm Model. All 
additional materials can dramatically improve the sorption 
capacity of Cu Ni and Zn by soils. 
 
Keywords: Heavy metals, Adsorption, Isotherm  

1. INTRODUCTION 

Rapid growth of industries and communities in every part 
of Thailand including Northeastern leads to the 
environmental problem especially waste water and 
contaminated soil. Many houses and industries discharged 
the waste water into river or soil without treatment. This 
resulted in an accumulated of toxins in soil and water. 
Heavy metals are one kind of the toxins that has caused 
serious health problem to humans and animals. They cause 
damage to the kidney, liver, reproductive system [1], 
nervous system and ultimately death [2]. Ministry of 
Industry Thailand has enacted laws to limit the amount of 
heavy metal in discharged waste water from industries. 
There are many methods for remove the heavy metals from 
the waste water such as a reduction process, magnetic 
ferrites treatment, ion exchange, reverse osmosis, and 
chemical oxidation and reduction, membrane separation, 
coagulation, flotation, filtration, evaporation etc. [3,4,5]. 
Adsorption is one of the most common methods for heavy 
metal removal because it is an effective and economical 
technique. In this work, the adsorption of Cu, Ni and Zn by 
soils found in the upper part of Northeastern, Thailand was 
investigated and also the method of improvement of the 
adsorption by mixing soils with clay, lime and rice husk ash 
was studied. The objective of this study is to find the effect 
of additional materials on the sorption capacity of soils.  

2. MATERIALS AND METHODS 

2.1 Adsorbent 
The materials used as adsorbent were soils collected from 
three different locations in the upper part of Northeastern, 
Thailand. They were excavated at different depths ranging 
from 20-50 cm from the soil surface. The soils were dried at 
a temperature of 110 oC for 48 hours and were sieved 

 
 

through sieve No.16. They can be classified by the Unified 
Soil Classification System (USCS) as CL, SM and ML. 
They will then be called CL-Soil, SM-Soil and ML-Soil, 
respectively throughout this paper. Engineering properties 
and porous properties of the soil samples are tabulated and 
shown in Table 1. The porous properties were evaluated by 
adsorption of nitrogen gas (N2) at -196 oC.  The specific 
surface area was calculated by Brunauer-Emmett-Teller 
(BET) equation. Figs.1 to 3 graphically show the SEM 
photographs of CL-Soil, SM-Soil and ML-Soil, 
respectively. As shown in Figs 1 to 3, it can be seen that the 
surface of soil particles are almost rough. 
 
Table 1 Engineering properties of soil 

Soil CL-Soil SM-Soil ML-Soil
Specific gravity 2.64 2.60 2.67 
Optimum moisture 
content (OMC), % 

19.81 12.74 18.48 

Maximum dry unit 

weight ( d ), kN/m3 15.70 18.34 15.60 

Coefficient of 
permeability (k), cm/s 

0.59 
x10-6 

4.9 
x10-6 

8.6 
x10-6 

Specific surface area 
(SBET), m2/g 

74 6 15 

Micropore volume (VDR), 
cm3/g 

0.029 0.002 0.006 

Total pore volume (VT), 
cm3/g 

0.11 0.03 0.05 

Average pore diameter 
(DP), nm 

6 17 12 

 
 
2.2 Additional Materials 
The additional materials used to mix with soil for improve 
the adsorption capacity in this study were rice husk ash, 
lime and clay. Rice husk ash and clay were taken from the 
local brick manufacturing plant and from Roi-Et Green 
Power Plant, respectively. The lime or calcium oxide (CaO) 
was bought from a construction material shop. All of the 
additional material were dry at a temperature of 110 oC and 
were then sieved through sieve No. 16. Figs.4 to 6 show the 
SEM photographs of rice husk ash, lime and clay, 
respectively. 
 
2.3 Heavy Metal Solutions 
Heavy metals chosen as the adsorbed materials in this study 
were Cu, Ni and Zn. They were prepared by dissolving 
Copper Nitrate (Cu(No3)2), Nickel Nitrate (Ni(No3)2) and 
Zinc Nitrate (Zn(No3)2) in distilled water. The solutions 
were varied with concentrations of 5, 25, 50, 100, 250 and 
500 mg/L. 
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Fig.1 SEM photograph of CL-Soil 

 

Fig.2 SEM photograph of SM-Soil 

 
 

Fig.3 SEM photograph of ML-Soil 
 
 
2.4 Experimental work 
In this study, batch adsorption test was carried out to 
investigate the heavy metal adsorption. The test processes 
can be performed by mixing a 2.5 g of soil with the Cu, Ni 
and Zn solutions. The initial concentrations were ranged 
from 5 to 500 mg/L and put it in 120 mL plastic bottle. Then 
the mixture was shaken by the horizontal shaker with a 
speed of 130 cycles per minute for 0.5, 1, 3, 6, 12, 24, 48, 
and 72 hours as shown in Fig.7. After a particular period of 
the time, the soil was separated from the heavy metal 
solution by using a 0.45µm filter and diluted it into the 
solution. Finally, concentration of the residual solution was 
analyzed by using Atomic Adsorption Spectrometer (AAS) 

(Fig.8). From the step above, it can be measured the 
adsorption equilibrium time and the amount of heavy metal 
adsorbed by soil at equilibrium time (q). The equilibrium 
amount of heavy metal can be calculated from the 
following equation: 

s

soleqo

M

VCC
q

)( 


        
(1) 

Where q is the adsorption capacity of the soil at equilibrium 
condition (mg/g), Co is the initial concentration of heavy 
metal solution (mg/g), Ceq is the equilibrium concentration 
of the solution (mg/g), Vsol is the volume of solution (cm3), 
and W is the mass of soil (g). After the adsorption volume 
was determined, the adsorption isotherm can then be 
investigated. The adsorption isotherm is the relationship 
between the concentration of the heavy metal solution at 
equilibrium condition (Ceq) and the equilibrium amount of 
heavy metal adsorbed by soil (q). In this study, the 
Langmuir Isotherm Model was used to describe the 
adsorption isotherm which represented by the following 
equation: 

eq
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Where  is Langmuir constant related to the energy (L/mg), 
 is the adsorption capacity (mg/g). 

 

 

Fig.4 SEM photograph of rice husk ash 

 

Fig.5 SEM photograph of lime 
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Fig.6 SEM photograph of clay 

 

Fig.7 Shaking the mixture of soil and heavy metal solutions 

 

Fig.8 Atomic Adsorption Spectrometer (AAS) 

 
3. RESULT AND DISCUSSION 

3.1 Equilibrium time of adsorption 

The adsorptions of Cu, Ni and Zn for an initial 
concentration of 100 mg/L by CL-Soil, SM-Soil and 
ML-Soil at different time were shown in Figs.9 to 11. The 
results show the remaining concentration of the heavy 
metal (Ct) as a function of time. It can be seen that the 
adsorption took place rapidly at the beginning of the 
reaction, which the concentration rapidly decreased at the 
period of 1-3 hours and decline over time until reaching the 
equilibrium condition within 6-12 hours. The same trend of 

results was also found when performing the tests with Cu, 
Ni and Zn for all soils. 

 
Fig.9 Effect of contact time on Cu adsorption by CL-Soil,     
            SM-Soil and ML-Soil 

 
Fig.10 Effect of contact time on Ni adsorption by CL-Soil,     
            SM-Soil and ML-Soil 
 

 
Fig.11 Effect of contact time on Zn adsorption by CL-Soil,     
            SM-Soil and ML-Soil 
 

3.2 Adsorption Isotherm 

Figs.12 to 14 showed the adsorption isotherm of Cu, Ni and 
Zn for different soil samples (CL-Soil, SM-Soil and 
ML-Soil). As shown in Figs.12 to 14, the amount of 
adsorption (q) increased with increasing equilibrium 
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concentration (Ceq). The adsorption isotherm can be 
represented by Langmuir adsorption isotherm except the 
adsorption of Cu by ML-Soil (as showed in Fig. 12). The 
consistency of the Langmuir isotherm describes that the 
surface of soils was covered with monolayer of the metal 
particles [5]. Langmuir parameters ( and ) and the 
coefficient of correlation (R2) were then summarized in 
Table 2. As shown in Table 2, SM-Soil has the lowest 
adsorption capacity () when performing the tests with Cu, 
Ni and Zn compared to CL-Soil and ML-Soil. This can be 
explained from the results that SM-Soil has the lowest 
specific surface and the lowest surface roughness than 
CL-Soil and ML-Soil (data shown in Table 2 and Figs.1-3). 
Very high coefficient of correlation (R2) indicated that the 
adsorption of Cu, Ni and Zn by all soil samples favorable fit 
to Langmuir Isotherm. When comparing the adsorption of 
each heavy metal, it can be seen that the adsorption capacity 
was in the order of Cu>Ni>Zn. 
  

 
 
Fig.12 Adsorption isotherm of Cu adsorption by CL-Soil,     
            SM-Soil and ML-Soil 
 

 
 
Fig.13 Adsorption isotherm of Ni adsorption by CL-Soil,     
            SM-Soil and ML-Soil 
 
 
 
 
 
 
 
 

Table 2 Langmuir parameters of soil samples 

Solution Soil 
Langmuir Parameters 

 (mg/g)  (L/mg) R2 

Cu 
CL-Soil 4.8876 0.1466 0.9858
SM-Soil 2.9343 0.1161 0.9948
ML-Soil 1.1723 1.3225 0.8507

Ni 
CL-Soil 3.8805 0.0371 0.9310
SM-Soil 1.8423 0.0296 0.9903
ML-Soil 4.3048 0.0198 0.9354

Zn 
CL-Soil 3.0285 0.0332 0.9855
SM-Soil 1.2240 0.0610 0.9985
ML-Soil 2.6323 0.1684 0.9992

 
 

 
 

Fig.14 Adsorption isotherm of Zn adsorption by CL-Soil,     
            SM-Soil and ML-Soil 
 

3.3 Effect of the additional material on the adsorption 
of heavy metals  

Because the SM-Soil has the lowest adsorption of heavy 
metal (as already shown in details in the previous section), 
this soil was chosen as a representative of all soils to find 
the method of improvement of the adsorption capacity. The 
SM-soil was replaced with the rice husk ash, lime and clay 
at the amount of 0, 20, 40, 60, 80 and 100% by weight. The 
effects of the three additional materials on the adsorption 
capacity of Cu, Ni and Zn are presented in Figs.15 to 17, 
respectively. As presented in Figs.15 to 17,    all the 
additional materials especially lime can dramatically 
improve the adsorption capacity of heavy metals (q).  The 
adsorption capacity increased with increasing amount of 
rice husk ash and clay content. While using 20% of lime in 
the replacement, the results showed the maximum 
adsorption capacity of Cu and Ni. In case of Zn, the 
adsorption almost reached the maximum when 40% of lime 
was used in the replacement.  It was possible to conclude 
that the proper amount of lime which should be used to 
replace SM-Soil was 20% for increasing the adsorption 
capacity of Cu and Ni and 40% for adsorption capacity of 
Zn. The optimum content and the recommended amount of 
rice husk ash, lime and clay using to mix with SM-Soil are 
summarized in Table 3. The recommended contents may 
not be the optimum contents. The optimum contents were 
the amount of the additional material that provided the 
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maximum adsorption capacity. The recommended contents 
were evaluated by the consideration both the volume of 
replacement and the adsorption capacity. 

4  CONCLUSION 

In this study, the adsorption capacities of Cu, Ni and Zn by 
three kinds of soil (CL, SM and ML) collected from three 
different locations in the upper part of Northeastern, 
Thailand were investigated. Further, the new method was 
introduced to improve the adsorption capacity of soil by 
mixing the soil with rice husk ash, lime and clay. The result 
indicated that the adsorption reaches the equilibrium time 
within 6-12 hours. The adsorption capacity increased with 
increasing initial concentration. Langmuir isotherm model 
can favorable describe the adsorption.  The adsorption 
capacity of all soil was in the order of Cu>Ni>Zn.  The 
SM-Soil provided the lowest adsorption capacity because 
the specific surface area and roughness were the important 
factors which affected on the adsorption. From the 
improvement of the adsorption capacity, rice husk ash, lime, 
and clay can increase the adsorption capacity of the 
SM-Soil. Lime showed the highest performance for 
improvement of Cu and Zn adsorption while the highest 
performance for improvement of Ni was found by rice husk 
ash. The recommended contents of lime was 20% by 
weight of soil in the replacement for adsorption of Cu and 
Ni and 40% by weight of soil in the replacement for 
adsorption of Zn. For the rice husk ash, the recommended 
content was 60% by weight of soil for adsorbing the Ni.  

 
Fig.15 Effect of the additional material on Cu adsorption by  
           SM-Soil 

 
Fig.16 Effect of the additional material on Ni adsorption by  
           SM-Soil0 

 
Fig.17 Effect of the additional material on Zn adsorption by  
           SM-Soil 
Table 3 The optimum contents and the recommended 
amounts of rice husk ash, lime, and clay using to mix with 
SM-Soil  

Additional
materials

Heavy
metals

Optimum 
content 

(%) 

Increasing 
of q 
(%) 

Recommended
Amount 

(%) 

RHA 

Cu 100 225 - 

Ni 100 223 60 

Zn 100 183 - 

Lime 

Cu 20 253 20 

Ni 20 141 20 

Zn 100 210 40 

Clay 

Cu 100 126 - 

Ni 100 125 - 

Zn 100 114 - 
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ABSTRACT: Copper is a common heavy metals which is 
discharged from various industries. In previous studies, it can 
be seen that soil is a potential adsorbent to remove heavy 
metal from waste water. This paper presents the effect of 
temperature on the sorption capacity of Copper by soils found 
in the upper part of Northeastern, Thailand. The experiments 
were done by using batch equilibrium test method. The 
adsorptions were tested and measured at temperatures 
between 30 to 50 degrees of Celsius and the initial 
concentrations of heavy metals are in the range of 100 to 1000 
mg/L. The results from the experimental study showed that 
the adsorption isotherms of the soils can be satisfactorily 
described by Langmuir model. It is also found that 
temperature plays an importance role to the sorption capacity 
of the heavy metals by soils. Higher temperature of heavy 
metal solutions can make the higher sorption capacity. 
 
Keyword: Adsorption, Heavy metal, Soil, Temperature 

1. INTRODUCTION 

Rapid growth of industries and municipalities in Thailand has 
led to increase the environmental problem. A large amount of 
waste water has been discharged from houses and industries 
into river or soil without treatment. The waste water often 
contaminated with toxins. One kind of the toxins is heavy 
metals.  Various industries such as mining, plating, dyeing, 
and metal processing released the waste water contaminated 
with heavy metal [1]. The heavy metals may be found in soils, 
water, sediments and plants [2]. The heavy metals cause 
damage to the kidney, liver, reproductive system [3] and 
nervous system [4]. There are many methods for remove the 
heavy metals from the waste water such as a reduction 
process, magnetic ferrites treatment, ion exchange, reverse 
osmosis, chemical oxidation, membrane separation, 
coagulation, flotation, filtration, evaporation etc. [5,6,7]. 
Adsorption is one of the most common methods for heavy 
metal removal because it is an effective and economical 
technique. Many studies demonstrated that soil is a potential 
adsorbent to remove heavy metal from waste water 
[8,9,10,11]. 

The objective of this study is to investigate the effects of 
temperature on the adsorption capacity of Cu by soil found in 
the upper part of Northeastern, Thailand. The adsorptions 
were done at temperatures ranging from 30 oC to 50 oC.  

2. MATERIALS AND METHODS 

2.1 Adsorbent 
Four soil samples collected from different locations in the 
upper part of Northeastern, Thailand were used as the 
adsorbent.  They were excavated at different depths ranging 

 
 

from 20-50 cm from soil surface. The soils were dried in the 
oven at a temperature of 110 oC for 48 hours and then were 
sieved through sieve No.16. The results from sieve analysis 
and Atterberg limits test demonstrated that the soil samples 
can be classified as CL, ML, SM and SM-SC by the Unified 
Soil Classification System (USCS). They will be named 
according to their kind throughout this paper as CL-Soil, 
ML-Soil, SM-Soil and SM-SC-Soil, respectively. 
Engineering properties and porous properties of the soil 
samples are tabulated and shown in Table 1. The porous 
properties were evaluated by adsorption of nitrogen gas (N2) 
at -196 oC.  The specific surface area was calculated by 
Brunauer-Emmett-Teller (BET) equation. Figs.1 to 4 
graphically show the SEM photographs of CL-Soil, ML-Soil, 
SM-Soil and SM-SC-Soil, respectively. As shown in Figs 1 to 
4, it can be seen that the surface of all soil particles are almost 
rough. 

Table1 Characteristics of soil samples 

Characteristics CL-Soil ML-Soil SM-Soil
SM-SC-

Soil 
Specific gravity 2.64 2.67 2.66 2.62 
Coefficient of 
permeability (k), 
cm/s 

0.59 
x10-6 

8.6  
x10-6 

9.6 
 x10-6

14.9 
 x10-6

Specific surface area 
(SBET), m2/g 

74 15 103 54 

Micropore volume 
 (VDR), cm3/g 

0.029 0.006 0.040 0.021

Total pore volume  
(VT), cm3/g 

0.11 0.05 0.21 0.11 

Average pore  
diameter (DP), nm 

6 12 8 8 

 

 

Fig.1 SEM photograph of CL-Soil 
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Fig.2 SEM photograph of ML-Soil 

 

Fig.3 SEM photograph of SM-Soil 

 

Fig.4 SEM photograph SM-SC-Soil 

2.2 Heavy Metal Solutions 

Cu is one kind of the most heavy metals, which generally 
found in the discharged wastewater from industries and 
houses. It was then chosen as the adsorbed materials in this 

study. The solution of Cu was prepared by dissolving copper 
nitrates (Cu(NO3)2) in distilled water. The concentration of 
Cu solution was varied with concentrations of 100, 250, 500 
and 1000 mg/L. The properties of copper nitrates used are 
summarized in Table 2. 

Table 2 Properties of copper nitrate 

Properties Copper Nitrate 
Formula Cu(NO3)2 
Molecular weight (g/mol) 295.65 
Density (g/cm3) 2.07 
Solubility (g/100ml) 137.8 

2.3 Experimental work 

In this study, the adsorption of Cu with respect to contact time, 
initial concentration and temperature was experimentally 
investigated.  The test process can be done by mixing a 2.5 g 
of soil with Cu solution. The initial concentrations are ranged 
between 100 to 1000 mg/L. The temperature of the mixtures 
was controlled at 30 oC , 40 oC and 50 oC by putting in the 
water bath as shown in Fig. 5. The contact times were from 1 
to 48 hours. After a particular period of the time, the soils 
were separated from the Cu solution by using a 0.45µm filter 
and the solution were then diluted to limit a concentration not 
exceed 5 mg/L. Finally, concentration of the residual solution 
was analyzed by using Atomic Adsorption Spectrometer 
(AAS) (Fig.6). From the step above, it can be measured the 
adsorption equilibrium time and the amount of heavy metal 
adsorbed at equilibrium time. The amount of heavy metal 
adsorbed can be calculated from the following equation: 

s

soleqo

M

VCC
q

)( 


        
(1) 

Where q is the adsorption capacity of the soil at equilibrium 
condition (mg/g), Co is the initial concentration of heavy 
metal solution (mg/g), Ceq is the equilibrium concentration of 
the solution (mg/g), Vsol is the volume of solution (cm3), and 
M is the mass of soil (g).  
 

 

Fig.5 Temperature control of the adsorption 
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Fig.6 Atomic Adsorption Spectrometer (AAS) 

After the adsorption volume was determined, adsorption 
isotherm was investigated. The adsorption isotherm is the 
relationship between the concentration of the heavy metal 
solution at equilibrium condition (Ceq) and the equilibrium 
amount of heavy metal adsorbed by soil (q). In this study, the 
Langmuir isotherm model was used to describe the 
adsorption isotherm which represented by the following 
equation: 

eq

eq

C

C
q






1

         

(2) 

Where  is Langmuir constant related to the energy (L/mg),  
is the adsorption capacity (mg/g)  
 
3. RESULT AND DISCUSSION 

3.1 Equilibrium time of adsorption  

The adsorptions of Cu at different times and different 
temperatures for an initial concentration of 500 mg/L by 
CL-Soil, ML-Soil, SM-Soil and SM-SC-Soil were shown in 
Figs.7 to 10, respectively. The Figures show the remaining 
concentration of the heavy metal (Ct) as a function of time. It 
can be seen that the adsorption occurred rapidly at the time of 
1 to 3 hours. The adsorption rate gradually decreased and 
eventually reached the equilibrium. It can be said that the 
adsorptions reached equilibrium within 6 hours for CL-Soil 
and SM-SC-Soil and within 24 hours for SM-Soil. For 
ML-Soil, it seems that the adsorption still increased after 48 
hours. It was found that the temperature greatly affected on 
the adsorption of Cu by all soil. The adsorption increased with 
increasing temperature. However, it can be observed that the 
equilibrium times did not depend on temperatures.   

 
Fig.7 Adsorption of Cu by CL-Soil at different temperatures 

 
Fig.8 Adsorption of Cu by ML-Soil at different temperatures  

 
Fig.9 Adsorption of Cu by SM-Soil at different temperatures 

 
Fig.10 Adsorption of Cu by SM-SC-Soil at different 

                 temperatures 
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3.2 Adsorption isotherm 

Figs.11 to 14 show the adsorption isotherm of Cu for CL-Soil, 
ML-Soil, SM-Soil and SM-SC-Soil, respectively. As shown 
in Figs.11 to 14, the adsorption capacity (q) increased with 
increasing equilibrium concentration (Ceq). For CL-Soil, 
ML-Soil and SM-SC-Soil, the increasing rate of q gradually 
decreased and converged to the maximum value. In next step, 
the relationships of Ceq versus Ceq/q were plotted as shown in 
Figs.15 to 18 to determine the values of  and . The values 
of  and  can be determined from the slope and interception 
( =  1 /slope,  c/1 where c = interception). It can be 

found that the adsorption isotherm of CL-Soil, ML-Soil and 
SM-SC-Soil soils can be represented by Langmuir 
Adsorption Isotherm. The consistency of the Langmuir 
Isotherm describes that the surface of soils was covered with 
monolayer of the metal particles [1]. SM-Soil show different 
character of the adsorption isotherm. The increasing rate of q 
with respect to Ceq of SM-Soil negligible decreased so that 
Freundlich Isotherm is more proper than Langmuir Isotherm 
in describing the adsorption of SM-Soil. Langmuir 
parameters ( and ) and the coefficient of correlation (R2) 
were summarized in Table 3. The last column of Table 3 
shows the increasing value of  when the temperature 
increased from 30oC to 40oC and 50oC. The improvement can 
be calculated from the following equation: 

% Increasing of  = 100
)(

30

30 xT


       (3) 

Where T and 30 are the   values at temperature T and at 

temperature of 30 oC, respectively. The temperature of 30 oC 
is the representative normal temperature in the Northeastern, 
Thailand. As shown in Table 3, the adsorption capacity () 
significantly increased with increasing temperature. The 
effect of temperature occurred with ML-Soil and SM-SC-Soil. 
It can be found that the increasing of  can reach up to 25.6% 
when the temperature increased from 30oC to 50oC. The 
results of adsorption of CL-Soil, ML-Soil and SM-SC-Soil 
show a very good result from the high value of R2. This 
indicated that the adsorption of Cu by these soils well fit to 
Langmuir Isotherm Model. Although the adsorption isotherm 
is not fit to Langmuir Isotherm, it can see from Figs. 9 and 13 
that the adsorption of Cu by SM-Soil was still very high.    

 
Fig.11 Adsorption isotherm of Cu by CL-Soil  

                         at different temperatures 

 
Fig.12 Adsorption isotherm of Cu by ML-Soil 

                       at different temperatures 

 
Fig.13 Adsorption isotherm of Cu by SM-Soil  

                        at different temperatures 

 
Fig.14 Adsorption isotherm of Cu by SM-SC-Soil  

                     at different temperatures 

4 CONCLUSION  

In this study, the effects of temperature on the adsorption 
capacity of Cu by four different kinds of soils (CL, ML, SM 
and SM-SC) found in the upper part of Northeastern, 
Thailand were investigated. The experiments were done by 
using batch equilibrium method. The temperature was varied 
over the range of 30 to 50 oC. The results revealed that the 
adsorption occurred very rapid at the period of 1 to 3 hours 
and reach to the equilibrium condition with different times.  
The equilibrium condition occurred within 6 hours for 
CL-Soil and SM-SC-Soil and occurred within 24 hours for 
SM-Soil. The temperature do not affect to the equilibrium 
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time. The adsorption of CL-Soil, ML-Soil and SM-SC-Soil fit 
to Langmuir Adsorption Isotherm very well. The adsorption 
capacity significantly increased with increasing temperature. 
For the ML-Soil and SM-SC-Soil, the adsorption capacity of 
Cu increased up to 25.6% when the temperature increased 
from 30oC to 50oC.   
 

 

Fig.15 Langmuir Adsorption Isotherm of CL-Soil  
                    at different temperatures 

 

Fig.16 Langmuir Adsorption Isotherm of ML-Soil  
                    at different temperatures 

 

 

Fig.17 Langmuir Adsorption Isotherm of ML-Soil  
                    at different temperatures 

 

Fig.18 Langmuir Adsorption Isotherm of ML-Soil  
                    at different temperatures 

Table 3 Summarized of Langmuir parameters of soil samples 

Soil Temp.
Langmuir Parameters %  

Increasing
of    (mg/g)  (L/mg) R2 

CL 
30 oC 3.81 0.09 1.0000 0 
40 oC 4.12 0.07 0.9999 8.2 
50 oC 4.52 0.05 0.9993 18.8 

ML 
30 oC 5.76 0.16 0.9999 0 
40 oC 6.40 0.18 1.0000 11.0 
50 oC 7.24 0.15 1.0000 25.6 

SM 
30 oC 17.70 0.04 0.9647 0 
40 oC 32.36 0.05 0.9114 - 
50 oC 144.93 0.01 0.0918 - 

SM-SC
30 oC 3.16 0.10 0.9999 0 
40 oC 3.53 0.06 0.9990 11.7 
50 oC 3.97 0.04 0.9982 25.6 
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ABSTRACT: This paper assessed the potential of iron powder as a 
nitrate reduction and retardation material in porous media. Under 
saturated and unsaturated flow conditions, column experiments were 
conducted in silica sand with a mixture of two kinds of iron powders. 
Experimental breakthrough curves were analyzed using temporal 
moments not only to estimate the retardation factor and the 
degradation rate but  to quantify mass recovery fractions associated 
with nitrate and ammonium ions. The results showed the increase of 
the amount of iron powder resulted in the increase of the degradation 
rates and the retardation factor estimates. Moreover, the production 
of ammonium occurred by nitrate reduction was confirmed. A 
mixture of iron powder with soil has a potential to reduce the 
concentration of nitrate by the reduction of nitrate to ammonium and 
to retard a nitrate. 
 
Keywords: Nitrate, Reduction, Iron Powder, Column 
Experiments 

1. INTRODUCTION 

Excessive nitrate concentrations in groundwater are related to 
land use activities including pastoral farming market 
gardening, application and leaching of nitrogenous fertilizers 
and industrial and sewage waste disposal [1]. Overloading 
agricultural soils with nitrogen leads to rising nitrate 
concentration in groundwater, while enhancing crop growth 
by the application of nitrogen gives economic benefits in 
many parts of the world. Protection of groundwater from 
nitrate contamination is an often overlooked health concern. 
The immediate health concern is the reduction of nitrate to 
nitrite in the digestive tract by nitrate-reducing bacteria. 
Nitrite is readily absorbed into the blood where it combines 
with the hemoglobin that carries oxygen, leading to the form 
of methemoglobin, which is unable to transport oxygen, and 
the physical stress. When severe enough, nitrate poisoning is 
life threatening because of suffocation, which is called 
methemoglobinemia, or blue baby syndrome, in infants 
[2],[3]. Nitrate released to the environment can also increase 
eutrophication levels in rivers or lakes.  
In general, nitrate can readily be transported beneath the soil 
zone without ion exchange or adsorption to soil surface. 
Therefore, high concentration of nitrates can be found in 
shallow groundwater systems, especially in sandy aquifers 
[4],[5]. There has been developed many processes for 
removing nitrate from water, including biological 
denitrification, separation with ion exchange or reverse 
osmosis and reduction by chemical reductants [6]. However, 
almost all treatment processes are performed after 
groundwater extraction by wells or drains, which is the 
primary technology to treat contaminated groundwater [7], 
and have a markedly different property from the reduction of 

nitrate concentrations at a source in a contaminated site. In 
addition, at a vast contaminated site groundwater extraction 
might be ineffective [8]. This ineffectiveness has been led to 
the development of alternative and unique approaches 
towards groundwater cleanup [9]-[11].  
At present, reduction of nitrate using zero-valent iron (Fe0 or 
ZVI) is a highly exergonic reaction and is expected to be an 
alternative for nitrate removal from water [6]. ZVI has been 
used to remediate contaminated groundwaters by placing 
large quantities of granular metal to act as a permeable barrier 
[12]. Although nitrate reduction using ZVI is a rapid reaction 
if the solution pH remains within an acidic range [13], the 
formation of passivating scales on the ZVI over time may 
limit its long-term reduction potential since nitrate reduction 
by ZVI is a corrosive process. Previous work has 
demonstrated the ability for ZVI to reduce nitrate in batch 
experiments, with nearly stoichiometric recovery of nitrogen 
as ammonium [14],[15]. However, only a few studies have 
been reported the reduction of nitrate and in column 
experiments [16].  
The present work is aiming to evaluate the reduction of nitrate 
and nitrate transformation to ammonium ions by ZVI in 
columns where a sandy soil is homogeneously mixed with 
ZVI and to quantify the retardation of nitrate onto soil and/or 
ZVI surfaces. Temporal moment approaches are applied to 
estimate the retardation factor and the degradation constant 
based on the experimental breakthrough curves (BTCs) in 
columns. Specifically, the effect of the weight ratio of ZVI to 
sandy soils on the degree of the retardation and degradation of 
nitrate is of concern to explore the possible use of ZVI in a 
field. 

2. MATERIALS AND METHODS 

2.1 Materials 

For column experiments, silica sand with a low uniformity 
coefficient of 1.25 was selected in order to simulate a sandy 
aquifer having a relatively high hydraulic conductivity. Silica 
sand of interest has 0.050 cm and 2.68 g/cm3 of physical 
properties such as the mean particle size and the particle 
density, respectively. A ZVI powder in hand warmer and a 
commercial ZVI powder with a high reduction property were 
used to compare the degree of nitrate reduction and 
retardation and were referred to as Material 1 and Material 2, 
respectively.  

2.2 Column experiments 

In column experiments, ZVI powder of concern was mixed 
with soil in order to examine the relation between the amount 
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of ZVI powder and the degree of reduction of nitrate. From 
the practical viewpoint, mixture ratios of ZVI powder were 
set to 0%, 7.5%, 15% and 30% by weight. These soils with 
ZVI powder were completely saturated before packing to 
avoid the entrance of air and were filled into the column, 
which has 30 cm in length and 5 cm in diameter, in 
increments of 2.5 cm. Each layer was compacted to adjust the 
dry density prior to filling the next layer. The porosity can be 
estimated in each experiment indirectly from the 
measurements of the particle density and the dry soil bulk 
density, resulting in approximately 0.41 of the porosity in 
flow field for both materials. In Fig. 1, the detailed column 
design is illustrated. 
After packing, as shown in Fig. 1(a), water was applied to the 
column up to a specific level controlled by constant head 
reservoirs at the top and bottom of the saturated media, while 
maintaining the saturated condition of porous media. Steady 
saturated flow field was established in the column when 
fluctuations in the observed drainage rate from the bottom 
reservoir became negligible. A volume of 40 cm3 KNO3 
solution under saturated condition was applied to the top of 
the column to produce a pulse input with an initial 
concentration of 1.510-4 g/cm3 of NO3-N. Prescribed solute 
source condition was designed to clarify the transient 
concentrations of NO3-N and to effectively provide the 
parameter identification relevant to solute transport using 
temporal moment approaches, which will be stated in the 
following subsection. Pore water samples at the end of the 
column were taken at specific intervals using a fraction 
collector. Nitrate ion in the pore water samples was analyzed 
by capillary electrophoresis (G1600A, Agilent technologies, 
USA). The basic anion buffer and a fused silica capillary with 
104 cm in length and 50 m internal diameter were obtained 
from Agilent technologies. The temperature controlled 
cartridge for fused silica was set at 15 °C. The concentration 

of ammonium ion was determined by the indophenol blue 
method using a spectrophotometer (HACH, DR-4000). 
To investigate the impact of water content on the nitrate 
behavior, column experiments under unsaturated conditions 
were carried out in a similar manner but a different pulse 
volume of 20 cm3. As shown in Fig. 1(b) in unsaturated 
experiments, instead of constant head reservoir, suction was 
applied at the bottom of the column to keep the moisture 
content inside the column uniform while water was sprinkled 
over the top of the medium until the outflow from the bottom 
of the column equaled the volume of the water input. Prior to 
an application of solute pulse, samples were adjusted to 
steady state water flow condition. 

2.3 Temporal moment analysis 

Consider a sorbing and degradable chemical moving through 
a homogeneous medium at a steady, uniform, flow rate. 
Assuming linear, equilibrium sorption and first-order kinetic 
degradation for the solute, the governing transport equation 
can be written as 
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where c is the concentration of solute, x is the coordinate, t is 
the time, R is the retardation factor estimate, vp is the average 
pore water velocity, L is the dispersivity, and is the 
degradation rate [17].  
Temporal moment analysis is convenient to use, as there is no 
need to solve the transport model in real time and degrees of 
spreading and asymmetry [18]. The n-th order temporal 
moments are defined as 
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Equations (2) and (3) are used to obtain experimental 
temporal moments from concentration BTCs. Das and 
Kluitenberg [17] derived theoretical first temporal moment 
using Laplace formation of Eq. (1). By setting the 
experimentally determined moments equal to the theoretical 
moments, we can estimate the dispersivity and the retardation 
factor [19]. 
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Fig.  1 Schematic diagram of experimental column system
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where p is the distance between the source and the 
observation location and t0 is the pulse duration. In all 
experiments, t0 was set to 30 seconds. 
The mass fraction of solute that is collected in the effluent 
during column experiment is summed up to provide an 
estimate of the mass recovery fraction (MRF) [17]. 
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where Q is the volumetric flow rates and L is the length of the 
soil column. MRF allows to obtain the degradation rate [17]. 
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3 RESULTS AND DISCUSSION 

3.1 Effect of ZVI powder on nitrate retardation 

Representative BTCs under different mixture ratios of ZVI 
powder as a function of pore volume for Materials 1 and 2 are 
shown in Fig. 2 and Fig. 3, respectively. Pore volume is 
calculated as 
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where qw is the water flux and  is the volumetric water 
content. When solutes travel without the adsorption onto the 
soil particle, or the retardation, the pore volume becomes the 
unity and increases with the increase of the degree of 
retardation.  
As shown in Fig. 2 and Fig. 3, observed BTCs exhibit the 
shift of the peak concentration at the corresponding pore 
volume toward a larger pore volume with the increase of the 
amount of ZVI powder. A slight tailing of the BTCs can also 
be seen in Fig. 2 and Fig. 3, except for the case of 0% of the 
mixture ratio. These results imply that the influence of a 
mixture of ZVI powder and soil, in a practical situation, 
degradation of nitrate concentration is expected due to the 
reaction of nitrate with ZVI powder as a travel time of nitrate 
from ground surface to groundwater becomes longer. Thus, 
for the purpose of the retardation and the reduction of nitrate, 
the use of ZVI powder might be effective in soils. 
In order to quantify the degree of adsorption of nitrate onto 
ZVI powder, the retardation factor is employed as a measure 
and is estimated based on Eq. (5). The relation between the 
mixture ratio of ZVI powder and the retardation factor 
estimates for Materials 1 and 2 are shown in Fig. 4 and Fig. 5, 
respectively. The retardation factor estimates tend to increase 
with increasing the percentage of ZVI powder and are within 
the range of approximately 1.3 to 1.6 under saturated 
condition. It is indicated that the opportunity of adsorption of 
nitrate to ZVI powder increases as the amount of ZVI powder 
becomes larger. On the other hand, under unsaturated 
condition, the retardation factor estimates range from 
approximately 1.0 up to 1.2, indicating that the degree of 
adsorption under unsaturated condition is lower than that 
under saturated condition. This is because a less water content 
and a higher pore velocity may lead to decrease the course of 
transport under unsaturated condition in comparison with 
solute pathways under saturated condition. 

 
Fig.  2 Representative BTCs for different mixture 
ratios of ZVI powder in hand warmer under saturated 
condition 
 

 
Fig.  3 Representative BTCs for different mixture 
ratios of commercial ZVI powder under saturated 
condition 
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The values of retardation factor between two kinds of ZVI 
powder, as seen in Fig. 4 and Fig. 5, vary with a similar 
tendency. In addition, the retardation factor estimates for both 
materials are almost the same values corresponding to the 
same mixture ratio of ZVI powder. These results show that 
there is no difference in the degree of adsorption between two 
materials. 

3.2 Effect of ZVI powder on nitrate reduction 

To quantify the effect of ZVI powder on nitrate reduction 
during a transport, degradation rate estimates are plotted as a 
function of mixture ratio of ZVI powder for Materials 1 and 2 
in Fig. 6 and Fig. 7, respectively. Regardless of water content, 
the degradation rate increases as the amount of ZVI powder 
increases for both materials, suggesting that the increase of 
the amount of ZVI powder is expected to contribute nitrate 
reduction. As stated in the preceding section, under saturated 
condition, the opportunity of adsorption of nitrate to ZVI 
powder increases with increasing the amount of ZVI powders 
and may enhance the nitrate reduction in the duration 
occurring adsorption phenomena. On the contrary to this, as 

seen in Fig. 4 and Fig. 5, retardation factor estimates are little 
change in the range of approximately 1.0 to 1.2 regardless of 
the mixture ratio of ZVI powder under unsaturated condition. 
However, the degradation rates exhibit a little difference 
between saturated and unsaturated conditions at the same 
amount of ZVI powder as seen in Fig. 6 and Fig. 7. This may 
attribute to the presence of air under unsaturated condition, 
enhancing a prompt oxidation of ZVI powder, since corrosion 
process may induce the nitrate reduction [15]. 
As for the case of Material 1, the degradation rate estimates 
are in the range of approximately 0.09 hr-1 to 0.15 hr-1 in Fig. 6, 
when pH ranges from 7 to 9 in this study. The results are in 
good agreement with a previous study. Alowitz and Scherer 
[9] reported the degradation rate of approximately 0.13 hr-1 at 
pH 8. In the comparison with two kinds of ZVI powder, 
although the retardation factor estimates have similar values, 
the degradation rates hinge on the material of interest. In the 
case of Material 2 as shown in Fig. 7, the estimate of 
degradation rate at 7.5% of the mixture ratio is about 2 times 
larger than that of Material 1 in Fig. 6. At 30% of the mixture 
ratio, the degradation rate of Material 2 becomes about 4 
times larger than that of Material 1. These results show that 

 
Fig.  4 Relation between the mixture rario of ZVI powder 
in hand warmer and the retardation factor estimates 
 

 
 
Fig.  5 Relation between the mixture rario of commercial 
ZVI powder and the retardation factor estimates 
 

 
 
Fig.  6 Relation between the mixture rario of ZVI powder 
in hand warmer and the degradation rate 
 

 
 
Fig.  7 Relation between the mixture rario of commercial 
ZVI powder and the degradation rate 
 



 

279 
 

 

commercial ZVI powder is more effective than ZVI powder 
in hand warmer from the point of view of nitrate reduction. 

 3.3 Mass recovery fraction 

In the process of nitrate reduction, the product of ammonium 
and relevant mass recovery are of important. Table 1 lists the 
MRFs for different mixture ratios of ZVI powder estimated 
from Eq. (6) in order to compare the total amount of NO3-N 
leaching from the bottom of the column with the total amount 
of NH4-N yielded by NO3-N reduction. The reaction of nitrate 
reduction can be described by Eq. (9) [16]. 
 

  2
24

0-
3 4FeO3HNH4Fe10HNO      

(9) 

 
As seen in Table 1, the MRF of NO3-N decreases with the 
increase of the mixture ratio of ZVI powder, resulting in the 
increase of the MRF of NH4-N, particularly in Material 2. 
Interestingly, the loss of NO3-N does not necessarily 
correspond to the production of NH4-N, especially in the 
media mixed with Material 1. It appears that a part of nitrate 
or ammonium ion may strongly adsorb to ZVI powder and 
remain in the column, consequently leading to the unbalance 
of the total MRFs of NO3-N and NH4-N. 
Moreover, the MRF of NH4-N of Material 2 is about 10 times 
larger than that of Material 1 at the same mixture ratio, 
indicating the property of commercial ZVI powder in terms of 
nitrate reduction to ammonium. On the contrary to this, 
nitrate is slightly converted to ammonium by the reaction 
between nitrate and Material 1. Hence, single application of 
Material 1 becomes less effective in the nitrate degradation. 

3.4 Effect of ZVI powder on dispersivity 

The spread of the nitrate in soils is also important in a field 
application of ZVI powder. The dispersivities of nitrate are 
also estimated from Eq. (4), and are shown as a function of 
mixture ratio of ZVI powder for Materials 1 and 2 in Fig. 8 
and Fig. 9, respectively. As seen in Fig. 8 and Fig. 9, the 
longitudinal dispersivities range from approximately 0.16 cm 
to 0.70 cm and slightly increase with increasing the mixture 
ratio of ZVI powder because of the influence of the mixture of 
ZVI powder and soil. The longitudinal dispersivity at 
maximum mixture ratio of ZVI powder is about 3 times larger 
than the case without ZVI in porous media. Therefore, the 
effect of the mixture of ZVI powders in field soils on nitrate 

dispersion may be relatively lower. 

4 CONCLUSIONS 

This paper assessed the potential of zero-valent iron (ZVI) 
powders as a nitrate reduction and retardation material in 
porous media. Under saturated and unsaturated flow 
conditions, column experiments were conducted in silica sand 
with a mixture of two kinds of ZVI powders. Experimental 
breakthrough curves were analyzed using temporal moments 

Table 1  MRF by mixture ratio of ZVI powder 
 

Nitrogen 
species 

Condition of 
water content 

Mixture ratio of ZVI powder (%) 
 Material 1 Material 2 
0 7.5 15 30 7.5 15 30 

NO3-N Saturated 1.000 0.976 0.924 0.930 0.939 0.853 0.795 
NH4-N Saturated 0.000 0.003 0.000 0.005 0.038 0.044 0.090 
NO3-N Unsaturated 1.000 0.990 0.985 0.978 0.992 0.951 0.893 
NH4-N Unsaturated 0.000 0.003 0.009 0.000 0.010 0.048 0.109 

         

 
Fig.  8 Relation between the mixture ratio of ZVI powder 
in hand warmer and the dispersivity 
 

 
Fig.  9 Relation between the mixture ratio of commercial 
ZVI powder and the dispersivity 
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not only to estimate the retardation factor and the degradation 
rate but  to quantify mass recovery fractions associated with 
nitrate and ammonium ions. The findings of this study are 
drawn as follows: 
 
1) The retardation factor estimates under saturated 

condition were slightly larger than those under 
unsaturated condition regardless of the kinds of ZVI 
powders.  

 
2) The increase of the amount of ZVI powder resulted in 

the increase of the degradation rate regardless of the 
water content. The degradation rates of commercial ZVI 
powder were larger than those of ZVI powder in hand 
warmer, indicating that commercial ZVI powder is more 
effective in the reduction of nitrate to ammonium. 

 
3) According to the results of the mass recovery fraction, it 

was confirmed that ammonium was produced by 
reduction of nitrate in the presence of ZVI. The degree 
of production of ammonium increased with increasing 
the amount of ZVI powder, especially for commercial 
ZVI powder. 

 
4) The longitudinal dispersivities slightly increased with 

increasing the mixture ratio of ZVI powder. 

5 ACKNOWLEDGMENT 

The work reported here was supported by the Nippon Life 
Insurance Foundation. 

6 REFERENCES 
[1] Schepers JS, Varvel GE and Watts DG, “Nitrogen and water 

management strategies to reduce nitrate leaching under irrigated 
maize,”  J. Contam. Hydrol., 20, 1995, pp. 227–239. 

[2] Knobeloch L, Salna B, Hogen A, Postle J and Anderson H, 
“Blue-babies and nitrate-contaminated well water,”  Environ. Health 
Perspect, 108(7), 2000, pp. 675–678.  

[3] Sandor J, Kiss I, Farkas O and Ember I, “Association between gastric 
cancer mortality and nitrate content of drinking water: ecological study 
on small area inequalities,”  Euro. J. Epidemiol., 17, 2001, pp. 
443–447.  

[4] Jansen DM, Buijze ST and Boogaard HL, “Ex-ante assessment of costs 
for reducing nitrate leaching from agricultural-dominated regions,” 
Environ. Monitor. Software, 14, 1999, pp. 549–565. 

[5] Schröder JJ, Aarts HFM, van Middelkoop JC, Schils RLM, Velthof GL, 
Fraters B and Willems WJ, “Permissible manure and fertilizer use in 
dairy farming systems on sandy soils in The Netherlands to comply 
with the Nitrates Directive target,” Euro. J. Agronomy, 27, 2007, pp. 
102–114. 

[6] Bennet P, He F, Zhao D, Aiken B and Feldman L, “In situ testing of 
metallic iron nanoparticle mobility and reactivity in a shallow granular 
aquifer,” J. Contam. Hydrol. 116, 2010, pp. 35–46. 

[7] Mackay DM and Cherry JA, “Groundwater contamination: 
pump-and-treat remediation,” Environ. Sci. Technol., 23(6), 1989, pp. 
630–636. 

[8] Travis CC and Doty CB, “Can contaminated aquifers at Superfund sites 
be remediated?,” Environ. Sci. Technol., 24(10), 1990, pp. 1464–1466. 

[9] Alowitz MJ and Scherer MM,“Kinetics of nitrate, nitrite, and Cr(VI) 
reduction by iron metal,” Environ. Sci. Technol., 36(3), 2002, pp. 
299–306. 

[10] Maeda M, Ihara H and Ota T, “Deep-soil adsorption of nitrate in a 
Japanese Andisol in response to different nitrogen sources,” Soil Sci. 
Soc. Am. J., 72(3), 2008, pp. 702–710. 

[11] Inoue K, Ihara I, Yoshino A and Tanaka T, “Assessment of the use of 
hand warmer for nitrate retardation in porous media,” J. Water Environ. 
Technol., 8(4), 2010, pp. 355–362. 

[12] Jeen S-W, Gillham RW and Przepiora A, “Predictions of long-term 
performance of granular iron permeable reactive barriers: field-scale 
evaluation,” Environ. Sci. Technol., 23(6), 1989, pp. 630–636. 

[13] Ruangchainikom C, Liao C-H, Anotai J and Lee M-T, “Characteristics 
of nitrate reduction by zero-valent iron powder in the recirculated and 
CO2-bubbled system,” Water Res., 40, 2006, pp. 195–204. 

[14] Murphy AT, “Chemical removal of nitrate from water,” Nature, 350, 
1991, pp. 223–225. 

[15]  Cheng IF, Muftikian R, Fernando Q and Korte N, “Reduction of nitrate 
to ammonia by zero-valent iron,” Chemosphere, 35(11), 1997, pp. 
2689–2695. 

[16] Westerhoff P and James J, “Nitrate removal in zero-valent iron packed 
columns,” Water Res., 37, 2003, pp. 1818–1830. 

[17] Das BS and Kluitenberg GJ, “Moment analysis to estimate degradation 
rate constants from leaching experiments,” Soil Sci. Soc. Am. J., 60, 
1996, pp. 1724–1731. 

[18] Valocchi AJ, “Validity of the local equilibrium assumption for 
modeling sorbing solute transport through homogeneous soils,” Water 
Resour. Res., 21(6), 1985, pp. 808–820. 

[19] Pang L, Goltz M and Close M, “Application of the method of temporal 
moments to interpret solute transport with sorption and degradation,” J. 
Contam. Hydrol., 60(1-2), 2003, pp. 123–134. 



 

281 
 

 

 

ABSTRACT: Laboratory dye tracer experiments with a pulse source 
were conducted under saturated unidirectional flow conditions in a 
two-dimensional and vertically placed water tank. In tracer 
experiments, homogeneous and stratified porous formations, which 
were comprised by a few combinations with three types of soil 
particles, were of concern to examine the effect of variation of pore 
structure on macrodispersion phenomena. A new methodology 
using spatial moment analysis linked with image processing of a dye 
tracer behavior was developed to estimate macrodispersivities both 
in longitudinal and lateral directions. These results demonstrated 
that the ratio of the longitudinal macrodispersivity to the 
longitudinal microdispersivity ranged from about 2 to about 40. 
Moreover, it is indicated that the layering of stratified porous 
formations had an effect on the degree of longitudinal and transverse 
macrodispersions. 
 
Keywords: macrodispersion, stratified porous media, image 
processing, spatial moment.  

1. INTRODUCTION 

The movement of groundwater in porous media is subject to 
convection and dispersion, independently of any material 
being transported [1].  Advection and forced-advection are 
due to bulk movement of groundwater caused by regional 
movement in the aquifer and by some man-made disturbance 
such as pumping wells, respectively, while natural convection 
is relevant to differences in density. Dispersion results from 
the irregular movement of water in porous formations where 
tortuosity of flow paths is induced. On a larger scale, these 
irregularities are due to the presence of zones of different 
hydraulic conductivities. It is progressively accepted that 
dispersion of solutes by groundwater is governed by 
large-scale spatial heterogeneity of natural formations [2],[3]. 
The scale effect in solute transport through porous media is 
strongly associated with the heterogeneity and has been the 
topic of significant theoretical and numerical experiments. As 
for layered media, Güven et al [4] conducted deterministic 
analysis of dispersion in a perfectly stratified aquifer of finite 
thickness and suggested that the time-dependent dispersivity 
approached an asymptotic limit in time. Black and Freyberg 
[5] used Monte Carlo simulations to estimate the impact of 
hydraulic conductivity uncertainty on concentration 
uncertainty in a perfectly stratified aquifer. Fadili et al [6] 
employed a Lagrangian particle tracking to investigate the 
behavior of concentration and statistical moments of the 
transported tracer plume in multilayered media. The scale 
effect in solute transport in a stratified aquifer has also been 
studied under field conditions. Sudicky et al [7] observed the 

transitional values of both longitudinal and transverse 
dispersivities. Güven et al [8] demonstrated that the results of 
a single-well tracer test could be interpreted without a 
scale-dependent dispersivity. 
Although significant work has been performed through field 
efforts, relatively few controlled laboratory efforts have been 
reported. Recently, a few of the dye tracer experiments 
combined with an image processing technique have been 
studied to quantify the behavior of dye tracers [9],[10], which 
have been used for a long time to trace water flow and solute 
movement in aquifers. McNeil et al [11] performed 
intermediate-scale laboratory experiments in heterogeneous 
porous media and characterized the spatial distribution of 
solute concentrations using image analysis methods, 
providing concentration distributions and longitudinal 
dispersivity in a corresponding porous formation. However, 
the variation of longitudinal and transverse 
macrodispersivities corresponding to the heterogeneity was 
not described.  
The objectives of this study are to investigate the transport 
behavior of dye tracer in homogeneous and stratified porous 
formations under saturated conditions, to estimate transport 
parameters including the longitudinal and transverse 
dispersivities and dispersion coefficients and to assess 
macrodispersion phenomena. An image processing technique 
is used in conjunction with spatial moments for the reliable 
parameter estimation and is applied to a flow field with a 
layered formation.  

2. TRACER EXPERIMENTS 

2.1 Dye tracers and experimental apparatus 

Dye tracing is widely used to characterize water flow and 
solute transport behavior in porous media. Previous work 
demonstrated that colored dye tracers could be successfully 
used to monitor solute transport in a porous medium confined 
in a transparent container [12]. In this study, a dye tracer, 
Brilliant Blue FCF, with the initial concentration of               
0.4 mg/cm3 is employed. The specific gravity of dye tracer is 
1.0001 measured using the specific gravity meter and can be 
therefore regarded as almost the same as that of water. 
Although the initial concentration of dye tracer is determined 
to be low enough to avoid density-induced flow effects, there 
is no denying that the effect of gravity on solute transport 
during the course of movement. 
Tracer experiments are carried out in a two-dimensional and 
vertically placed water tank with the dimensions of 62 cm 
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width, 50 cm height and 1 cm thickness. The water flow tank 
contains silica sand to form transparent quasi 
two-dimensional solute transport phenomena and consists of 
two acrylic plates with 2 cm thickness.   Schematic diagram 
of experimental apparatus is shown in Fig.1. Constant head 
water reservoirs connected to the upstream and downstream 
ends of the water tank are used to control the hydraulic 
gradient. One transparent acrylic plate allows for the 
observation of migrating dye tracer and for the measurement 
of the piezometric head at 20 observation points using 
manometers. 
In tracer experiments, in order to elucidate the effect of the 
layering on the degree of macrodispersion, ten stratified 
porous formations are of interest and are comprised using 
three types of soil materials. Physical properties of soil 
materials, referred to as K4, K5 and K6, are shown in Table 1. 
For the base case, each soil material is filled in all Layers 1 
through 4 shown in Fig.1 and comprises a homogeneous 
porous formation, providing “Single type formation” as 
Cases K4, K5 and K6. In two-layered porous formations, 
Layers 1 and 2 are filled with soil material K4 as the upper 
layer, while soil material K5 or K6 comprise the lower layer 
including Layers 3 and 4. As Cases K4-5 and K4-6, these two 
types of porous formations are referred to as “Step type 
formation”. As one possible Step type formation, all three 
materials comprise flow fields where soil materials K4, K5 
and K6 are filled with Layer 1, Layer 2 and 3, and Layer 4, 
respectively. In the same manner except for the use of two 
types of soil materials, soil material K4 comprises the top and 
bottom layers and the middle layer consists of material K5 or 
K6, referred to as “Convex type formation” and as Cases 
K4-5-4 and K4-6-4. In Convex type formation, soil material 
is switched to another material in order to create two different 
flow fields as “Concave type formation”. In Table 2, 
experimental cases and corresponding layering formations 

using three soil materials are summarized as well as the 
assigned name of stratified porous formations of concern. 

2.2 Experimental procedure 

Materials are completely washed and saturated before 
packing to remove organic chemicals attached to the particle 
surface, to avoid entering the air and to conduct experiments 
under the saturated condition. In the process of creation of 
homogeneous and heterogeneous flow field formations, water 
flow tank is filled with water and material of interest from 
bottom to top in 5 cm layers to achieve uniform packing.  In 
this process, saturated material is funneled using an extended 
funnel. Each layer is compacted prior to filling the next layer, 
resulting in 0.41 ± 0.02 of the porosity for all materials. The 
porosity of each material can be estimated indirectly from 
measurements of the particle density and the dry soil bulk 
density. 
After packing, water is applied to the flow tank under a 
specific  hydraulic gradient controlled by constant head water 
reservoirs at the upstream and downstream sides, while 
maintaing saturated condition of porous media. A steady 
saturated flow field is established in the flow tank when 
fluctuations in the observed drainage rate, which is effluent 
from the constant head water reservoir, and piezometer 
readings can become negligible.  
After reaching steady state flow conditions, in order to 
simulate a pulse type source, dye tracer with the volume of     
5 cm3, which makes flow paths visible, is uniformly injected 
along the whole thickness of the flow tank. Tracer injection 
requires approximately 20 seconds so as not to possibly 
induce complications in the flow field, resulting in cylindrical 
source having a height of 1 cm and a radius of approximately 
1.2 cm. In an injection system, a needle is inserted through the 
injection port with 0.05 cm of the radius on the face of acrylic 

Table 1 Properties of soil materials. 
 
  Material  
 K4 K5 K6 
Mean particle size (cm) 0.085 0.050 0.030 
Uniformity coefficient (-) 1.80 1.25 1.31 
Hydraulic conductivity (cm/s) 0.751 0.268 0.0571
Dry density (g/cm3) 2.68 2.68 2.68 

 

Table 2 Experimental cases. 
 
Case Layer number Type of stratified  

porous formation  1 2 3 4 
K4 K4 Single 
K5 K5 Single 
K6 K6 Single 
K4-5 K4 K5 Step 
K4-6 K4 K6 Step 
K4-5-6 K4 K5 K6 Step 
K4-5-4 K4 K5 K4 Convex 
K4-6-4 K4 K6 K4 Convex 
K5-4-5 K5 K4 K5 Concave 
K6-4-6 K6 K4 K6 Concave 
 

 
 

Fig.1 Schematic diagram of experimental apparatus. 
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plate in order to create a two-dimensional transport state. 
During the experiment, the profiles of tracer migration are 
periodically recorded using a digital camera. The distance 
between the digital camera and the experimental flow tank is 
set at approximately 40 cm. A time series of images can then 
be processed and analyzed through image analysis for 
parameter estimation. Several experimental cases are 
repeatedly conducted under various hydraulic gradient 
conditions within approximately one order range of Reynolds 
number. 

2.3 Transport process and image calibration 

Fig.2 exhibits some images associated with dye tracer 
distributions in porous media. Data recorded by the digital 
camera successfully indicate different intensities in dye tracer 
distributions, suggesting different concentrations of the dye 
tracer. Moreover, the tracer experiments may be regarded as 
effectively two-dimensional since dye tracer is injected 
across the full 1 cm thickness of the flow tank. 
In order to establish the relationship between the image 
intensity of a pixel and dye tracer concentration, a calibration 
is conducted. Under identical experimental conditions, a 
known concentration of dye tracer is injected into a 
corresponding porous formation without a hydraulic gradient. 
The spread of dye is captured by the digital camera. The same 
procedure is repeated using different concentrations of dye 
tracer, providing the relation between the image intensity and 
dye tracer concentration as shown in Fig.3 where calibration 
formulas are also shown and are specific to the experimental 
configuration. The concentration of the dye is proportional to  
the pixel brightness over the range of 0 mg/cm3 to 0.4 mg/cm3 
as seen in Fig.3.  

 

2.4 Spatial moment approach 

A commonly used measure of dilution is the spatial moments 
of the concentration spatial moments of aqueous 
concentrations distributed in space in porous media and are 
calculated from snapshots of tracer plume at given times as 
follows [13]. 
 

dxdzzxtzxCtM ji
ij  








 ),,()(                                        (1) 

 
where x and z are the Cartesian coordinates, C is the solute 
concentration, t is the time, Mij is the spatial moments 
associated with the distribution of tracer plume at a certain 
time, and i and j are the spatial order in the x and z coordinates, 
respectively. 
The tracer brightness distribution can be converted to a 
concentration distribution by the calibration, providing an 
analogy between Eq.(1) and Eq.(2). 
 

 dxdzzxtzxBzxHtM ji
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where H(x,z) is the area per unit pixel and B(x,z,t) is the 
brightness at a corresponding pixel. 
The centroid of plume concentration distribution is calculated 
as the normalized first order spatial moment by the following 
equation. 
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where xc and zc are the cetroid locations of plume 
concentration distribution in the x and z coordinates, 
respectively. The liquid phase second order spatial moments 
are also computed as follows. 

 
 
Fig.3 Relation between the image brightness and the dye 
tracer concentration. 

 
Fig.2 Image examples of dye tracer transport. 
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where ij is the second order spatial moments. 
Longitudinal and transverse macrodispersivities from spatial 
moments of the distributed tracer plume are calculated as [10] 
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where AL is the longitudinal macrodispersivity, AT is the 
transverse macrodipersivitity and c is the travel distance of 
the center of tracer plume in the mean flow direction at time t . 
Furthermore, the longitudinal and transverse dispersion 
coefficients are estimated based on the relation between the 
flow velocity of dye tracer and the dispersivity as the 
following equations. 
 

TTLL AvDAvD  ,                                                  (6) 

 
where DL is the longitudinal dispersion coefficient and DT is 
the transverse dispersion coefficient. 
An advantage of spatial moment analysis in conjunction with 
an image technique is that the underlying physical model is 
not needed unlike other techniques such as fitting advection 
and dispersion equation. This point may lead to the cost 
reduction related to labor sampling of other conservative 
chemicals such as NaCl and KBr. 

3 RESULTS AND DISCUSSION 

3.1 Microdispersion coefficient estimates 

Estimates of longitudinal and transverse microdispersion 
coefficients in single layer formations of Cases K4, K5 and 
K6 are shown in Fig.4 as a function of Reynolds number, 
which is expressed as follows [1] 
 


50vd

Re                                                                               (7) 

 
where Re is the Reynolds number, v is the seepage velocity, 
d50 is the mean particle size and is the kinematic viscosity. 
Harleman and Rumer suggested that a nonlinear relation 
between dispersion coefficients and Reynolds number as 
follows [14] . 
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where bL, bT, fL and fT are constants, which depend on particle 
shape. The best fittings based on Eq.(8) with the empirical 

constants of 2.48 of bL, 0.66 of fL, 0.257 of bT and 0.53 of fT. In 
this figure, empirical relations suggested by Harleman and 
Rumer [14] are also depicted for the normalized longitudinal 
dispersions with the constants 0.66 of bL and 1.20 of fL and for 
the transverse dispersions with the constants 0.036 of bT and 
0.70 of fT. Both longitudinal and transverse dispersion 
coefficients increase not only with the Reynolds number in 
flow fields but with the mean particle size. This tendency is 
quite natural in solute transport phenomena in homogeneous 
porous media [1], indicating the validity of the methodology 
applied herein. On the other hand, the fitting curves obtained 
in this study provide larger values compared to the empirical 
relations because the difference between physical properties 
including the uniformity coefficient and the mean grain size 
of materials in tracer experiments employed in this study and 
other literature may affect a porous formation, and result in a 
wide variety of tortuous pathways during the course of tracer 
migration.  

3.2 Macrodispersivity estimates 

As stratified porous formations of Step, Convex and Concave 
type formations, as well as Single type formation, 
longitudinal and transverse macrodipersivites in each 
formation are plotted in Fig.5 as a function of Reynolds 
number. Longitudinal macrodispersivites in multilayered 
porous media are larger than those in single layers of Cases 
K4, K5 and K6. This is attributed to the distribution of 
hydraulic conductivity comprising flow fields and is one 
evidence occurring macrodispersion phenomena. 
As for Step type formations, longitudinal macrodispersivities 
in Case K4-6 are larger than those in Case K4-5. Moreover, 
longitudinal macrodispersivites in Case K4-5-6 are lower 
values than those in Case K4-6. It is inferred that larger 
difference of hydraulic conductivity between neighboring 
layers results in larger values of longitudinal 
macrodispersivity. On the other hand, the difference of 
transverse macrodispersivities is relatively small despite of 
the stratified porous formation. This is because the flow 
direction is parallel to the layers and the vertical component 

 
 

Fig.4 Variation of normalized longitudinal and transverse 
dispersion coefficients as a function of Reynolds number. 
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of flow velocity is almost zero in this experimental field. As 
for Convex type formations, the same tendency as the results 
of Step type formation appears for longitudinal and transverse 
macrodispersivity estimates as seen in Fig.6.  
On the other hand, unlike the results of Step and Convex type 
formations, Concave type formations where the soil material 
having the largest hydraulic conductivity comprises the 

middle layer in three layers present a unique tendency as 
shown in Fig.7. Whereas a little difference of the longitudinal 
macrodispersivity estimates between Cases K5-4-5 and 
K6-4-6 appears, transverse macrodispersivity estimates 
depend on the soil materials comprising the top and bottom 
layers. A few studies [15], [16] mentioned a solute transfer 
across a discontinuity such as a layered formation and 
suggested a probability expression as follows 
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where D1 is the transverse dispersion coefficient in a layer in 
which tracer exists, D2 is the transverse dispersion coefficient 
in the neighbor layer, P1 is the transfer probability that a 
tracer remains in the same layer in which tracer exists and P2 
is the transfer probability that a tracer goes into the 
neighboring layer. 
As seen in Fig.4, Case K4 has the largest value of transverse 
macrodispersion coefficient among flow fields of Single type 
formation. Therefore, according to the expression of Eq.(9), 
tracers migrating in the K5 or K6 layer may tend to travel 
toward the K4 layer. Hence, as shown in Fig.7, in Concave 
type porous formations employed herein, it appears that the 
difference of hydraulic conductivity between layers does not 
affect on the variation of longitudinal macrodispersivity 
estimates but on transverse macrodispersivity estimates. 

3.3 Macrodispersivity vs. microdispersivity  

As for results in stratified porous formations, Fig.8 exhibits 
the variation of the transverse macrodispersion coefficient as 
a function of Reynolds number. Additionally, for the purpose                      
of comparison between macrodispersion and microdispersion 
coefficient estimates, transverse dispersion coefficients in 
Single type formation in Cases K4, K5 and K6 are also 
plotted. Transverse macrodispersion coefficient estimates in 
Step and Convex type formations are larger than those 
estimated in single layers K4, K5 and K6. This is because 
tracers migrating in K5 or K6 layer may tend to flow into the 
K4 layer as aforementioned above. Opposite to this result, 
transverse macrodispersion coefficient estimates in the 
Concave type formation of Case K6-4-6 are smaller than 
those estimates in single layers K4, K5 and K6. This also 
attributes to the difference of hydraulic conductivity between 
two layers. In Concave type formations, tracers located in the 
top and bottom layers have a certain possibility to flow into 
the middle layer, which has the largest hydraulic conductivity. 
Therefore, the degree of transverse dispersion may tend to 
decrease as tracers move. However, as shown in Fig.8, one of 
the Concave type formations, Case K5-4-5, leads to almost 
the same values of transverse macrodispersion coefficients as 
those in Single type formations. According to Eq.(9), the 
transfer possibility of tracers depends on the transverse 
dispersivity. There is a small difference between not only 

  
Fig.5 Variation of longitudinal and transverse 
macrodispersivities as a function of Reynolds number in 
Step type formation. 

  
Fig.6 Variation of longitudinal and transverse 
macrodispersivities as a function of Reynolds number in 
Convex type formation. 

  
Fig.7 Variation of longitudinal and transverse 
macrodispersivities as a function of Reynolds number in 
Concave type formation. 
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transverse dispersivities but the values of hydraulic 
conductivity in soil materials K4 and K5, resulting in similar 
values of Case K5-4-5 to the results of Single type formation. 
Fig.9 demonstrates that the variation of the longitudinal 
macrodispersivities divided by the microdispersivity 
(L=0.135cm), which is an estimate in Single type formation 
of Case K4, as a function of Reynolds number. Regardless of 
stratified porous formations, the ratio of the longitudinal 
macrodispersivity to the longitudinal microdispersivity 
exceeds 1, and ranges from about 2 to about 40. Moreover, 
there is a marked difference between estimated values of 
AL/L in stratified porous formations. In Step type formation 
the values of AL/L are larger than those in Convex and 
Concave type formations due to the difference of the degree 
of transverse dispersion induced from the layering 
comprising stratified formations. 

4 CONCLUSION 

In the present study, the behavior of macrodispersion in 
stratified porous formations has been assessed. 
Macrodispersion coefficient and microdispersivity have been 

estimated based on spatial moments in conjunction with 
image processing. The following findings have been clarified. 
1. Image processing is a non-intrusive approach and can 

directly characterize the solute movement in porous 
media. 

2. Transverse macrodispersion coefficient estimates in Step 
and Convex type formations are larger than those in 
Single type formations. Contrary tendency is seen in 
Concave type formation due to the effect of the layering 
comprising stratified formations. 

3. Regardless of stratified porous formations, the ratio of the 
longitudinal macrodispersivity to the longitudinal 
microdispersivity exceeds the unity, and ranges from  
about 2 to about 40. 

4. The layering of stratified porous formations has an impact 
on longitudinal and transverse macrodispersion. 

5 REFERENCES 
[1] Bear J, Dynamics of fluids in porous media. Dover Publications.  
[2] Dagan G, “Time-dependent macrodispersion for solute transport in 

anisotropic heterogeneous aquifers,”  Water Resour. Res., 24(9), 1988, 
pp. 1491–1500.  

[3] Gelhar LW, Welty C and Rehfeldt KR, “A critical review of data on 
field-scale dispersion in aquifers,”  Water Resour. Res., 28(7), 1991, pp. 
1955–1974.  

[4] Güven O, Moltz, JM and Melville JG, “An analysis of dispersion in a 
stratified aquifer,”  Water Resour. Res., 20(10), 1984, pp. 1337–1354. 

[5] Black TC and Freyberg DL, “Stochastic modeling of vertically 
averaged concentration uncertainty in a perfectly stratified aquifer,” 
 Water Resour. Res., 23(6), 1987, pp. 997–1004. 

[6] Fadili A, Abaou R and Lenormand R, “Dispersive particle transport: 
identification of macroscale behavior in heterogeneous stratified 
subsurface flows,” Math. Geol., 31(7), 1999, pp. 793–840. 

[7] Sudicky EA, Cherry JA and Frind EO, “Migration of contaminants in 
groundwater at a landfill: a case study 4. A natural-gradient dispersion 
test,” J. Hydrol., 63, 1983, pp. 81–108. 

[8] Güven O, Falta RW, Moltz, JM and Melville JG, “Analysis and 
interpretation of single-well tracer test in stratified aquifers,”  Water 
Resour. Res., 21(5), 1985, pp. 676–684. 

[9] Schincariol R and Schwartz FW, “An experimental investigation of 
variable density flow and mixing in homogeneous and heterogeneous 
media,”  Water Resour. Res., 26(10), 1990, pp. 2317–2329. 

[10] Inoue K, Takenouti R, Kobayashi A, Suzuki K and Tanaka T, 
“Assessment of a UV excited fluorescent dye technique for estimating 
solute dispersion in porous media,”  J. Rainwater Catchment 
Systems, 17(1), 2011, pp. 1–9. 

[11] McNeil JD, Oldenborger GA and Schincariol RA, “Quantifying 
imaging of contaminant distributions in heterogeneous porous media 
laboratory experiments,” J. Contam. Hydrol., 84, 2006, pp. 36–54. 

[12] Flury M and Flühler H, “Tracer Characteristics of Brilliant Blue FCF,”  
Soil Sci. Soc. Am. J., 59(1), 1995, pp. 22–27. 

[13] Tompson AFB and Gelher LW, “Numerical simulation of solute 
transport in three-dimensional, randomly heterogeneous porous 
media,”  Water Resour. Res., 26(10), 1990, pp. 2541–2562. 

[14] Harleman DRF and Rumer RR, “Longitudinal and lateral dispersion in 
an isotropic porous media,”  J. Fluid Mech., 16, 1963, pp. 385–394. 

[15] Hoteit H, Mose R, Younes A, Lehmann F and Ackerer P, 
“Three-dimentional modeling of mass transfer in porous media using 
the mixed hybrid finite elements and the random-walk methods,”  Math. 
Geol., 34(4), 2002, pp. 435–456. 

[16] Uffink GJM, “A random-walk method for the simulation of 
macrodispersion in a stratified aquifer,”  Proc. IAHS symposia, 65, 
1985,  pp. 26–34.  

 
Fig.8 Variation of normalized transverse dispersion 
coefficients as a function of Reynolds number. 

 

 
 

Fig.9 Variation of normalized longitudinal 
macrodispersivities as a function of Reynolds number.  
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ABSTRACT: A novel hydrolysis polyurethane(W-OH) is an 
eco-type solidification material that is used in desertification control. 
This paper presents a new method for the ecological treatment of 
desertification using W-OH and discusses the large-scale production 
technology of W-OH. Solidification of W-OH is by a cross-linking 
reaction between W-OH and water in a broad proportion. The 
reaction is rapid (2 to 20 min). The resulting material is elastic with 
large water holding properties. A sand-fixing layer can be formed by 
spraying an aqueous solution of W-OH on a sand surface. We find 
that the resulting sand-fixing layer has good elasticity, suitable 
porosity, excellent capability of holding water, heat and fertilizer, 
and it can supply a stable and suitable environment for vegetation. 
Moreover, the degradation period of W-OH can be controlled by 
adding different concentrations of a hindered amine light stabilizer 
(HALS or the W-US as product name). The degradation of the 
sand-fixing layer can be modified according to the local 
environmental conditions. The degradation products are non-toxic 
and do not present an environmental hazard. Construction of W-OH 
desertification control is simple: it does not require large mechanical 
equipment and is suitable for large-scale construction. 
Key words: W-OH organic composite material; W-US; 
Chemical-biological sand fixation; Desertification control; 
Ecological restoration 

1.  INTRODUCTION 

Currently, there are three major methods to combat 
desertification [1]: the physical and mechanical method, the 
chemical method and the biological method. The physical and 
mechanical method consists of placing a sand trap, such as a 
grass grid, on the sand surface. While the sand trap is 
beneficial in the prevention of sand-shifting, it is also plagued 
by many problems, such as the labor associated with 
installation, low efficiency in the prevention of desertification, 
and poor biological-environmental compatibility, among 
others [2]–[4]. As the sand trap ages, the material degrades 
and gradually rots. The trap loses its function when sand 
particles begin to shift with the wind. The physical and 
mechanical method is thus not suitable for large-scale use and 
is not a viable solution for desertification [5], [6]. 
Chemical sand fixation is essentially a specialized 
mechanical sand-fixing method. Critical development of 
chemical sand fixation methods has taken place over the past 
80 years. With improvements in the chemical industry, many 
new organic and inorganic sand-fixing materials have been 
developed and applied in desertification control [7], [8]. 
However, this method has the same inherent problems as 

 
 

mechanical sand fixation: the sandy soil is only fixed for a 
short term and thus does not provide a reliable solution to 
desertification. On exposure to UV radiation and wind/sand 
erosion, the materials gradually degrade and eventually 
disappear. Additional limitations include high costs and 
complex construction. Moreover, the fixed surface is 
unsuitable for plants growth and typically harmful to the 
environment [9].  
Biological sand fixation not only controls desertification but 
also improves microclimate conditions, restores the 
environment and provides additional benefits in areas with 
relatively high rainfall. Biological sand fixation is a 
fundamental solution for the problem of desertification. 
However, because of the poor climate and hydrological 
conditions often found in areas at risk for desertification, it is 
impossible for plants to survive and grow. Therefore, it is 
necessary to study a novel control technology for improving 
the growth environment and survival rate of plants under 
extreme desertification conditions [10], [11]. 
The development of chemical-biological integrated sand 
fixation technology is a current trend in the field of 
desertification control. However, it is difficult to combine 
existing chemical sand-fixing materials with a biological 
solution due to their poor durability and plant affinity. 
Therefore, such methods have not been applied for 
large-scale desertification prevention and control. In this 
paper we introduce a novel hydrophilic polyurethane(W-OH) 
sand stabilizer. The material is prepared with ethylene oxide 
(EO) and propylene oxide (PO) random copolyethers, excess 
modified 4, 4’-diphenylmethane diisocyanate and other 
functional materials. Solidification is obtained by a 
cross-linking reaction between W-OH and water in a broad 
proportion. The reaction is quick and is completed within the 
range of 2 to 20 min. The resulting solid is elastic, with great 
water-holding capability. A sand-fixing layer is formed by 
spraying W-OH aqueous solution on the sand surface. The 
thickness of the layer is between 1and 5 cm, with a porosity 
between 8 and 25%(by volume percent). The layer is robust 
enough to prevent erosion caused by sand and wind. The 
sand-fixing layer is characterized by good elasticity, suitable 
porosity and excellent capability of preserving water, heat 
and fertilizer. Therefore, it provides a stable and good 
environment for the growth of vegetation. The degradation 
period can be controlled from 1 to 20 years by using different 
concentrations of a hindered amine light stabilizer(HALS or 
W-US as the product name). Therefore, the method of 
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combating desertification with W-OH proves to be a 
sustainable technique [12]–[15]. 

2.  The characterization of W-OH  

2.1 Physical and chemical characteristics of W-OH  

W-OH is a light yellow, oily liquid. Water is used as a 
solidifying agent. W-OH is soluble in water at a broad range 
of concentrations. Solidification is achieved using a 
cross-linking reaction between W-OH and water. The 
reaction is quick, ranging from 2 to 20 min. W-OH has many 
potential applications, including use in soil stabilization and 
sand fixation, and as a waterproofing agent in irrigation 
ditches or a dust proof layer. Recent research on soil 
stabilization and sand fixation has resulted in many 
technological breakthroughs. In the work presented here, we 
stress that W-OH has many excellent properties, such as ① 
Excellent durability: the resulting solid is resistant to UV 
irradiation for up to 20 years, and this property can be 
controlled by adjusting the components of W-OH; ② Good 
mechanical properties and high adhesive forces with other 
materials such as sand and soil; ③ Fast solidification with a 
large range of water concentrations, and the resulting solid is 
very elastic with great water holding capacity; ④  Good 
resistance to acid and alkaline erosion, hydrolysis and salt 
corrosion; ⑤ Is environmentally friendly. 

2.2 Solidifying characteristics of W-OH  

W-OH can be dissolved in water, emulsified and dispersed 
homogeneously. The solidification proceeds over several 
minutes following the introduction of water. As shown in Fig. 
1, when the concentration of W-OH is less than 3%(by weight 
percent), the cross-linking reaction forms a very weak solid 
due to the low cross-linking density and low molecular 
weight of the solidified W-OH. Therefore, a concentration of 
at least 3% of the sand-fixing material in water is necessary 
for sand fixation. With an increase in temperature from 5 to 
30℃, molecular motion is accelerated and the viscosity of the 
cross-linking reaction increases. However, this is 
accompanied by a decrease in the cross-linking density and a  
corresponding decrease in the viscosity and the strength of the 
solidified W-OH. By comparing the solidification conditions  
 

275 280 285 290 295 300
0

2

4

6

8

10

12

14

16
pH7

Temperature(K)

S
ol

it
if

ic
at

io
n 

T
im

e(
m

in
)

 3%
 4%
 5%

  
Fig.1 Relationship between the solidifying time of W-OH and 

temperature 

at 5℃  and 30℃ , we see that the time for solidification 
decreases by more than 50%, from 19 min to 7 min at a 
concentration of 3% sand-fixing agent, from 12 min to 2.2 
min at a concentration of 4% sand-fixing agent, and from 8 
min to 2 min for a concentration of 5% sand-fixing agent. 
Therefore, the solidification time and final strength of the 
material is a function of reaction temperature and W-OH 
concentration.  

2.3 Safety of W-OH 

W-OH uses water as solidifying agent. On completion of the 
W-OH and water reaction, all of the W-OH present is 
consumed. W-OH contains no heavy metal ions. The safety of 
W-OH was measured and certified by public authorization, 
with respect to both plant and animal toxicity. The graph in 
Fig. 2 shows the results of the W-OH fish toxicity test. 
Results from both fish and mouse toxicity tests demonstrate 
that W-OH is an environmentally friendly material and does 
not harm living organisms. This is a prerequisite for any 
material used in desertification control. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig. 2 Security test 

3. The mechanism and construction technology of 
sustainable decertification control with W-OH   

3.1 The mechanism of sustainable decertification control 
with W-OH  

The work presented here is a novel conception of sustainable 
desertification control with W-OH and we aim to further 
develop and study this technology. Sustainable desertification 
control relies on a combination of chemical sand fixation and 
organic biological sand fixation. Desertification control and 
ecological restoration can be divided into two stages: first, 
chemical sand fixation with W-OH, followed by biological 
sand fixation. The schematic diagram illustrating the 
mechanism of sustainable sand fixation and vegetation using 
W-OH is shown Fig. 3. W-OH is sprayed on a sand surface 
that has been treated with seed and fertilizers. Several 
minutes later, a sand-fixing layer is formed on the sand 
surface and the objective of chemical sand fixation is 
achieved. However, chemical sand fixation only addresses 
the stability of the soil and sand dune, and with chemical 
fixation alone, it is impossible to achieve sustainable 
biological sand fixation and complete ecological restoration. 
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The sand-fixing layer with W-OH has a thickness of more 
than 1 cm and porosity of approximately 20%. This layer 
presents a suitable environment for plant germination and 
growth. Thus, the second stage of sustainable biological sand 
fixation can be achieved in the presence of W-OH. The 
degradation period of the W-OH sand-fixing layer can be 
controlled according to the local environmental conditions. It 
has been found that plants can germinate one week after 
spraying W-OH aqueous solution, and the sand-fixing layer 
degrades completely after 2 to 3 plant life cycles. In this way, 
the natural transition between chemical sand fixation and 
biological sand fixation is achieved.    

 
 

 
a. Distribution of seed and fertilizers 

 
 
 

 
b. W-OH spraying-solidifying 

 
 
 

 
c. Sustainable biological sand fixation and ecological 

restoration 
Fig. 3 The mechanism of sustainable sand fixation and 

vegetation with W-OH 
 

3.2 The construction technology  

The construction technology of sustainable decertification 
control with W-OH is simple and convenient without any 
large mechanical equipment. It is very important for 
application in desertification control due to dismal and 

remote desert. The construction technology with W-OH is 
mainly clarified into two stages. The first stage is land 
consolidation which includes mixture of seed, composting 
material and fertilizers with sand, spraying the mixture on the 
sand surface, land grading and filling, followed by spraying 
water. The second stage is spraying W-OH on the sand 
surface with a special equipment of Y type. It contains two 
pumps and tunnels for transporting W-OH and water 
respectively, and W-OH and water mixes at nozzle and then 
the solution is sprayed on the sand surface. The concentration 
is controlled by adjusting water pump.  
The technology needed for desertification control with W-OH 
consists solely of spraying equipment, which is suitable for 
large-scale application. The concentration of W-OH can be 
controlled form 2% to 7%, according to the needs of a 
specific application. This technology benefits from simple 
equipment and construction processes. 

4 Properties of the W-OH sand-fixing layer  

4.1 Appearance of the sand-fixing layer  

As a result of low viscosity prior to solidification, W-OH can 
easily penetrate into the sand on spraying, and a sand-fixing 
layer forms after few minutes. Fig. 4 shows the appearance of 
the sand-fixing layer. The sand-fixing layer is characterized 
by good elasticity and sufficient porosity, which is necessary 
for plant growth. Fig. 5 shows the layer thickness and initial 
porosity of the sand-fixing layer as a function of the amount 
of W-OH that is sprayed. If the amount of W-OH is too low, 
the thickness of the sand-fixing layer will be too thin to 
achieve proper sand fixation. Therefore, the spraying quantity 
is set to more than 3 L/m2. When the amount of W-OH 
sprayed on the sand is 3 L/m2, the thickness of the sand-fixing 
layer is approximately 1.4 cm with an initial porosity of 20%. 
The sand-fixing layer not only fixes sand but is also suitable 
for plant growth. The thickness of the sand-fixing layer 
increases linearly with the quantity of W-OH that is sprayed. 
However, with an increased quantity, the initial porosity 
decreases due to the higher concentration of the sand-fixing 
material in the sand, and the smaller pore size. When the 
quantity of W-OH sprayed on the sand is 10 L/m2, the 
thickness of the sand-fixing layer is approximately 3 cm, and 
the porosity decreases to 8%. These results demonstrate that 
the thickness and porosity of the W-OH sand-fixing layer can 
 

 
 
 
 
 

 
 
 

Fig. 4 Appearance of the sand-fixing layer with W-OH 
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Fig. 5 Relationship between thickness and initial porosity of 
the sand-fixing layer and the spraying amount of W-OH 

 
be controlled according to the needs of the local condition by 
adjusting the quantity of the W-OH solution sprayed. 

4.2 Performance of compressive stress and wind erosion 
resistance 

The sand-fixing layer is an elastic material. When the 
concentration of W-OH is increased, the molecular weight of 
the solidified W-OH network increases, the cross-linking 
density increases, the intensity solidified W-OH increases, 
and the adhesion between the solidified network and sand 
particles is enhanced. Therefore, the compressive stress of the 
sand-fixing specimens increases linearly with increasing 
concentration of W-OH. As the concentration increases from 
3% to 7%, the compressive stress enhances from 0.37 MPa to 
1.27 MPa (Fig. 6). The linear formula is shown in Eq. 1, with 
R2 equal to 0.97. Therefore, the sand treated with W-OH has 
adequate mechanical properties to withstand strong wind/ 
sand erosion and an adverse desert environment. 
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Fig. 6  Relationship between compressive stress of the sand- 
fixing specimens and concentrations of  W-OH 

 
Y=0.17576X - 0.22588    R2=0.97                                          (1) 

 
The objective of the wind tunnel test was to study wind 
erosion resistance. The specimens were made by spraying 
W-OH on sand that was contained in a rectangular sand table 
with dimensions of 32 cm×40 cm×4.5 cm. Concentrations 

of W-OH set by 2%、2.5%、3%、3.5%、4%、4.5%、5%、

6% and 7%. The prepared sand-fixing specimens were placed 
into the testing section of the wind tunnel and subjected to 
wind-sand flow under various certain velocities and angles. 
The velocity was measured and controlled by the pilot tube, 
and a sand sampler with multiple tubes was used to measure 
sand flow. The testing parameters were set with a wind/sand 
flow velocity of 10 m/s for 30 min, 15 m/s for 20 min, 20 m/s 
for 10 min or 25 m/s for 8 min and angles of 0°, 30° or 60°. 
The result demonstrated that W-OH sand-fixing specimens 
had excellent wind/sand erosion resistance. The resulting 
solidified network can withstand strong wind/sand erosion at 
a high speed of 25 m/s without deformation or surface 
damage. This implies that layers fixed with W-OH can 
withstand wind erosion exceeding grade 8 and are completely 
suited for use in desert control. 

4.3 Performance of durability and water retention  

It is well known that a desert environment is characterized by 
strong sunshine, UV radiation, low annual precipitation and 
high water evaporation. As a result, it is prerequisite for 
W-OH sand-fixing material to have good durability and water 
retention, especially under UV radiation. The durability of 
W-OH was studied under accelerated aging test conditions 
with UV radiation. Degradation was inhibited by the 
inclusion of W-US. Fig. 7 shows the results of W-OH 
durability tests using different concentrations of W-US. Tests 
demonstrate that W-OH durability is significantly improved 
by the inclusion of W-US. The decomposition rate of the 
sand-fixing layer is decreased by 80% when a W-US  
 

 
 
 

 
 

 
Fig. 7 Relationship between W-OH durability and 

concentration of W-US 
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concentration of 0.015% is used and 96% for a W-US 
concentration of 0.05%. When the W-US concentration is 
increased to 0.1%, the degradation of the sand-fixing layer 
with W-OH is almost completely inhibited. Based on the UV 
radiation intensity found around Qinghai Lake, China, which 
is 600~720 kJ/cm2/a and an experimental UV radiation 
intensity of 1000 w/m2, the UV radiation duration of 
140.6~166.7 hours in our accelerated aging test is equivalent 
to one month in the desert near Qinghai Lake. The service life 
of W-OH without the inclusion of W-US is only one and a 
half months. The service life is increased to over 10 months 
with the inclusion of 0.015% W-US, and to 6 years and 8 
months with the inclusion of 0.05% W-US. When the W-US 
concentration is increased to 0.1%, the lifetime increases to 
22 years and 8 months, or essentially no degradation in the 
strong UV radiation region around Qinghai Lake. 
A super water absorbent resin (SAP or W-BW as product 
name) was added to improve the water retention of the W-OH 
sand-fixing layer. It was mixed in the aqueous W-OH 
solution and sprayed on the sand surface. The results are 
shown in Fig.8. Water retention capacity can be improved by 
28~35 ％  with the addition of 0.06~0.5 ％  W-BW. By 
increasing the concentration of W-BW to 0.7%, the water 
retention capacity increases. However, when the 
concentration of W-BW is larger than 0.7%, the water 
retention capacity increases only slightly. Thus, water 
retention capacity can be improved by 50％ with 0.5~1％ 
W-BW, and 0.7% is the ideal concentration of W-BW for 
improved water retention.  
 

 
 

Fig. 8 Performance of water retention of W-OH  
sand-fixing layer  

4.4 Effect of sand fixation on vegetation  

To determine how the sand fixing layer affects vegetation, 
Toyoura sand with a density of 1.56 g/cm3 was placed into a 
mold with the dimensions of 30 cm × 30 cm × 5 cm and 
compacted by hand. The prepared sand model was 4.5 cm 
thick, with a porosity of 40%. A concentration of 3% aqueous 
W-OH solution with varying concentrations of W-US was 
prepared and homogenously sprayed on the sand surface 
homogeneously. The concentrations of W-US used in this test 
were 0%, 0.05% and 0.1%, and this experiment was 
developed by JCK Co. Ltd, Japan. The seeds germinated one 
week after W-OH sand treatment. Two weeks later, the 

 

 
a. W-US 0% 

 
b. W-US 0.05% 

 
c. W-US 0.1% 

Fig.9  Effect of sand fixation on vegetation.  
(After one month growth) 

 
relative germination rate was greater than 80%, indicating a 
favorable environment for growth. Vegetation growth 
continued to improve with time. Fig. 9 illustrates the growth 
conditions after one month. The W-US additive had no effect 
on vegetation.  

5. Demonstration of sand fixation study with W-OH 

The W-OH treatment was applied to sand dunes and 
vegetation in Qinghai China. More than 5 demonstration sites 
were built. The effect of sand fixation on vegetation are better 
observed in actual application. Fig. 10 shows an experiment 
conducted near around Qinghai Lake, supported by the 
NEDO Program. The demonstrations were performed over 2 
years, with constructed areas of 6600 m2 and 33000 m2, 
respectively. Weather in this region, which is considered a 
mobile dune, is characterized by high UV radiation, strong 
wind and extremely low precipitation. Therefore, traditional 
organic sand-fixing materials readily degrade and are not 
very effective. Our experiments demonstrated that W-OH 
was a good sand-fixing material, effective in both sand 
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a. Beginning 

 
b. One year later 

Fig. 10 Demonstration of vegetation and sand fixation of a 
sand dune around Qinghai Lake, China 

 
fixation and vegetation growth, even under high UV radiation 
and other adverse conditions. Vegetation growth proceeded 
well over the one year treatment and the vegetation coverage 
increased from 0 to over 50%. Results were verified by a 
separate demonstration in Wudaoliang, along the Qinghai- 
Tibet Railway. In this experiment, the vegetation growth was 
healthy after a two-year treatment, with vegetation increasing 
from 0 to over 40%. In addition, the W-OH treatment showed 
excellent UV radiation resistance [16]. 

6  CONCLUSION 

W-OH is a solidification material with hydrophilic 
polyurethane being the fundamental ingredient. W-OH reacts 
with water at a broad proportion, resulting in a solidified 
network after 2 to 20 min. A 3% W-OH concentration is 
necessary for sand fixation. The solid formed does not 
dissolve in water and boasts large water-holding and water 
retention capacity. A sand-fixing layer can be formed by 
spraying aqueous W-OH solution on the sand. With a 
spraying amount of 3 L/m2, the resulting sand-fixing layer has 
a thickness of 14 mm and a porosity of 20%. The sand-fixing 
layer has good elastic properties and mechanical durability, 
withstanding wind erosion higher than grade 8. The UV 
degradation resistance and water retention can be greatly 
improved adding W-US and W-BW to W-OH. Moreover, the 
UV degradation period can be controlled for a period of 1 to 
20 years by adjusting the concentration of the W-US additive. 
Therefore, the layer formed provides a good environment for 
vegetation. The technology for the construction of a W-OH 
layer is simple and does not require large mechanical 
equipment, making it convenient for large-scale applications. 
The effects of sand fixation on vegetation growth were also 

verified by field demonstration. In conclusion, the 
W-OH-based technology has the potential to be one of the 
most important and efficient methods for application in 
desertification control and ecological restoration. 
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ABSTRACT: Groundwater constitutes a major natural resource 
for freshwater supply. Transport of pollutants in porous media is 
subjected to different processes; they can sorbed onto the surface 
on the mineral, sorbed by organic carbon, undergo chemical 
reactions …etc. The flow of water is under hydraulic gradient, 
while transport of solute ions is under concentration gradient. In 
this paper, a mathematical development of a two-dimensional 
numerical model to simulate density-dependent leachate migration 
of radioactive materials in a leaky aquifer system is presented. 
Various transport processes such as advection, dispersion, 
diffusion, sorption and retardation with the concept of reference 
density are considered. The model can be used to predict the 
equiconcentration and equipotentional lines for various cases with 
different hydraulic and geometric parameters. The influence of the 
half live time of leaching materials on plume migration is 
examined, and results show that decreased of pollutant transport 
will occur under such conditions.  
 
Keywords: Concentration, Density-dependent, Migration, 

Reactive, Reference density, half live time.   

1. INTRODUCTION 

Groundwater contamination includes any deterioration of the 
quality of the underground water. Methods of contamination to 
pertinent of the physical environment include wastewater 
disposal practices (both at land surface or deep formulation or 
aquifers). Land disposal sites of solid waste can be sources of 
groundwater contamination because of leachate generated by 
water percolating through the bodies of refuse, or by refuse 
materials decomposition.  
Many materials dissolve in water, whereas others may be 
carried with the water in suspension. Reactive materials 
released into groundwater, in connection with nuclear power 
productions, by accidents, from landfills, or from nuclear waste 
repositories, pose a pollution problem that requires special 
attention.  
Many studies have been conducted to simulate flow and 
pollution of groundwater. Reference [16] applied the finite 
element theory to approximate the nonlinear equations for 
velocity and pressure. The solution for concentration was used 
to update the density profile assumed in the flow equation and a 
new estimate for velocity and pressure was obtained. Iteration 
between the flow and transport equations was preformed until 
convergence was achieved.  
Reference [21] employed a two-dimensional hybrid 
finite-element method and integrated finite-difference method 
to simulate the fluid-density dependent saturated or unsaturated 
groundwater flow and transport of solute in porous media 

 
 

(pressure based model). The simulation may be employed for 
areal and cross-sectional modeling of saturated groundwater 
flow systems, and for cross-sectional modeling of unsaturated 
flows. 
Reference [6] simulated the evolution of the Chloride plume at 
an abandoned landfill in a shallow sand aquifer at the 
Canandian Force Base Borden, Ontario. A high- resolution grid 
was used to obtain an accurate simulation and a consistent flow 
field. The simulation was nonunique to some extent because a 
longitudinal spreading similar to that produced by the 
longitudinal dispersivity may also be produced by an increasing 
source function. 
Reference [9] developed a two-dimensional finite element 
model for solute transport in leaky aquifer systems to simulate 
pollution migration in heterogeneous anisotropic porous media. 
The model was capable of predicting pollutant migration in 
leaky aquifers under steady and transient flow conditions with 
point and/or line source of pollutions. Reference [7] derived an 
analytical solution for the advection-dispersion equation with 
rate-limited desorption and first-order decay. The model 
equations represent one-dimensional, steady state groundwater 
flow through homogeneous isotropic aquifer. It was found that 
the larger desorption and decay rates and the smaller the 
distribution coefficient, the faster the rate of contaminant 
removal from the aqueous and sorbed phases.  
Reference [17] presented a two-dimensional cross sectional 
finite difference model which can simulate density dependent 
pollutant migration from dumped disposal sites in multilayer 
leaky aquifers using the concept of reference density. They 
found that high equiconcentration lines did not move 
significantly after 2000 days, while low equiconcentration lines 
continued to advance with time.  
Reference [18] developed a numerical model to study the mixed 
convection processes below a saline disposal basin located 
between a recharge and discharge zone. Numerical simulations 
are performed in cross-section using the 2-D density dependent 
model SUTRA [21]. Both homogenous and heterogeneous 
aquifer systems were studied and the effects of anisotropy were 
considered. The movement of salt to the underlying 
groundwater system from Lake Tutchwwop, a saline disposal 
complex in north-central Victoria was modeled in cross-section 
[19]. Density-dependent flow was simulated due to salinity 
contrast between the hypersaline bain waters and the regional 
groundwater.   
Reference [10] introduces a two-dimensional cross section 
finite difference model, which can simulate scale dependent 
dispersion for the transport of the dissolved substances in 
groundwater aquifers. The dispersivity coefficient was taken to 
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be dependent on the travel distance of the solute from an input 
source.  
A series of column experiments was undertaken to explore the 
influence of colloid input concentration (2, 1, 0.5, and 0.25 
times a reference concentration, colloid size (negtivelly 
changed 3.2 and 1.0 m quartz sands) on transport and 
deposition [5]. They found that for a given input concentration, 
decreasing the sand size and increasing the colloid size resulted 
in increased mass retention in the sand near the column inlet and 
lower relative concentrations in the effluent. A finite-element 
code COMSOL was used by [8] to model dispersion in 
two-dimensional artificial packed beds. The steady state 
incompressible Navier-stokes equation along with the 
convection diffusion equation was solved to obtain an 
interesting analysis of the effect of porosity and heterogeneity 
on dispersion coefficient.  
In this paper, the finite element model of incompressible fluid 
flow in porous media developed by [11] was extended to model 
dispersive of reactive materials in a leaky aquifer system. The 
flow and transport equations are coupled, using the reference 
density approach with the elimination of the intermediate step 
of calculating velocities. The developed model is a 
two-dimensional fluid density-dependent finite element model 
for reactive materials (2D-FERM). Leachate migration of 
reactive materials in leaky aquifer system is simulated. 
Governing equations, including flow and transport equations, 
are coupled using a new approach with replacing fluids with 
different densities by hypothetical fluid (reference density 
approach). The dispersion coefficients are considered to be 
velocity dependent, and their components values are updated in 
each iteration. The (2D-FERM) model is then used to predict 
the shape of equiconcentration and equipotential lines in leaky 
aquifer system.  

2. VARIABLE CONTAMINATION PATTERNS 

The complex variable to be considered in evaluating the 
potential of contamination to spread in groundwater calls for 
selected concepts. A usual concept centers on two opposing 
tendencies of the movement of contaminants in the ground. One 
is the tendency of the contaminant to move with groundwater, 
and the other is for contaminates to be retarded or degraded by 
mechanisms of attenuation. Different contaminants attenuate to 
varying degrees by: (1) dilution with water; (2) decay with time 
or some other degradation mechanism, and (3) sorption on the 
earth materials [1]. For example, chlorides may attenuate only 
by dilution, but certain radioactive nuclides attenuate 
effectively by a combination of dilution, decay with time, and 
sorption on clays [2].  
Questions center on the extent to which one can rely on sorption, 
dilution, and/or decay to allow contaminants to disappear or 
reach a harmless levels some distance from points of water use. 
In some cases contaminates do not extended more than a few 
meters from waste sites, whereas in other cases, they may 
extend for long distances in the direction of groundwater flow.   

3. REFERENCE DENSITY APPROACH  

The density of water in natural aquifer systems ranges from 
998.2 Kg/m3 at 20oC for freshwater to greater than 1,345 
Kg/m3 as reported for the salado brine of New Mexico. 
Reference [12] set a classification for saline water, ranging 
from slightly saline to brine. He divided the salty water into 
four groups on the basis of total dissolved solids as slightly 
saline, moderately saline, very saline, and brine.  
The density of the flowing groundwater varies according to its 
concentration. As such, piezometric heads at various nodes 
would not indicate the actual pressures unless associated with 
indigenous water density. On the other hand, ignoring the 
effect of density variation may result into false or misleading 
conclusions, with specific reference to sensitive problems 
where small variations in fluid density affect the flow and 
transport regimes considerably. Leaching from dumped 
disposal sites is a good example for such cases. In such 
situations, it is more convenient to employ the concept of 
reference density. Various densities are unified to the 
freshwater density and equivalent freshwater heads are 
evaluated. Finally, one reference density for the whole domain 
is defined and all the piezometric heads are evaluated in 
terms of freshwater heads.  

4. GOVERNING EQUATIONS 

The governing equations describing the radioactive materials 
transport in groundwater under unsteady state conditions are as 
in [4]: 
1. The general Darcy equation for groundwater flow: 

Z) g + P( 
k

- = q 


              (1) 

where, 
   q   is the specific discharge vector (LT-1),  
   k   is the intrinsic permeability tensor (L2),  
   μ   is the dynamic viscosity (ML-1T-1),  
   P   is the pressure (M L-1T-2),  
   ρf  is the fresh water (reference) density (ML-3),  
   ρ   is the fluid density (ML-3),  
   g   is the  gravitational acceleration (LT-2),  
   Z   is a space coordinates (L).  

Substitution of ,
gk

 = K  z, + 
g

p
 = h f
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and 1 -  = 
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into "(1)," yields 
 

Z) + h ( K - = q r                 (2) 

where, 
   h   is the equivalent hydraulic head (L),  
   K   is the hydraulic conductivity tensor (LT-1),  
   ρr  is the relative density (L0). 
 
2. The mass balance equation for the fluid can be written as: 




re R + q . - = 
t

n
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where,  
   n    is the effective porosity (Lo),  
   t     is the time (t),  
   R   is a recharge rate per unit volume of aquifer medium (T-1),   
   ρre  is the density of the recharge water (ML-3). 
 
3. The hydrodynamic dispersion equation or the mass balance 

equation for the pollutant can be written as: 

rRC  C n-            
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where, 
C     is the pollutant concentration (ML-3),  
nC  is the quantity of the pollutant increased within a control 

box (ML-3),  
Dh  is the hydrodynamic dispersion coefficient (L2T-1) which 

can be calculated as in [3]:  
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where,  
α1   is a longitudinal dispersivity (L),  
αt   is a transversal dispersivity (L),  
Vx   is pore-velocity in x direction (LT-1), 
Vz   is pore-velocity in z direction (LT-1), 
V is magnitude of the resultant velocity (LT-1),  
Dd

*
   is the coefficient of molecular diffusion (L2T-1),  

Cre   is the recharged water concentration (ML-3),  
Kd    is the distribution coefficient,  
ρb   is the bulk density of the porous medium (ML-3), 
Ks   is the degradation rate constant of the water (T-1),  
λ   is equal to 1/T,  where T is the half live time (T). 
F is the mass of pollutant on the solid per unit mass of bulk 

dry porous medium which is defined as F = Kd C. 
 
4. A constitutive equation relating fluid density to contaminant 

concentration can be expressed as:  
 

)( oo CCa =                  (6) 

 
where,  
Co   is the reference concentration (ML-3),  
a    is a known constant (Lo) called coefficient of fluid density 

change which can be calculated as: 

C - C

 - 
 = a

o

o

max

max 
                  (7) 

where,  ρmax is the maximum water density corresponding to 
the maximum concentration Cmax. 

5. BOUNDARY CONDITIONS 

Consider the idealized leaky aquifer domain as shown in Fig. 
1. A line source of pollutant, represent the dumped disposal 
site, is placed at the bottom of the aquitard. The aquifer is 
recharged by freshwater entering at the left boundary B4 and 
by downward leakage through the upper boundary B1, where 
the water table is higher than the aquifer piezometric head. 
Water, entering into the system, flows out of the system 
through the right boundary B2.  
The downward flux through upper boundary B1 is governed 
by Darcy’s equation. The concentration below the pollutant 
source will be set equal to the source concentration, Cmax. 
Solute particles are assumed to move only vertically through 
the aquitard. Along the remaining part of boundary, the 
concentration is set equal to freshwater concentration. The 
right boundary B2 allows for advective transport of pollutant 
ions only, i.e., the concentration gradient is set equal to zero. 
This boundary is subject to hydrostatic pressure distribution. 
The pressure distribution along B2 is not constant but varies as 
contaminant concentration increases when the leachate plume 
approaches boundary. The piezometric head at this boundary is 
transformed into equivalent freshwater head, and its value is 
updated as the simulation proceeds according to the new 
concentrations at this boundary. The bottom boundary B3 is 
impermeable, i.e., the normal flux through it for both fluid and 
pollutant ions are equal to zero. The left boundary B4 is 
located where the concentration is assumed to be constant and 
equal to freshwater concentration, Cf. The pressure along this 
boundary is hydrostatic. Therefore, the boundary conditions 
can be written as follow:  

 On the top boundary B1 





 


 r

\
zz b

.H.P.T.W
Kq  

C = Cmax   below the pollution source,  
C = Cf    otherwise  

where, \
zK is the vertical hydraulic conductivity for the aquitard 

(m/s), b is the aquitard thickness (m), W.T. is free water table 
elevation (m), P.H. is the piezometric head throughout the 
aquifer, and r is the relative density. 

 On the right boundary B2 
h = hs 

0



x

C
 

where, hs is the piezometric head at the right boundary. 
 On the bottom boundary B3 

qz = 0 

0



z

C
 

 On the left boundary B4 
h = ho  
C = Cf 

where, ho is the piezometric head at the left boundary. 
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Figure 1: Idealized leaky aquifer system and boundary 

conditions 

6. MATHEMATICAL DERIVATION OF THE 
(2D-FERM) MODEL 

Because the contaminant transport problem is a nonlinear one, 
and the velocity field and hence the dispersion coefficients 
depend upon concentration distribution, Galerkin's procedure is 
well suited for the problem [15]. The Galerkin finite element 
technique is therefore adopted. Triangular elements are used 
with linear interpolation functions, <N> = <Ni Nj Nk>.  
 
Application of the Galerkin technique with Gauss's theorem to 
the fluid mass balance equation in two-dimensions yields: 
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Similarly, the two dimensional hydrodynamic dispersion 
equation can be written as: 
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Equations (8) and (9) can be written symbolically in the matrix 
form as: 

{A}  {h ][F 1k
h                   (10) 

{B}  {C ][F 1k
C                   (11)  

Where [Fh] and [FC] are the coefficient matrices, {hk+1} and 
{Ck+1} are the unknown hydraulic heads and concentrations at 
the new time level k+1, k is the time level, and {A} and {B} are 
the known vectors which contain the effect of boundaries. 
Equations (10) and (11) constitute the 2D-FERM model. 

7. MODEL APPLICATIONS  

To determine the shape of equiconcentration and equipotential 
lines in a leaky aquifer, the model is applied to the system 
shown in Fig.1. A study domain, 200x40m in area and overlain 
by a semi-pervious layer 5m thick, was chosen. The aquifer 
hydraulic conductivities in the x and z directions, Kxx and Kzz, 
were taken as 0.07 m/min and 0.014 m/min, respectively. The 
vertical hydraulic conductivity of the upper semi-pervious layer, 
Kz

\, was set to equal 2.8x10-3 m/min. The slope of the hydraulic 
gradient is assumed to be 1.5x10-2. Reference [20] indicated that 
values of longitudinal dispersivity, αL, which have been 
reported in field investigations range from 6.0m to 150.0m. 
Lateral dispersivity, αT, has usually been taken to be 10-30% of 
the longitudinal values [14]. Owing to the scale behavior of 
dispersion, no generally valid values for longitudinal 
dispersivities can be given [13]. Values between 0.1 and 
500.0m can be found in the literature. The Longitudinal and 
transversal dispersivities, αL and αT, are taken as 1.0m and 0.1m, 
respectively. The effect of molecular diffusion was neglected. 
Model parameters are given in Table 1. 
 
Table 1: Model parameters for the study case 

Freshwater density,  =1000 kg/m3 

Groundwater concentration, Cf = 5000 mg/l 
Contaminate concentration, Cmax = 500000 mg/l 
Dynamic viscosity,  =0.001 kg/(m.s) 

Maximum density of recharge water, max =1035 kg/m3

Coefficient of fluid density change, a = 0.707 
Water compressibility = 4.5x10-10 Pa-1 

Soil compressibility = 1.0x10-8 Pa-1 

Porosity, n = 0.3  
Hydraulic conductivity, Kxx= 0.07 m/min 
Hydraulic conductivity, Kzz= 0.014 m/min 
Longitudinal dispersivity, L = 10.0m 

Transversal dispersivity, T = 1.0m 

Acceleration due to gravity, g = 9.81 m/s2 
Molecular diffusivity, Do = 0.0 

 
A contaminant source is provided at the bottom of the aquitard 
in the range of 16<x<48m. Below the pollution source, the 
concentration was set equal to the maximum concentration, 
Cmax. Otherwise, the concentration was set equal to the 
freshwater concentration; Cf. The effective porosity of 0.3 was 
employed throughout the aquifer. In the aquitard it was set to 
equal 0.4. A Dirichet type boundary condition was used at the 
top and the left boundaries, while a Neumann type boundary 
condition was assumed at the remaining boundaries. The 
application of Neumann type boundary condition for transport 
at an exit boundary is acceptable only when the plume meets the 
boundary at right angle; this condition is satisfied here, as the 
exit boundary is located away from the contamination source. 
Flow, through the upper semi-confining layer (aquitard) was 
simulated by the one-dimensional form of Darcy's equation. 
The hydraulic gradient through the aquitard was calculated by 
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dividing the difference between the water table above the 
aquitard and the piezometric head below it by its thickness. The 
study domain was represented by finite-element grid has 390 
nodes, defining 696 triangular elements, on a rectangular 
spacing. The time step was constant at 20 days. Figure 1 
presents the study domain and hydraulic parameters of this run . 
The convergence criterion, ε, was set equal to 1x10-3. The 
matrix solver does not need iterative procedures because it is 
solved by a modified Gauss elimination method, and 
incorporating the banded matrix to reduced the storage space.  
The simulation was carried out after 5 and 10 years of 
continuous leaching. Fig. 2-a and Fig. 2-b present the 
corresponding equiconcentration and equipotential lines, 
respectively. Equiconcentration line 0.3 of the maximum 
concentration (50.0 kg/m3) advanced 85m measured from the 
left boundary after 5 years of leaching while equiconcentration 
line 0.1 advanced 119m, and reached a maximum depth of 
about 22m after the same period of time as shown in Fig. 2-a. 
After 10 years of continuous leaching as shown in Fig. 2-b, 
equiconcentration line 0.3 advanced 116m from the left 
boundary, while equiconcentration line 0.1 traveled a distance 
of 176m and reached a maximum depth of about 30m.  
The freshwater recharge from the left and top boundaries mixes 
with denser polluted water before discharging from the right 
boundary. The bottom boundary represents no-flow boundary. 
The aquifer, initially, was assumed to contain freshwater, 
therefore contour lines of equivalent freshwater head were 
vertical and orthogonal to the top and bottom boundaries with 
equal distances for the equal head intervals, as shown near the 
right boundary (Fig. 2-a). 
Transient and steady states distributions of equivalent 
freshwater heads were obtained by simulating the coupled flow 
and solute transport using the developed model. Contours of 
equivalent freshwater heads were distorted, as shown in Figs. 
2-a, and b, except in the right part of the domain where its 
pollutant concentration was relatively low. In the upper left side, 
where the pollutant source was placed and the fluid densities 
were high, values of the equivalent freshwater head was also 
high. It was noticed that the effect of pollutant concentration on 
the fluid density was considerable and increased with time.  
 
Reactive materials are defined with their half live times (time at 
which the materials loss 50% of their concentration). The 
developed model was used to simulate behavior of these 
materials with a half live time of 2000 days. The hydraulic and 
geometric parameters were kept the same as in the previous 
case. Fig. 3-a, and Fig. 3-b present the shape of 
equiconcentration lines after 5 and 10 years, respectively. 
Equiconcentration line 0.1 advanced 67m, and reached a 
maximum depth of about  10.5m after 5 years of leaching, as 
shown in Fig. 3-a. After 10 years, as shown in Fig. 3-b, 
equiconcentration line 0.3 advanced 68m beyond from the left 
boundary, while equiconcentration line 0.1 advanced about 
89m and reached a maximum depth of about 15.5m.  
It was found that higher equiconcentration lines (0.7 and 0.9 of 
maximum concentration) reach the steady state condition earlier 

than the low equiconcentration one (0.1 and 0.3 relative 
concentration). In case of reactive materials the plume occupied 
smaller area than the non-reactive materials.  
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Figure 2: Equiconcentration and equipotential lines (without 
radioactive materials) 
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Figure 3: Equiconcentration and equipotential lines (with 
radioactive materials) 

8. CONCLUSIONS 

Transport phenomenon in groundwater involves several 
processes which are driven by density variation, convection 
and dispersion. The flow of water in the aquifer is under 
hydraulic gradient, while the transport of solute ions is under 
concentration gradient. The dependency of the dispersion 
coefficients, in the hydrodynamic dispersion equation, on the 
velocity of fluid and concentration distribution makes the 
problem nonlinear, and hence requires numerical solutions.  
Mathematical development of a two-dimensional finite-element 
model to simulate density dependent leachate migration of 
reactive materials in leaky aquifers is presented. The concept of 
reference density, which employed in the model, increased 
accuracy (over pressure based models) in representation of the 
transport process. The flow and transport equations are coupled 
with the elimination of the intermediate step of calculating 
velocities. The numerical scheme is stable and convergent. 
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The applied model is stable and the proposed numerical scheme 
converges under different flow and boundary conditions. It was 
found that low equiconcentration lines (0.1 and 0.3) continued 
to move for a long period of time after the pollution source was 
placed, while higher equiconcentration lines attained the steady 
state after about earlier than the low equiconcentration lines in 
most of the cases. Overlapping the equiconcentration lines on 
the equipotential lines indicated that high concentrations were 
associated with higher potential heads. The half live time for 
leachting materials is the most important parameter such that it 
predominates the migration process.  
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ABSTRACT: This research aimed to enhance the compressive 
strength of porous concrete as well as to develop the porous concrete 
that can support and improve the ecosystem preservation by itself. 
Several porous concrete specimens were prepared for the 
measurement of mechanical properties. As a result, it was confirmed 
that the radius of coarse aggregate affected significantly to 
mechanical properties of porous concrete under the same unit weight 
of cement. It was also revealed that strengths at age 28 days were 
stable despite of different sizes of coarse aggregate. The 
bio-adhesive ability of porous concrete specimen was evaluated 
against water bugs and adhesive algae. Every porous concrete 
specimen was soaked in same environmental condition at the bottom 
of actual concrete canal. From this experiment, it was confirmed that 
preference environment for some specific species of water bugs are 
possible to be supplied when the porosity and the size of coarse 
aggregate would be adjusted. 
 
Keywords: Porous Concrete, Ecosystem Support, 
Biodiversity, Bio-adhesive 

1. INTRODUCTION 

In Japan, previous improvement programs on agricultural 
facilities were mostly executed focused to the functions of 
water use and structural safety, and they were not considered 
enough against nature and ecosystem. As a result, various 
ecosystems were lost or damaged seriously, it is necessary to 
make actions for conservation and recovery of ecosystem 
now a day. 

From such background, Land Improvement Act was 
revised in 2001 in Japan. In the law above, “consideration to 
make the harmony with environment” was provided as the 
principle of every project. However, existing technology that 
has such consideration against environment is not established 
completely including the evaluation of its effect yet. It is 
necessary to analysis from the viewpoint of general judgment 
containing the quantitative evaluation on the influence to 
ecosystem.  

Concrete materials are mainly used for the agricultural 

 
 

hydraulic structures such as canal and head works due to their 
low permeability and structural safety. On the other hand, 
there are a lot of studies concerns to porous concrete that 
gives newly function such as environmental consideration.  
Up to now, porous concrete becomes to be famous material 
for revetment of river bank in order to support the recovery of 
vegetation at the river embankment. However, this material 
has not used frequently because of its low strength and 
durability. 

This research aimed to expand the utilization of porous 
concrete that has both high strength as well as the special 
function that is called as “bio-adhesive ability”. The former 
point, to improve the compressive strength of porous concrete 
as high as structural material, was examined from the 
viewpoint of strengthening. The latter point, to observe the 
relationship between the different types of porous concrete 
and inhabited creatures, was examined from the viewpoint of 
colonized living things.  

2. METHOD AND PROCEDURE 

2.1 Evaluation on Compressive Strength of Porous 
Concrete 

Cylindrical porous concrete specimens were placed using 
different grain size of coarse aggregate; No.5 (13 – 20mm), 
No.6 (5 – 13mm) and No.7 (2.5 – 5mm). Fundamental 
mixture proportions of porous concrete are shown in Table I. 
Amount of mortar was adjusted to be constant in order to 
examine the influence of grain size of coarse aggregate to 
compressive strength. Using the biaxial forcing mixer, 
concrete was mixed under dry condition for 1 minute and 
additional 3 minutes after adding the water. Water amount 
was finely adjusted with confirming the adhered mortar 
condition around the aggregate particles. Porosity of porous 
concrete were varied with changing the packing amount into 
mold, and 6 types of porous concrete were placed in this 
experiment. Three numbers of cylindrical specimens for each 
type were tested for measuring the compressive strength. 
Handy vibrator was used for the compaction. Standard curing, 
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sunk in 20 ℃  water, was applied and measured the 
compressive strength at age 14 and 28 days. 
    Here describes the measurement method on porosity of 
porous concrete as follows. Firstly, volume of specimen (V1) 
was measured. The specimen was soaked into water for 24 
hours in order to absorb the water, measure the weight in 
water (W1). Secondly, the specimen was put out to 
atmosphere where the temperature and relative humidity 
were controlled into constant condition of 20℃ and 60%, 
respectively. Wait until the weight into stable. Furthermore, 
set the same specimen for 24 hours in atmosphere under the 
same temperature and relative humidity condition was 
measured as W2. Total porosity was calculated using (1) is 
shown below; 
Total porosity At (%) = (1-((W2-W1) /ρ)/V1)  100               (1) 
where ρis the density of water. 

2.2  Summary on Bio-adhesive Characteristic 
Experiment of Porous Concrete 

Porous concrete specimens sizing of 230mm length 
 230mm width   60mm height for bio-adhesive 
characteristic experiment were made by same process 
described at previous section. Details of the specimens are 
shown in Table II. All the specimens were set in actual open 
channel for agricultural placed in Kochi University, and were 
studied for the evaluation of bio-adhesive ability such as 
number of water bugs and amount of attached algae. Concrete 
specimens were mentioned to be sunk in the water all the time. 
Water bugs settled in porous concrete specimen were 
collected on the tray fulfilled with water. Gathered water bugs 
were investigated as follows; identify the species using 
technical book of water creatures [1]-[4], divided into each 
species and counted their number. However, bugs less than 
1mm of body length were excluded to count. 
  Algae were gathered with shaving from one surface 
(downstream side) of specimen. Suspensions were collected, 
filtrated with glass filter and measured the wet weight, dry 
weight and chlorophyll a (call “chl.a” here after). Dry weight 
was measured after the treatment of drying 24 hours with 
60℃. Absorptiometer was utilized for the measurement of 
chl.a.  

3 RESULTS AND DISCUSSION 

3.1 Compressive Strength of Porous Concrete 
Relation between compressive strength and porosity was 

shown in Fig.1. Under the same porosity condition, 
compressive strength was higher as the larger particle 
diameter of coarse aggregate. It was considered that specific 
surface of coarse aggregate was decreased when using the 
larger sizes of coarse aggregate, and the thickness of mortar 
binder surrounding the coarse aggregate particle in unit 
volume became increased. Moreover, relationship between 
compressive strength and porosity made with coarse 
aggregate No.5 and No.6 showed similar value and tendency 
despite the thickness of mortar between coarse aggregate 
No.5 and No.6 were different. It was revealed that developed 

compressive strength would be stable and enough when the 

thickness of mortar was insured to be standardized. 
On the contrary, compressive strength was declined as the 

increment of porosity of porous concrete. The main cause of 
this result was occurred due to the reduction of cement 
amount in unit weight. Comparing the strength development 
of age from 14 to 28 days, each increment of compressive 
strength were evaluated as 7.9% in No.5, 10.0% in No.6, and 
2.5% in No.7. From this result, it was clarified that strength 
development of No.7 was smaller than those of No.5 and 
No.6. It meant that strength of No.7 was close to stable 
condition while it was age 14 days.  

All the porous concrete could gain higher than 20 N/mm2, 
as high and stable as normal concrete. It meant that porous 
concrete could be useful for the member of structure if the 
relationship between compressive strength and porosity was 
clarified enough.  

Table I Fundamental Mixture Proportions of Porous Concrete
Grain size No.5 No.6 No.7

Particle diameter (mm) 13 - 20 5 - 13 2.5 - 5

Cement (kg/m3) 221 221 221

Admixture (kg/m3) 39 39 39

Sand (kg/m3) 233 233 233

Gravel (kg/m3) 1548 1540 1537

Water (kg/m3) 57 57 57

Porous diameter (mm) 2.0 - 14.6 0.8 - 9.5 0.4 - 3.7
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Crashed stone size Particle diameter (mm) At (%)

22.3

29.4

22.2

25.7

18.9

20.5

22.7

Table II Porous Concrete Specimens detail

No.5

No.6

No.7

13~20

5~13

2.5~5
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3.2 Bio-adhesive Characteristic Experiment of Porous 
Concrete 
3.2.1  Species Number and Population Size of Water Bugs 

Generic names and species gathered from porous concrete 
specimen were shown in Table III. Twenty three of generic 
names and twenty six of species were confirmed, and the 
dominant species was Asellus hilgendorfi. Second, third and 
fourth dominants were Ectopria, Stenelmis and 
Ephemeroptera, respectively. The change with time of 
population size gathered from the specimen was shown in 
Fig.2 a). The larger population size was confirmed when size 
of coarse aggregate was bigger. It was considered that various 
lengths of body of water bugs were easy to enter to the void of 
porous concrete surface when the diameter of porosity was 
large enough. On the other hand, there was a sharp drop in 
population size of water bugs during May 21st of 2010 to July 
18th of 2010. Several times of torrential rainfall were 

generated before July 18th of 2010, the water bugs were 
estimated to be washed away or evaded due to violent water 
flow and muddy water. 

Change with time of species number in each specimen was 
shown in Fig. 2 b). Lots of species were confirmed and 
variation of population sizes was larger at the beginning of 
the experiment. However, species number was getting stable 
as the time went on. It meant that water bugs suited to the 
environment established with porous concrete were selected 
with the time passage, and particular species were becoming 
to be the dominant. Judging from the investigation result in 
2011 and 2010, different species were confirmed. Then it was 
suggested that observed species in the past data would be 
happened to reach to the specimen from upstream. Further 
observation will be necessary whether existing species as a 
dominant were climax species or not. Much population of 
Ephemeroptera and Ptilodactylidae were confirmed in the 

Order Scientific Name

Baetis  sp.

Ecdyonurus  sp.

Cinygmula  sp.

Ephacerella longicaudata

Uracanthella punctisetae

Caenis  sp.

Leptocerus  sp.

Hydroptila  sp.

Molanna moesta

Ecnomidae sp.

Nippoberaea gracilis

Goerodes  sp.

Goera japonica

Plecoptera Nemoura  sp.

Conchapelopia japonica

Psychodidae sp.

Chironomus samoensis

Aphelocheirus vittatus

Aphelocheirus nawae

Ectopria opaca

Ectopria opaca

stenelmis  sp.

stenelmis  sp.

Calopterygidae  sp.

Gomphidae  sp.

Isopoda Asellus hilgendorfi

Hemiptera

Coleoptera

Odonata

Table III Species List of Water Bugs

Ephemeroptera

Trichoptera

Diptera
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porous concrete of No.5 and No.7, respectively. Moreover, 
specimen of lower porosity showed highly number of each 
species. Therefore, it was suggested that coarse aggregate of 
No.5 and No.7 might create the preference environment for 
Ephemeroptera and Ptilodactylidae, respectively. 

  Diversity index for each types of specimen was calculated. 
Simposon’s formula shown at (2) was chosen to get the 
diversity index. This formula aims to see the balance between 
the species number and population size of biotic community, 
shown as follows; 
D                                                                     (2) 
where Pi is proportion of individual number of species (i) to 
all individual number of communities, and S is the species 
number of objective community. If one species was 
extremely superior to other species, diversity index would be 
very small. In this study, the population size of Asellus 
hilgendorfi was too much, therefore, this dominant was 
excluded from the calculation of this index. Change with time 
of diversity index was shown in Fig. 2 c). Diversity indexes 
were varied in all specimens during the initial period of this 
experiment. However, they came to be stable and similar 
value in all specimens since May of 2011. We confirmed in 
2011 that some newly species were colonized that made 
permanent resident. That could be one reason of stabilization 
of that index described above.  
3.2.2  Bio-adhesion of Algae Grew on the Porous Concrete 

Adhesion of algae was confirmed in all porous concrete 
specimens, the name of species was shown in Table IV. 
Identified algae were mostly the same kind of diatom 
(Bacillariophyceae), maximum species number was obtained 
at 22.7% porosity of porous concrete using coarse aggregate 
No.7. Change with time of quantity variation of chl.a and dry 
weight was shown in Fig. 3 a) and b), respectively. Quantity 
of chl.a and dry weight showed same tendency with the 
results of water bugs, these values came to be stable as time 
passing by. There was no relationship between the quantity of 
chl.a and dry weight; calculated correlation coefficient was 
almost zero. Here showed the result of relationship between 
time and ratio (quantity of chl.a / dry weight) in Fig. 3 c). 
Assuming that quantity of chl.a was an indicator of living 
algae as well as dry weight was that of both living and dead 
algae, variation of this ratio was very large in most of all 
specimens. However, in 18.9% porosity of porous concrete 
specimen using coarse aggregate No.7, this ratio was stable 
comparatively. It was suggested that this type of porous 
concrete would be good adhesion ability against diatom. The 
reason was considered that smaller particles of aggregate 
gave larger specific surface and possible to give better 
condition for the growth of this algae.  

4 CONCLUSION 

The results in this study were concluded as follows; 
1) Larger particle lead higher compressive strength when 
each porous concrete was used same amount of cement. 
2) Higher porosity of porous concrete generated its 
compressive strength to be lower when each porous concrete 
was used same amount of cement. 
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 Scientific Name

Coscinodiscus  sp.

Melosira  sp.

Cyclotella meneghiniana

Hysrosera whampoensis

synedra  sp.

Fragilaria  sp.

Naviculaceae  sp.

Cymbella tumida

Gomphonema sphaerophorum

Rhoicosphenia abbreviata

Surirella  sp.

Nitzschia trybionella

Bacillaria paradoxa

Cocconeis placentula

Cladophora  sp.

class

Chlorophyceae

Bacillariophyceae

Table IV Species List of Algae
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Strength of porous concrete was close to stable condition 
while it was age 28 days. 
4) Possibility that coarse aggregate of No.5 and No.7 might 
create the preference environment for Ephemeroptera and 
Ptilodactylidae, respectively. 
5) Possibility that 18.9% porosity of porous concrete using 
coarse aggregate No.7 would be good adhesion ability against 
diatom. 
 
  Therefore, porous concrete was appeared to be possible 
using structure that has enough strength, various pores and 
holes of pores. In addition to, it is considered that the 
preference environment for specific creatures is able to be 
created for adjustment of aggregate size and porosity. 
However, benthos was main target at this experiment. So, this 
study will be necessary to pay attention to higher order stage 
of creature for evaluating ecosystem support. 
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ABSTRACT: Capillary barrier is a tilting soil layer system which is 
composed of a finer soil layer underlain by a coarser soil layer. 
Water which infiltrates into the soil is suspended just above an 
interface between the soil layers and flows downward along the 
interface, with the result that a vertical movement of water into 
deeper soil layers below the interface stops within some length along 
the interface. As the water diversion in the capillary barrier is 
brought out by a sharp contrast in water retention capacity between 
the finer and coarser soils, any material which can provide the sharp 
contrast in water retention capacity can be alternatively employed in 
the capillary barrier system. A coarse-grained material of crushed 
shell particles is selected as an alternative candidate for the lower 
layer soil of the capillary barrier, and its water retention capacity is 
measured to examine a practical effectiveness of the crushed shell 
particles in the capillary barrier system.  
 
Keywords: Capillary barrier, Water retention capacity, 
Crushed shell particles, Fishery byproduct waste 

1. INTRODUCTION 

Capillary barrier is a tilting soil layer system which is 
composed of a finer soil layer underlain by a coarser soil layer. 
Water which infiltrates into the soil is suspended just above 
an interface between the soil layers and flows downward 
along the interface, with the result that a vertical movement of 
water into deeper soil layers below the interface stops within 
some length along the interface [1]-[5]. Because of this 
excellent diversion of infiltration water, the capillary barrier 
of soil has been successfully employed in a top cover of waste 
landfill. The capillary barrier of soil can be also adopted as 
effective measures for slope protection of natural soil or earth 
embankment [4]- [6]. As the water diversion in the capillary 
barrier is brought out by a sharp contrast in water retention 
capacity between the finer and coarser soils, any material 
which can provide the sharp contrast in water retention 
capacity can be alternatively employed in the capillary barrier 
system.  
In the study, a coarse-grained material of crushed shell 
particles is selected as an alternative candidate for the lower 
layer soil of the capillary barrier, and its water retention 
capacity is measured to investigate a practical effectiveness 
of the crushed shell particle. There are two reasons for 
selecting the crushed shell particles: the coarse-grained 
material of crushed shell particles is environmentally friendly 
one same as gravel which is usually employed in the capillary 
barrier of soil; a better employment of shell will offer some 
possible solution to a recycling of fishery byproduct waste. 
 
 

Firstly geotechnical features of the capillary barrier of soil are 
briefly introduced, and some study conducted to determine 
the length of water diversion of the capillary barrier of soil is 
given in the paper. Then the crushed shell particles are sieved 
into three groups, 9.5-4.75 mm, 4.75-2.0 mm and ones 
smaller than 2.0 mm in particle diameter, and their soil-water 
characteristic curves (SWCC) are measured by a pressure 
membrane method using a SWCC apparatus. An effect of 
mass densification of the crushed shell particles caused by 
effective confining pressure on the SWCC is also examined. 
In constructing the capillary barrier system, an inclusion of 
the finer soil particles in the upper layer into the coarser soil 
in the lower layer should be avoided in order to keep the sharp 
contrast in water retention capacity between the finer and 
coarser soils. To find a solution to this problem in 
constructing the capillary barrier system, lastly, a degree of 
the inclusion of sand particles into the crushed shell particles 
is investigated by tapping a soil column in the laboratory.  

2. WATER DIVERGENCE BY CAPILLARY 
BARRIER 

2.1 Soil Water Movement in Capillary Barrier System 

In the capillary barrier system, water which infiltrates into the 
soil is suspended just above the interface between the soil 
layers due to a physical difference in the water retention 
characteristics of the finer and coarser soils. When the 
interface between soils has an inclination as shown 
schematically in Fig. 1, the suspended water flows downward 
along the interface. This water flow downward along the 
interface between soil layers gradually accumulates its mass 
of flow due to continuous infiltration from the soil surface, 
and, at some length along the interface, water percolates 

Alternative Employment of Crushed Shell Particles in Capillary Barrier of Soil 

Nakafusa S., Japan Atomic Power Company, Tokyo, Japan 
Kobayashi K., Tobishima Corporation, Chiba, Japan 

 Morii T., Niigata University, Niigata, Japan 
Nishimura T., Ashikaga Institute of Technology, Tochigi, Japan 

Fig. 1 Schematic diagram of water flow downward along an 
interface between soil layers in capillary barrier system. 
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vertically into the coarser soil layer. A horizontal distance 
from the beginning of water flow to this percolation or 
breakthrough into the coarser soil layer is called a divergence 
length, and is one of important design parameters to 
determine a structural configuration of capillary barrier 
system and to select a suitable combination of the finer and 
coarser soils [1], [2]. In this chapter the divergence length of 
capillary barrier is investigated based on a field measurement 
of soil moisture in slope soil [6] and a series of laboratory soil 
box test.  

2.2  Field Experiments to Determine Water Divergence 

The capillary barrier soil was constructed in the natural sand 
slope as shown in Fig. 2, and volumetric moisture content in 
the soil layers was measured together with rainfall intensity 
for about four months. Dry densities of the sand layer and 
gravel layer were 1.38 and 1.67 Mg/m3, respectively. A 
completely-permeable polypropylene net was placed over the 
compacted gravel layer so that the finer sand particles did not 
fall into nor clog void formed in the gravel layer. Inclination 
of the interface between the sand and gravel layers was 19.7 
degrees in average. Fig. 3 shows grain size distribution curves 
of sand and gravel. The sand is classified into “Sand” with 
less-5 % fine and coarse fractions; the gravel, commercially 
available, is siliceous with mean particle size of 5 to 6 mm. 
Relationships of negative pore pressure h with the volumetric 
moisture content of the sand and gravel were measured by a 
laboratory soil column test, and are plotted in Fig. 4. The 
SWCC’s in the figure are determined using van Genuchten 

equation [8]. It is found in Fig. 4 that an air entry value of the 
sand, ha, is about 16 cm, and a water entry value of gravel, hw, 
about 1 cm.  
The volumetric moisture contents measured in the sand and 
gravel layers are given in Fig. 5. The upper, central and lower 
figures show the measurement at the position Ⅰ, Ⅱ and Ⅲ in 
the slope shown in Fig. 2, respectively. The precipitation is 
given by an inverse bar with the right vertical axis of the 
figure. It’s found that the volumetric moisture content 
measured in the sand layer increases rapidly after rainfall and 
then decreases slowly, in a successive way from shallow to 
deep depth in the soil. But in the gravel layer, as opposed to 
the sand layer, there can be seen only very small or negligible 
change after rainfall event. It may be understood that this is 
exactly due to the water diversion by the capillary barrier for 
long time duration.  

2.3 Estimation of Length of Water Divergence 

Comparing the upper figure with the central and lower ones in 
Fig. 5, there can be notified some difference in the soil 
moisture changes measured in the gravel layer (denoted by 
“-2” in Fig. 5 which shows the depth of the moisture sensor 
embedded as shown in Fig. 2). That is, although the low 
moisture content of soil is maintained in the upper position of 
the slope during four-month measurement, the soil moisture 
contents measured in the central and lower positions of the 
slope increase with a small amount immediately after rainfall. 
It may be possible to think that this difference in the soil 
moisture changes indicates the percolation or breakthrough of 
the water flow along the interface into the gravel layers. 

Fig. 2 Configuration of capillary barrier soil constructed in 
the natural sand slope. Numerals show vertical distances 
(cm) of the moisture sensor, EC-5, embedded below (-)/ 
above (+) the interface between sand and gravel. 
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Fig. 3 Grain size distributions of sand and gravel employed 
in the capillary barrier soil slope. 
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Fig. 4 Soil-water characteristic curves of sand and gravel 
measured by laboratory soil column tests and estimated by 
using van Genuchten equation. 
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Based on this observation and taking account of the location 
of measurement points shown in Fig. 2, the divergence length 
of the capillary barrier is estimated to be around 100 cm. 
Some equations have been proposed to estimate the 
divergence length of capillary barrier by several researchers 
such as Ross [1], Kung [9], and Steenhuis, Parlange and Kung 
[7]. Among these, the equation by Steenhuis, Parlange and 
Kung is effectively adaptable [2], [3]. In the case where an 
infiltration rate, q, is much smaller than a saturated hydraulic 
conductivity of sand (the upper finer soil), Ks, the equation of 
the divergence length, L, is given by 

  wa
s hh

q

K
L -tan 1-                                                      (1) 

where φ is the slope angle of the interface, ha and hw are the air 
entry value of sand and the water entry value of gravel, 
respectively, as explained in 2.2. α is an exponential constant 
describing the relationship between the negative pressure 
head, h, and an unsaturated hydraulic conductivity, K, of sand 
near saturation.  
Estimating K from the soil characteristic curve of sand in Fig. 
4 by van Genuchten equation and plotting K with h, α near 
saturation can be estimated to be 0.084 cm-1 [6]. Introducing 
Ks=8.2×10-3 cm/s which was determined by a laboratory 
permeability test, φ=19.7 degrees given in Fig. 2, ha=16 cm 
and hw=1 cm determined in Fig. 4 into (1) and assuming that q 

is approximately equal to an average value of precipitation, 
0.5 mm/min, then about 99 cm is calculated as a value of L. 
This L corresponds fairly well to the horizontal length of the 
slope from the most upper position to the central position Ⅱ 
where the soil moisture was measured, which is around 100 
cm as explained in the preceding paragraph. Fig. 6 shows this 
good comparison of the diversion length observed in the field 
with one estimated by (1) by using a double circle. 
In order to observe directly the breakthrough of water flow 
along the interface and to determine the diversion length, a 
series of the laboratory soil box test was carried out. The soil 
box with an acrylic front panel, 100 cm in length,  50 cm in 
height and 5cm in depth, was placed on a horizontal floor and 
gravel was compacted into the layer of 10 cm thickness, and 
then the sand into 10 cm thickness above the gravel layer in 
the soil box. The completely-permeable polypropylene net 
was placed over the compacted gravel layer as same as in the 
field experiment. After gauze sheet was spread over the soil 
surface to protect soil erosion by rainfall droplet, one side of 
the soil box was lifted so that the interface between sand and 
gravel layer had the inclination, then rainfall was supplied 
onto the soil surface. Rainfall was simulated by emitting 
needles attached to the base plate of water reservoir with 
constant head of water. To keep the acrylic front panel clean, 
the emitting needles were placed so that the rainfall droplet 

 
Fig. 5 Volumetric moisture content in the sand and gravel layers and the precipitation measured during 12 October, 2007 to 4 
February, 2008. Note that numerals show the vertical distances of the moisture sensor, EC-5, embedded below (-)/ above (+) 

the interface between soil layers in cm. Some dotted lines are interpolated linearly because of lack of data. 
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did not fall along the front panel. Intensity of rainfall was 
regulated by adjusting the head of water in the water 
reservoir. 
The divergence lengths which were observed under different 
condition of the inclination and the rainfall intensity are 
compared with ones estimated by (1) in Fig. 6 by using black 
circles. Laboratory results published by Walter, et al. [2] are 
also plotted by single circles. It may be found that (1) can be 
well employed to estimate the diversion length of capillary 
barrier. Because it is known that the diversion length reaches 
theoretically as long as 5 to 50 m under a proper combination 
of soil particle size [1], a continuing examination in the range 
of larger diversion length will be required. 

3 ALTERNATIVE EMPLOYMENT OF CRUSHED 
SHELL PARTICLES 

3.1 Water Retention Characteristics of Crushed Shell 
Particles 

As the water diversion in the capillary barrier is brought out 
by a sharp contrast in water retention capacity between the 
finer and coarser soils, any material which can provide the 
sharp contrast in water retention capacity may be 
alternatively employed in the capillary barrier system. In this 
chapter, a coarse-grained material of the crushed shell 
particles is selected as an alternative candidate for the lower 
layer soil of the capillary barrier, and its water retention 
capacity is measured to examine a practical effectiveness of 
the crushed shell particles in the capillary barrier system.  
Being washed and oven-dried, the shells of clams, Meretrix 
lusoria and Ruditapes philippinarum, were crushed and 
sieved into three groups, that is A: 9.5-4.75 mm, B: 4.75-2.0 
mm and C: ones smaller than 2.0 mm in particle diameter, as 
shown in Fig. 7. The SWCC’s of three groups of the crushed 
shell particles were measured by the pressure membrane 
technique using a thin porous membrane [10] in the SWCC 
apparatus. The crushed shell particles were compacted into a 
steel mold and saturated with de-aired water. Then a 
specimen of the crushed shell particles compacted in the steel 

mold was loaded with matric suction from 0 to about 200 
cmH2O step by step. After this drying process, the matric 
suction was inversely decreased to 0 cmH2O to follow a 
wetting process. During the drying and wetting processes, 
water mass drained from the specimen and absorbed into the 
specimen, respectively, was successively measured by using 
a burette of the SWCC apparatus. The SWCC’s of the crushed 
shell particles A, B and C are given in Fig. 8. Dry densities of 
the specimen of crushed shell particles A, B and C were 1.00, 
1.19 and 1.27 Mg/m3, respectively. It’s found in Fig. 8 that 

 
Fig. 6 Comparison of the diversion length measure in the 
field and the laboratory with one estimated by Steenhuis, 
Parlange and Kung [7]. 
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Fig. 7 Crushed shell particles sieved into A: 9.5-4.75 mm, 
B: 4.75-2.0 mm and C: ones smaller than 2.0 mm in 
particle diameter. 

 
Fig. 8 Water retention characteristics of the crushed shell 
particles measured by the pressure membrane method. 
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the water entry value of the crushed shell particles is 
sufficiently smaller than that of gravel in Fig. 4 even in the 
group C, the crushed shell particles smaller than 2 mm in 
particle diameter. As shown in (1), the smaller the water entry 
value is, the larger the divergence length becomes. This leads 
to a practical evaluation that the crushed shell particles can be 
preferably adopted as the alternative of gravel usually 
employed in the capillary barrier system. 
Because the coarser material is overlain by the finer material 
in the capillary barrier system, a possible increase of dry 
density of the coarser layer may cause a change of its water 
retention characteristics. Fig. 9 shows the SWCC of the 
crushed shell particles C measured under the confining 
pressure of 50 kPa which corresponds to about 3 to 4 m 
thickness of the upper sand layer. There can be seen, in Fig. 9, 
some small increase of the water entry value. As there is not 
any change in the grain size distribution of the crushed shell 
particle before and after the measurement of the SWCC as 
shown in Fig. 10, it may be thought that the small increases in 
the water entry value of the crushed shell particles under the 
confining pressure were caused by mass densification of the 
specimens. In Fig. 9, the water entry values of the crushed 
shell particles are found to be about 1 to 2 cm. These are 
sufficiently small comparatively with that of gravel shown in 
Fig. 4, which does not reject a practical adoption of the 

crushed shell particles as the alternative of gravel usually 
used in the capillary barrier system. 

3.2 Sand Particle Inclusion into Crushed Shell Particles 

In constructing the capillary barrier system, an inclusion of 
the finer soil particles in the upper layer into the lower coarser 
soil layer should be avoided to keep the contrast of water 
retention characteristic between both the layer soils sharp. 
Although a chemical sheet was employed for a technical 
convenience in the field experiment described in the 
preceding chapter, its use should be avoided in constructing 
the capillary barrier system from an environmentally- 
conscious point of view as well as a long-term durability. To 
investigate the effectiveness of the crushed shell particles as 
the effective alternatives of gravel, the degree of inclusion of 
sand particles into the crushed shell particles were examined 
by a tapping soil column test in the laboratory. Two 
combinations of gravel overlain by the sand and the crushed 
shell particles overlain by the sand were tested and compared. 
The grain size distributions of the sand and gravel are given in 
Fig. 3. The group C of the crushed shell particles was selected 
in the test because of the preferable reason mentioned in the 
preceding section, and its grain size distribution is shown in 
Fig. 10. 
Firstly gravel and the crushed shell particles were poured and 
lightly compacted into two 1,000cc-graduated glass cylinders 
35cm in height and 6.8cm in inner diameter to form the same 
height of cylindrical volume as shown in Fig. 11(a). Then the 
sand was poured above the cylindrical volumes of gravel and 
the crushed shell particles so both the heights of the 
cylindrical volume in the graduated glass cylinder reach the 
same. After being placed on a horizontal desk, the graduated 
glass cylinder was tapped around its base cyclically, 
continuously and lightly by a wood hammer with horizontal 
amplitude of 5 cm. Fig. 11(b) shows the cylindrical volumes 
in the graduated glass cylinders after the cyclic tap 100 times. 
A higher line given in Fig. 11(b) shows the initial height of 
the cylindrical volume before the cyclic tap. In the case of 
gravel overlain by the sand, the left-hand side in Fig. 11(b), a 
large amount of the sand particles fell down into the lower 
volume of gravel, and the initial height of the cylindrical 
volume lowered to a position denoted by a dotted line. 
Contrary to this, the cylindrical volume of the crushed shell 
particles overlain by the sand keep its initial height almost the 
same after the cyclic tap 100 times, and the interface between 
the sand and the crushed shell particles was clearly observed. 
Both of these observations suggest less inclusion in the case 
of the crushed shell particles overlain by the sand than in the 
case of gravel overlain by the sand. Although the grain size of 
the crushed shell particles C is smaller than gravel as shown 
in Fig. 3 and Fig. 10, the water entry value of the crushed shell 
particles is very small compared to gravel as shown in Fig. 8 
and Fig. 9 and, furthermore, small inclusion of the finer soil 
particles from the upper layer in constructing the capillary 
barrier system can be well expected as observed above. It may 
be thought that these special features make the crushed shell 
particles attractive as the alternative of gravel in the capillary 

 

Fig. 9 Water retention characteristics of the crushed shell 
particles smaller than 2 mm in particle diameter under the 
confining pressure of 50 kPa. Dry density of the specimen 
was 1.37 Mg/m3. 

 

Fig. 10 Grain size distributions of the crushed shell 
particles smaller than 2 mm in particle diameter measured 
before and after the SWCC test under the confining 
pressure of 50 kPa. 

0.0 0.1 0.2 0.3 0.4 0.5 0.6
0

10

20

30

40

50

M
at

ri
c 

su
ct

io
n,

 c
m

H
2O

Volumetric moisture content θ, cm3/cm3

〇: Drying, ●: Wetting

0.01 0.1 1 10 100
0

50

100

Soil particle diameter, mm

P
er

ce
nt

 f
in

er
 b

y 
m

as
s,

 % ○: before the SWCC test
△: after the SWCC test
under confining prssure
 50kPa.



 

310 
 

 

barrier system.  

4 CONCLUSIONS 

Geotechnical features of the capillary barrier of soil were 
briefly introduced, and the study conducted to determine the 
length of water diversion of the capillary barrier was 
summarized in the paper. Soil moisture changes in the gravel 
layer were well compared those in the sand layer to confirm a 
practically excellent divergence of infiltration water along the 
tilting interface between the sand and gravel layers. The 
divergence length of the water flow along the interface was 
estimated using the soil properties determined by the 
laboratory tests and the structural configuration of the 
capillary barrier of soil. Fairly good correspondence of the 
divergence length between the observation and the estimation 
indicated a practical effectiveness of the equation proposed 

by Steenhuis, Parlange and Kung [7]. 
Because the coarse-grained material of the crushed shell 
particles is the environmentally-conscious one same as gravel 
which is usually employed in the capillary barrier system and 
a better employment of shells will offer some possible 
solution to the recycling of fishery byproduct waste, the 
effectiveness of the crushed shell particles as the alternative 
of gravel was investigated by a series of the pressure 
membrane test and the tapping soil column test in the 
laboratory. It was found that the water entry value of the 
crushed shell particles smaller than 2.0 mm in particle 
diameter was extremely small even under the confining 
pressure. It’s also found in a series of the tapping soil column 
test that the inclusion of the sand particles in the upper layer 
into the lower layer could be well eliminated by using the 
crushed shell particles. As the inclusion of the sand particles 
into the lower coarse-grained layer is one of important 
problems to be solved in constructing the capillary barrier 
system, the result of the tapping soil column test will support 
attractive employment of the crushed shell particles in the 
capillary barrier system. 
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(a) Gravel (left) and the crushed shell particles (right) 
poured and lightly compacted in the glass cylinder. A 
solid line shows the height of both the lower cylindrical 
volumes. 

 
(b) Cylindrical volumes in the glass cylinders after the 
cyclic tap 100 times. The left-hand side is gravel overlain 
by sand, and the right-hand side the crushed shell particles 
overlain by sand. A solid line shows an initial height, and 
dotted lines show the height after the cyclic tap. 
 
Fig. 11 Inclusion of the sand particles in the upper layer 
into gravel and the crushed shell particles  in the lower 
layer observed in the tapping soil column test.  
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ABSTRACT: This article addresses a statistical approach 
to evaluate the effectiveness of Turkish Method for seismic 
vulnerability assessment of low to medium rise reinforced 
concrete frame (RCF) buildings. Design of Experiment 
(DOE) methodology is extensively used to investigate the 
most important factors that affect the performance score 
given by the Turkish method using non-commercial 
software Design Expert 7.1.3. A 210-3 Fraction Factorial 
Design is used to determine the factors that significantly 
influence the performance score. The results show that 
pounding effect, topographic effect, plan irregularity, area 
of the ground floor, number of frames in X and Y direction 
and the interaction between the number of frames in X and 
Y direction are the most significant factors. Finally a linear 
regression model is developed for computing the 
performance score to compare with the performance score 
given by the Turkish Method. 

Keywords: Fractional Factorial Design, DOE, 
Turkish Method, Seismic Vulnerability. 

1. INTRODUCTION 
 
Recent years the world has seen some severe threats 
imposed by several earthquakes in different countries. 
Those earthquake events have caused serious 
disruption in normal way of livings including deaths, 
economic loses and damage of infrastructures. Most 
recent earthquakes in Japan (2011), New Zealand 
(2010, 2011), Mexico (2011), Indonesia (2010, 2011), 
China (2010), and Haiti (2010) have brought 
attention to researchers to predict the severity of 
damage of infrastructures [1]. Many cities of the 
different countries of the world contain a significant 
number of vulnerable buildings under considerable 
seismic risk. Seismic risk assessments of those 
buildings are gaining more attention to assess 
correctly the degree of risk to which such critical 
structures may be subjected to in the event of an 
earthquake. Various vulnerability assessment 
procedures are found in the literature while those 
procedures are based on building plan, foundation, 

structural system, structural and non-structural 
components, and structural performance [2-4]. 
Vulnerability assessment using those procedures 
show accurate and realistic performance of a building 
if the building was built according to proper building 
design code and architectural features. Recent years, 
Bangladesh has seen the construction boom of multi-
storied (mainly 6 stories and above) reinforced 
concrete frame (RCF) buildings in the capital city of 
Dhaka where standard building codes are not 
followed properly. Most of these buildings have open 
parking space in the ground floors resulting in soft 
story construction. Some of them have structural 
irregularities. Seismic vulnerability assessment of 
existing buildings of Dhaka city is, therefore, of 
major importance. According to the opinion of a 
German earthquake expert (Dorka, 2005) of the 
University of Kassel, Germany, Turkish method of 
seismic risk assessment may be applicable for a 
developing country like Bangladesh [5]. The Turkish 
method, based on the statistical analysis of observed 
earthquake damages of RCF buildings in Turkey and 
related building attributes is expected to provide 
reasonable results for assessment of buildings in 
Bangladesh [6, 7]. Turkish method is a two level 
seismic risk assessment procedure considering a 
significant number of factors [6]. It gives a 
performance score for each building being assessed 
considering the factors. But as it uses a lot of 
empirical equations and tables for determining the 
score, it is difficult to find the most significant factors 
that affect the score. The main aim of this study is to 
develop a statistical approach using Design of 
Experiment (DOE) methodology to investigate the 
significant factors of Turkish method described by 
Ozcebe,G. et al. (2003) [6] and to develop a linear 
regression equation for determining  the performance 
score to compare with the results given by the 
Turkish Method.  
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2. TURKISH METHOD 

The Turkish seismic vulnerability assessment method 
for buildings consists of two-level evaluation: (i) 
level one – walk down evaluation and (ii) level two - 
measurements at ground level and basement.  

The walk down evaluation procedure consists of 
taking notes of different external features of the 
building. Buildings are then described as belonging 
to high risk, moderate risk or low risk. After level 1 
survey, buildings falling into the moderate and high 
risk levels can be subjected to more detailed level 2 
surveys to determine their performance scores. 
Details of Level 1 and Level 2 Survey procedures can 
be found in [8]-[9]. Once the vulnerability parameters 
of a building are obtained from two-level surveys and 
its location is determined, the seismic performance 
scores for survey levels 1 and 2 are then calculated 
(Sucuoglu et al., 2003) [10].  

A general equation for calculating the seismic 
performance score (PS) can be formulated as follows: 

PS = (Initial Score) - Σ (Vulnerability parameter) x 
(Vulnerability Score) 

The detailed procedures for vulnerability scoring are 
given by Sucuoglu et al., 2003 [10]. 

3. DOE METHODOLOGY 

Design of experiment (DOE) and statistical 
techniques are widely used to optimize process 
parameters and to develop a mathematical 
relationship between the input parameters and the 
output variables. It involves the study of any given 
system by a set of independent variables (factors) 
over a specific region of interest (levels) and provides 
a straightforward technique with linear graphs to 
determine the relationship (interactions) between the 
considered factors, which can be used for practical 
experimentation. By using DOE, it is possible to 
investigate the experimental process, to screen the 
important variables (or factors), to build a 
mathematical model with prediction and even to 
optimize the responses where necessary. Among the 
different techniques in design of experiment method, 
Fractional factorial design is one of the common 

DOE techniques for experimentation which is used in 
this study. 

4. EXPERIMENTAL PROCEDURE 
4.1 Strategy of experimentation 

For performance score of the building, basically 
Level 2 survey is important as it also incorporates the 
Level 1 survey result. So to find the factors that affect 
the performance score, factors for Level 2 survey are 
chosen as factors for DOE and the response, the 
performance scores are found by giving the factors as 
inputs in the program. The levels of the factors are 
chosen on the basis of the survey that was done in the 
ward 75, 76 and 77 of the old town of Dhaka city 
which is the capital of Bangladesh [8]. The runs for 
the fractional factorial design are run by the 
Microsoft Excel software program and then the data 
are analysed by the non-commercial software, Design 
Expert 7.1.3. 

4.2 Factors and Response of Interest and their 
levels 

Ten (10) parameters of the Level 2 survey of Turkish 
method are used as factors here. The factors are A) 
Pounding effect, B) Topographic effect, C) Plan 
irregularity, D) Area of the ground floor, E) Area of 
the above floor, F) No of frames in X direction, G) 
No of frames in Y direction, H) Column dimension 
_x, I) Column dimension _y and J) No of columns. 
Performance score is used as Response. Among the 
ten factors A) Pounding effect, B) Topographic effect 
and C) Plan irregularity are considered as categorical 
factors and others are considered as numeric factors. 
For the categorical factors the high and low levels are 
“yes” and “no” respectively. But for the other factors 
the levels are shown in Table 1. 

4.3 Experimental Design 

As ten (10) factors and two levels are considered, 210 
= 1024 runs were required if full factorial design was 
used. So to minimize the runs, 210-3 fractional 
factorial design is used. So 210-3 =128 runs are 
required for the experiment for finding the important 
factors that affect the performance score. Though 
seven effects are sacrificed for doing the 210-3 
fractional factorial design, the main factor and the 
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two factor interactions are kept free from aliases. So 
it is a Resolution V design that means two factors 

interactions are aliased with three factors interaction 

and single factor is aliased with four factors 
interaction. However “Sparsity of effects” principle is 
used, so three factors interactions and above are 
considered negligible 

5. ANALYSIS OF RESULTS 

After giving the input data in the Design-Expert 7.1.3, 
the significant effects and interactions are determined 
by using Effects list and half-normal plot. From the 
effects list, factors A, B, C, D, F, G and the 
interaction between F and G are found having 
maximum contribution. So these are used as models. 

 

5.1 Statistical Testing (ANOVA analysis) 

The name ANOVA (Analysis of variance) stems 
from a partitioning of the total variability in the 
response variable into components that are consistent 
with a model for the experiment. ANOVA is used to 
determine the significant factors and their interaction. 
The model was checked (checking the assumption of 
ANOVA, the R2 and adjusted R2 and also lack of fit) 
and found that model with natural log transformation 
gives the higher R2 as well as high insignificant lack 
of fit values. So the results given here are the results 
obtained after natural log transformation. The 
ANOVA table is given in the Fig. 1. 

The calculation in Fig 1shows that MS (treatment) is 
larger than MS (residuals) which results a larger F 

 

Table I: Levels for Numeric Factors 

Factor Name Low Actual High Actual Low 
Coded 

High Coded 

D Area of the ground floor 500 ft2 3000 ft2 -1.0 +1.0 

E Area of the above floor 400 ft2 5000 ft2 -1.0 +1.0 

F No of frames in X direction 2 20 -1.0 +1.0 

G No of frames in Y direction 2 20 -1.0 +1.0 

H Column dimension _x 3 in 40 in -1.0 +1.0 

I Column dimension _y 3 in 40 in -1.0 +1.0 

J No of columns 4 50 -1.0 +1.0 
 

 

 
Fig. 1: ANOVA table for selected factors 
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value (>> 1) (test static). Moreover p-value is << 
0.05 for all the factors (A, B, C, D, F, G) and also for 
the interaction of F & G. So all the selected effects 
are highly significant which indicates that the six 
factors, A, B, C, D, F, G and the interaction FG have 
the significant effect on the response (performance 
score). 

Again the value of R-squared is 0.9188 which is near 
to 1. That means the model is good enough and 
91.88% of variability of data can be explained by the 
model. The "Pred R-Squared" of 0.9072 is in 
reasonable agreement with the "Adj R-Squared" of 
0.9139. "Adeq Precision" measures the signal to 
noise ratio.  A ratio greater than 4 is desirable. In this 
model, the ratio of 52.918 indicates an adequate 
signal. So, this model can be used to navigate the 
design space. 

5.2 Assumption of ANOVA 

a)  All samples are random samples from their 
respective populations. 
b)  All samples are independent of one another. 
c)  Departures from group mean are normally 
distributed for all groups. 
d)  All groups have equal variance. 

5.3 Checking the Adequacy of the Model 
5.3.1 Normality and Constant Variance 
Assumption 

To verify the normality assumption, that the error is 
normally distributed, we can use a normal probability 
plot of the standardized residuals as shown in the Fig. 
2 and Fig. 3. 

The normal plot of residuals shows that except some 
points, most of points follow a straight line which 
means that the residuals are normally distributed. The 
points are following an S –shape curve after the 
transformation. So we have to check the other 
residual plots. From Fig. 2, the plot of Residuals Vs 
Predicted looks like well scattered. The randomly 
scattered plot indicates the constant range of residuals 
across the graph. 

5.3.2 Randomness and Checking for Goodness-of-
Fit 

In the Fig. 4, most of the data are randomly scattered 
which indicates the sequence of run was random. In 
Fig. 5, the plot shows that the data points are split 
evenly by the 450 line means no transformation. It 
also shows that the model provides accurate values 
even though most of the Effects are discarded.  

 

5.3.3 Box-Cox plot 

In the Box-Cox plot, the current line (blue line) is 
between the ranges (the red lines) and near the best 
value line (the green line). This recommends for no 
transformation. So, we can conclude that the 
assumptions of ANOVA are satisfied. 

5.4 Regression Model (Model Equation) 

The model equation is given in terms of coded unit in 
the Fig7. In the  equation 4.12 is the overall average 
of the effects and 0.026, 0.022, 0.042, 0.038, 0.084, 
0.084 and 0.045 are the effects of A, B, C, D, F, G 
and FG consecutively in terms of coded factors. So 
from the above equation in coded factors, it can be 
seen that F and G have the largest effect on 
performance score. 

5.5 Model Graphs and Interpretation 

The Fig. 8 shows the effect of F on performance 
score when all others are fixed at high level. This 
shows that F has significant effect on score and the 
score increases gradually as the F increases from 2 to 
20. The Fig. 9 shows the effect of G on score when 
all others are fixed at high level. This shows that G 
has a significant effect on score. As the G increases 
from 2 to 20, the score also increases significantly. In 
both Fig. 10 and Fig. 11, interaction between F and G 
are showed when all other factors are at low level 
(Fig. 10) and when all others are at high level (Fig. 
11). In the Fig. 14, the score (response) increases 
slightly with the changes of F from 2 to 20 when G is 
low (2), the red line. But score increases significantly 
with the changes of F from 2 to 20 when G is high 
(20), the black line. Again in the Fig. 11, score 
increases very slightly with the changes of F from 2 
to 20 when G is low (2), the red line. But score 
increases significantly with the changes of F from 2 
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to 20 when G is high (20), the black line. Also it is 
clear that the performance score (response) is also 
higher when all the other factors are at low level. 

The cube plot in Fig 12 also shows that performance 
score is maximum when A, B, C, D are minimum and 
F and G are maximum. 
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Fig. 2: Normal Plot of Residuals   Fig. 3: Residuals vs Predicted 

 

Fig. 4: Residuals vs. Run Fig. 5: Predicted vs. Actual 

Fig. 6 Fig. 7 

Fig. 8: Box-Cox Plot Fig.9: Model equation 
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6.0 MODEL VALIDATION 

After developing an appropriate model, several runs 
were conducted that were not in the initial runs and 
each of the time the performance score found by the 
optimization chart was almost similar to the 
performance score obtained from the program. This 
proves that the model developed can give almost 
same result as the program. 

Fig. 10:  Interaction graph between F and G        

Fig. 11:  Interaction graph between F and G 
 
7.0. CONCLUSION 

The paper gives a linear model to calculate the 
performance score of the Turkish method. It also 
describes clearly that Pounding effect, Topographic 
effect, Plan irregularity, Area of the ground floor, 
Number of frames in X and Y direction and the 
interaction between the number of frames in X and Y 
directions are the most significant factors for 
performance score of the Turkish Method. The model 
equation developed by ANOVA can be used to 

compare the performance score of the Turkish 
Method to the score obtained from the program.  

The paper also shows the adequacy of the model 
equation by various diagnostic plots which are all in 
agreement with the model equation. The R2 value 
obtained from the ANOVA result for this model is 
also good which indicates good fitness of the model. 
The predicted R2 and adj R2 are also found in 
reasonable agreement. Finally, few test runs are also 
performed to check the accuracy of the optimum 
solution and achieved responses are also found to be 
in good agreement with predicted response.  
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ABSTRACT:Continuum Damage Mechanics(CDM) was applied to 
evaluate the mechanical behavior of concrete structural elements 
reinforced with carbon fiber sheet(CFsheet) under quasi-static and 
cyclic loading. A constitutive equation for elasto-plastic damageable 
solids is formulated by using Drucker-Prager’s equivalent stress and 
identified by the uniaxial compressive and tensile experimental 
results for concrete , tensile results for CFsheet. And then finite 
element analyses are carried out  for  real-scale cantilever reinforced 
concrete slabs and concrete blocks with CFsheet. Finally It was 
concluded that the application of CDM for concrete structural 
ultimate strength and fatigue durability comparing the experimental 
data and the calculation by 2-dimensional finite element method 
( FEM) was very useful.  
 
Keywords: Ultimate strength, Fiber sheet, Fatigue life 
Concrete, Damage Mechanics 

1. INTRODUCTION 

Concrete is a standard brittle material in civil engineering. 
Reinforced concrete structures with steel bar resisting tension 
have been used for the infrastructures such as buildings, 
bridges and tunnels, due to its durability and economy. In 
recent years, special attention has been paid to CF sheets to 
resist against earthquake repair damage and prevent 
separation failure[1]-[3].The CF sheets is of light weight(1/5 
of steel),high strength (10 times of steel),high rigidity and 
high durability as well as easy to construct. Considering 
future development of CF sheets, it is important to establish 
the analytical evaluation of the strength and durability of 
concrete structural members reinforced with CF sheets. 
The elasto-plastic model, the smeared crack model and the 

discrete crack model considering cracking in concrete have 
been proposed as the analytical model for reinforced concrete 
(RC) structures[4]. On the other hand, there has been much 
progress in the application of CDM[5] to metal materials. The 
mechanical deterioration is represented by the internal state 
variable D called damage variable and the strain energy 
release  rate Y conjugate with D in damage mechanics. It is 
expected as a branch of mechanics essentially applicable to 
fatigue fracture and residual life prediction as well as static 
and dynamic strength analysis at the material test and 
structure level. The validity of the application of damage 
mechanics to concrete structures has been recognized through 
the researches on reinforced concrete rigid frames[6],short 
fiber-reinforced concrete[7] and high-strength concrete[8].   
The development of  the analysis program based on damage 

mechanics and its experimental validations are conducted in 

 
 

the present study for the purpose of establishing the method 
for ultimate strength and lifetime evaluation of the concrete 
structural  members reinforced with CFsheet. In the 
application of damage mechanics models to concrete and the 
CFsheet, the two-dimensional elasto-plastic damage 
constitutive equation is formulated by using Drucker-Prager’s 
equivalent stress in order to consider the difference between 
the tensile and the compressive strength of concrete. The 
formulated  constitutive equation  is implemented in the 
two-dimensional finite element program. The material 
constants are identified by using the material test results 
under uniaxial tension and compression and applied  to the 
ultimate  strength and fatigue  life analysis. 

2. FORMULATION AND IDENTIFICATION OF 
ELASTO-PLASTIC DAMAGE CONSTITUTIVE 
EQUATION 

2.1 Elasto-Plastic Damage Constitutive Equation 

The dissipation potential for the growth of plastic strains, 
which is the sum of the plastic potential and the damage 
potential is expressed by the following equation: 
 
 
 

(1) 
 
Where     is the potential for the growth of plastic 
strains,which is a function of the effective stress       ,the 
plastic hardening parameter    and the scalar damage 
variable      .        is the potential for the evolution of damage, 
which is a function of the strain energy release rate   ,the 
equivalent plastic strain     and the damage variable     . 
 In the formulation of the constitutive equation, the yield 
function is assumed as follows: 
 

(2) 
(3) 

 
(4) 

Where the following notations are used:           ;effective 
Drucker-Prager’s equivalent stress,        ;the yield  
stress,        ;the material parameter,       ;the first invariant of 
stress and         ;the second invariant of deviatoric stresses. 
  The yield function given in equation(2) is assumed as the 
plastic potential.  
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  Finally, The relation between the effective stress increment 
and the strain increment were derived [9],[10]: 
 
 
 
 
 

(5) 
 
 
 
Where        is the effective stress-strain matrix considering 
the elasto-plastic damage. The relation between the stress 
increment and the strain increment is expressed by the 
following equation: 

(6) 
 
Where          is the tangential stress-strain matrix considering 
the elasto-plastic damage, which relates the stress increment 
with the strain increment.The damage evolution equation as 
given by the following equation is used in the present 
study[5]. 
 

(7) 
 
Where       and      are the material constants. It is assumed 
that the damage evolves with an increase of the equivalent 
plastic strain. The strain energy release rate     is a function of 
Young’s modulus       and  equivalent stress           as 
expressed by the following equation: 
 

(8) 
 

2.2 Identification of Material Patrameters  

The material constants of concrete used in the constitutive 
equation have been determined as shown in Table 1 by the 
curve-fitting technique for the uniaxial compressive test 
results given by displacement measuring method (Fig.1) and 
tensile results by using strain gauge method.  In this study, the 
plus sign means tensile and minus means compressive 
respectively. Fig.2 and Fig.3 show the stress-strain curves of 
compression and tension. In Fig.2, one of the stress-strain 
curves for experiment sharply dropped after peak. It  would 
be occurred by shear fracture due to eccentric loading after  
peak.           and        in Table 1 are the damage plastic strain 
threshold and the critical damage at crack initiation 
respectively. When the equivalent strain exceeds        , the 
damage evolves according to equation (7). And  the damage 
variable reaches         ,the material fractures and the stress is 
released. The experimental results were shown until the 
tensile strength in Fig.3. The post peak behavior after  tensile 
strength could  not be obtained because of  brittle fracture of 
concrete and strain gauge’s breaking.   

The material constants of the CFsheet has been determined 
as shown in Table 2 from the  tensile test result given in Fig.4.  
 

 
 
 
 
 
 
 
 
 
 
 
 
 

Fig.1 Displacement measure equipment (for compression) 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig.2 Compressive stress-strain curves for concrete 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig.3 Tensile stress-strain curves for concrete 
 
 
 
 
 
 
 
 
 
 
 
 

Fig.4 Tensile stress-strain curves for CFsheet 
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2.75×10-5Dcr (critical damage)

0.00εpd (damage threshold)

1.55Sp2 (damage parameter)

0.215×10-3 MPaSp1 (damage parameter)

0.215n (plastic hardening)

40.0    MPaK (plastic hardening)

0.75    MPaσy (yield stress)

0.72α (equivalent stress)

0.17ν (Poisson’s ratio)

29.7×103 MPaE (Young’s modulus)

2.75×10-5Dcr (critical damage)

0.00εpd (damage threshold)

1.55Sp2 (damage parameter)

0.215×10-3 MPaSp1 (damage parameter)

0.215n (plastic hardening)

40.0    MPaK (plastic hardening)

0.75    MPaσy (yield stress)

0.72α (equivalent stress)

0.17ν (Poisson’s ratio)

29.7×103 MPaE (Young’s modulus)

Table 1 Material constants for concrete 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Table 2 Material constants for CFsheet 
 
 
 
 
 
 
 
 
 
 
 
 
 

3. STATIC AND CYCLIC LOADING TESTS FOR RC 
STRUCTURAL MEMBERS 

The real size clamped RC Slab structure used in the 
experiments is schematically shown in Fig.5. 

 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig.5 Test specimen(unit;mm) 
 

 This structure is a part  of the bridge which has been 
constructed  in the early of 1970’s. It needs some repair and 
reinforce to use as a bridge. The static and cyclic loading test 
as a traffic load was carried out, and  the ultimate strength and 
the affect of the strength after 2-millions cyclic loading were 
evaluated from this test and numerical analysis. 

 The 2-dimensional FEM model for this structure is described 
in Fig.6,and the damage(cracking ) distribution by numerical 
analysis is shown in Fig.7.In this Fig., The cracking was 
initiated at the static loading P=32.8(kN). 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig.8  Specimen before test 

Carbon Fiber Sheet 
 

Vertical loading 

P=32.8(kN) 

P=47.4(kN) 

P=82.5(kN) 

P=31.6(kN) 

Fig.6 FEM model for clamped RC structure (unit;mm) 

Fig.7 Cracking distribution by FEM 

Steel bar 
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Fig.9  CFsheet fracture after test 
  
 
 
 
 
 
 
 
 
 
 
 
 

Fig.10 Relationship between load and displacement 
 

Fig.8 and Fig.9 are specimen before and after quasi-static 
loading test, respectively. The CFsheet breaking mode was 
found as a final fracture mode. The relationship between load 
and displacement at loading- point is shown in Fig.10.The 
concrete cracking under the CFsheet as well as the vertical 
crack at the root  have corresponded well with the 
experimental result as shown in Fig.7 and Fig.9.The number 
of vertical cracks at the root is one in the experiment and is 
two in the analysis. This difference is probably due to the 
modeling of the steel bars, which is considered as the 
equivalent layer area model. 

The experimental observation for the load-displacement 
curve, in which the brittle fracture behavior with a sudden 
load drop takes place after the fracture of the CHsheet, has 
also well been simulated as shown in Fig.10.The calculated 
ultimate load of 82.5(kN) has agreed well with the 
experimental value of 77.0(kN)[11]. 

The result of same ultimate load  after 2-millions cyclic 
loading expressed  the sine curve  which has 28.3(kN) of 
amplitude and 2(Hz) of frequency as a design traffic load  is 
also shown in Fig.10.The calculated ultimate  load of 
72.7(kN) has agreed well with the experimental value of 
61.8(kN). It was found that the ultimate strength due to 
affection of pre-cyclic load., which  may reduce about 12％
the ultimate strength more than that of intact specimen by 
numerical analysis. And the experimental result was 
approximately  20％bigger than the numerical results. 

4. ADHESIVE FRACTURE OF CONCRETE BLOCK 
REINFORCED WITH CFSHEET 

In this Section, The adhesive fracture mode such as 
de-lamination , surface detachment between the CFsheet, 
epoxy resin and concrete were discussed. 

4.1   A New Constitutive Equation for shear behavior 

Most of ultimate strength of concrete structures reinforced 
with the CFsheet have been determined by adhesive fracture 
mode  between the CFsheet, epoxy resin and concrete surface. 

Therefore, A new equivalent stress was introduced to 
evaluate the mode as  follows[12]; 
 

(9) 
 
Where the following notations are used:      and     ;the 

material parameter,        ;Macaulay’s  brackets,            ; 
maximum  principle stress,         ; maximum shear stress. 
another  parameters are same in equation(4). 
        and      were determined by the adhesive strength test 
shown in Fig.11. In this test, the adhesive length was changed 
20,40,80(mm) (refer to Table 3). 
 
 
 
 
 
 
 
 
 
 
 
 

Fig.11 Adhesive strength test 
 

Table 3 Test cases 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig.12 Maximum load and adhesive length 

 
 CASE Adhesive Adhesive

length L (mm) width W (mm)
CASE1 80 80
CASE2 40 80
CASE3 20 80

CFsheet breaking line 

Sheet Break 
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Table 4 Material property 

 
   The relationship between maximum load and adhesive 
length is shown in Fig.12. The load becomes bigger 
corresponding to the adhesive length, but the relation is 
nonlinear. It was found that there is a certain effective length 
of the CFsheet to resist the shear deformation. 

4.2   Adhesive Fracture Analysis Under Cyclic Loading 

   The damage evolution  would be hypothesized following 
equation. The plastic damage  is adopted the former  relation 
of equation(10) and the elastic damage is adopted the later  
relation of equation(10),respectively. 
 
 

(10) 
 
 
 Where        and         are material constants regarding plastic 
fatigue  and        is the increment of equivalent plastic strain.                            

and          are material constants regarding elastic fatigue .       
 is the increment of equivalent elastic strain[12]. 

The CFsheet and epoxy resin were hypothesized as linear 
elastic material in this section[12]. The applied cyclic 
loading ,which has 5(Hz) of frequency for CASE3 and the 
2-dimensional model for FEM are shown in Fig.13 and Fig.14. 
Finally, the material property was shown in Table 4 
 
 
 
 
 
 
 
 
 
 
 
 

Fig.13 The applied cyclic loading (for CASE3) 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig.14 2-dimensional model for FEM(unit;mm) 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig.15 Relation fatigue fracture number and Pmax(CASE2) 
  
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig.16 Relation  fatigue fracture number and Pmax(CASE3) 

E (Young’s modulus) 30,000 (MPa) 

ν(Poisson’s ratio) 0.17 

α(plastic potential) 0.85 
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Fig.17 Damage distribution(CASE1) 
 
The relationship between cyclic fracture number and 

maximum load is shown in Fig.15 and Fig.16.In both cases , 
the analytical results are a good agreement comparable with 
the experimental results. Finally, the damage distribution is 
shown in Fig.17.It was found that the adhesive fracture would 
be evolved from the root (A part) to the tip (B part) 
corresponding to cyclic number. In  Fig.17, the white area 
reveals the evolution of de-lamination or adhesive fracture. 
Herein, the damage zone is enlarged to show up the 
detachment from concrete surface.  
 

5.    CONCLUSION 

In this study, the 2-dimensional FEM implementing the 
elasto-plastic damage constitutive equation based on CDM 
has been applied to the damage and fracture analysis of the 
RC structural member and the block reinforced with CFsteet. 
The following conclusions have been obtained: 
(1) The stress-strain relations of the concrete and the 

CFsheet have been successfully identified by the 
elasto-plastic damage constitutive equation using 
Drucker-Prager equivalent stress. 

(2) The calculated damage zones have corresponded well 
with the experimental crack propagation in the RC slab 
from which it is seen that the damage mechanics model 
is valid for the damage evaluation of the concrete 
structural member reinforced with the CFsheet. 

(3) The adhesive fracture mode has been identified by an 
another equivalent stress and which has corresponded 
well with experimental fatigue fracture number. The 
validity of present analysis has especially been 
demonstrated by the fact that adhesive fracture has well 
been simulated. 

(4) The repair and the maintenance to increase the lifetime 
are important technologies for concrete structures. The 

quantitative evaluation of the chemical aging, the 
mechanical damage accumulation due to earthquakes 
and fatigue and their coupling behaviors is necessary for 
the appropriate maintenance. Therefore,  CDM will be a 
valid  method to evaluate the lifetime and the 
deterioration of ultimate ability of concrete structures. 
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ABSTRACT: The purpose of this study is to prepare asphalt 
composites containing CNTs and to elucidate the characteristic 
properties of CNTs-dispersed asphalt composites.  In the present 
study, such composites were prepared using several types of asphalt 
emulsions as a binder.  As a result, both nonionic and anionic 
emulsions kept dispersed state, when combined with as-prepared 
CNTs.  However, cationic emulsions failed to keep dispersed state.  
But after several additional systematic experiments, it was found 
that cationic emulsion successfully retained an adequate dispersion 
state, when as-prepared CNTs were treated with acid solution and 
the following incremental addition of the pretreated CNTs.  The 
three types of CNTs-asphalt composites demonstrated higher 
performances in both penetration and microwave-absorption tests 
than asphalt composites including carbon black powder instead of 
CNTs, when the mass percentage of all carbon materials was the 
same. 
 
Keywords: carbon nanotubes -asphalt composites, asphalt 
emulsion, acid treatment, penetration test, absorption of 
microwave 

1. INTRODUCTION 

In recent years, nanocarbon materials such as carbon 
nanotubes (CNTs) and carbon nanofibers (CNFs) have been 
attracting much global attention as potential fillers for  
improving the mechanical and electrical characteristics of 
cement mortars in many countries [1].  However, there has 
not been much investigation into the application of 
nanocarbon materials for asphalt pavement [2]. 

CNTs are well known for their superior performances in 
mechanical, thermal, and electrical performance [3].  A CNT 
has a very high aspect ratio and so it probably acts as a bridge 
between grains of sand, suggesting that CNTs-enriched 
asphalt have the potential to reinforce asphalt pavement.  
Moreover, CNTs are highly electro-conductive and therefore 
CNT-enriched asphalt will surely absorb microwave and 
increase in temperature.  Often, the resulting temperature is 
high enough to melt solid asphalt into liquid asphalt that can 
combine grains of sand and gravel.  This novel form of 
asphalt manipulation may provide a new way to pave roads 
with asphalt. 

CNTs are thought to be too expensive to use as 
construction materials.  Recently, however, a new production 
process, which will possibly lower the cost of CNTs, has been 
reported [4].  The process, which was named direct methane 
reforming (DMR) process, can provide CNTs as a by-product 
of hydrogen production from natural gas using catalysts.  In 
this process catalyst materials remain in as-prepared CNTs 
and so the purification is necessary to obtain CNTs of high 
 
 

purity.  Especially, CNTs for the uses of a lithium ion battery, 
electronic devices, etc. should be of higher purity.  CNTs 
have a variety of uses.  For some uses, CNTs of not so high 
purity will serve their purpose.  A paving material is one 
example.  In this case CNTs are used as a filler of high 
mechanical strength due to their high aspect ratio. 

The purpose of this study is to prepare new asphalt 
composites containing CNTs and to elucidate the 
characteristic properties of CNTs dispersed asphalt 
composites.  Since asphalt is not fluid at ordinary 
temperatures, it does not act as a binder of aggregate.  
Therefore, asphalt is usually heated at elevated temperatures 
to lower the viscosity before its use.  Another methods of 
fluidizing without heating are the addition of a solvent to 
asphalt and the emulsification of asphalt with water using 
surface-active agents.  Asphalt emulsions, namely, colloidal 
dispersions of asphalt particles in water have low viscosity 
and so are easily mixed with aggregate even at ordinary 
temperatures.  Asphalt emulsions were made by emulsifying 
high-viscosity asphalt into water with the aid of 
surface-active agents. The mixture of asphalt-emulsion and 
aggregate became very strong, because the aggregate became 
bound together with asphalt after water was removed off.   

In order to disperse CNTs into a liquid, surface-active 
agents are frequently used.  Although surface-active agents 
that are used in asphalt emulsions are not common to those of 
CNTs, the former agents could be act as the latter agents.  If 
so, asphalt emulsions, which are inexpensive, are suitable 
materials for adding of CNTs.  In this study, such composites 
were prepared using several types of asphalt emulsions 
instead of conventional asphalt which needs preheating. 

2. EXPERIMENTAL 

2.1 Materials 

a) Asphalt emulsions as binders 
As asphalt binders, cationic, anionic and nonionic asphalt 

emulsions were used (Table 1) [5].  All asphalt emulsions 
were provided by Nichireki Corporation.  It is noteworthy 
that the pH of every asphalt emulsion is different; cationic 
emulsion is acidic, nonionic emulsion is neutral and anionic 
emulsion is alkaline.   
b) Carbon fillers 

CNTs and carbon black are used as carbon fillers (Table 2) 
[6].  The CNTs were produce by the direct methane reforming 
reaction using an iron catalyst [4].   
    An industrial carbon black sample was provided by Tokai 
Carbon Corporation.  Its arithmetical mean particle size (the 
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Table 1 Characteristics of asphalt emulsions 
 

Emulsion type Viscosity 
(B type) 

 

25°C 
(cP) 

pH Reduction 
of mass 
during 

evaporation 
(wt%) 

Cationic For 
permeation 

50.2 1.93 67.06

Tuck coat 19.9 2.40 50.49
For mixing  
MK-2（JIS 
K 2208） 

178.9 4.66 57.70

Nonionic For mixing  
MN-1（JIS 
K 2208） 

35.5 6.90 56.60

Anionic 525.0 12.89 65.05
 
 

Table 2 Bulk density measurements of carbon fillers 
 

No. Carbon filler 

Bulk 
density 
(g/cm3) 

Ratio to the 
density of 
sample A 

A As-prepared CNTs 
0.0289 1.00 

B As-prepared CNTs after 
milling 0.1048 3.63 

C Acid treated CNTs 
 (HCl) 0.1503 5.20 

D Acid treated CNTs 
(HNO3) 0.1517 5.25 

E Carbon black produced 
by the DMR method 0.1030 3.57 

F Industrial carbon black 
0.3380 11.7 

 
 
primary particles) was 28nm [7].  Another carbon black 
sample also was produced by the direct methane reforming 
reaction using another iron catalyst.  The as-prepared CNTs 
were treated with dilute solution of hydrochloric acid (HCl) 
or nitric acid (HNO3) followed by filtering with suction. 

2.2 Preparation of carbon filler-asphalt composites 

CNTs or carbon black of 0.40g was added into an asphalt 
emulsion of 40g and then mixed using a magnetic stirrer.  The 
resulting samples were dried in a dry oven maintained at 70°C 
until constant weight was reached.  

2.3 Penetration test 

The penetration test (JIS K 2208) was adopted as a 
standard test of hardness evaluation of asphalt materials.  

2.4 Absorption of electric magnetic wave 

The microwave-absorption ability of the filler-emulsion 

 
 

Fig. 1 Agglomeration on cationic emulsion surface 
 
 
composites was evaluated by measuring a rise in the surface 
temperature.  This is because microwave absorbed by a 
sample is converted into thermal energy to result in a 
temperature rise.  Every sample was irradiated with 
microwave of 500W for 10 seconds.  The temperature 
measurements were done with a radiation thermometer. 

3. RESULTS AND DISCUSSIONS 

3.1 Dispersion of carbon fillers into asphalt emulsions 

    Table 3 summarizes the dispersibility of the carbon fillers 
to different types of asphalt emulsions. 

3.1.1 Effects of asphalt emulsions 

a) Nonionic emulsion 
The two types of carbon black samples became dispersed 

in the nonionic emulsion by stirring in a short time.  And 
as-prepared CNTs also became dispersed in the nonionic 
emulsion by stirring in over 5min. 
b) Anionic emulsion 

In the case of anionic emulsion that has higher viscosity 
than nonionic emulsion, both CNTs and two types of carbon 
black samples also dispersed, although the necessary time for 
stirring was longer than in the case of nonionic emulsion. 
c) Cationic emulsion 

In the case of the cationic emulsions, however, the degree 
of dispersion depended on both the kind of a carbon-filler and 
the type of an asphalt emulsion.   

The two types of carbon black samples were dispersed in 
both MK-2 emulsion (JIS K 2208), which is frequently used 
for surface treating of wearing course and modified asphalt 
emulsion for tuck coat layer. 

On the other hand, it was difficult to disperse the 
as-prepared CNTs were not dispersed instantly; CNTs 
particles stayed for a while in the upper zone of the MK-2 
emulsion and modified-asphalt emulsion (Fig. 1).   
    This suggests that the wettability of the CNTs by the 
cationic asphalt emulsion is not good. 
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Fig. 2 Effects of milling or acid treatment on as-prepared CNTs  (SEM: 5,000 times) 

 
3.1.2 Effects of CNTs-addition methods  
a) MK-2 emulsion 

Although carbon black samples added at once was 
dispersed into MK-2 emulsion regardless of the quantity, 
CNTs failed to disperse when a large quantity of CNTs was 
added at one time.  However, the same quantity of CNTs was 
managed to disperse when the CNTs were subdivided into 
several parts and adding incrementally all the parts by 
repeating the following step; a part of CNTs is added and then 
stirred until well-dispersed state is achieved. 
b) Modified asphalt emulsion 

In the case of modified asphalt emulsion, as-prepared 
CNTs hardly dispersed in spite of adopting the same addition 
method as in the case of MK-2 emulsion, although carbon 
black samples added at once were dispersed regardless of its 
quantity. 

3.2 Microscopic gathering states of carbon fillers 

a) The SEM images of acid-solution treated CNTs 
Figure 2A shows an image of as-prepared CNTs and this 

image demonstrates that the bulk density of the CNTs is low.  
Figure 2B shows an image of as-prepared CNTs that were 
mechanically milled prior to SEM examination.  Figures 2C 
and 2D are an image of the CNTs that were treated with dilute 
hydrochloric acid (HCl) and dilute nitric acid (HNO3) 
respectively.  As seen in Figs. 2C and 2D, the bulk density of 
the acid-solution treated CNTs seems to have increased, and 

there are a few tangles of the fibers.  This situation seems to 
be a good condition to scatter the CNTs in asphalt emulsion, 
resulting in a good dispersion.  Figures 2E and 2F show the 
images of homemade carbon black and industrial carbon 
black respectively.  The shape of their samples is clearly 
different from that of CNTs (seen in Figs. 2A-2D).  The 
former is spherical, while the latter is fibrous.   

3.3 CNTs and their acid-solution treatment 

a) SEM images of carbon fillers 
Figure 2 shows a scanning electron microscopy (SEM) 

image of as-prepared CNTs with a magnification of 20,000.  
A secondary electron is discharged from iron particles 
attached on tops of the CNTs and whitens with the SEM 
image. Each iron particle was a constituent of the iron 
catalysts used for producing the CNTs, clearly indicating that 
catalysts remain in the as-prepared CNTs. 

A result of the analysis with the energy dispersion type 
fluorescence X-ray analyzer (XRF-EDX) revealed that 
as-prepared CNTs included a catalyst (iron: 4.3wt%).   

In Fig. 2, the CNTs (diameter: ~100nm) flex in the shape of 
a fiber and grow up while twisting and tangling. When the 
CNTs twist up, a cavity occurs in the CNTs.  As a result, the 
bulk density of the CNTs is low. 
b) Acid–solution treatment of CNTs 
   As a result, the bulk density of the CNTs shrinks.  Therefore, 
it is thought that preprocessing to reduce the amount of 

Scale:  5μm

A)

B)

C)

D)

E)

F)
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Fig. 3 SEM image of as-prepared CNTs (20,000 times) 
 
 

 
 

Fig. 4 Treatment of as-prepared CNTs with a dilute 
hydrochloric acid solution 

 
 
remaining catalyst is important.  An acid–solution treatment 
of the CNTs was carried out in anticipation of the 
improvement in degree of their dispersion.  When the 
as-prepared CNTs contact the acid solution (Fig. 4), every 
iron particle in the residual catalyst (fine particles of iron) is 
dissolved into the solution. 

Two specimens of the acid-solution treated CNTs samples 
were measured by the XRF-EDX method and it was found 
that the concentration of residual catalyst (iron) was 2.0wt% 
and 1.7wt% respectively.  The concentrations are almost as in 
half as that of as-prepared CNTs, indicating that the 
acid-solution treatment is useful to improve the purity of the 
CNTs. 
c) Bulk density 

Table 2 lists the results of measuring the bulk density of the 
same samples shown in Fig. 2.  The bulk density of 
as-prepared CNTs increased after milling or treating with the 
acid-solution.  This change in density probably occurs 

because the bulky agglomerate of as-prepared CNTs was 
disentangled and compacted. 

3.4 Degree of dispersion of acid-solution treated CNTs in 
emulsions 

a) Nonionic and anionic emulsions 
    The CNTs became dispersed in the nonionic emulsion after 
stirring in a short time, indicating the affinity of both filler 
with the liquid is very high.  In the case of anionic emulsion 
that has higher viscosity than nonionic emulsion, both CNTs 
needed longer time than in nonionic emulsion to reach a 
similarly state of dispersion. 
b) Cationic Emulsions 

In the case of the emulsion of MK-2 or tuck coats, 
acid-solution treated CNTs fairly dispersed when a large 
quantity of the CNTs was added at one time.  And the degree 
of dispersion became good when the CNTs were added 
incrementally. 

In the case of modified-asphalt emulsion, acid-solution 
treated CNTs hardly dispersed when a large quantity of the 
CNTs was added at one time.  However, the CNTs fairly 
dispersed when the CNTs were added incrementally.   

3.5 Improved dispersibility of acid-solution treated CNTs 
into cationic emulsions 

The acid solution dissolved iron particles in as-prepared 
CNTs, releasing ferric ions (Fig. 4).  In the same manner, the 
cationic emulsions, which are strong acid, probably dissolves 
iron particles in as-prepared CNTs. 

The ferric ions will interact with a surface-active agent that 
contributed to stabilize the cationic emulsions and take away 
its important role, resulting in the agglomeration.  The reason 
as-prepared CNTs failed to disperse is that the ferric ions 
released from the residual catalyst in as-prepared CNTs. 

This change in bulk density probably occurs because the 
bulky agglomerate of as-prepared CNTs was disentangled 
and compacted. 

3.6 Characteristics of CNTs -asphalt composites 

a) Penetration test 
Figure 5 shows the results of penetration test (JIS K 2208) 

for CNTs-emulsion composites.  Apparently a CNTs- 
emulsion composite was more greatly stiffened by adding 
CNTs than carbon black of the same mass concentration.  In 
other words, CNTs can give the same penetration degree as 
carbon black samples with a lesser quantity of addition.   
b) The absorption of microwave by CNTs-emulsion 
composites 

The experimental results are shown in Fig. 6 in which 
surface temperature was plotted as a function of time on a 
semi logarithmic graph.  Except the anionic emulsion, the 
surface temperature of CNTs-emulsion composites increased 
with time, indicating that microwave was absorbed by those 
composites.   

3.7 Strong points of CNTs-asphalt emulsions 

   The above-mentioned results clearly show that CNTs are 
potential filler for reinforcing as well as for giving 
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Table 3 Dispersibility of carbon fillers in asphalt emulsions 
 

Emulsion type pH 

As-prepared CNTs Acid treated CNTs (with 
HCl or HNO3) 

Industrial 
carbon black

Addition 
at once 

Incremental 
addition 

Addition 
at once 

Incremental 
addition 

Addition at 
once 

Cationic For permeation 1.93 Poor Poor
(Agglomerate)

Poor Fair Fair 

Tuck coat 
 

2.40 Poor Fair Fair Good Good 

For mixing  
MK-2（JIS K 2208） 

4.66 Poor Fair Fair Good Good 

Nonionic For mixing  
MN-1（JIS K 2208） 

6.90 Excellent -- Excellent -- Excellent 

Anionic 12.89 Good -- Good -- Good 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig. 5 Results of penetration tests 
 
 
microwave-absorbing property to conventional asphalt.  This 
is probably the first study about CNTs-asphalt emulsions.  
Asphalt emulsions, of which viscosity can be easily 
controlled by the addition of surfactants, are a suitable binder 
for asphalt pavement. 
    Civil structures of many countries need to renew old 
facilities.  To renew of civil structures, it has been proposed 
that the implementation of new paving materials and methods 
ought to be adopted for performance enhancement and life 
cycle extension.  The present study suggests that microwave 
heating to lower asphalt viscosity for partial repairs may be a 
promising construction technique.  This will contribute to the 
ease of pavement construction, improvements in safety, 
and asphalt heating energy reduction.  Thus, CNTs-asphalt 
emulsions will be greatly useful for construction fields. 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig. 6 Temperature change of carbon fillers by microwave  

irradiation 
 

4. CONCLUSIONS 

The main conclusion to be drawn from the above results is 
as follows. 
(1) In order to take advantage of the essential functions of 

the CNTs involved in asphalt, the CNTs should be 
dispersed into asphalt emulsions. 

(2) As for both nonionic and anionic asphalt emulsions, 
as-prepared CNTs easily dispersed.  For cationic 
emulsions, however, as-prepared CNTs failed to disperse.  
This problem was managed to solve by pretreating the 
CNTs with the acid solution and adding incrementally 
the pretreated CNTs. 

(3) The CNTs-asphalt composites showed not only higher 
stiffness (higher performance in the penetration test) than 
carbon black-asphalt composites but also a new function, 
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namely, the ability of microwave absorption, when 
compared under the same conditions (mass concentration 
of the each carbon material, measuring method, etc.). 
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ABSTRACT: The agricultural concrete canals are approximately 450 
thousand km in Japan. Recently, aging and deformation of them is 
becoming a subject to solve, it is necessary to preserve their 
functions appropriately. Estimation method of hydraulic 
performance of concrete canal by roughness coefficient was aimed 
in this research. Hydraulic roughness coefficients of concrete canal 
were estimated under several hydraulic conditions in the 
experiment. Roughness coefficient was calculated using measured 
data of water surface slope. Reynolds number and Froude number 
were particularly focused in this study. As a result, roughness 
coefficient was varied enormously with the differences of hydraulic 
conditions. Especially, Reynolds number and Froude number 
represent the characteristics of water flow had strong negative 
correlation with roughness coefficient. It was also suggested that 
the shape transformation at the downstream of the canal affected to 
roughness coefficient. 
 
Keywords: Concrete canal, Hydraulic performance, Flow 
transmissibility, Roughness coefficient, Stock management 
 
1. INTRODUCTION 

Agricultural concrete canals are important infrastructure 
for stable food production. In Japanese agricultural area, 
aging and drops of function of canals were observed as recent 
problems, establishment of appropriate maintenance and 
management scheme is required for the preservation of these 
facilities. To solve this subject, it is necessary to evaluate 
quantitatively its present performance as well as to choose the 
optimum countermeasures against the factor of performance 
declination.  

Main performances of agricultural concrete canal are 
Hydraulic, Water utilization, Structural safety, and Social 
safety. Particularly, hydraulic performance is very important 
as it is affected to the water supply to farmland constantly.  

In general, roughness coefficient in Manning mean 
velocity formula was used as an index of hydraulic 
performance. Roughness coefficient is well known as a 
barometer of water conduction. On the other hand, Manning 
equation is used in canal design and roughness coefficients of 
various materials are defined in public guideline [1], [2]. 
Roughness coefficient was also used for evaluation of surface 

 
 

condition of canal [3]. 
According to some previous studies [4], it was reported 

that the values of roughness coefficient varied due to 
hydraulic conductive conditions of canal. To establish 
evaluation method of hydraulic performance, it is important 
to verify the relationships among roughness coefficient, 
hydraulic condition and canal surface condition. 
This study aimed to establish the prescribed method on 

hydraulic performance of agricultural concrete canal. 
Through the various experiment under several hydraulic 
conditions, roughness coefficient was estimated 
quantitatively. Moreover, some of the subjects on the 
estimation of this coefficient were extracted.  

2. METHOD AND PROCEDURE 

2.1 Outline of experiment 

For the estimation of roughness coefficient, the hydraulic 
experiments were conducted using slope variable canal 
system. In the experiment, two patterns of canal surface 
conditions were examined; one is the surface covered with 
polyurethane coating and acrylic board and the other one is 
the surface of concrete flume. The roughness coefficient was 
calculated using observed data of water surface profiled at 
each surface condition. The outline of experiment is shown in 
Fig. 1. Hydraulic conditions were set up by changing cross 
sectional average velocity and canal slope under the condition 
of constant water quantity. Water surface profiles were 
observed at intervals of 1m by point gauge (KENEK Co. 
PH-340). The observed points of water surface profile of P0 to 
P7 were shown in Fig.1. In the each measurement point of P0 
to P7, mean depth were obtained by calculation the average of 
the three points in cross direction that shown in Fig.2.  

2.2 Calculation method of roughness coefficient 

In this study, the roughness coefficient was estimated by 
solving fundamental equation of non-uniform flow using 
observed data of water surface profiles. The fundamental 
equation of non-uniform flow is described as follow;  
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Concrete Canal 
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where x is the direction of downward，h is water depth(m)，

Q is water quantity(m3/s)，α is flow coefficient(=1)，g is 
gravitational acceleration(m/s2)，b is canal breadth(m)， ｉ is 
canal bottom slope，and n is roughness coefficient(s/m1/3). 

The estimation procedure of roughness coefficient is as 
follows; using fluctuated value of n, water depth hc were 
calculated by integrating the Equation(1) in  x=1(m). 
Evaluation function concerning observed water depth h0 and 
calculated water depth hc. The evaluation function is 
described as follows;  
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where，N is number of data, 0h  is observed water depth(m), 

ch  is calculated water depth(m) andｉ is a number of data. 
Thus, the value of n is changed, and the above operation is 

repeated. Finally, the value of n which outputs the smallest 
evaluation function is defined as appropriate values of 
roughness coefficient. 

 On the other hand, convenient method for the estimation 
of roughness coefficient of actual agricultural concrete canal 
is, in general, solving Manning’s formula [5]. Therefore, 
roughness coefficient was also estimated from Manning’s 
formula by assumption of water flow in the experiment was 
uniform flow. Energy gradient in the formula was calculated 
as follows;  

 wrw IIFII  0
2  

 

where, 0I is canal bottom slope, wI is water surface slope 

which is average of gradients of  P0 to P7 in the Fig.1and rF is 

Froude number described as ( ghv )． 
 

3 RESULTS AND DISCUSSIONS 

3.1 Result of estimated roughness coefficient. 

Estimated roughness coefficient obtained from experiment 
under several canal surface conditions of polyurethane 
coating and concrete flume were shown in Table 1 and 2, 
respectively. In these tables,  n1 is calculated by the 
fundamental equation of non-uniform flow, and  n2  is 
calculated by Manning’s formula. It was difficult to observe 
when Froude number is 0.4 or higher because of unstable 
water surface. Therefore, all the latter results are discussed 
when the Floude number was smaller than 0.4.  
  As a result, the estimated roughness coefficient changed 
greatly under the different hydraulic conditions even though 
the surface condition of canal was same. Results of roughness 
coefficient shown in Table 1 and 2 clarified that large values 
comparing with the designed values were confirmed when 
they were estimated under the most of all hydraulic 
conditions. 
3.2 Estimation method of roughness coefficient 

Comparison result on estimation methods of   roughness 

coefficient were examined based on the Figure 3. In this 

figure, the relations between n1 and n2 ( 12 nn  ) and water 

surface slope were appeared. The results show that the 

differences between n1 and n2 increased as the slope of water 

surface become steep. These results suggested that estimation 

method by Manning’s formula might be uncertain under the 

condition of non-uniform flow. Therefore, it needs to pay 

attention to hydraulic condition and form and slope of the 

canals when using this equation.  
3.3 Influence of hydraulic conditions to estimated 
roughness coefficient. 

In the same condition of canal bottom slope, estimated 
roughness coefficient changed as water velocity was varied. 
This result suggests that flow condition of canal has affected 
enormously to the estimation of roughness coefficients.  

Figure 4 shows the relation between hydraulic mean radius 
and roughness coefficient. There is a high correlation 
between hydraulic mean radius and roughness coefficient. On 
the other hand, it wasn’t confirmed the large difference 
between polyurethane coating and concrete flume. As a 
result, roughness coefficient is affected by hydraulic 
conditions extremely. Moreover, it was suggested that 
estimated roughness coefficient could not express the exact 
loss of water flow due to surface condition.  
3.4 Influence of hydraulic parameters to roughness 
coefficient 
To examine with considering the mechanical resemblance of 
flow, relationships between roughness coefficient and 
non-dimensional hydraulic parameter, Floude number rF  and 

Reynolods number eR , were evaluated.  

 
 

Fig. 1 Overview of experimental channel and  
         measurement points of water depth. 

Fig. 2 Measurement points of water depth in transverse 
section. 

(1)

(2)

(3)
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Reynolds number is described as follows; 
 


vR

Re   

where   is kinematic viscosity coefficient(m2/s). Figure 5 
shows the relationship between Froude number and 
roughness   coefficient, Figure 6 shows the relation between 
Reynolds number and roughness coefficient. From the results 
of Figure 5 and 6, both Froude number and Reynolds number 
has highly negative correlation with roughness coefficient. 
Correlation coefficient between Froude number and 
roughness coefficient on concrete flume is 0.93, and on the 
polyurethane coating is 0.90. Correlation coefficient between 
Reynolds number and roughness coefficient on concrete 
flume is 0.99, furthermore, on polyurethane coating is 1.00. 
 From the results of these experiments, extremely large 
roughness coefficients were observed when Froude number 
was within the small value. These results may cause by 
influence of back water or drop down of water due to the 
shape change at the end of canal.  Hydraulic conditions were 
changed by heading-up gate at the end of the canal. However, 
equation (1) is representing the water slope caused of surface 
roughness friction; the variation of water surface due to the 

Table 1 Hydraulic conditions and estimated values of roughness coefficient 
 in case of experiment using experimental channel.  

Experimental 
conditions 

Channel slope
（×10-3） 

Water 
velocity(m/s) 

Mean  
depth(m)

Hydraulic 
radius(m) 

Froude 
number 

Reynolds 
number 

n1 n2 

(1) 0.00 0.080 0.222 0.150 0.05 10288 0.0764 - 
(2) 0.00 0.099 0.181 0.130 0.07 10958 0.0574 - 
(3) 0.00 0.126 0.127 0.100 0.13 11962 0.0359 - 
(4) 1.75 0.086 0.208 0.143 0.06 10511 0.0729 0.1125
(5) 1.75 0.109 0.165 0.121 0.09 11247 0.0522 0.0796
(6) 1.75 0.152 0.112 0.090 0.15 12278 0.0307 0.0440
(7) 3.49 0.090 0.198 0.138 0.07 10673 0.0676 0.1620
(8) 3.49 0.119 0.150 0.113 0.10 11521 0.0468 0.1067
(9) 3.49 0.185 0.097 0.080 0.19 12628 0.0204 0.0572

(10) 5.24 0.098 0.183 0.131 0.07 10926 0.0597 0.1813
(11) 5.24 0.133 0.134 0.104 0.12 11829 0.0379 0.1144
(12) 5.24 0.257 0.070 0.061 0.33 13290 0.0095 0.0438

Table 2 Hydraulic conditions and estimated values of roughness coefficient 
in case of experiment using concrete bench flume. 

Experimental 
conditions 

Channel slope
（×10-3） 

Water 
velocity(m/s) 

Mean  
depth(m)

Hydraulic 
radius(m) 

Froude 
number 

Reynolds 
number 

n1 n2 

(1) 0.00 0.111 0.247 0.135 0.07 12851 0.0576 - 
(2) 0.00 0.140 0.197 0.119 0.10 14145 0.0422 - 
(3) 0.00 0.189 0.146 0.098 0.16 15765 0.0296 - 
(4) 0.00 0.202 0.123 0.087 0.20 16586 0.0252 - 
(5) 1.75 0.118 0.232 0.131 0.08 13194 0.0575 0.0758
(6) 1.75 0.151 0.181 0.113 0.11 14589 0.0423 0.0521
(7) 1.75 0.185 0.131 0.091 0.19 16308 0.0258 0.0318
(8) 1.75 0.244 0.109 0.080 0.24 17183 0.0224 0.0235
(9) 3.49 0.126 0.217 0.126 0.09 13585 0.0512 0.1082

(10) 3.49 0.164 0.167 0.107 0.13 15032 0.0356 0.0753
(11) 3.49 0.236 0.116 0.084 0.22 16870 0.0232 0.0434
(12) 3.49 0.297 0.092 0.070 0.32 17908 0.0184 0.0300
(13) 5.24 0.137 0.200 0.120 0.10 14037 0.0464 0.1215
(14) 5.24 0.183 0.150 0.100 0.15 15621 0.0306 0.0807
(15) 5.24 0.286 0.096 0.073 0.31 17757 0.0137 0.0431
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formation changes of cross-section of canal was not 
considered well in the experimental data.  Therefore, apparent 
roughness coefficient increased while the flowing spot of low 
Froude number where the flow was strongly affected by the 
lower stream.  That is why the roughness coefficient cannot 
be estimated accurately. Further examinations concerned to 
the variation characteristic of estimated roughness coefficient 
will be necessary from the viewpoint of various hydraulic 
conditions.   
It is very difficult to exclude the influence of downstream on 

canal experiment. However, Figure 5 shows that hydraulic 
conditions of the range over 0.3 of Froude number conduct 
the values of roughness coefficient become stable.  

For establishment of estimation method of roughness 
coefficient, an appropriate experimental condition must be 
investigated in the future.  
 

4 CONCLUSION 

As the fundamental study for achieving the verification of 
hydraulic performance on agricultural concrete canals, the 
influence of hydraulic conditions and parameters to 
roughness coefficient were studied quantitatively. The results 
of experiments are concluded as follows;  
(1) Using the convenient estimation method of roughness 
coefficient according to Manning’s formula, the difference 
between measured and estimated roughness coefficient 
increased as the increment of water surface gradient. 
However, this simple equation is available for the practical 
use. Therefore, it is necessary to define the appropriate 
hydraulic conditions for using this equation. 
(2) Estimated roughness coefficients had varied enormously 
as the differences of hydraulic conditions such as velocity and 
hydraulic mean radius. 
(3) Roughness coefficient value had strong relationship with 
Froude number and Reynolds number. 

(4) In the case of estimating roughness coefficient on 
experiment canal in finite length, roughness coefficient may 
be estimated at excessive values due to the change of the form 
at the end of canal by weir board. 
From this study, the roughness coefficient of canals changed 

widely due to hydraulic condition. Hereafter, from the 
viewpoint of hydraulic, it is absolutely necessary to find out 
characteristic of changing the value of roughness coefficient 
and appropriate hydraulic conditions for estimation. 
Furthermore, it is important to accumulate data of roughness 
coefficient obtained several surface conditions of canal to 
establish estimating method of roughness coefficient.  
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ABSTRACT: Contamination by acid rock drainage (ARD) is 
recognized as one of the most serious environmental problems 
facing mining and some specialized construction industries, such as 
in the case of road and rail transport. These activities involve 
excavation and transport of large amount of rocks and sediments, so 
if they contain heavy metals of natural origin, a proper disposal is 
necessary to prevent the oxidation of sulfide minerals, and the 
subsequent release of acid leachates with high metal concentrations. 
The use of Na-bentonite as rock containment barrier seems to be a 
possible solution since previous studies have found that it has large 
specific surface area and low hydraulic conductivity. However, 
since the long-term performance of this mineral when exposed to 
ARDs is not widely understood, the aim of this research is to 
investigate its long-term barrier performance against these acid 
leachates. For this purpose chemical and physical parameters, such 
as metal attenuation capacity and hydraulic conductivity on natural 
and artificial ARD were evaluated.  
 
Keywords: acid rock drainage, geosyntehtic clay liner, 
bentonite, metal sorption, hydraulic conductivity 

1. INTRODUCTION 

The need to control natural contamination by metals and 
metalloids coming from mine tailings and rock disposal sites 
represents a current challenge for the mining industry and 
construction companies in many countries such as Japan [1]. 
In the past, remediation technologies were focused on 
physical covers to reduce the production of acids by limiting 
infiltration of water and oxygen [2]. However, recent 
researches have suggested that potentially toxic elements, 
particularly As, Se, and in some cases Ni, and Zn are mobile 
even under neutral pH-conditions [2], [3]. Moreover, the 
reductive dissolution of As-bearing minerals has resulted in 
the release of As [3].  

As a result, disposal of excavated rocks with potential of 
acid rock drainage (ARD) from construction and mining is 
moving towards storage of hazardous materials in lined 
containment facilities [4]. To this effect, the use of 
geosynthetic clay liners (GCLs), which usually contain 
Na-bentonite, seems to be a good solution, since previous 
studies have suggested that Na-bentonite has a relatively 
large specific surface area, high metal sorption capacity, 
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self-healing capacity, and low hydraulic conductivity, and is 
available in many parts of the world [5], [6], [7].  

GCLs have been commonly used in landfills. Nowadays, 
their potential use in mining operations is being tested [2], [4], 
[8] since it is not a simple matter of transferring the 
technology from landfill applications to rock containments 
with potential of ARD generation [9], due to the extreme 
range in leachate properties. Therefore this research aims to 
investigate the barrier performance of Na-bentonite when 
exposed to ARDs (natural and artificial) with different metal 
composition and pH values through batch sorption tests and 
9-month hydraulic conductivity tests.  

2. MATERIALS 

Na-bentonite was obtained from a needle-punched 
geosynthetic clay liner (Bentofix® NSP 4900), which is a 
fiber-reinforced GCL. This GCL contained powered sodium 
bentonite sandwiched between woven and non-woven 
geotextiles, and had a unit mass of 4670 g bentonite/m2. 
Bentonite within this GCL had a water content, specific 
gravity, and smectite content of approximately 10.0%, 2.85, 
and 80%, respectively. 

Nine different natural rock leachates obtained from 
different parts of Japan were used. Four of them were liquid 
samples, collected from four ore deposits (Kaminosawa, 
Okunosawa, Honko and Tateishi) of Kamikita mining 
complex (Aomori Prefecture) on July 2010. The other five 
rock drainage samples were obtained after leaching test using 
rocks from excavated sites and natural ground located in 
Yamanashi, Hyogo, Miyagi (2 samples) and Tokyo. The 
rocks from excavated sites and natural ground were crushed 
under 2 mm diameter and dried in the oven at 105±5 °C for 1 
day, and 150 grams of these material were mixed with 1.5 L 
of distilled water in a 2 L plastic bottle with hermetic cap and 
placed in an incubator shaker at 100 rpm for 40 days at 20°C. 
The pH, EC, and ORP were monitored periodically. Before 
conducting sorption tests, the mixtures were centrifuged and 
filtrated, and the metal contents were analyzed by ICP-MS 
(Agilent 7500ce). Some chemical properties of the natural 
drainage from mines and excavated rocks and natural ground 
from different sites of Japan are summarized in Table 1. 
These values were considered as the initial conditions. 

An artificial ARD was prepared in the laboratory based on 
the drainage composition of a Pb-Zn-(Cu) deposit located in 
Cerro de Pasco, Peru [10]. Metal composition is presented in 
Table 2. GR grade FeSO4·7H2O, Al2(SO4)3·16H2O, 
CuSO4·5H2O, ZnSO4·7H2O, Na2HAsO4·7H2O, PbCl2, K2SO4, 
Na2SO4, CaSO4, and MgSO4 were mixed, and then the pH 
was adjusted to 3 using H2SO4. EC was 1195 mS/m. 
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(j) Artificial ARD 
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Fig. 1. Metals sorption on bentonite: (a) Mokura, (b) Ikuno, (c) Core, (d) Shintera, (e) Aobayama, (f) Kaminosawa, 
(g) Okunosawa, (h) Honko, (i) Tateishi, (j) Artificial ARD 
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3. SORPTION TEST 

The chemical performance of bentonite was studied 
through batch sorption tests. Sorption test is a quick method 
that provides information about bentonite performance 
regarding metal affinity, metal sorption capacity and involved 
mechanism. For this test, 10 different ARDs (9 natural and 1 
artificial ARD) were used. 

Sorption tests were conducted using 0.1 g of bentonite in 
50 mL of solution for the natural ARDs and 0.2 g bentonite in 
50 mL of solution for the artificial ARD (higher amount in the 
latter case because of higher metal concentration). Samples 
were taken after 24 hours on an incubator shaker at 100 rpm 
and 25ºC. After shaking, every mixture was centrifuged and 
filtered using a filter with a 0.22-µm pore size. The 
concentrations of Fe, Cu. Zn, Al, As, Pb, Na, Ca, Mg, and K 
before and after the sorption tests were analyzed by ICP-MS 
(Agilent 7500ce). 

 The reduction in the concentration values of 10 metals 
after the addition of bentonite is presented in Fig. 1. In some 
cases, the reduction was small, which suggests that the 
solid-liquid ratio was low, but enough to detect sorption. 
Results led to a better understanding of sorption capacity of 
bentonite against heavy metals in a metal complex system 
(natural leachates from excavated rocks and mines and 
artificial ARD). Due to the release of Na, K, Ca, and Mg, 
cations present in Na-bentonite, it can be inferred that the 
mechanism involved is probably ion exchange. 

Sorption test results usually represent ideal conditions and, 
therefore, to evaluate field application of bentonite, additional 
tests, such as hydraulic conductivity test, become necessary. 
 

 

4 HYDRAULIC CONDUCTIVITY TEST 

Nine-month hydraulic conductivity tests were conducted 
on GCL following the procedures described in ASTM D 5084 
“Standard Test Methods for Measurement of Hydraulic 
Conductivity of Saturated Porous Materials Using a Flexible 
Wall Permeameter” and ASTM D 7100 “Standard Test 
Method for Hydraulic Conductivity Compatibility Testing of 
Soils with Aqueous Solutions”, using a falling 
headwater–constant tailwater system. Fig. 2 shows a typical 
diagram for this system, which consists of a flexible-wall 
permeameter with a cell pressure of 30 kPa and an average 
hydraulic gradient of 85–95 at constant room temperature of 
25°C. The GCL (specimen) was placed between filter papers, 
geotextiles, and plastic caps and was confined by a latex 
membrane on the sides. The thickness of the GCL was 
measured regularly using a cathetometer, while the EC, pH, 
effluent volume, and metal content by ICP were measured 
periodically (results of effluents not shown).  
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Fig 2. Scheme of a flexible-wall permeameter 

For hydraulic conductivity tests, the artificial ARD was 
used because its composition is critical in terms of metal 
concentration and pH values compared to the natural ARDs. 

Table 2. Artificial ARD composition 
 

Metal Concentration (mg/L) 
Al 259.2 
Fe 4330.2 
Cu 86.9 
Zn 493.1 
As 49.1 
Pb 2.9 
K 31.8 
Na 413.9 
Ca 397.0 
Mg 214.0 

Table 1.  Profile and chemical characteristics of natural ARDs from Japan 
      

Identification Place Type pH EC (mS/m) ORP (mV) 
Kaminosawa Aomori Liquid 2.37 297 10 
Okunosawa Aomori Liquid 1.23 1227 81 

Honko Aomori Liquid 2.55 208 48 
Tateishi Aomori Liquid 1.80 620 69 
Mokura Yamanashi Altered volcanic rock 7.70 9.52 156 
Ikuno Hyogo Altered volcanic rock 5.16 57.2 262 

Aobayama Miyagi Mud sediment 3.33 213 354 
Shintera Miyagi Mud sediment 8.09 51.6 140 

Core Tokyo Mud sediment 6.25 182.1 205 

Table 3. Testing conditions for hydraulic conductivity test 
 

Sample Prehydration solution Permeant solution
Sample 1 ARD ARD 
Sample 2 Distilled water ARD 
Sample 3 Distilled water Distilled water 
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Because waste rock containment is expected to last long, 
hydraulic conductivity, pH and EC changes, and metal 
release over time were monitored for nine months. Before 
ARD permeation, two types of prehydration were performed 
using either ARD (Sample 1) or distilled water (Sample 2). 
For the prehydration process, GCLs were placed into 
containments with the corresponding permeant solution for 
seven days and 30 kPa of pressure was applies. As a control, a 
test with distilled water prehydrated and permeated GCL was 
also conducted (Sample 3). 

The results of the hydraulic conductivity test are presented 
in Fig. 3. The hydraulic conductivity of GCL permeated with 
distilled water (control) was constant, with an average of 
1.4×10-11 m/s. The hydraulic conductivity value of the GCL 
prehydrated with water and permeated with ARD was around 
1.1×10-10 m/s, and the hydraulic conductivity of the GCL 
prehydrated and permeated with artificial ARD, around 
5.0×10-10 m/s. The hydraulic conductivity of GCL 
prehydrated with water and permeated with ARD was five 
times lower than the one of ARD prehydrated and permeated 
GCL, which suggests that water prehydration positively 
impacts on hydraulic conductivity. 

Hydraulic conductivity values of GCLs permeated with the 
natural ARDs have not been determined yet, but can be 
probably predicted, considering that hydraulic conductivity 
values may be a function of EC, pH, or swell volume. For 
example, according to a relationship between hydraulic 
conductivity and swell volume presented in [7], at a 8.5 mL/2 
g bentonite of swell volume obtained for the artificial ARD 
(results presented in [6]), the expected hydraulic conductivity 
value should be 3.6x10-10 m/s. This value is close to the 
experimental value (5.0x10-10 m/s) with a 72% accuracy and 
confirms the relationship between the hydraulic conductivity 
and free swell index reported in the literature. Relationships 
between parameters are still under investigation and, thus 
constitute part of the future research. 
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Fig. 3. Hydraulic conductivity change of each condition 
 

4 CONCLUSIONS AND FUTURE RESEARCH 

From natural rock leachates and mine drainage it was 
observed that these minerals have the capacity to sorb heavy 

metals even when they are in combination (complex metal 
mixture). 

Nine-month hydraulic conductivity tests showed that 
permeability changes over time, especially due to 
precipitation (physical clogging). The hydraulic conductivity 
remained low during the test duration and was approximately 
5 times lower when GCL was prehydrated with water before 
ARD permeation (1.1x10-10 m/s) than the case in which 
prehydration and permeation were done using ARD 
(5.0x10-10 m/s).  

Considering that bentonite inside GCLs has the potential to 
retain heavy metals present in solution, showing relatively 
low hydraulic conductivity under even extreme conditions, 
with availability in many parts of the world, GCLs seem to 
provide an alternative for barriers against rock leachates with 
high heavy metal content.  

Future research will be done on the relationship between 
parameters such as EC, pH, swell volume or metal sorption 
capacity and hydraulic conductivity in order to predict field 
application of GCLs. 
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ABSTRACT: Investigating the behavior of calcareous soils has been 
extended during recent decades and the differences between the 
mechanical behaviors of various calcareous soils due to their local 
geological effects were mentioned by previous researchers. This 
paper is containing an experimental investigation on the monotonic 
behaviors of two originally different calcareous sands. These sands 
were obtained from northern coast of Persian Gulf, including 
Hormuz Island (HI) and Bushehr Port (BP). The testing program was 
consisted of two main parts: a series of isotropic compression (IC) 
tests to high stress levels (up to 1.5 MPa), and a series of drained 
isotropically consolidated (CID) tests on reconstituted specimens. 
Grain size analyses were carried out prior to and following of the 
tests to quantify the amount of particle breakage of used sands. The 
effects of drastic parameters such as density and confining pressure 
on compressibility and shearing response of the soils were also 
investigated. The results showed that particle breakage occurred 
during shearing and this phenomenon affected the mobilized friction 
angle.  

1. INTRODUCTION 

Carbonate deposits which are located in tropical and 
subtropical areas, cover approximately 40% of the ocean 
floor [1]. Investigating on the mechanical behaviors of the 
carbonate soils has been extended in a rapid rate in recent 
years due to the existence of these deposits at many 
petrochemical reserves and hydrocarbon industries such as 
Persian Gulf. These reasons have encouraged many 
researches to investigate the geotechnical behaviors of 
calcareous sands [2]–[6]. Previous researches have showed 
that there are many differences between the behaviors of 
calcareous and terrigenous sands [7]–[9]. The most important 
of these differences are related to the compressibility and the 
potential of particle breakage of calcareous sands under 
applicable pressures. Not only carbonate sands behave 
different in comparison of terrigenous sands, but also various 
types of calcareous sands have significant different behavior 
in their response to the shearing loading due to their locations 
and origins [9].  
Particle breakage is one of the important features of 
calcareous sands and has a chief role on the mechanical 
behaviors of these sediments. For example, particle breakage 
reduces the dilation response of the sands and mobilized 
friction angle [9]. Many researchers try to quantify the 
amount of particle breakage of soils [10]–[12]. In some 
methods, increasing of passing percentage of only one size in 
gradation curves of soils is analyzed which in some 
conditions may not be appropriate.  Hardin (1985) used 

 
 

overall gradation curves of soils to measure the particle 
breakage with a good accuracy [13].  
In this study, mechanical behaviors of two originally different 
carbonate soils were investigated. The soils are obtained from 
northern coast of Persian Gulf. Experimental research was 
consisted of two series of triaxial tests including a series of 
isotropic compression (IC) tests and a series of drained 
isotropically consolidated (CID) tests on reconstituted 
specimens. In the isotropic compression tests, confining 
pressure was increased up to 1.5 MPa to investigate the 
compressibility of the sands under high pressure. To measure 
the amount of particle breakage of the soils, the grain size 
distribution analyses were carried out before and after the 
tests. Samples were prepared in various densities (i.e., loose, 
medium and dense) and consolidated under different 
confining pressures to investigate the effects of these 
important parameters on the shearing response of used sands.       

2. SOIL CHARACTERIZATION 

The carbonate sands were obtained from the north of Persian 
Gulf, Hormoz Island (HI) and Bushehr Port (BP). Hormuz 
Island is located in the north of the famous Hormuz Strait. 
Another soil was obtained from Bushehr Port which is one of 
the most important and strategic commercial harbours of Iran. 
Fig. 1 shows the origins of the used carbonate sands in this 
study.  
Grain size distribution tests showed that both carbonate sands 
are well graded (SW). It can also be inferred that HI sand is 
coarser than BP sand (Fig. 2).  

 
Fig.1. Location of Hormuz Island and Bushehr Port in Persian 

Gulf 
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Fig.2. Grain size distribution of the used sands 

Also, Carbonate content tests using British Standard 1377, 
were conducted on the used sands. The results showed that HI 
and BP sands contain more than 53 and 44 percentages of 
carbonate calcium, respectively. Table.1 shows some 
physical properties of the carbonate sands. 

Table.1. Physical properties of the carbonate sands 

Physical Property 
Soil Type 

HI BP 
Grain Shape Angular Subangular 

D50 (mm) 0.78 0.43 
Cu 8.33 7.87 
Cc 1.54 0.84 

γmin (kN/m3) 14.48 13.21 

γmax (kN/m3) 17.01 15.69 
Gs 2.764 2.709 

Carbonate Content (%) 53.78 44.58 
 
Figs. 3 and 4 show the FESEM micrographs for HI and BP 
soils. Microscopic photographs present that both types of 
soils are dominated by thin-walled mollusk and echinoderm 
plate fragments and thick-walled foraminifera. 
 

 
Fig.3. FESEM micrograph for the HI sand; 

a: Angular particles of soil; b: Close-up view of the particles 

 
Fig.4. FESEM micrograph for the BP sand; 

a: Subangular particles of soil; b: Close-up view of the 
particles 

3. SAMPLE PREPARATION 
In this study, the specimens were prepared by the 
air-pluviation method. The dry sand was spread into the mold 
which was fixed on the base pedestal of the triaxial apparatus 
and lined with a rubber membrane. To acquire the desired 
density the mold was then tapped. The diameter and the 
height of the specimen were 70 mm and 140 mm, respectively. 
Saturation procedure contained flushing CO2, exuding 
de-aired water and applying a back pressure of 200 kPa under 
an effective pressure of 10 kPa to the specimens. Following 
this procedure, all specimens achieved high saturation 
conditions, and the B-values greater than 0.95 insured the 
high quality of all the specimens. Afterward, samples were 
isotropically consolidated under desired pressures. The 
loading part of tests was conducted at strain control condition 
with the rate of 0.5 mm/min in drained condition. 
The tests were performed by the ELE International 
Corporation Triaxial apparatus, located in Geotechnical 
Engineering Research Center of Iran University of Science 
and Technology (GERC-IUST). Data Acquisition system 
contained a PC machine which converting input signals to 
bits through a DASH-12 analogue to digital converter (ADC). 
The procedure of testing was managed and recorded with a 
geotechnical software called DataSystem7 (DS7). Table.2 
shows the list of tests carried out in this study.    
To measure the amount of particle breakage by the Hardin 
method, grain size distribution test was carried out. This 
method supposed that particle breakage ceases when the 
gradation curve of the soil reaches to the stable condition. 
This condition was achieved when all particles become 
smaller than 0.074 mm (sieve No. 200). According to the 
Hardin method, grain crushing of the soil is defined as the 
ratio of variation of grading curve to its all possible 
variations: 
 

p

t
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B
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In which, Br  is the relative breakage of the soil, Bt (total 
breakage) is the area between the initial and the final grading 
curves and Bp (breakage potential) is the area between the 
original grain size distribution curve and the vertical line for 
U.S. sieve No. 200 (Fig.5). 

Table.2. List of tests 
Test 
Type 

Soil 
Type 

Confining 
Pressure (kPa) 

Relative Density 
Condition 

IC* HI 100 Loose 

IC HI 400 Loose 

IC HI 600 Loose 

IC HI 1000 Loose 

IC HI 1500 Loose 

IC BP 100 Loose 

IC BP 400 Loose 

IC BP 600 Loose 

IC BP 1000 Loose 

IC BP 1500 Loose 

CID** HI 100 Loose 

CID HI 200 Loose 

CID HI 400 Loose 

CID HI 600 Loose 

CID HI 100 Medium 

CID HI 200 Medium 

CID HI 400 Medium 

CID HI 600 Medium 

CID HI 100 Dense 

CID HI 200 Dense 

CID HI 400 Dense 

CID HI 600 Dense 

CID BP 100 Loose 

CID BP 200 Loose 

CID BP 400 Loose 

CID BP 600 Loose 

CID BP 100 Medium 

CID BP 200 Medium 

CID BP 400 Medium 

CID BP 600 Medium 

CID BP 100 Dense 

CID BP 200 Dense 

CID BP 400 Dense 

CID BP 600 Dense 
* Isotropic Compression 
** Drained Isotropically Consolidated Triaxial  

 

 
Fig.5. Definition of particle breakage based on Hardin 

method (1985) [13] 

4. ISOTROPIC COMPRESSION TEST 
Isotropic compression (IC) tests were performed on the 
specimens of HI and BP calcareous sands which were 
prepared in loose conditions. The confining pressure was 
increased up to 1.5 MPa and the volume change was 
measured.  
Fig. 6 shows the variation of void ratio of the two carbonate 
sands under isotropic compression. It can be seen that the BP 
sand has more compressibility than the HI sand. Particle 
breakages of the samples were measured in isotropic 
compression tests under various confining pressures. The 
results showed that the BP sand has a higher particle breakage 
potential than the HI sand. Particle breakage of the BP 
samples is insignificant until the pressure of 600 kPa. 
Afterward, this parameter increases intensely. For the HI sand, 
the main particle breakage occurs beyond 1000 kPa (Fig.7). 
Hyodo et al (1999) and Kwag et al (1999) reported this 
parameter for Aio, Dogs Bay, Amami and Quiou sand about 
3000, 1000, 4000 and 900 kPa, respectively in medium and 
dense conditions [14], [15]. So, it can be concluded that, the 
particle strength of the HI sand is higher than that of the BP 
sand. 

 
Fig.6. Isotropic compression behavior of carbonate sands in 

loose conditions 
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Fig.7. Particle breakage of samples in isotropic compression 

tests in loose conditions 

5. DRAINED ISOTROPICALLY CONSOLIDATED 
TRIAXIAL TEST 

A series of monotonic drained isotropically consolidated 
triaxial (CID) tests were carried out to investigate the 
shearing behaviors of two originally different carbonate sands. 
Several specimens in different relative densities (i.e., loose, 
medium and dense) were tested under various confining 
pressures including 100, 200, 400 and 600 kPa. The 
strain-controlled loading was applied at the rate of 0.5 
mm/min and terminated when the axial strain reached to 20%.  
In the theory of soil mechanics, the response of the used 
calcareous sands to the drained shearing loading contains two 
stages. At the first stage, samples tend to contract and the 
overall volume of samples reduces (i.e., contactive behavior). 
Continuing the loading causes the dilation response of the 
specimens (i.e., dilative behavior). In this stage the volume of 
the samples increases.  
In this study, the results showed that the BP sand had more 
tendency to volume change than the HI sand. In addition, at 
high confining pressures, there was no dilation phase in both 
HI and BP sands and only contractive phase occurred. Figs 8 
to 11 show the drained shearing response of the HI and BP 
sands in loose condition under varied confining pressures 
between 100 and 600 kPa. The deviatoric stress in this study 
was calculated based on the following relation: 
  

31  q                                                                                     (2)  

 
It can be inferred from the Figs 8 and 9 that the shearing 
strength of the HI sands is higher than that of the BP sands.  
Figs 10 and 11 illustrate the volume change of HI and BP 
sands. As it was seen during the isotropic compression tests, 
the BP samples showed more volume change than the HI sand 
in similar loading conditions. For the HI sand, specimens 
which were consolidated under 100 and 200 kPa had both 
contractive and dilative phases but in higher confining 
pressures only contraction was observed. For the BP sand, 
only the specimen under the confining pressure of 100 kPa 
had both contractive and dilative responses and the others 

showed no dilation and the volume decreases during the 
deviatoric loading. 

 
Fig.8. Effect of confining pressure on the shearing strength of 

the HI sand in loose conditions 

 
Fig.9. Effect of confining pressure on the shearing strength of 

the BP sand in loose conditions 

 
Fig.10. Effect of confining pressure on the volume change of 

the HI sand in loose conditions 
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Fig.11. Effect of confining pressure on the volume change of 

the BP sand in loose condition 

The Mohr-Coulomb failure analysis was used to find the 
mobilized friction angle of the specimens in different relative 
densities (i.e. loose, medium and dense). Figs 12 and 13 show 
the variation of mobilized friction angle of the HI and BP 
sands in drained triaxial tests. Obviously, increasing the 
confining pressure causes the decrement of mobilized friction 
angle which was observed in this study too. The maximum 
change in mobilized friction angle of the HI sand which took 
place in loose conditions was 9.460 but for the BP sand the 
amount of this parameter was 12.30 and occurred in dense 
conditions. The higher amount of variation in mobilized 
friction angle of the BP sand can be related to the higher 
amount of particle breakage of the BP sand in comparison to 
HI sand which resulted in strength reduction. 

    
Fig.12. Variation of mobilized friction angle of the HI 

samples in drained triaxial tests 

 
Fig.13. Variation of mobilized friction angle of the BP 

samples in drained triaxial tests 

6. CONCLUSION 

Experimental investigations were conducted to study the 
monotonic shearing behaviors of two calcareous sands. The 
two originally different calcareous sands were obtained from 
the north coast of Persian Gulf. Experimental investigation 
contained a set of isotropic compression tests (CI) and a set 
drained isotropically consolidated triaxial (CID) tests. 
Following results from the tests can be concluded: 

1) Initial tests about the physical properties of the used 
carbonate sands showed that the HI sand is coarser 
and has greater maximum and minimum density. 
These differences resulted from the different origins 
of the HI and BP sands with different geological 
characteristics.  

2) Isotropic compression tests showed higher 
compressibility index for the BP sand. In these tests, 
the void ratio of the BP samples decreased at a 
higher rate than that of HI samples. 

3) It can be inferred from the isotropic compression tests 
that the yielding stress of the HI and BP sands are 
about 1000 and 600 kPa, respectively. Beyond these 
pressures the amount of particle breakage increases 
intensely. 

4) Different behaviors in shearing response of the used 
carbonate sands were observed. The HI samples 
showed more dilation than the BP ones. At high 
confining pressures only contractive phase could be 
seen in both sands. 

5) Particle breakage of the used sands caused to have 
more reduction in mobilized friction angle by 
increment of the confining pressure. Comparison 
between the HI and BP sands, demonstrated that the 
BP sand has a higher reduction in mobilized friction 
angle that was resulted from higher particle 
breakage. 
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ABSTRACT: The use of recycled gypsum as a stabilizer material in 
ground improvement projects has been initiated in Japan recently 
since the disposing of gypsum wastes in landfill sites has many 
environmental problems. As the use of recycled gypsum in soil 
stabilization applications has many environmental and economical 
benefits, it has many challenges since gypsum is soluble material. 
Therefore, it’s essential to investigate the behavior of stabilized soil 
with recycled gypsum under soaking conditions. Recycled gypsum 
was mixed with Furnace cement type B with different ratios and 
various percentages of this admixture content were used. Cylindrical 
stabilized soil specimens were prepared and subjected to different 
numbers of soaking periods. The soaked specimens were tested for 
compressive strength, volume change and soil deterioration to 
investigate the effect of soaking conditions on their strength, 
durability and performance. Results showed that the increase of 
admixture content has a positive effect on the strength increase and 
durability improves. The early soaking days have a negative effect 
on strength and durability compared to the later soaking days. The 
increase of admixture content is associated with the increase of 
percentage of soil soluble deterioration. The use of Furnace cement 
as a solidification agent to prevent the solubility and to improve the 
durability of stabilized soil with recycled gypsum is recommended. 
The influence of soaking conditions on strength, durability and 
performance for specimens stabilized with the investigated limits of 
recycled gypsum in this study is limited. Generally, stabilized soft 
clay soil with recycled gypsum, which is treated with Furnace 
cement, has an acceptable durability as well as a good performance 
against the actions of soaking conditions. 
 
Keywords: Recycled gypsum; Soaking; Durability; Strength 

1. INTRODUCTION 

Gypsum waste plasterboard is a serious problem in Japan 
since 1.6 million tons of gypsum wastes are generated 
annually. The disposing of gypsum wastes in ordinary landfill 
sites is not permitted in Japan according to Japanese 
environmental regulations [1-4]. It must send to controlled 
landfill sites to avoid the negative effect on the environment 
and then the cost of their disposing increases [2]. Therefore, 
investigations to produce recycled gypsum from gypsum 
waste plasterboard and then to use as a stabilizer material in 
ground improvement projects have been conducted recently 
in Japan [1-3; 5-7]. In fact the use of recycled gypsum as a 
stabilizer material has many economical and environmental 
advantages but it has many challenges since gypsum is a 
soluble material. The solubility of gypsum is considered one 
of the most challenges for the application of recycled gypsum, 
produced from gypsum wastes, in ground improvement 

 
 

projects. The solubility of gypsum results a negative effect on 
both strength and durability since the bonding between soil 
and gypsum is destroyed when water is introduced. To avoid 
such negative effects, the additives of solidification agent 
such as cement is essential to prevent the solubility of gypsum 
as well to improve both strength and durability of soil 
stabilized with recycled gypsum. The effect of soaking 
conditions on soil stabilized with recycled gypsum has not 
been reported in literature up to the knowledge of authors. So, 
it is essential for geotechnical engineers to have knowledge 
about the effect of soaking conditions on the performance of 
soil stabilized with recycled gypsum to facilitate the use of 
recycled gypsum as a stabilizer material in ground 
improvement projects. The influence of weathering or 
environmental conditions in terms of freezing-thawing and 
wetting-drying cycles on the performance of soil stabilized 
with recycled gypsum have been conducted [9-11]. The 
influence of freezing-thawing cycles on the durability of silty 
sand soil stabilized with recycled gypsum was investigated. 
Different contents of recycled gypsum-cement admixture 
were mixed with tested soil in dry state; subsequently the 
optimal moisture and dry density for each sample were 
determined. The 7 days cured sample was subjected to 
different numbers of freezing-thawing and wetting-drying 
cycles and then tested for compressive strength and durability. 
Results showed that the actions of freezing-thawing had a 
significant effect on strength and durability decrease 
especially in the early cycles compared to the actions of 
wetting-drying cycles. Samples stabilized with only recycled 
gypsum did not survive against the actions of 
freezing-thawing and wetting-drying cycles. The additives of 
furnace cement improved the durability and strength. The 
performance and durability of stabilized samples were 
enhanced with the increase of both recycled gypsum and 
furnace cement contents [9-10]. The performance of soft clay 
soil stabilized with recycled gypsum against the actions of 
wetting-drying cycles was studied. For that purpose soft clay 
soil was mixed with different contents of Bassanite and 
cement and then cylindrical stabilized soil specimens were 
molded. Stabilized soil specimens were subjected to different 
numbers of wetting-drying cycles to investigate their effect 
on strength and durability. Results showed that the early 
cycles had a negative effect on durability and strength 
compared to the later cycles. Bassanite and cement contents 
had a significant effect on the improvement of strength and 
durability. As mentioned above, the main negative point for 
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using recycled gypsum in ground improvement projects is the 
solubility of gypsum when water is introduced. So, the 
influence of soaking conditions on soil stabilized with 
recycled gypsum is considered the appropriate test in such 
case.    
This paper investigates the influence of soaking conditions on 
the strength and durability of very soft clay soil stabilized 
with recycled gypsum and furnace slag cement type B. For 
that purpose, recycled gypsum was mixed with furnace slag 
cement type B with different ratios and then different 
percentages of this admixture were added to tested soil. The 
effect of admixture content and ratio on the performance and 
strength of tested soil subjected to different soaking times is 
investigated.     

2. MATERIALS AND METHODS 

Three different materials are used in this research: very soft 
clay, recycled gypsum and furnace cement type B. Soft clay 
soil was brought from some construction site at Gunma 
Prefecture in Japan. The initial water content for soil sample 
was determined by an oven drying soil sample according to 
ASTM specifications [12] and the average value was found 
160%. Properties for tested soil sample are presented in Table 
1. According to unified soil classification, USC, system, the 
tested soil can be classified as clay soil with high plasticity 
(CH). 
 

Table 1. Properties of tested soil 
 

Property Value Property Value
Specific gravity, Gs 2.46 Plasticity index 38.50 
Water content, Wc % 160 D60, mm 0.040 
Liquid limit, LL % 100 D50, mm 0.022 
Plastic limit, PL % 61.5 D30, mm 0.008 

 
Recycled gypsum used in this research was produced from 
gypsum waste plasterboard by heating process. All 
procedures for producing recycled gypsum from gypsum 
waste plasterboard were presented in details in previous work 
[7]. Based on chemical analysis results for the produced 
gypsum, the content of CaSO4.1/2H2O in the produced 
recycled gypsum was found 92.6%. The recycled gypsum 
was mixed with furnace cement at different ratios of 1:1, 2:1 
and 3:1 for using this admixture as a stabilizing agent to 
improve the performance and strength of tested soil. Four 
different percentages of these admixtures of 0, 7.5, 15 and 
22.5 % were mixed with tested soil to investigate their 
influence on the performance of tested soil subjected to 
soaking conditions.  
 
Furnace slag cement type B used in this research was brought 
from some cement company in Tokyo, Japan. This cement 
type is mainly produced from waste materials and by-product 
of Portland cement manufacture. It has 30 to 60% of blast 
furnace slag in its compositions in accordance JIS R5211 
specifications [4]. It is important to evident that the main 
purpose of using cement in this study is not only to improve 
the strength of tested soil but also to prevent the solubility of 
recycled gypsum as mentioned before. Furnace cement was 

added to recycled gypsum with different ratios of 1:1, 2:1 and 
3:1, respectively.  
Cylindrical soil specimens with 50 mm in diameter and 100 
mm in height were prepared. Firstly, recycled gypsum was 
mixed in dry state with furnace cement at the investigated 
different ratios of 1:1, 2:1 and 3:1, respectively. Subsequently, 
soft clay soil sample was mixed with the desired 
gypsum-cement admixture contents of 0, 7.5, 15 and 22.5% 
according to testing program. The mixing process was done 
by using an automatic mixer and mixing process was 
prolonged for a certain time to ensure the gypsum-soil 
mixture to be uniform. Secondly, the tested soil was placed in 
three layers in special plastic mould, which is made for this 
purpose. Each layer was compacted statically with efforts 
equal to the efforts used in the standard compaction test. It is 
important to evident that samples were compacted with their 
original water content to simulate field conditions. Samples 
were extracted from moulds after 24 hours. More attentions 
were taken during sample preparation and extraction to 
produce homogenous samples. For each test two to three 
specimens were used and the average was considered. The 
extracted samples were wrapped in polyethylene plastic sheet 
and then kept in the controlled room at temperature 21±1 °C 
for a certain time until required for the testing according to 
testing schedule. The molded samples were cured for 3, 7 and 
28 days before to subject for soaking. For soaking test, the 
cured specimens were soaked in water for different interval 
times of 0, 4, 7, 15 and 30 days and then tested for unconfined 
compression. The main target of soaking test is to investigate 
the influence of soaking condition on the stability of soil 
stabilized with recycled gypsum in terms of strength, 
performance, durability and solubility. Besides, the effect of 
curing time on the performance and strength of stabilized soil 
specimens subjected to soaking condition is investigated. 
Volume change and soil deterioration for tested soil samples 
were reported after each soaking time.  

3. RESULTS AND DISCUSSIONS  

Aforementioned, the solubility of recycled gypsum is 
considered the main negative point for the use of recycled 
gypsum in ground improvement projects. This property 
results in deterioration for the developed bonding between 
soil particles and gypsum and then the strength declines. The 
use of any solidification material to prevent the solubility of 
gypsum is essential needed to improve the performance and 
strength of soil stabilized with recycled gypsum. Fig. 1 shows 
the influence of curing time on strength ratio for samples 
stabilized with 15% content of gypsum-cement admixture 
and subjected to different soaking periods. Strength ratio is 
defined as the ratio between the strength of sample subjected 
to specified soaking time to the strength of identical 
un-soaked sample. This figure indicates that the strength ratio 
increases with the increase of soaking time in case of soaked 
samples subjected to curing time of 3 and 7 days. The 
increase of strength ratio in these cases is attributed to the 
following reason. The chemical reaction between 
gypsum-cement admixture and clay particles may need more 
time to achieve the optimal strength, which might be more 
than 7 days. Subsequently, the exposition of stabilized soil 
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specimens in this case for soaking helped the specimens to 
gain more additional curing. This additional curing time 
promotes the reaction between gypsum-cement admixture 
and clay particles to complete and then the strength ratio 
increased with the increase of soaking time. After 30 days 
soaking, the exposition of specimens which cured for 3 and 7 
days for more soaking times has no significant effect on the 
strength ratio increase. This is attributed to most of the 
reaction between clay particles and admixture is already 
completed within the 30 days of soaking. Thus there is no 
more improvement in strength is developed.  Besides, the 
soaking of specimens for long time weakens the developed 
cementations between soil particles. On the contrary for 
samples cured for 28 days, the strength ratio decreases with 
the increase of soaking time for specified time and after that 
the prolonged soaking time more than 15 days has 
insignificant effect in strength ratio. The decrease of strength 
ratio with the increase of soaking time in this case is attributed 
the stabilized specimens after 28 days curing became almost 
in dry state. Subsequently, the exposition of dry specimens 
for soaking destroyed the developed bonding force between 
soil particles and then the strength decreased as presented 
above.  
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Fig. 1. Effect of curing time on strength ratio for stabilized 
soil specimens subjected to different soaking times.  
 
The effect of admixture content and ratio on the durability of 
stabilized soil specimens subjected to different soaking times 
is presented in Figs. 2 and 3, respectively. Durability index is 
defined as the ratio between the strength of sample cured for 
28 days and then subjected to a specified soaking time to the 
strength of identical un-soaked sample. The durability index 
reduces with the increase of soaking time for all samples 
stabilized with different contents and ratios of 
gypsum-cement admixtures.  It is clear that, the durability 
index decreases significantly up to 15 days soaking and 
afterward the durability improves. This result is related to the 
effect of early soaking times have a significant effect on 
durability reduction compared to the later soaking times. This 
result is attributed to the following reasons. Firstly, the rate of 
water absorption in the early soaking time is greater than that 
occurred in the later soaking time. Subsequently, the 
reduction in durability increased with the increase of water 
absorption rate. The penetration of water to stabilized soil 
specimens results in disturbance for the developed 
cementation between soil particles which results in change in 

soil structure and then the durability reduced. This result 
agrees in concept with the results presented in the previous 
works for studying the effect of wet-dry cycles and soaking 
conditions on soil stabilized with different materials 
[10,13-15]. Secondly, the structure of stabilized specimens 
subjected to soaking after a specified time, which is 15 days 
in this case, may be able to rearrange itself again and 
accommodates with the new environment. Subsequently, the 
durability improved slightly after 15 days soaking due to the 
additional gain of curing for stabilized specimens during 
soaking time [10, 16]. This figure also indicates that, the 
admixture content has a significant effect on the improvement 
of durability. This result is attributed to the increase of 
gypsum-cement admixture content in soil mixture developed 
enough hardening between soil particles which able to 
improve the durability. The increase of admixture ratio is 
associated with the decrease of durability as presented in Fig. 
3. It is attributed to the increase of admixture ratio means that 
the decrease of cement proportion in admixture content. It is 
well-known that the presence of cement in admixture content 
is considered the main responsible factor to resist the actions 
of soaking condition as well as improving the durability since 
gypsum is soluble material.  
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Fig. 2. Effect of admixture content on durability index for 
stabilized soil specimens subjected to different soaking times. 
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Fig. 3. Effect of admixture ratio on durability index for 
stabilized specimens subjected to different soaking times. 
 
Deformation change in this study referred to settlement or 
swelling. It is the difference between the displacement 
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measurements for the height of tested soil before and after to 
subject for soaking. The positive value means swelling while 
the negative value means settlement. The deformation change 
was measured by using a micrometer through two fixed 
points along the height of tested sample. The influence of 
admixture content at admixture ratio 1:1 on the deformation 
change of stabilized specimens cured for 28 days and then 
subjected to soaking condition is presented in Fig. 4. The 
effect of soaking conditions on the swelling reduces after 15 
days soaking and then the samples start gradually to settle. It 
is attributed to the presence of cement in the admixture 
content resists the swelling phenomena because cement has a 
shrinkage property. Besides, the presence of cement in 
soil-gypsum mixture is solidified the activity of recycled 
gypsum to swell. Subsequently, the chemical reaction 
between recycled gypsum and clay particles, which causes 
the swelling, is constrained and then the swelling is reduced 
with the increase of soaking time. It is observed from Fig. 4 
that, the effect of soaking conditions on volume change for 
soil stabilized with recycled gypsum-cement admixture is not 
significant since the maximum deformation change among all 
tested samples was found less than 1.50 %. This proves that 
the use of recycled gypsum, which is solidified with furnace 
slag cement, in ground improvement projects within the 
investigated limits in this study is durable against the effect of 
soaking actions in term of deformation change.  
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Fig.4. Effect of admixture content on deformation change for 
stabilized soil specimens subjected to soaking conditions. 
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Fig.5. Effect of admixture ratio on deformation change for 
stabilized soil specimens subjected to soaking conditions. 

The effect of admixture ratio on the deformation change of 
stabilized specimens is presented in Fig. 5. As observed in 
case of admixture content, the swelling reduces gradually 
after 15 days of soaking for all different investigated 
admixture ratios. This result is attributed to most of reactions 
between gypsum-cement admixture and clay soil particles are 
almost completed and afterward the potential of gypsum to 
swell is declined. It is obvious from this figure that, the 
increase of admixture ratio increases the swelling. It is 
attributed to the increase of admixture ratio means that the 
increase of recycled gypsum proportion in soil mixture and 
then the tendency of samples to swell is promoted.  
 
The percentage of soluble soil deterioration particles for 
stabilized soil specimens with recycled gypsum was 
determined based on the dry soil mass before and after 
soaking. It is defined as the difference between the initial and 
final dry soil masses for soil sample before and after soaking 
divided by the initial soil mass before soaking. Fig. 6 shows 
the effect of admixture content on the percentage of soluble 
soil deterioration for stabilized soil specimens subjected to 
soaking conditions. The increase of soaking time increases 
the percentage of soluble soil deterioration up to 15 days 
soaking. Thereafter the percentage of deteriorated soil keeps 
constant and there is no more soil deteriorated from 
specimens. This result is related to most of water absorption is 
occurred in the early soaking times. Water absorption is 
considered the major factor responsible about the increase of 
the percentage of soil deterioration due to the change of soil 
structure. This figure indicates that, the increase of admixture 
content is associated with the increase of the percentage of 
soil deterioration. This result due to the increase of admixture 
content in soil mixture increases the chance or possibility of 
gypsum particles to dissolve in water since the amount of 
gypsum in soil mixture is high and then the percentage of soil 
deterioration is increased.  
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Fig.6. Effect of admixture content on the deterioration of 
soluble soil from specimens subjected to soaking conditions. 
 
Fig. 7 shows the effect of admixture ratio on the percentage of 
soluble soil deterioration for stabilized soil specimens 
subjected to soaking conditions. The same behavior obtained 
in case of admixture content is also obtained in the case of 
admixture ratio. The increase of soaking time is associated 
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with the increase of the percentage of soil deterioration from 
tested soil samples. It is obvious from this figure that, there is 
no much difference between the effects of admixture ratios 
investigated herein on the percentage of soil deterioration. 
This result may be related to the suggested proportions of 
cement in admixture content is enough to resist the actions of 
soaking condition. It is important to evidence that the tested 
specimens did not subject for brushing process as in case of 
wetting-drying test. This means that the target of the addition 
of cement in this case is only to prevent the solubility but it is 
not to improve the strength. It is well-known that the increase 
of cement proportion in admixture content is associated with 
the increase of strength. While in case of soil deterioration, 
the stabilized specimens did not subject to any external 
stresses except their own weight. Thus, the minimum 
suggested ratio of gypsum to cement which is 3:1 is capable 
to prevent the solubility of gypsum as well as to reduce the 
percentage of soil deterioration.   
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Fig.7. Effect of admixture ratio on the deterioration of soluble 
soil from specimens subjected to soaking conditions. 

4. CONCLUSIONS 

Based on experimental results, the conclusion points can be 
drawn as follows: 

1. Both of admixture content and ratio have significant effect 
on the improvement of durability, strength and 
performance of soil stabilized with recycled gypsum. The 
durability index decreases with the increase of admixture 
ratio.  

2. The early soaking time has a negative effect on the 
durability compared to the later soaking times and after 15 
days soaking the durability improved with the increase of 
soaking time. 

3. The early curing times of 3 and 7 days have a positive effect 
on the improvement of durability and strength compared to 
the later curing time of 28 days.  

4. The effect of soaking conditions on the deformation change 
for stabilized soil specimens is not significant since the 
maximum deformation percentage was found less than 
1.50 %. This indicates that the investigated limits of 
recycled gypsum which is solidified with furnace cement 

for the enhancement of very soft clay soil is durable against 
the actions of soaking in term of volume change. 

5. Increasing soaking time increases the percentage of soluble 
soil deterioration up to 15 days soaking and beyond that 
time the percentage of the deteriorated soil is reduced.   

6. There is no much difference between the effects of 
admixture ratios on the percentage of the deteriorated soil 
for specimens subjected to different soaking times. 

7. Furnace slag cement type B within the investigated 
proportions in this study is recommended to use as a 
solidification agent for soft clay soil stabilized with 
recycled gypsum.   
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ABSTRACT: The developed heat reflective pavement is an 
open-graded asphalt concrete in which voids in the upper part of the 
pavement are filled with a cement mortar containing oyster shell 
lime. In this study, the heat reflecting pavement using the oyster 
shell lime was constructed in an open place, and the temperature 
reduction of the pavement surface was evaluated experimentally by 
taking measurements in summer. The temperature reduction effects 
of the heat reflecting pavement were also investigated by laboratory 
tests. The results show that the maximum surface temperature of the 
pavement fell by about 12°C compared with that of an asphalt 
concrete pavement. It was found that the temperature reduction 
effect was particularly due to the increasing reflectance of the solar 
radiation on the pavement surface, which was indicated in the results 
of spectral reflectance tests. 
 
Keywords: Heat reflecting pavement, Oyster shell lime, 
Pavement surface temperature, Laboratory irradiation test, 
Spectral reflectance 

1 INTRODUCTION 

Asphalt concrete pavements generally tend to absorb solar 
radiation heat because they are black, and the temperature can 
rise to a maximum of 60°C or above at the surface in daylight 
in summer. The high temperature of the asphalt concrete 
pavement will affect the durability of the pavement as well as 
the heat island phenomenon in urban areas. 

In Mie Prefecture, oyster farming is prosperous and 
discharges a large quantity of oyster shell. Some of the shells 
are pulverized in a factory after removing salt and utilized as 
oyster shell lime. Fig. 1 shows piles of oyster shell gathered at 
a factory site located in Toba city, Mie Prefecture. The 
factory produces 6,000 tons of oyster shell lime per year. 
In this study, a heat reflecting pavement using oyster shell 
lime has been developed. The reduction of the pavement 
surface temperature was evaluated by both laboratory tests 
and field experiments. 

 
 

2 MATERIALS AND PAVEMENT STRUCTURE  

2.1 Pavement structure 

A cross section of the pavement tested in this study is shown 
in Fig. 2. The thickness of the pavement is 50 mm. The heat 
reflecting pavement is an open-graded asphalt concrete in 
which voids in the upper part of the pavement are filled with a 
cement mortar containing oyster shell lime. A maximum 
aggregate size of 13 or 20 mm is used for the open-graded 
asphalt concrete pavement. Fig. 3 shows the pavement 
surface patterns. The beautiful patterns are produced by 
grinding the pavement surface after the filling mortar has 
hardened.  The results of a skid resistance test and a wheel 
tracking test show that the pavement has a good skid 
resistance and plastic deformation resistance. 

2.2 Materials 

The oyster shell is a waste product from oyster farming. To 
form the lime, the oyster shells are pulverized into a fine 
particle size of less than 2 mm and used as the filling mortar 
in this study. In the filling mortar mixture, Portland cement 
and the pulverized oyster shells are used as a binder and a fine 
aggregate, respectively. As the oyster shell lime is lighter in 
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Fig. 1 Oyster shell piles gathered at a factory site 
located in Toba city, Mie Prefecture. 

 

 

Fig. 2 Cross section of the pavement. 
 

 

Fig. 3 Pavement surface patterns. 
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color than the commonly used Portland cement, its inclusion 
in the mortar subsequently produces a mortar which is lighter 
in color. Consequently the surface of the open-graded asphalt 
filled with the mortar increases the solar reflectance which 
results in a lower surface temperature. 
 

3 EXPERIMENTS AND RESULTS 

3.1 Field experiments 

The pavements were constructed at the company site of the 
branch office located in Ise city, Mie Prefecture in June 2009. 
The temperature measurements were conducted in 
mid-August 2009. Fig. 4 shows a plan view of the pavements 
constructed at the outdoor testing site to monitor the surface 
temperature in summer. The pavements are 50 mm thick and 
placed on an asphalt binder course. An open-graded asphalt 
concrete with maximum aggregate size of 20 mm was used 
for the heat reflecting pavement. A dense-graded pavement 
was constructed around the heat reflecting pavement as a 
control. After the filling mortar in the heat reflecting 
pavement has hardened, the surfaces of the heat reflecting 
pavement were subject to water jet, grinding, and shot 
blasting treatments. The surface temperature was measured 
by thermocouples attached to the pavement surfaces and 
recorded by a data logger at 1 minute intervals. Temperatures 
at depths of 25 and 50 mm from the surface were also 
measured by thermocouples embedded at the same position in 
the pavement. The air temperature and solar radiation were 
monitored at the same time. 

The temperature change of the heat reflecting pavement 
surfaces are shown in Fig. 5. There was no rainfall during this 
period. The black dense-graded asphalt rises to a maximum of 
60°C at the surface, whereas it is not more than 50°C for the 
heat reflecting pavement. The surface temperature of the heat 
reflecting pavement on a fine day was up to 12°C lower than 
that of the dense-graded pavement. The temperature 
reduction of pavement surface results from the higher solar 
reflectance of the surface filled with the mortar of a lighter 
color. The maximum surface temperatures of the pavements 
and the temperature differences are summarized in Table I. 
Furthermore, results from tests conducted in August 2010 
showed that the surface temperature difference between the 
pavements was about 10°C. A decrease of the temperature 
difference is partly because of the variation in the surface 
colors of aged asphalt. 
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Fig. 4 Plan view of the pavement and surface treatments. 
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Fig. 5 Temperature changes on the pavement surface. 
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Fig. 6 Temperature changes at depths of 25 and 50 mm. 

Table I Maximum temperature of the pavement surfaces 

 Dense-graded 
asphalt 
(°C ) 

Heat reflecting 
pavement 
(°C ) 

Temperature 
difference 
(°C ) 

2009.8.11 54.3 45.0 –9.3 

2009.8.12 61.0 49.1 –11.9 

2009.8.17 60.0 48.0 –12.0 

2009.8.18 57.1 45.6 –11.5 



 

355 
 

 

The temperature changes at depths of 25 and 50 mm are 
shown in Fig. 6. The maximum measured daily internal 
temperatures of the heat reflecting pavement fell about 10°C 
compared with those of the dense-graded asphalt. The results 
of the field experiments show that the maximum temperature 
of heat reflecting pavement decreases both on the surface and 
below the surface under summer sunlight irradiation, and this 
acts to reduce the urban heat island effect. 

Fig. 7 shows a thermal image of the pavement taken by an 
infrared camera on August 17. Fig. 8 shows the 
corresponding visible image. The temperature differences 
between the heat reflecting pavement and the dense-graded 
pavement are visually apparent in Fig. 7. The surface of the 
heat reflecting pavement filled with the mortar is significantly 
lighter in color than the dense-graded pavement as shown in 
visible image (Fig. 8). Consequently, this leads to an increase 
in the solar reflectance and a lower surface temperature.  

3.2 Laboratory irradiation tests 

Laboratory irradiation tests were also carried out to evaluate 
the temperature reduction of the heat reflecting pavement 
using the oyster shell lime. Specimens of five different 
material types were used: a dense-graded asphalt, an 
open-graded asphalt filled with a cement paste without oyster 
shell lime, a (2:1) heat reflecting pavement, a (3:1) heat 
reflecting pavement, and an open-graded asphalt filled with a 
mortar containing coral sand. The numbers in parentheses 
represent the oyster shell lime and cement mix mass ratio for 
the filling mortar. The (2:1) heat reflecting pavement is the 
same as tested in the field experiments. 

Fig. 9 shows a schematic of the arrangement for the lamp 
irradiation tests. The specimens are 30 × 30 × 5 cm in size, 
and the surface temperatures were measured by a 
thermocouple embedded in the middle of the specimen. The 
specimens were irradiated by a 150 W lamp for the first 3 
hours and subsequently placed in a room at constant 
temperature. The room temperature was approximately 
27–28°C during the measurement. 

Fig. 10 shows the surface temperature changes of the 
specimens in the irradiation test. The difference at the highest 
temperature between the dense-graded asphalt and the (2:1) 
heat reflecting pavement was 12.4°C, and this value was the 
almost same as the result of the field experiments exposed to 
natural sunlight. The highest temperature of the open-graded 
asphalt filled with cement paste was 47.6°C; 5.1°C higher 
than that of the (2:1) heat reflecting pavement. The pavement 
surface filled with cement paste is darker in color than the 
surface filled with the mortar containing oyster shell lime. 
The difference of the surface temperature is partially due to 
the variation in surface colors. 

Fig. 11 shows the surface temperature changes of the 
specimens for different types of filling mortar. The highest 
temperature of the specimen filled with mortar containing 
coral sand is 43.9°C and is only 1.5°C higher than that of the 
(2:1) heat reflecting pavement. It seems that coral sand is 
lighter in color and thus effective as a filling mortar. The 
highest temperature of the (3:1) heat reflecting pavement is 
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Fig. 9 Arrangement for the lamp irradiation tests. 
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Fig. 7 Thermal image of the pavement. 
 

 

Fig. 8 Visible image of the pavement. 
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about 1°C lower than that of the (2:1) heat reflecting 
pavement. The results show that a filling mortar with a high 
shell lime content achieves a slightly higher solar reflectance. 

3.3 Spectral reflectance tests 

A spectral reflectometer is used to evaluate the solar 
reflectance of the pavements. Specimens of four different 
material types were used: a dense-graded asphalt, a (2:1) heat 
reflecting pavement, cement paste, and cement mortar 
containing oyster shell lime. The specimens are 30 × 30 × 20 

mm in size.  
Fig. 12 shows the spectral reflectance of the pavements. 

The spectral reflectance in the near-infrared region is 
0.05–0.11 and 0.55–0.7 for the dense-graded asphalt and heat 
reflecting pavement, respectively. The spectral reflectance of 
heat reflecting pavement is significantly different from that of 
the dense-graded asphalt. In order to reduce the pavement 
surface temperature, the results show that it is necessary to 
increase the spectral reflectance, or solar reflection. Fig. 13 
shows the spectral reflectance of the hardened cement mortar 
and cement paste. The spectral reflectance in the 
near-infrared region is 0.2–0.38 and 0.6–0.7 for the cement 
paste and cement mortar, respectively. The values confirm 
that the cement paste is darker in color and has a lower 
reflectance compared with the cement mortar with oyster 
shell lime. 
 

4 CONCLUSIONS 

A heat reflecting pavement using oyster shell lime has been 
developed and the temperature reduction effect was evaluated 
by both laboratory tests and field experiments. The results of 
this study are summarized as follows. 
1) The surface temperature of the heat reflecting pavement is 
up to 12°C lower compared with the dense-graded pavement. 
This is particularly due to the increase in the reflectance of 
solar radiation on the pavement surface. 
2) The measured spectral reflectance in the near-infrared 
region was 0.05–0.11 and 0.55–0.7 for the dense-graded 
asphalt and heat reflecting pavement, respectively. 
3) The heat reflecting pavement and the open-graded asphalt 
filled with mortar containing coral sand are lighter in color 
and have a higher solar reflectance. 
4) The beautiful patterns were produced by grinding the 
pavement surface after the filling mortar has hardened. 
5) A large quantity of oyster shell is discharged from oyster 
farming each year. Heat reflecting pavements using oyster 
shell are environmentally friendly and contribute to 
promoting the effective use of a wasted resource. 
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ABSTRACT: This paper is to do a brief research on the buckling 
behavior of composite triangular plates with various edge boundary 
conditions and in-plane loads. It may be regarded as a right and 
simple numerical method for the analysis of composite triangular 
thin plate using the natural area coordinates. Previous studies on the 
solution of triangular plates with different boundary conditions were 
mostly based on the Rayleigh-Ritz principle which is performed in 
the cartesian coordinate. In this method, the energy functional of a 
general triangular plate is derived and the Rayleigh-Ritz method is 
utilized to derive the governing eigenvalue equation for the buckling 
problem. The geometry is presented in a natural way by mapping a 
parent triangle and the integrals are evaluated analytically. The 

polynomial terms  
1 2 3
, ,i j kL L L  in the area coordinates are employed 

to interpolate plate deflection and 
1 2 3
, ,a b cL L L  are used to enforce 

the prescribe boundary conditions. Therefore, the admissible basic 

functions given are ( ) ( ) ( )

1 2 3
, ,i a j b k cL L L+ + + . In this approach, the 

convergence is always assured due to the completeness of 
interpolating polynomials. Extensive buckling factors are presented 
for several selected right-angled triangular plates of various edge 
support conditions and subjected to composite thin plates under 
various in-plane compressive and shear loads and results are 
compared with other available data..  
 
Keywords: Triangular plate - Composite Material - Area 
Coordinate - Buckling - Rayleigh-Ritz Principle   
 

1  INTRODUCTION AND BRIEF REVIEW 

In many engineering applications, it is very important to 
predict buckling behavior of triangular plates. Buckling 
phenomenon is critically dangerous to structural components 
because the buckling of composite plates usually occurs at a 
lower applied stress and generates large deformation. This led 
to a focus on the study of buckling behavior in composite 
materials. The use of composite materials in place of more 
traditional isotropic materials has increased dramatically over 
the past decades in areas such as the aerospace industry. With 
the wide use of composite plate structures in modern 
industries, dynamic and static analysis of plates of complex 
geometry becomes an important part of engineering design. 
Composite plates have been widely used due to their excellent 
high strength-to-weight ratio, modulus-to-weight ratio and 
the controllability of the structural properties with variation 
of fiber orientation. The problem regarding buckling of plates 
under various shapes and boundary conditions has been 
studied in some famous classic and academic reference text 
books [1,2] and some of numerous literature works [3-6].  

It is interesting to note that buckling of triangular plates has 
received far less attention than their rectangular counterparts. 
 
 

Woinowsky-Krieger [7] derived the exact buckling load for a 
simply supported equilateral triangular plate under an 
isotropic in-plane compressive load. Burchard [8] studied the 
buckling of simply supported right-angled triangular plates 
under uni-axial compression. There are several research 
investigated the buckling of isosceles triangular plates under 
various loading conditions. Wakasugi [9,10] investigated the 
buckling of simply supported and clamped equilateral 
triangular plates. Conway and Lissa [11] searched the 
buckling of equilateral triangular plates subjected to isotropic 
in-plane compression. Tan et al. [12] and Tan [13] employed 
the finite element method to study the buckling of general 
triangular plates. In the recent years, Wang and Liew [14] 
utilized their pb-2 Rayleigh-Ritz method to investigate the 
buckling of isosceles and right-angled triangular plates under 
isotropic in-plane compressive load.    

The basic aim of this research is to study and formulate the 
effect of plate geometry aspect ratio and fiber orientation to 
determine critical value of buckling load factor for a 
composite triangular plate of various boundary conditions 
and various in-plane (compression and shear) loads by using 
an approximate-analytical solution for first critical mode 
predominantly. 

 
2  THEORETICAL ANALYSIS AND FORMULATION 

2.1 Area-coordinate 

In this section, the use of triangular coordinates to define the 
interior of a triangular area is briefly described. This 
description is important when formulating triangular finite 
elements. The triangle in Fig. 1 is defined by coordinates 

( ),
i i

x y of its vertices in the coordinate system ( , )O x y . 

Cartesian coordinates are usually employed to describe any 
point 

0 0
( , )x y on a rectangular area. They are, however, 

difficult to use when the boundary and the interior of a 
triangular area need to be defined. In order to define a 
triangular area, the coordinates 

0 0
( , )x y  can be expressed in 

the following way, 

1 1 2 2 3 3

1 1 2 2 3 3

x x L x L x L

y y L y L y L

= + +

= + +
 

where 
1 2 3
, ,L L L are triangular coordinates. The values of the 

triangular coordinates range between 0 and 1 when the 
following constraint is used, 

1 2 3
1L L L+ + =  
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Fig. 1. Area coordinates in arbitrary triangular plate 
 

Equation (1) together with (2) can be used to define any point 

0 0
( , )x y in the triangle. The coordinates 

1 2 3
, ,L L L represent 

dimensionless areas of triangles 
1 2 3
, ,A A A as depicted in Fig. 

1. These coordinates can be expressed as follows: 
 

1 2 3
A A A A+ + =  

, 1,2,3i
i

A
L i

A
= =  

 
where A is the area of the triangle defined as, 

1 2 3

1 2 3
2

1 1 1

x x x

A y y y=  

When constraint (2) is accounted for, the triangular 
coordinates can be solved from (5) as follows, 
 

( )
1

, 1,2,3
2i i i i

L x y i
A

a b g= + + =  

 
Where 

i
a  a coefficient that depends on is coordinates 

,
j k

x y of the three nodes in the coordinate system ( , )O x y . 

The coefficients can be expressed as follows: 
 

, ,

, , 1,2,3
i j k j k i j k

i k j

x y y x y y

x x j k

a b

g

= - = -

= - =
 

 
In the latter equation and below j, k and i form a cyclic 
permutation. 
 
Thin plate theory is used in the present analysis. However, to 
obtain the strains differentiation operator with respect to 
Cartesian coordinates needs to be carried out. This is done as 
follows, 

3 3

1 1

3 3

1 1

2 3 3

2 2
1 1

2 3 3

2 2
1 1

2 3 3

2
1 1

1

2

1

2

1

4

1

4

1

4

i
i

i ii i

i
i

i ii i

i j
i j i j

i j
i j i j

i j
i j i j

L

x L x A L

L

y L y A L

x x L Lx A

y y L Ly A

x y x y L LA

b

g

b b

g g

b g

= =

= =

= =

= =

= =

ｶｶ ｶ ｶ
= =

ｶ ｶ ｶ ｶ

ｶｶ ｶ ｶ
= =

ｶ ｶ ｶ ｶ

ｶ ｶ ｶ ｶ ｶ
= =

ｶ ｶ ｶ ｶｶ

ｶ ｶ ｶ ｶ ｶ
= =

ｶ ｶ ｶ ｶｶ

ｶ ｶ ｶ ｶ ｶ
= =

ｶ ｶ ｶ ｶ ｶ ｶ

裹

裹

裹

裹

裹
 

All expressions remain polynomial in the area coordinates 
and can be easily integrated. 
In other words, 

2

2

1
2

22
2

2
2

1
2 2

3
2 2

2
2

1 2
2

3

2 3
2

1 3

,
2

2

2

2

L

L

L x
Lx R Q

L y
y L L

x yL

L L

L L

鴿 ｶ・
・ ｶ・
・ ｶ・
・鴿 鴿 ｶｶ ｶ ・・ ・ ・・ ・鴿 ｶｶｶ ・ｶ・ ・・ ・・ ・ｶ ｶ・ ｶｶ ・鴿 鴿・= =・・ ・ ・ ・・ ・・ｶ ・・ ｶ ｶ ｶ・・ ・・ ・・ｶ ｶｶ・ ・ ｶ ｶ・ ・・ ・ ・・ ｶ ｶｶ ・ ｶ・・ ・
・ｶ ｶ・
・ ｶ・
・ｶ ｶ・・

・
・
・
・
・
・
・
・
・
・
・ 

Where, 

1 2 3

1 2 3

1

2
R

A

b b b

g g g

鴿
・鴿 =・ ・・
・・

 

( ) ( ) ( )

2 2 2

1 2 3

2 2 2

1 2 32

1 1 2 2 3 3

1 2 2 3 3 1

1 2 2 3 3 1

1 2 1 2 2 3 2 3 3 1 3 1

1

4
2 2 2

Q
A

b b b

g g g

b g b g b g

b b b b b b

g g g g g g

b g g b b g g b b g g b

・
・
・鴿 = ・・・ ・
・・

・
・
・
・
・

+ + + ・
・

 

R鴿・・ and Q鴿・・ are transfer matrices. 

 
2.2 The displacement vector field 

For the displacement field in L1, L2 and L3 the area coordinate 
system is used for the function as follows, 

1 2 3 1 2 3
( , , ), ( , , )

u v

u u v v

w w w

w w L L L w w L L L

=

= =
 

1 2 3
( , , )

u
w L L L  is taken as the product of the boundary 

equations and the internal line/curved support equations and 

1 2 3
( , , )

v
w L L L  is a polynomial in the area coordinates with 

3
A

2
A 1

A

1 1
1( , )x y

3 3
3( , )x y

2 2
2( , )x y

0 0
( , )o x y

x

y

0
x

0
y

O

2
L

1
L

3
L

  (3)

  (4)

  (5)

  (6)

  (7)

  (8)

  (9)

  (10) 

  (11)
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an undetermined coefficient that the holder of the 

displacement field is expanded. The 
1 2 3

( , , )
u

w L L L  

function is defined, 

1 2 3

a b c

u
w L L L=

 
Where the value a, b, c depending on the free, simply 
supported or clamped boundary conditions are 0, 1 or 2. 

1 2 3
( , , )

v
w L L L shape function includes terms with unknown 

coefficients 
ijk

y  as follow: 

1 2 3
0 0 0

,

, 0 , ,

p p p
i j k

vI ijk
i j k

w L L L

i j k p i j k p

y
= = =

=

+ + = ｣ ｣

裹 ・

 
So that the polynomial order p and i, j, k, respectively, display 
the correct coordinates L1, L2, L3, varies from zero to p. 

1 2 3
( , , )

v
w L L L  , shape function can be demonstrated with 

uncertainty factor that is just an index as follows. Such a 
display of computer programming is essential for the shape 
function, 

1 2 3
( , , )

v
w L L L  

1 2 3
1

N
i j k

vI I
I

w L L L
=

= Y・
 

Where " I " is number of sentences and N is the count of 
sentences. Performing some mathematical operations can be 
shown that a simple choice for the i, j, k using the following 
equation, 

2

2

2

1

1

1

i I jN kN

I kN
j INT

N

I
k INT

N

= - - -

踐- - ・・ ・= ・ ・・ ・・顏
踐- ・・ ・= ・ ・・ ・・顏  

second shape function is obtained by,  

 
1 2 3

1

N
e f g

vJ J
J

w L L L
=

= Y・  

where, 
2

2

2

1

1

1

e J fN gN

J eN
f INT

N

J
g INT

N

= - - -

踐 - - ・・ ・= ・ ・・ ・・顏
踐 - ・・ ・= ・ ・・ ・・顏

 

and the Count sentences is possible by the following 
equation: 

1
( 1)( 2)

2
N p p= + +

 
and thus specifying the order of the polynomial p and the 
number of sentence can get symbols i, j, k with number of 
sentence" I ". 
2.3 The Rayleigh-Ritz Method 

The Rayleigh-Ritz method consists of assuming that some 
desired deflection pattern can be approximated by a linear 

combination of deflection functions, each of which satisfied 
the rigid boundary conditions of the problem, and then 
finding the coefficients governing this linear combination by 
minimizing the total energy of the deformed body and the 
in-plane loads. Clearly, a proper choice of the deflection 
expression is important to ensure good accuracy for the final 
solution. The total energy is the sum of the strain energy of 
the plate, U, and the potential energy of the in-plane loads, V. 

3 GOVERNING SYSTEM EQUATIONS OF PRESENT 
SYSTEM 

In this paper, an elastic, composite, flat and thin triangular 
plate is used. The edges of the plate may be free, simply 
supported or clamped supported. The boundary of this plate 
defined by the equations 

1 2 3
0, 0, 0L L L= = =  and the 

boundary conditions are provided by choosing a, b, c. It is 
noteworthy that even if x and y axes are not coincided with the 
main purpose, there is no limit to the formulation. The 
problem at hand is to determine the elastic buckling load of 
such a general triangular plate subjected to an in-plane 
compressive and shear load. 

In accordance with established stiffness procedures, the 
vector of infinitesimal buckling strains consists of two parts. 
(i) the linear flexural strain 

L
e , and (ii) the nonlinear flexural 

strain 
N
e , that are given by, 

{ } { }
2 2

,

,

T

L Lx Ly

T

w w

x y

e e e=

・・踐 踐・ ｶ ｶ・・鉗 ・= 鉗・ ・鉗 ・・ 鉐ｶ ｶ顏 顏・・・

 

{ } { }
2 2 2

2 2

, ,

2
, ,

T

N Nx Ny Nxy

T

w w w

x yx y

e e e e=

・・ｶ ｶ ｶ・= ・
・ ｶ ｶｶ ｶ・・

 

Infinitesimal buckling Linear and Nonlinear strains in an area 
coordinate system are defined, 
 

{ } { }1 2 3

2 2 2

1 2 3

, ,

, ,

T

L L L L

T

w w w

L L L

e e e e=

・・踐 踐 踐・ ｶ ｶ ｶ・ ・鉗 ・・ ・ ・鉗 ・= ・ ・ ・鉗 ・・ ・・ ・ ・鉗 ・ｶ ｶ ｶ顏 顏 顏・・・

)

 

{ } { }1 2 3 12 23 31

2 2 2 2 2 2

2 2 2

1 2 2 3 3 11 2 3

, , , , ,

, , , , ,

T

N N N N N N N

T

w w w w w w

L L L L L LL L L

e e e e e e e=

・・ｶ ｶ ｶ ｶ ｶ ｶ・= ・
・ ｶ ｶ ｶ ｶ ｶ ｶｶ ｶ ｶ・・

)

  

Between vectors { }Le  , { }Le
)

 and { }N
e , { }N

e
)

using the 

relationship between Cartesian coordinates and the area 
coordinates are expressed as the following: 

{ } { }L L
Re e鴿= ・・

)  

{ } { }N N
Qe e鴿= ・・

)  

  (12) 

  (13) 

  (14) 

  (15) 

  (16) 

  (17) 

  (18) 

  (19) 

  (20) 

  (21) 



 

360 
 

 

So that transfer matrix R鴿・・ , Q鴿・・ with fixed array is calculated 

and available in (8). 
 
3.1 Strain Energy  
 Adopting the classical thin plate theory, the strain energy U 
due to bending is given in the matrix form, by, 

{ } { }
1

2

T

N NA
U D dAe e鴿= ・・・

 
Where "D" is the standard matrix of elastic constants 

transformed to the local element coordinate system and is 

given by, 

11 12

12 22

66

0

0

0 0

d d

D d d

d

鴿
・
・鴿 = ・・・
・
・・

 

Where, 
3 3

1 12 2

11 12

12 21 12 21
3 3

2

22 66 12

12 21

,
12 (1 ) 12 (1 )

,
12 (1 ) 12

E v Et t
d d

v v v v

Et t
d d G

v v

= =
- -

= =
-

 

 

In the above expressions, E1, E2, v12, v21, and G12 are elastic 

constants dependent on the physical characteristics of the 

plate material. For the composite material, 

 
2 2

2 2

2 2

cos sin 2 cos sin

sin cos 2 cos sin

cos sin cos sin cos sin

T

q q q q

q q q q

q q q q q q

鴿 -・
・鴿 = ・・・ ・

- -・
・

 

and elastic constant matrix is obtained by, 
T

D T D T鴿 鴿 鴿 鴿=・ ・ ・ ・・ ・ ・ ・
 

By transfer elasticity matrix into area-coordinate and 

substituting (21) and (26) into (22), the strain energy U due to 

bending in area coordinate is given by, 

{ } { }
1

2

T

N NA
U D dAe e鴿= ・・・

)) )

 

where, 
T

D Q D Q鴿 鴿 鴿 鴿= ・ ・ ・・ ・ ・ ・・

)

 
function w  using the following (11), (12), (13) and (14) are 
available, 

{ }1 2 3

1 2 3

( , , ) ,
I u vI I I

a i b j c k

I

w w w L L L

L L L+ + +

= = < F > Y

F =
 

and for second shape function, 

{ }1 2 3

1 2 3

( , , ) ,
J u vJ J J

a e b f c g

J

w w w L L L

L L L+ + +

= = < F > Y

F =
 

By substituting (29) and (30) into (27), strain energy in 
area-coordinate is given by, 

{ } { } { } { }
1

2

T T

A
U P D P dA鴿= Y Y・・・

)
 

In other words, 

1

2 IJ I J
I J

U = K Y Y裹  

So that, 

{ } { }
T

IJ I JA
P D P dA鴿K = ・・・

)

 
where, 

{ }

( 2) ( ) ( )

1 2 3

( ) ( 2) ( )

1 2 3

( ) ( ) ( 2)

1 2 3

( ) ( 1) ( 1)(6 1)
1 2 3

( 1) ( ) ( 1)

1 2 3

(

1

( )( 1)

( )( 1)

( )( 1)

2( )( )

2( )( )

2( )( )

a i b j c k

a i b j c k

a i b j c k

a i b j c kI

a i b j c k

a

a i a i L L L

b j b j L L L

c k c k L L L
P

a i b j L L L

b j c k L L L

c k a i L

+ - + +

+ + - +

+ + + -

+ + - + -ｴ

+ - + + -

+ + -

+ + -

+ + -
=

+ +

+ +

+ + 1) ( ) ( 1)

2 3

i b j c kL L+ - + + -

・・・・・・・・・・・・
・・・・・・・・・・・  

{ } { }
(6 1)

( , , , , , )
J

P P a b c e f g
ｴ

= is obtained similarly. 

Provided that the arrays of matrix  { }P
 
if 

the exponent is characteristics a negative, to be chosen as 
absolutely zero.    
 
3.2 Potential energy 

The potential energy V of the orthotropic in-plane 
compressive and shear load can be expressed in the matrix 
form, as, 

{ } { }
1

2

T

L LA
V N dAe e鴿= ・・・  

While N鴿・・ contains the in-plane compressive and shear loads 

in the manner, 

x xy

xy y

N N
N

N N

鴿
・鴿 =・ ・・
・・

 

In the above expressions, Nx , Ny and Nxy are in-plane 

compressive and shear load. By conversion load matrix into 

area-coordinate and substituting (21) and (36) into (35), the 

potential energy V due to bending in area-coordinate is given 

by, 

{ } { }
1

2

T

L LA
V N dAe e鴿= ・・・

)) )

 
where, 

T
N R N R鴿 鴿 鴿 鴿= ・ ・ ・・ ・ ・ ・・

)
 

function w  using the following (11), (12), (13) and (14) are 
available, 

  (22) 

  (23) 

  (24) 

  (25) 

  (26) 

  (27) 

  (28) 

  (29) 

  (30) 

  (31) 

  (32) 

  (33) 

  (34) 

  (35) 

  (36) 

  (37) 

  (38) 
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{ }1 2 3

1 2 3

( , , ) ,
I u vI I I

a i b j c k

I

w w w L L L

L L L+ + +

= = < F > Y

F =
 

and, 

{ }1 2 3

1 2 3

( , , ) ,
J u vJ J J

a e b f c g

J

w w w L L L

L L L+ + +

= = < F > Y

F =
 

By substituting (39) and (40) into (37), strain energy in 
area-coordinate is given by, 

{ } { } { } { }
1

2

T T

A
V Z N Z dA鴿= Y Y・・・

)
 

In other words, 

1

2 IJ I J
I J

V G= Y Y裹  

So that, 

{ } { }
T

IJ I JA
G Z N Z dA鴿= ・・・

)

 
where, 

{ }

( 1) ( ) ( )

1 2 3

( ) ( 1) ( )

1 2 3(3 1)
( ) ( ) ( 1)

1 2 3

( 1)

( )

( )

a i b j c k

a i b j c k

I
a i b j c k

a L L L

Z b j L L L

c k L L L

+ - + +

+ + - +

ｴ
+ + + -

・・ +・・・= +・
・・・ +・・

 

{ } { }
(6 1)

( , , , , , )
J

Z Z a b c e f g
ｴ

= is obtained similarly.
 

It can be shown that when integrating polynomials in L1, L2 
and L3 over a triangle area A, the following relation holds, 

1 2 3

! ! !
2

( 2) !
a b c

A

a b c
L L L dA A

a b c
=

+ + +・  

 
3.3 Total Energy 

 
Finally, with the function of both strain energy and the 
potential energy of the total energy is written as, 
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In other words, 
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3.4 Linear buckling analysis 

Linear buckling technique allows one to obtain just the 
critical load and the corresponding deformed shape of the 
modeled structure. To obtain this result, the condition of 
neutral equilibrium between external loads and internal 
reactions is searched, solving the equation, 

( ){ } { }0Gl鴿 鴿K - Y =・ ・・ ・
 

鴿K・・
is the stiffness matrix calculated in small-displacements 

range, G鴿・・
is the geometric stiffness matrix corresponding to a 

reference load, " l " is the eigenvalue, that is the load factor to 

multiply to the reference load to obtain the critical value. As 
is written, the equation system appears as an eigenvalues 
determination problem, then for found some values of " l ", 

( )det 0Gl鴿 鴿K - =・ ・・ ・
 

 
4 SOME NUMERICAL RESULTS AND VALIDATION 

Although the Rayleigh-Ritz method in area-coordinate 
presented in this paper can be used to study buckling of 
general triangular plates, we will concentrate our analysis on 
right-angled orthotropic plates subjected to in-plane 
compressive and shear load with various boundary conditions. 
To describe the Boundary conditions in a composite thin plate, 
we use letters F for free, S for simply supported and C for 
clamped edges. Consider an orthotropic triangular plate with 
length a, a vertex angle , uniform thickness t, the modulus 
of elasticity E1 , E2 , and Poisson's ratio v12 , v21 , as shown in 
Fig. 2. This figure shows the selected right-angled composite 
triangular thin plate studied in this paper. 

 

 

 

 

 

 

 

 

Fig. 2. Composite right-angled triangular plate 

4.1 Validation 

 As the Rayleigh- Ritz method used in this study is an 
approximate numerical approach, convergence and 
comparison studies are essential to ensure the correctness and 
convergence of the buckling results. 
 
 Table. I. Comparison of the buckling factor 
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Present work 46.142 52.666 99.000
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 Table. II. Comparison of the buckling factor 

(
2

2cr

Nb

D
l

p
= ) of the isotropic triangular plate 

b
a

 1 2
3

Ref [14] 6.609 8.371 

Present work 6.626 8.386 

 
4.2 Results 

The buckling loads are expressed in terms of 

non-dimensional parameter,
2

3

2

Nb

E t
l = , where N  is the 

critical buckling compressive or shear loads. 

Figure.3 present the buckling factors for right-angled 
triangular plates for different combinations of edge 
conditions, fiber orientations and width-to-height ratios, b/a = 
0.5, 1, 1.5 and 2. 
 
5 BRIEF CONCLUDING REMARKS 

This paper presents a research about the buckling of 
composite triangular plates. The total energy functional for a 
general composite triangular plate is derived, and the 
eigenvalue equation for elastic buckling of the plate is 
obtained through the application of the Rayleigh-Ritz method. 
To this end, computer code has been developed to simulate 
the buckling behavior of the composite triangular plate model. 
Convergence and comparison studies are carried out to verify 
the validity and accuracy of the solution method. Extensive 
first-known buckling solutions for several selected 
right-angled composite triangular plates are presented in the 
paper. The influence of the fiber orientation on the buckling 
behavior of the plates is examined. We find that the fiber 
orientation and width-to-height ratios are most effective in 
buckling behavior of the composite triangular plates.  
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Fig. 3. Variation of buckling factor with respect to fiber orientation 
for different width-to-height (b/a) and different boundary conditions 
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ABSTRACT: Department of Highways, Thailand has used cement 
modification to improve highway materials to overcome the 
problems of scarcity of suitable materials. The modification 
increases strength of local materials, which are not conformed the 
standards for base courses and subbase courses in highway 
structures. In some routes, cracks in road structures have been 
observed on pavement constructed on cement modified structures 
which may result from excess cement content. In order to prevent 
such problem, durability of cement modified materials should be one 
parameter to be concerned in addition to the strength to avoid excess 
cement content in the design. The paper presents durability test 
result of cement modified materials from six differrent locations 
categorised as modified crushed rock and soil cement. The tests 
include wetting and drying test, slake durability test, and wheel track 
test to observe the performance in different durability testing. The 
results show that cement content required for the modification can 
be decreased to obtain satifactory durability, and materials’ 
suitability can be evaluated. A simple design chart for the cement 
content selection can be used to pre defined the suitable materials for 
cement modfication.  
 
Keywords: Cement treared materials, highway materials, 
durability, design chart 

1. INTRODUCTION 

Land transportation is one important mode for both domestic 
and international transportations. Thus, roadway is essential 
for supporting economic and social development. With the 
increasing usages of roads, new construction projects, road 
widening and maintenance are required. With such 
circumstance, road construction materials, conformed the 
qualification standards, are insufficient. Many standardised 
materials need to be haulled from remote quarries costing 
over budget for the project. Besides, the haulage also affects 
on service life reduction and pollutions. Modification of 
engineering properties for local materials is one alternative 
way to overcome such problems. 
Most widely technique used for material modifiaction in 
Thailand is cement modification. They have been used in 
roads construction for more than 30 years. Main purpose for 
such modifiaction is to strengthen materials for use as 
basecourse and subbase course. Recently, the pavement 
recycling technique has been used for reconstructed 
deterirated pavement structure with cement mixing method. 
However, reflective cracks occur on pavement surface in 
some routes after construction and the more damages 
developed. Fig. 1 presents cracks on asphaltic pavement over 
cement modified crushed rock base. 
The cause of cracks and failures of pavement on cement 
modified materials structure may occur from inappropriate 

 
 

quantity of cement use, the quality control and quality 
assurance during construction, and suitable design criteria. In 
current design, the modified materials are subjected to 
strength increment by cement content. Without consideration 
for durability the materials may be unsuitable for road 
structure. This paper will present appropriated cement content 
for modification by considering traffic capacity, durability of 
cement modified materials, relationship between cement 
content, strength of material and durability. 
 

   
 

Fig. 1 Block cracks on asphaltic pavement 

2. CURRENT SITUATION 

Unsuitable aggregate is not allowed to use for road structure 
to avoid undesired road performance. Currently, lack of road 
construction materials has been underlined. So, it is necessary 
to promote use of local materials for road structure with 
property improvement such as strength and durability to 
ensure its performance for road standards.  
Cement modified base course can increase ability for traffic 
load transferring, and decrease fatigue in sub base course. The 
modification can also decrease possibility for cracks in 
pavement surface. Moreover, high strength increment in base 
course can decrease vertical deflection in sub base course and 
tensile strain in pavement surface on both dry and wet 
conditions; hence, decrease opportunities in cracking and 
raveling.  Besides, the base course can distribute traffic load 
in larger area to underneath structures [1].  
Normally, cement modified soil can be categorised into 5 
groups depending on cement content as follows [2]: 
 
2.1 Cement Modified Silty Clay  
This type of modification was use in less cement which is 
approximately 1-3 %. The objective is to modify silty clay 
surface course, which contains high moisture and very soft, 
to improve its strength and skid resistance. 
 
2.2 Cement Modified Granular Soil  
Cement modified granular soil require less cement content of 
1-3 %. The cement can reduce plasticity and water absorption. 
Although both cement modified silty clay and cement 
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modified granular soil requires less cement content, the 
modification can improve properties clearly. 
 
2.3 Soil Cement  
Soil cement has been designed for improve soils’ 
compressive strength and durability, so more cement content 
is required. Normally, 5 % cement content is used for well 
grade soil. In the case that soil with high PI, lime is first added 
to decrease its plasticity. 
 
2.4 Plastic Soil Cement  
Cement content in this kind of material should be enough for 
increasing flow ability. The modified soil is always used for 
lining purpose i.e. ditch linings or side slope linings. Plastic 
soil cement should be high workability. Normally it is also 
used as grouting materials in concrete pavement repair. 
 
2.5 Cement Treated Soil Slurry 
Cement treated soil slurry contain cement, sand and water. 
This material is the mixture of high water content with added 
some admixtures for good workability. Normally it is used as 
grouting material in concrete pavement repair similar to 
plastic soil cement. 
 
Soil cement was firstly use in the United States in 
accordance to cooperation research of South Carolina State 
Highway Department and Portland Cement Association 
(PCA) to set up soil cement specification standard for 
designing and testing including moisture density test (ASTM 
D558/AASHTO T134), wetting and drying test (ASTM 
D559/AASHTO T135), and freeze and thaw test (ASTM 
D560/AASHTO T136). All tests were used for samples 
prepared with standard Proctor test to optimize cement 
content at optimum moisture content and maximum dry 
density. Unconfined Compressive Strength test (UCS) and 
sample preparation and curing followed ASTM D1632 and 
ASTM D1633 [1].    
Department of Highways, DOH, Thailand firstly applied 
cement stabilization technique for road construction in 1965. 
According to the standards, highway’s base course structure 
such as crused rock requires strength in term of CBR more 
than 80%. However, in NortheasternThailand, there has been 
sign of lack for suitable materials for road construction. 
Consequently, cement modified soil is one option for 
materials used for highway’s structure. 
The problem of soil cement modification in practice is micro 
cracks [1]. Along with cement hydration, the structures are 
always affected by volumetric shrinkage resulting in 
reflective cracks on road surface. The spacing between cracks 
is approximately about 2.4-6 meters with crack width of less 
than 3 mm. Normally, cracks are very small and do not affect 
to traffic load capacity, and water cannot penetrate to lower 
structure. However, excessive cement content will accelerate 
cracks causing damages for flexible road pavement. 
 
 
 
 

3. STUDY FOR DURABLE PROPERTIES FOR 
HIGHWAY MATERIALS 

 
3.1 Highway Materials 
Highway materials used in the research have been collected 
from 6 different areas around Thailand. They can be 
classified, according to highway’s standard as crushed rock 
and soil aggregate. Fig. 2 shows samples used in this study.  
 

  
a) Crushed Rock CR1              b) Crushed Rock CR2 

 

 

 
      c) Crushed Rock CR3             d) Soil Aggregate AG1 
 

 

 

 
      e) Soil Aggregate AG2           f) Soil Aggregate AG3 

Fig. 2 Samples used in the study 
 
From compositions of each sample, CR1 is mainly composed 
of grey limestone. CR2 is basalt with high porosity. CR3 is 
taken from reclaimed base course which limestone is major 
composition. For aggregates, AG1 comprises conglomerate 
and breccias which contain quartz. AG2 is a mixture of sand 
and brown lateritic soil. AG3 mainly composes clay and silt 
being weathered from mudstone.  
Table 1 shows engineering properties of the samples 
including gradation, liquid limits, plasticity index, optimum 
moisture content, maximum dry density, CBR, swelling 
index, and specific gravity. According to AASHTO 
classification, CR1 can be classified as A-2-6(0) while CR2 
and CR3 are both A-1-a(0). Aggregates AG1, AG2, and AG3 
can be classified as A-2-6(2), A-2-4(0), and A-2-4(0) 
respectively. 
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Strength of materials can be seen from CBR value. All 
crushed rock samples show value of more than 80% while 
aggregates show value of 20-30%. According to DOH’s 
standard for crushed rock base course materials, CR1 has 
high liquid limit and plasticity index. CR2 contains high 
proportion of fine material (finer than #200). CR3 has 
gradation off specification. Aggregates from three locations 
show that AG1 has high liquid limit while AG2 has high fine 
particle content.  
 
3.2 Strength of Cement Modified Materials 
Samples are modified with cement. Crushed rock samples are 
mixed with Portland cement Type 1 at 1%, 2%, 3%, and 4% 
by weight, while soil aggregates are mixed with cement 
content of 2%, 4%, 6%, and 8%. The samples are mixed at 
OMC obtained from modified compaction tests. Samples are 
prepares in 4” proctor mold then cured for 7 days and 
subjected for unconfined compression test.  Fig.3 presents 
results of unconfined compressive strength with respect to 
cement content for modified samples showing that higher 
cement content results in higher strength as the effect of 
cement hydration process.   
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Fig.3 Compressive strength of cement modified samples 

 
3.3 Durability Test 
Department’s standard is bound to strength of materials for 
cement modified samples for pavement structure used. 
However, durability is also a vital factor affecting 
performance of cement treated materials. Two types of 
durability tests are carried out for each material: slake 
durability and wetting-drying durability.  
Slake durability test were performed on samples mixed at the 
same cement content for strength test. After curing for 7 days, 

samples are broekn down into pieces about 40-60 g each. The 
test follows ASTM 4644-08 for slake durability index. Fig.4 
shows slake durability results for cement treated samples in 
term of slake durability index and cement content. The figure 
shows that the higher the cement content, the higher 
durability index as aggregates are stongly cemented.  
Wetting amd drying test is one well-known method to 
obtained durability. Samples were prepared under the same 
cement content as strength test and were compacted using 4” 
proctor mold and cured for 7 days. The test follows ASTM 
D559-0. Fig.4 shows test result from wetting and drying test 
for cement modified samples. Loss of weight is decreased as 
the cement content incrases. From the figure, CR2 shows high 
loss of weight during wetting and drying cycle showing that 
baslt with high pososity has difficulty in cement modification. 
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Fig.4 Slake durability test for cement modified materials 
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Fig.5 Wetting and drying test for cement modified materials  

Table 1 Engineerimg properties of samples 
 

Sieve Analysis (%Passing) Plasticity Compaction Lab CBR 
ID 

1" 3/4" 1/2" 3/8" #4 #10 #20 #40 #100 #200 LL% PI% 
OMC 

% 
dmax 

(g/cm3) 
CBR% Swell% 

GS 

CR1 
CR2 
CR3 
AG1 
AG2 
AG3 

96.4 
100 
98.8 
96.7 
96.9 
94.1 

95.9 
99.1 
90.9 
91.0 
92.9 
88.4 

81.1 
87.6 
78.6 
78.5 
79.8 
82.4 

69.6 
74.2 
68.9 
60.0 
55.9 
75.2 

49.3 
51.7 
49.7 
33.0 
41.0 
60.0 

28.1 
27.4 
30.6 
12.8 
30.9 
44.3 

16.5 
16.0 
18.8 
6.4 
25.5 
28.2 

10.9 
9.9 
11.4 
3.2 
18.2 
18.1 

5.8 
4.6 
1.8 
0.9 
3.0 
6.5 

2.0 
2.5 
1.1 
0.3 
0.7 
3.4 

28.8 
NP 
NP 
39.3 
28.7 
29.5 

22.3 
NP 
NP 

27.3 
4.3 

10.1 

6 
12 
6 
9 

7.5 
10 

2.4 
2.2 
2.3 
2.2 
2.3 
2.1 

80 
96 
92 

31.5 
22.5 
22 

0 
0 
0 
0 
0 
0 

2.78 
2.82 
2.52 
2.63 
2.70 
2.64 
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4. PROPOSED DESIGN CRITERIA FOR 
DURABILITY IN CEMENT MODIFICATION 

Durability of cement modified materials is one factor 
controlling performance of pavement structure. The 
application for durability in cement modified materials has 
been developed [3],[4]. From test results, samples can be 
grouped under durability criteria as Fig.6. The figure shows 
relationship of loss of weight and unconfined compressive 
strength.The loss is increased as the strength increased. With 
the criteria from [3] and [4], the minimum cement content of 
CR1, CR2, and CR3 are 2%, 3% and 1%, respectively. The 
minimum cement content of AG1 and AG3 is 3% and AG2 
requires at least 2% cement content.       

 

 
Fig.6 Relationship between loss of weight and strength  

 
Sample CR2 is clearly unsuitable for use as pavement 
structure as showing high loss of weight. This material 
requires high cement content for durability concept. In 
addition, from the framework in Fig.6, for the pavement 
structure design to sustain heavy traffic volume, strength of 
cement modified materials can be possibly reduced to 14ksc 
(1.4MPa) for being in suitable durability range comparing to 
the strength of 17.5ksc (1.75MPa) for current DOH’s design 
standard.  
Although wetting and drying test is a good indicator for 
material’s durability, one disadvantage is testing time. Hence, 
slake durability tends to be an alternative as it takes less time. 
From test result, durability from both tests can be plotted as 
Fig.7. 
   

 
Fig.7 Loss of weight and slake durabilty index of samples 

 

The result shows slake durability index can indicate the 
suitability of materials for cement modification. CR1, CR2, 
and CR3 shows that slake durability index of modified 
samples should be at least 70% and AG1, AG2, and AG3, 
should have more than 55% slake durability index. This 
means that the cement content should be high enough for 
increasiin slake durability index to the recommended values. 

5. PERFORMANCE TESTS FOR CEMENT 
MODIFIED MATERIALS 

Performance of cement treated samples can be observed from 
repeatitive load test. Wheel track testing was used for 
observing rutting depth of modified mateials. Samples were 
prepared for CR1 at 0%, 1%, 2%, and 3% cement content, and 
AG1 at 0%, 2%, 4%, and 8%. Sample dimension is 
305x305x100 mm and it was repetitively loaded under 20 kN 
as shown in Fig.8.   
 

  
Fig.8 Wheel track testing and rutting depth 

 
Both samples, CR1 and AG1, have high resistivity for rutting 
when the cement contents increases as shown in Fig.9-10. At 
10,000 passes, CR1 without cement modification shows 
rutting depth of 6mm compared to 0.5mm with cement 
content only 1%. In the same trend, rutting depth of AG1 is 
decreased from 11mm to 0.5mm when 2% cement is added to 
the samples. The test result implies that under repetitive load 
condition, small amount of cement used for modification is 
enough for resisting rutting on pavement structure. 
  

0

1

2

3

4

5

6

0 2000 4000 6000 8000 10000 12000

Number of Passes

A
ve

ra
g

e 
R

u
t 

D
ep

th
, 

m
m

CR1-Untreated

CR1-1% Cement

CR1-2% Cement

CR1-3% Cement

 
Fig.9 Rutting depth of sample CR1 against number of passes 
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Fig.10 Rutting depth of sample AG1against number of passes 

 

6. CONCLUSIONS 

Cracks in cement modified structure have been reflected onto 
asphaltic pavement when the cement content of such 
modified materials is not appropriate, quality of materials and 
quality control during construction are not suitable.  
In accordance with durability concept, effect from unsuitable 
cement content can be underlined. The result from wetting 
and drying test can be related to unconfined compressive 
strength, normally used for design by the department. The 
proposed design is to create guide for cement content required 
for modification to obtain both enough strength and durability. 
The study shows that, although CR2 can obtain high strength 
from modification, it is no durable. So, the engineer can make 
judment that CR2 may be inappropriate for use as cement 
modified structure as high cement content will be required for 
durability.  
The result from wheel track test indicates that with small 
cement content for modification, about 1-2%, can prevent 
rutting on structure. Consequently, the engineer can possibly 
decrease cement content to optimise compression strength 
and durability properties because decreasing in cement 
content can help to decrease possibility for reflective cracks 
damages to the asphaltic structure. 
Alternatively, in consideration of durability test, slake 
durability test is quicker test than wetting and drying test. The 
result shows the same trend on both methods. However, the 
relationship between results from both tests requires more 
databases to obtain strong relationship for higher confidence. 
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ABSTRACT: This paper presents the use of fly ash based 
geopolymer as cementitious materials in porous concrete. Porous 
geopolymer concretes (PGC) were made of fly ash (FA), alkali 
activators of sodium silicate (NS) and sodium hydroxide (NH) 
solution, and coarse aggregates. The PGC mix proportions used of 
FA to coarse aggregate of 1:8 by weight, constant NS/NH ratio and 
liquid alkaline/FA (L/A) ratio at 0.50 and 0.45, respectively. 
Crushed lime stone with 4.5-9.5, 9.5-12.5 mm diameter and three 
concentrations of NH solutions at 10, 15, and 20 M were used. The 
curing temperature of 60C for 48 h was used to activate the 
geopolymerization. The results show that fly ash based geopolymer 
binder could be used to made porous concrete with compressive 
and splitting tensile strength range from 9.0-13.7 MPa and 1.1-1.8 
MPa, respectively. The void content of PGC increased from 24.2 to 
31.0% for water permeability coefficient from 1.09 to 2.58 cm/s.  
 
Keywords: Porous concrete, geopolymer, sodium hydroxide, 
fly ash, coarse aggregates 

1. INTRODUCTION 

Porous concrete or pervious concrete is a special concrete 
which has relatively high water permeability as comparing 
with conventional due to interconnected pore structure. 
Typically porous concrete has void content between 18 to 
35%, with compressive strengths of 2.8 to 28.0 MPa [1]. 
Porous concrete is traditionally used in parking areas, areas 
with light traffic, pedestrian walkways, tennis courts, 
greenhouse, and other civil engineering and architectural 
applications [2-4]. In addition, it has environmental benefits 
such as thermally insulating, acoustic absorption, and water 
purification [5-6]. Porous concrete mixture is composed of 
cementitious materials, coarse aggregate, little or no fine 
aggregates, water, possibly admixtures. Generally, 
cementitious material used in porous concrete is Portland 
cement.  
Recently, the other form of cementitious materials in term of 
geopolymer or alkali-activated cementitious materials has 
developed. This cementitious material obtained from the 
geoplymerization reaction of alumino-silicate oxide from 
source materials with high alkali solution [7]. The source 
materials should be rich in silicon (Si) and aluminum (Al) 
from geological origin or by-product materials such as clays, 
metakaolin, fly ash, bottom ash, and slag. The high alkali 
solutions are usually sodium or potassium based solutions. 
Many researchers [8-9] found that fly ash based geopolymer 
can be developed as an alternative Portland cement with 
many excellent properties such as high early strength, 
excellent mechanical properties, and good resistance in acid 

 
 

and sulfate attacks.  Furthermore, its use involves a lesser 
amount of green house gas and environmental friendly 
material compared to the conventional Portland cement [10].   
This study focuses on application of fly ash based 
geopolymer for making porous concrete. Lignite fly ash, 
sodium silicate and sodium hydroxide solution, and coarse 
aggregate were used to produce porous geopolymer concrete 
(PGC). The compressive strength, splitting tensile strength, 
void content, and water permeability of PGC were tested.  
 

2. EXPERIMENTAL DETAILS 

2.1 Materials 

Lignite fly ash (FA) from Mae Moh Power plant in north of 
Thailand with mean particle size of 50 µm, Blaine fineness 
of 2250 cm2/g, and retained on sieve #325 at 45% was 
selected as source materials. The particle shape of FA was 
mainly spherical with the main chemical composition of 
36.8% SiO2, 15.2% Al2O3, 19.7% Fe2O3, and 19.4% CaO. 
Three concentrations viz., 10, 15, and 20 M of sodium 
hydroxide solution (NH) and sodium silicate solution (NS) 
with 15.32% Na2O, 32.87% SiO2 and 51.81% water were 
used as alkali activator. Crushed lime stone with 4.5-9.5 and 
9.5-12.5 mm diameter (assigned as CS and CM, 
respectively) were used. The properties of all aggregates are 
showed in Table 1. 
 
Table 1.  Properties of aggregates 

Properties 
Aggregates (mm.) 

4.5 – 9.5  
(CS) 

9.5 – 12.5 
(CM) 

Specific gravity 2.72 2.71 
Water absorption (%) 0.21 0.21 
Unit weight (kg/m3)  1590 1570 
Abrasion resistance (%) 31.1 33.2 
Fineness modulus 6.06 7.00 

 

2.2 Mix proportion and mixing 

All PGC were made with fly ash to coarse aggregate 1:8 by 
weight. The NS/NH ratio and the liquid alkaline/FA (L/A) 
ratio were kept constant at 0.50 and 0.45, respectively. The 
typical mixture consisted of 221 kg/m3 FA, 33 kg/m3 NS, 66 
kg/m3 NH, and 1768 kg/m3 coarse aggregate. All of PCG 
mix proportions are shown in Table. 2. The symbol of 
S-PGC15 concrete was PGC with CS aggregate and NH 
concentration of 15 M. 
The PGC were mixed in control room at 22-25 °C. First of all, 
FA was mixed with NH for 5 minutes in a pan-type mixer. 
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Then, coarse aggregate was added and mixed for 4 more 
minutes. Finally, NS was added and mixed for a last minute. 
After mixing, fresh PGC were cast in cylindrical specimens 
with 100 mm in diameter and 200 mm in height and 
compacted using a vibrating table. The PGC specimens were 
wrapped with a thin plastic sheet and kept in the controlled 
room at 25C for 1 hour. After that, they were placed in the 
oven for heat curing at 60oC for 48 hours. After the heat 
curing, the specimens were put in the laboratory to cool down 
and demoulded the next day. The specimens were wrapped 
with vinyl sheet and stored in the controlled room at 23+2°C 
and 50% RH until the testing age. Fig. 1 shows PGC 
specimens after demoulding.  
 
Table 2. PGC mix proportions 

Concrete 
Materials (kg/m3) 

FA NS NH CS CM 
S-PGC10 221 33.0 66.0 1768 - 

S-PGC15 221 33.0 66.0 1768 - 

S-PGC20 221 33.0 66.0 1768 - 

M-PGC10 221 33.0 66.0 - 1768 

M-PGC15 221 33.0 66.0 - 1768 

M-PGC20 221 33.0 66.0 - 1768 

 

 
Fig.1 Porous geopolymer concrete specimens 

 

2.3 Testing details 

2.3.1 Compressive and splitting tensile strength        
The compressive strengths of PGC were determined at 7 days 
in accordance with ASTM C39 [11]. Before testing, the 
cylindrical specimens were capped at both ends with a sulfur 
capping compound to level the loading surface. The splitting 
tensile strengths at 7 days were measured by performing in 
accordance with ASTM C496 [12]. 
2.3.3 Void content  
The total void ratio of PGC was determined by taking the 
difference between the weight of the cylinder sample in 
saturated under water and air dry sample [13]. The equation 
used to calculate this value is shown in equation (1). 
 

100)]/)(1[ 12  VWWV WC          (1) 

 
Where: 

CV  is the void content of PGC (%), 
1W  is the 

saturated under water weight of the sample (kg), 
2W  is the 

following 24h exposure in air dry weight of sample (kg), 
W  

is the density of water (kg/mm3), and V  is the volume of the 
sample (mm3). 
2.3.4 Water permeability 
The water permeability of PGC was determined using the 
constant head method following Darcy’s Law [14, 15]. Fig. 2 
shows the schematic diagram of the experimental test set-up. 
The coefficient of water permeability ( k ) is calculated as 
shown in equation (2).  

tAH

LQ
k            (2) 

Where: k  is coefficient of water permeability (cm/s), Q  is 

quantity of water collected (cm3) over time t  (s), L  is the 
length of specimen (cm), H  is the water head (cm), and A  is 
the cross sectional area of the specimen (cm2). 
 

 
Fig. 2 Water permeability test set-up. 

 

3. RESULTS AND DISCUSSION 

3.1 Compressive and splitting tensile strength  

The density, compressive strengths, and splitting tensile 
strength of PGC are shown in Table 3. Because of the high 
porosity of PGC, the density of all PGC ranged from 1750 to 
1860 kg/m3 which were lower than conventional concrete by 
about 25%. The compressive strengths of PGC were lower 
than those of normal Portland cement concrete. However, 
the fly ash geopolymer could be applied to produce porous 
concrete with acceptable compressive strength of 9.0 to 13.7 
MPa. The splitting tensile strengths varied between 0.9 and 
1.4 MPa.  
 
Table 3. Compressive and splitting tensile strength of PGC 

Concrete
Density 
(kg/m3) 

Compressive 
strength (MPa) 

Splitting tensile 
strength (MPa) 

S-PGC10 1860 13.6 1.6 

S-PGC15 1800 13.7 1.8 

S-PGC20 1810 11.9 1.5 

M-PGC10 1840 11.4 1.2 

M-PGC15 1800 12.0 1.4 

M-PGC20 1750 9.0 1.1 
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Fig. 3 shows the relationship between NH concentration and 
the compressive strengths of PGC with CS and CM 
aggregates. At same NH concentration, the PGC containing 
CS aggregate had compressive strength higher than those of 
CM aggregate. For example, the compressive strength of 
S-PCG15 was 13.7 MPa, while M-PGC15 was 12.0 MPa. 
This is due to the PCG with small size of coarse aggregate 
was due the larger specific surface area of CS particle as 
comparing with the CM which helped in higher contract area 
of the aggregate particles and paste, resulted in high bonding 
and compressive strength [16].  
The effect of NH concentrations between 10 and 20 M on 
PGC compressive strengths showed that the optimum NaOH 
concentration to produce good strength PGC was 15 M. 
Because of the formation of gel depended on the 
concentration of alkali OH ion, the low NH concentration 
resulted in a weak chemical reaction, and the compressive 
strength was low. An increase in alkali concentration 
enhanced strength development of geopolymer, but excess 
hydroxide ion concentration caused aluminosilicate gel 
precipitation at early stage, resulting in lower strength 
geopolymer [17, 18]. A maximum compressive strength of 
13.7 MPa were obtained at S-PGC15 concrete.  
 

 
Fig. 3 Compressive strength of PCG 

 
The effects of NH concentrations and aggregate sizes on 
splitting tensile strength of PGC are shown in Fig. 4. The 
results had the same direction of the compressive strength. 
The PGC containing CS aggregate had the splitting tensile 
strength higher than those of CM aggregate. The use of 15 
M NH in PGC had the highest splitting tensile strength. 
Similar to the compressive strength, S-PGC15 concrete gave 
the maximum splitting tensile strength at 1.8 MPa. The ratio 
of splitting tensile to the compressive strength ranged from 
10.6 to 13.0% with the average of 12.0%. These ratios were 
slightly higher than 10% for the conventional concrete. This 
was probably due to the stronger interfacial transition zone 
between aggregate and gepolymer binder compared to that 
of Portland cement binder [19].  
 

3.2 Void content and water permeability 

From this study, the void content of PGC varied between 24.2 
and 31.0% with average value of 26.8% depended on coarse 

aggregate size and NH concentration. The relatively high 
void contents of PGC led to high water permeability 
coefficients which ranged from 1.09 to 2.56 cm/s. All of void 
contents and water permeability coefficients of PGC are 
summarized in Table 4.   

 

 
Fig. 4 Splitting tensile strength of PGC  

   
Table 4. Void content and water permeability of PGC 

Concrete 
Void content 

(%) 
Water permeability 

coefficient ( k ) (cm/s)

S-PGC10 24.2 1.16 

S-PGC15 25.3 1.09 

S-PGC20 27.4 2.00 

M-PGC10 24.9 1.73 

M-PGC15 28.0 1.79 

M-PGC20 31.0 2.58 

 
The influence of coarse aggregate sizes and NH 
concentrations on void content of PGC are shown in Fig. 5. 
It was showed that the PGC containing CS aggregate had 
lower void content than those of CM aggregate for all 
concentrations of NH. Since, the small size of CS aggregate 
had the unit weight higher that of CM aggregate, it had 
lower void between its particles. In addition, it was found 
that the M-PGC20 concrete with the highest void content of 
31.0% had the lowest density of 1750 kg/m3, and, 
oppositely, the S-PGC10 concrete with the lowest void 
content of 24.2% had the highest density of 1860 kg/m3.  
The relationship between NH concentration and water 
permeability coefficient of PCG with CS and CM aggregate 
are shown in Fig. 6. The trend here was similar to the void 
content results. At the same NH concentration, lower values 
of water permeability coefficient were achieved in PGC 
using small aggregate size. Also, the water permeability 
coefficient of PGC obtained from different NH 
concentration. Thus, the relationship between void content 
and water permeability of PGC could be fitted in exponential 
curve as shown in Fig. 7. 
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 Fig. 5 Void content of PGC  

 

 
Fig. 6 Water permeability of PGC  

 

 
Fig. 7 Relationship between void content and water 

permeability coefficient of PGC  
 

4 CONCLUSION 

From the test results, the following conclusions can be drawn 
as follow: 

1. Fly ash based geopolymer could be used as 
cementitious materials for making porous concrete with 
acceptable compressive strength of 9.0 to 13.7 MPa. 

2. The compressive and splitting tensile strengths were 
optimum with PGC containing small aggregate size 
and NH concentration of 15 M. 

3. The void content of PGC ranged from 24.2 to 31.0%. 
This high porosity leaded to a high water permeability 
coefficient at 1.09 to 2.58 cm/s.  
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ABSTRACT: This paper presents the design and fabrication of 
composite technology for earth slope protection. The selected 
structures that have been identified for earths slope protection are 
skeletal frame of soil anchoring, earth reinforcements, hill cover and 
slope surface lining. Design sketches of various composites along 
with fabrication procedure are depicted. Some examples of  practical 
applications of this composite technology have been demonstrated 
using simple techniques. Based on the cost of required materials and 
labor, the cost of fabrication per unit area of composite structure has 
been calculated. It is concluded that the required cost of the 
composite structure was U$ 60 dollar per square meter.  
 
Keywords: Composite structure, Design, Fabrication, Slope 
protection, Application. 

1. INTRODUCTION 

Composite technology consists of sand-cement mortar 
reinforced with wire mesh are used in the construction of 
various structures [1]. It has also been used for making linings 
to bridge arches, swimming pools, flumes, aqueducts, thin 
shell structures and low-cost farm structures [2]. Research 
and development work on this material in Japan, however, are 
not so many. Only a few research institutions in Japan like 
Building Research Institute, Tokyo Institute of Technology, 
Nihon University including the Mie University and Kyoto 
University have applied the composite techniques but mostly 
limited to demonstration only [3-7]. In view of the above 
distinct advantages of this material, it may be effective to 
utilize this technology for earth slope protection in the hilly 
country like Japan. Understanding the facts stated above, a 
study was undertaken in the Division of Environmental 
Science and Technology, Mie University, Japan with the 
following objectives. i) to identify the structures that can be 
made with composite technology for earth slope protection, 
and ii) to present the fabrication process and cost estimation 
of composite structures for earth slope protection.   

2.  MATERIALS AND METHODS 

In the field of earth slope protection, the basic materials 
needed for composite constructions are wire mesh, sand, 
cement and water. The skeletal steel is used in the 
construction of composite frame structures for earth slope 
protection. A basic description of the constituent materials 
and construction procedure is given below. 

2.1 Constituent Materials 

Wire mesh: As given above, there were different types of 
meshes used in composite works. It is one of the most 

 
 

essential components of composite especially for slope 
surface protection works. The wire meshes must be easily 
handled and flexible enough to be bent around sharp corners 
and unevenness of the slope surface. The main function of the 
wire mesh in slope surface protection is to act as a lath 
providing the form and to support the mortar during the 
hardened state of composite. The wire meshes absorb the 
tensile stresses on the structure which the mortar, on its own, 
would not be able to withstand. In the project special types of 
steel wire mesh (galvanized metal mesh) having 2.0 mm wire 
diameter with center to center wire spacing of 50 mm were 
used. The mesh (Fig.1) has been folded for the ease of 
transportation and can easily be spread during construction. It 
has been coated with zinc to protect from rusting according to 
the Japan Industrial Standard (JIS G3552). 
 

 
Fig. 1 Mesh used for composite technology for slope 

protection 
 
Cement: The ordinary Portland cement is the most commonly 
used in Japan among several types of cement available 
commercially. In the present study, the ordinary Portland 
cement (JIS R5210) was used throughout the research work. 
This type of cement is adequate for application in earth slope 
protection where special conditions do not prevail.  
Sand: For composite work, well graded coarse sand is 
commonly used. In the present study, the river coarse silica 
sand is used. The sand is passing through 5.0 mm sieve and 
the fineness modulus of it is 2.5.  
Water: Water plays a vital role on the resulting hardened state 
of composite. Sea water or water with any impurities such as 
acids, soluble salts and any organic matters are not at all 
suitable for mixing mortar as they may increase the risk of 
corrosion or interfere the setting time of cement and finally 
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the strength of the composite. In this study tap water was used 
for making the cement mortar. 
 

2.1 Construction Procedure 
 
Placement of wire mesh: For placement of wire mesh, no 
skeletal steel frame is needed for the composite work in earth 
slope protection. The slope is cleaned after removing the trees, 
grass and any other element before placing the mesh. An 
example of this procedure is shown in Fig.2.  
 

 
Fig. 2 Cutting of trees and cleaning of the slope before pacing 

the mesh (Sasagatake mountain, Iga city, Mie) 
 

Following the shape of the slope surface, one layer of wire 
mesh was placed on the slope spreading from the top to 
bottom of the slope. The mesh was tied by the hook or 
anchored pin with the slope. The most common size of the 
anchored pin was 13-16 mm in diameter and 20-400 mm in 
length depending on the position slope. The placement 
procedure of the wire mesh is shown in Fig.3. The anchoring 
pin used to fix the wire mesh on the slope is shown in Fig.4. 
 

 
Fig. 3 Placement of wire mesh on the slope surface 

(Sasagatake mountain, Iga city, Mie) 
 
 
 

2.2 Preparation of Mortar 

In order to obtain the desire strength of the structures, it is 
very important to select the suitable proportion of the cement 
to sand ratio.For the composite in building works, the 
proportion of cement to sand generally varies from 1 part of 
cement to 1.5 to 2 parts of sand by weight. However, for the 
composite in slope protection, the proportion of cement to 
sand is taken as 1 part of cement to 3 to 5 parts of sand by 
weight. This provides the strength of more than 15 N/mm2 
which is considered enough for slope protection. The water to 
cement ratio used was in the order of 0.45 depending upon the 
dryness of sand. In the mixing process the sand and cement 
were firstly mixed uniformly. The water was added gradually 
part by part in order to obtain the required workability on the 
mortar mix.  
 

 
Fig. 4 Anchored pin for fixing the mesh on the slope  

 
Plastering: The plastering technique employed in this study 
was done by spraying the mortar by a particular form of gun 
which is supplied with compressed air. As part of an overall 
apparatus, that includes a pump and an air compressor, which 
enables spray applications to be effected remotely from the 
mortar supply for the in-situ composite of slope surface. The 
spray pattern of the gun is adjustable. Controlling the mortar 
supply and air pressure helps to reduce the problems 
associated with excessive spray formation and rebound of the 
applied mortar. For stiff mixes, the mortar normally remains 
in position after placing.  
Curing: The objective of curing is to keep the mortar 
saturated and to promote the hydration of cement. There are 
several methods of curing. In this research the moist curing 
was followed for about one week. After that the composite 
structure is cured for long time with the moisture that usually 
comes from soil.  
 
3. Results and discussion 
 
The sketches of various composite structures identified for 
slope surface protection are given in Figs.5-12. Based on the 
cost of the materials and labors, the cost of construction of 
composite for slope surface protection has been estimated and 
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given in Table 1. The shape the edge of a composite structure 
used for earth slope protection is shown in Fig.5. Both the 
upper and lower edges have vertical portions (flanges) of 30 
cm or more depending on the field conditions. Due to these 
two vertical portions of flanges, the edge of composite 
structures would be fixed on the slope and prevent water entry 
just underneath the composite layer. According to the need, 
however, one can make the structure without any flanges or 
the flanges can be made with variable sizes. The 
cross-sectional view of the composite structure showing the 
mortar, mesh and the anchored pin is given in Fig.6. The 
length of the anchored pin ranges from 200 to 400 mm with 
diameter of 13 to 16 mm depending on the slope conditions 
and position of the pin. The anchored pin is used to hold the 
mesh on the surface of the earth slope during construction and 
to facilitate the composite structures to be remained on the 
slope during on-service. The average thickness of the 
composite structures used for slope protection is usually 6 to 
7 mm. However, this may be little bit thicker due to the 
unevenness of the surface of the slope. A part of the 
completed composite structures for slope surface protection is 
shown in Fig.7. This figure also shows a portion of the mesh 
and the application technique of the mortar on the mesh.  

 Fig. 5 Shape of the edge of composite for slope protection 
 

 
Fig. 6  Cross-sectional view of composite and the anchored 
pin used for slope protection work 

 

 
Fig. 7  A part of completed composite for slope protection 
(Sasagatake mountain, Iga city, Mie) 
 
Another item of composite that has been made for use in slope 
surface protection is the composite frame structures 
(Figs.8-12). Traditional structures made of brick are neither 
strong nor suitable for mass use in slope protection works. 
Concrete made frame structures are found to be expensive 
and intricacy in construction. Because of high adaptability of 
composite to various structural forms and ease in construction 
and economy; the composite technology can be applied in 
making not only the complete layer on whole surface of the 
slope as shown in Fig.7 but also be employed in constructing 
frame structures especially for large scale slope or the like. 
The sketches of composite frame structure having joint at the 
vertical column is shown in Fig.8 and the completed structure 
having joint in vertical frame is shown in Fig.9. For the case 
of the joint in vertical frame, the joint is usually made at a 
distance of b/2 from the nearest frame that has ground anchor 
and the next ground anchor is made at a distance of b between 
the two frames (Fig.8). 

 
Fig. 8 Sketches of composite frame with vertical joint for 
slope protection 
 
On the other hand, for the joint in horizontal frame, it is 
usually made at the mid-section of the frame with the distance 
d/2 from the center of the nearest frame as shown in Fig.10. In 
this case usually, the ground anchor is provided at all 
intersectional points of the frame (Fig.10). 
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Fig.9 Completed composite frame with vertical joint for slope 
protection (Sasagatake mountain, Iga city, Mie) 
 
The completed structure having joint in horizontal frame is 
shown in Fig.11. This technique of composite structure for 
earth slope protection allows greeneries between the frames, 
and thus conserves the environment. Therefore, the 
composite technology for the earth slope protection can be 
treated as the environmentally friendly technology and the 
composite can be termed as environmentally friendly 
material, especially when dealing with the earth slope. 

Fig. 10 Sketches of composite with horizontal joints for earth 
slope protection 
 

 
Fig. 11 Completed composite frame with horizontal joints for 
earth slope protection (Sasagatake mountain, Iga city, Mie) 

 

The design of the horizontal and vertical frames along with 
the placement of mesh, skeletal steel and ground anchor is 
shown in Fig.12. Usually, the placement of skeletal steel and 
the mesh in the vertical frame is done firstly then the 
placement of skeletal steel and the mesh in the horizontal 
frame is performed. As can be seen in this figure that themesh 
of the vertical frame is cut at the mid-section of the two 
horizontal meshes and then bent it outside. This facilitates the 
ease of placement of mortar and the aesthetics of the 
structures. The ground anchor is provided at the position 
close to the skeletal steel instead of the center of the 
intersection in order to clamp and hook the frame to be 
remained in its position during casting and on-service.  
 

Horizontal frame

Vertical frame

Anchor pinSkeletal steel

Mesh

 
Fig. 12 Method of processing the intersection point of the 

composite frame 
 
The cost of different items used for the construction of 
composite structures for earth slope protection is 
summarized in Table 1.  
 
Table 1 Calculation of the cost of composite structure for 
earth slope protection 

Items Cost (Yen) Cost 
(US$) 

Price of mortar per cubic 
meter (cement:sand=1:4) 15200.0 126.67

Mortar per square meter 
with thickness 7 cm, (1 
cubic meter×0.7)

1064.0 8.87

Wire mesh (dia.2mm, cc 
opening 50mm) per square 
meter

230.0 1.92

Anchor pin and spacer, 
tools etc. per square meter 206.0 1.72

Mortar mixing, spraying, 
labors etc. per square 
meter

3000.0 25.00

Total cost composite 
structure per square meter  4500.0 37.5

Note: 1US$=￥75 (4500yen=60US$), Sept.01, 2011 
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The cost given in Table 1 is calculated based on the costs of 
materials and labors. Though it has not been the prime 
objective of the studies to compare the cost of composite 
structures with other varieties of materials, it can, however, 
be emphasized that the composite structures are relatively 
cheaper than those made with traditional materials like 
timber, steel and such other materials. 
 
3. CONCLUSION 
 
Composite structures that have that have been indentified and 
constructed in this research study are some of the examples 
that can be constructed for earth slope protection using 
composite technology. Results obtained have demonstrated 
that the utility and economy can both be achieved using very 
simple techniques using locally available materials. It is 
expected that the observations made here in this study will 
bring the new concept in gaining wide acceptance of 
composite for the construction of strong, durable and 
cost-effective composite structures for earth slope protection. 
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ABSTRACT: Hydraulic plastic grout, which consists of cement, 
water, admixtures and a plasticizing agent, has different properties in 
its fresh state than other fluid construction materials such as mortars 
and concretes. This brings specific benefits in civil construction, 
especially in void filling and foundation work, because its plasticity 
endures flow even under the influence of gravity. 

In this research, the authors mainly focus on a conventional 
quality test used on fluid materials in their fresh state, the slump test. 
Although this is a very useful method and is used in various 
evaluations of fluid materials, including hydraulic plastic grout, the 
measured deformation (slump, flow) of hydraulic plastic grout is 
very small due to its plastic property and small specific gravity. 

This paper begins with a review of hydraulic plastic grout to 
indicate how it is used in practice. Then a simple modified slump test 
is presented in which an additional vertical burden is applied to the 
top surface of a hydraulic plastic grout sample. The slump and flow 
values obtained through the method are presented and studied 
analytically to obtain a typical property, the yield stress.  
 
Keywords: Hydraulic plastic grout, Slump test, Void filling, 
Yield stress 

1. INTRODUCTION 

Hydraulic plastic grout consists of cement, water, admixtures 
and plasticizing agent and has plastic properties in the fresh 
state. The grout can be injected under pressure and endure 
flow even under gravitational force. This makes it effective 
for civil construction work such as void filling and 
foundation work since it does not leave major voids. That is, 
the properties of the grout are quite different from those of 
conventional fluid materials like mortars and concretes [1]. 
(Fig. 1, 2) 
This type of grout has been used to fill the tail void during 

tunnel boring machine (TBM) tunneling. Other recent 
applications have demonstrated the effectiveness of the 
material in other areas, as described in the following section. 
The use of hydraulic plastic grout is expected to expand as it 
comes into use for repair work and remediation work related 
to foundations. 
In these various applications, past and future, different 

grout plasticity may be used according to the purpose of the 
grout as well as working conditions. This means that slump 
tests will play a key role in on-site quality control. 
Until now, the cylinder flow test (JHS A313) and the table 

flow test (JIS R 5201) have been used to measure slump, just 
as for mortar or concrete. The authors, however, take the 
view that the present use of slump tests for hydraulic plastic 
grout needs further study due to the lack of consideration of 
its different properties from conventional materials. 

 
 

In this paper, a review of hydraulic plastic grout is given to 
shown how it works in actual applications. Then a simple 
modified slump test is presented in which an additional 
vertical burden is applied to the top surface of the hydraulic 
plastic grout being measured. Slump and flow values 
obtained using this modified method are presented. Through 
an analytical study, a characteristic property of the grout, 
yield stress, is estimated. 

2. USE OF HYDRAULIC PLASTIC GROUT 

2.1 Site operations 

The components of a hydraulic plastic grout, generally 
consisting of cement solution, admixture solution and 
plasticizing agent, are prepared and supplied separately 
before mixing altogether for use. Each solution is so thin that 
it can be transported through supply piping at a relatively low 
pumping pressure. This is one of key benefits of hydraulic 
plastic grout as compared with conventional materials like 
mortars and concretes, which have high viscosity and require 
much higher pumping pressures. 
The solutions are mixed together in the supply piping 

immediately before injection. The mixed hydraulic plastic 
grout gains plasticity in seconds. The level of plasticity 
depends on the mix proportion, the cement content, the type 
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Fig. 1 Hydraulic plastic grout 
 

 
Fig. 2 Schematic diagram of hydraulic plastic grout during 
injection 
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of plasticizing agent and other factors. Typical properties are 
1,000–10,000 N/m2 vane shear strength and 140–160 mm of 
cylinder flow value. 
Injection work can take from minutes to hours depending on 

the work plan. After injection, the grout is left to harden by 
cement hydration. Typical unconfined compressive strength 
is 0.8–1 N/mm2. 
The major benefit of hydraulic plastic grout is that good 

filling can be achieved without leaving major voids. This is 
because the mix proportion is intentionally prepared so that 
bleeding will be negative, and also the grout undergoes 
significant deformation under gravity during and after 
injection. 

2.2 Conventional Use 

The original use of hydraulic plastic grout was to fill the tail 
void, meaning the gap around the segments, during tunneling 
by boring machine. Its advantages in this application are good 
filling, early age strength, and the possibility of pumping long 
distances through piping along the tunnel. A number of 
different mixtures and methods have so far been implemented 
by construction firms in Japan. 
Repair work and remediation work around foundations and 

retaining walls are among other typical applications. Gaps 
sometimes form below or behind structures as a result of 
consolidation settlement, seismic effects and seepage 
washout. Hydraulic plastic grout is very suitable for filling 

these voids. 
Another application that takes advantage of the properties of 

hydraulic plastic grout is the filling of limited volumes. This 
technique has been developed for use in the filling of 
abandoned underground cavities [2]. The hydraulic plastic 
grout is used only to form partitions within the cavities, which 
are too large and complex in shape to be filled with a fluid 
material in one step. Each partition formed by placing a 
hydraulic plastic grout barrier is a limited region that can then 
be filled with a different fluid mixture. (Fig. 3) 

2.3 Recent Applications 

A recent application is in filling the space between immersed 
tunnel elements and their prepared foundations for a 1.4 km 
length of immersed tube tunnel crossing the Bosphorus Strait 
in Turkey [3] (Fig. 4). This is one of the main structures 
forming the Marmaray Project in Istanbul, which is a full 
upgrading of the present commuter rail system and includes a 
13.4 km underground section.  
As part of tunnel construction work, any space between the 

foundation and the immersed tunnel element has to be filled 
after each element is immersed and placed on the seabed. 
Various conditions of the entire work led to hydraulic plastic 
grout being chosen as the most suitable material for filling the 
space under all 11 immersed elements [4]. 
Full scale injection tests were carried out in advance of 

actual site work. These test injections were performed in the 
space between a model slab and a stone foundation positioned 
in a 9 m-diameter water tank. A mound with a height of 300 
mm was intentionally formed on the stone foundation so as to 
observe how the grout performed with such undulations. (Fig. 
5) 
Grout was injected over the whole area from only one 

injection valve. After it had set, its surface was found to be 
fully flat without major voids, as indicated in Fig. 6. It was 
confirmed that one injection point could be used to inject up 
to 6 m in distance. 
For the actual work, injection valves were positioned along 

two lines spaced 5 m apart, as illustrated in Fig. 7. Valves in 
both lines were spaced at 8 m and they were offset from each 
other in the two lines. This gave a valve-to-valve spacing of 
6.6 m. Injection took place in order from one end of the 
element, using approximately 30 valves per tunnel element. 
The injection valves were used as arrival valves for grouting 
from the preceding valve; arrival of the grout was mostly 
confirmed by opening neighboring valves and allowing grout 
to escape. 

3 SLUMP TEST FOR HYDRAULIC PLASTIC GROUT 

3.1 Application of Slump Test 

Slump tests (or flow tests) are a well-known method of 
evaluating the consistency of construction materials such as 
mortars, concretes, and various kinds of grout. The material 
to be tested is placed in a vessel, of which several sizes and 
shapes are used according to sample composition or fluidity. 

The cylinder flow test (JHS A 313; cylinder dia. = 80 mm, 

 
Fig. 3 Schematic diagram of limited volume filling 
technique applied to abandoned underground cavity [2] 

 

 
Fig. 4 Birds-eye view of immersed tunnel crossing the 
Bosphorus strait. 
 

Tunnel element 

Placing barge 
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height = 80 mm) and the table flow test (JIS R 5201; cone 
upper dia. = 60 mm, lower dia. = 80 mm, height = 60 mm) are 
in common use for measuring hydraulic plastic grout. 
Although both measure the diameter of the sample material 
after it has slumped, the former allows the grout to flow under 
gravity only, while in the latter the grout is tamped 15 times. 
A target flow value of 160–180 mm was set for the mixture 
developed as a limited volume fill material [2].  

Although these tests work efficiently as checks on the 
quality of grout, the authors raise two concerns for further 
consideration: 
- The higher yield stress as well as the lower unit weight of 

hydraulic plastic grout as compared with mortars and 
concretes mean that deformation is generally poor during 
flow tests. 

- Although tamping 15 times as stipulated in the table flow 
test effectively results in a larger deformation, the flow 
value obtained is merely an index and does not directly 
represent the viscous property of the grout. 

In order to modify the conventional procedures to take into 
account these two concerns, there are two possible 
approaches that will enhance the deformation without 
tamping. One is to use a larger scale and the other is to apply 
an additional burden to the grout. In this study, the latter 
approach is employed to examine its applicability and benefit. 

3.2 Theoretical Approach 

After the first simple theoretical analysis relating slump to 
yield stress carried out by J. Murata [5], a number of studies 
using similar methods have been published for mortars and 
concretes as well as for mineral and industrial suspensions 
[6]–[9]. This study refers to an analytical model developed 
for cylindrical geometry and which was generalized in 
dimensionless form [8]. The model described below is based 
in part on this conventional one, but a burden is newly added 
to enhance grout deformation. 
Conventional slump theory 
Figure 8 is schematic diagram of the deformation and stress 

state at each stage. Initially, the pressure, P|z,0, at any given 
height, z, can be approximated as 

gzP
z


0,

                                                                          (1) 

 
Fig. 7 Injection sequence for construction of immersed 
tunnel foundations 
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Fig. 5 Plane and sectional view of full-scale model test 
 

 

 
Fig. 6 Surface and section of solidified hydraulic plastic 
grout after test injection  
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where  represents specific gravity of the sample. The 
maximum shear stress, |z,0, is, assuming an ideal elastic solid, 
equal to half the pressure. 

gz
z

 5.0
0,
                                                                       (2) 

As illustrated in Fig. 9, the initial shear stress is distributed 
linearly from 0 at the top to a maximum at the base. Toward 
the top of the sample, the stress experienced may be less than 
the yield stress; without yielding, no deformation takes place. 
On the other hand, lower down in the sample, stress may 
exceed the yield stress; flow then occurs until the stress falls 
to the yield value.  

fzz
AA 

0,01,
                                                                 (3) 

where A0 A|z,1 represents the cross-sectional area of the 
cylindrical specimen in the initial state and in conventional 
slump, respectively. With the height divided into thin 
elements of thickness dz, the volume conservation 
assumption gives the following equation. 

1,100 z
AdzAdz                                                                  (4) 

where dz0 and dz1 are the element thickness in the initial state 
and in the conventional slump state, respectively. 
Accordingly dz1 can be specified and slump, S1, can be 

numerically calculated by accumulating dz0–dz1. 

  )( 101 dzdzS                                                                 (5) 

Twice the value of r1, derived from S1, at the bottom is 
specified as the flow value. 
Enhanced slump theory 
A burden, Fb, is applied in the conventional slump state, as 
illustrated in Fig. 8(c). Based on same simplifications and 
assumptions used above, pressure, P’|z,1, and shear stress, '|z,1, 
at any given height can be assumed as the following. 

1,1,1,
/'

zbzz
AFPP                                                                  (6) 

1,1,
'5.0'

zz
P                                                                       (7) 

In elements where the shear stress exceeds the yield stress, 
additional deformation takes place. The stress balance and 
volume conservation give the following equations. 

fzzz
AA 

1,1,2,
'                                                                 (8) 

2,2,1,1, zzzz AdzAdz                                                                  (9) 

Accordingly dz2 can be specified and the enhanced slump, S2, 

can be numerically calculated by accumulating dz1–dz2. 

  )( 2112 dzdzSS                                                               (10) 

Twice the value of r2, derived from S2, at the bottom is 
specified as the flow value. 

3.3 Laboratory Tests 

In order to investigate the actual slump value obtained by the 
proposed enhanced method, slump tests were conducted with 
both slump and flow values were recorded. 
The two mixtures tested here were typical hydraulic plastic 

grouts. Their mix proportions are summarized in Table 1. 
Two tests were conducted for each mix. This allowed slump 
to be measured with two different yield stresses for the same 
mixture; the setting time caused cement hydration to increase 
the yield stress of the grout. 
The cylinder used for the slump tests had a height of 80 mm 

and a diameter of 80 mm. The cylinder was first filled with 
the hydraulic plastic grout. It was then lifted away, allowing 
the grout to collapse under its own weight. The slump height 
and flow diameter of the grout were measured as a 
conventional method. 
In order to measure the enhanced slump, a burden was 

applied using a specially fabricated cup and small lead balls. 
After the conventional measurement of slump as described 
above, these were placed on top surface of the grout to 

a) Initial state

z
r

f
f

f

Fb

b) Conventional slump d) Enhanced slump

A|z,1 , r|z,1

|z,0 |z,1

|z,2

f

c) Applying a burden

'|z,1

Fb

S1 S2

A|z,1 , r|z,1

A|z,2 , r|z,2

dz0

dz|z,1

dz|z,2

dz|z,1

Fig. 8 Schematic diagram of deformation and stress state at each stage 
 

Table 1 Mix proportion of hydraulic plastic grouts used for 
the slump tests (for 1 m3) 

Solution M1 M2 

A 

Oridinal portland cement  
(kg) 

320 240 

Solution B 
(L) 

60 60 

Admixture 
(L) 

2 2 

Water 
(L) 

246 309 

B 

Bentonite 
(kg) 

45 35 

Water 
(L) 

552 516 

C 
Sodium Silicate 

(L) 
20 20 
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increase grout deformation. The additional slump caused by a 
particular burden was measured. 

3.4 Results and Discussions 

Test results 
Figure 9 shows hydraulic plastic grouts undergoing the two 
forms of slump testing. Under enhanced deformation (lower 
photo), the grout has expanded in diameter almost linearly 
from top to bottom. This infers that all of the grout reached 
yield in respect of the theory given in the section above. Four 
test results are summarized in Table 2, where a burden of 2.5 
N was applied to grout M1 for 15 minutes and a burden of 4.0 
N was applied in the remaining cases to M1 for 60 minutes, to 
M2 for 30 minutes, and to M2 for 120 minutes. 
Theoretical calculation for conventional slump 
Conventional slump and flow was first calculated 

theoretically. The results are plotted in a relationship of grout 
yield stress against slump and flow in Fig. 10. In addition to 
the results using the actual specific gravity of 1.3, another 

 

 
Fig. 9 The conventional slump test and the enhanced test 
with a burden applied using a specially fabricated cup and 
small lead balls 
 
Table 2 Results of conventional slump and enhanced 
slump 

Mix. 
& 
Time  

Conventional Enhanced 

Flow 
(mm) 

Slump 
(mm) 

Flow 
(mm) 

Slump
(mm)

M1 
15 min. 

105 x 103 
Ave. 104 

25 

Fb=2.5N 

122 x 113 
Ave. 118 

38 

M1 
60 min 

93 x 91 
Ave. 92 

16 

Fb=4.0N 

124 x 121 
Ave. 123 

40 

M2 
30 min. 

118 x 112 
Ave. 115 

35 

Fb=4.0N 

142 x 142 
Ave. 142 

48 

M2 
120 min 

96 x 97 
Ave. 97 

18 

Fb=4.0N 

133 x 131 
Ave. 132 

43 

Note: Fb=2.5 N and 4.0 N corresponds to 498 N/m2 and 
796 N/m2 against the cross-sectional area of the 
cylindrical specimen in the initial state. 
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calculation using a specific gravity of 2.0, corresponding to 
typical ordinary mortar, is shown for reference purposes in 
the same figure. It is inferred from this figure that: 
- The conventional slump measurement is applicable to 

hydraulic plastic grout for yield stresses of up to 
approximately 500 N/m2. For other cases, no effective 
deformation occurs and slump and flow values are 
identified as zero. 

- This range of yield stress for the reference results extends 
to 700 N/m2 due to the greater shear stresses in the 
specimen resulting from its higher specific gravity. 

This relationship between yield stress and conventional 
slump and flow value was then used to identify the yield 
stress of the tested specimen, as indicated in the diagram by 
the arrows. Clear differences are found between the estimated 
yield stress values given by the slump and flow values. The 
reason for this cannot be explained and is to be examined in 
further work. 
Theoretical calculation for enhanced slump 
The relationships between yield stress and the enhanced flow 
value are plotted in Fig. 11 based on the theory described in 
the section above. One line in the figure represents the result 
with a burden of zero, which is equivalent to the conventional 
slump test. The others are results for burdens of 2.5 N and 4.0 
N, corresponding to the tests conditions. It can be inferred 
from this figure that, whereas the conventional slump test is 
applicable up to a yield stress of 500 N/m2, this can 
theoretically be extended to as much as 800 N/m2 with the 
enhanced test. The measured flow values summarized in 
Table 2 are plotted in the same diagram, where the estimated 
yield stress in Fig. 10 was employed. The plot with Fb = 4.0 N 
generally matches the calculated results for the corresponding 
burden. The enhanced flow caused by the Fb = 2.5 N burden 
lies below this curve, and matches the theoretical results well. 
This indicates that the diagram can be used just as Fig. 10 was, 
to evaluate the yield stress from flow values. 
Although further verification is preferred though tests on 

different mixtures of hydraulic plastic grout, this study 
suggests that the proposed enhanced slump test is an effective 
way to estimate the viscosity of hydraulic plastic grouts more 
precisely and over a wider range than the conventional slump 
test. 

4 CONCLUSION AND REMARKS 

This paper first summarizes the properties and uses of 
hydraulic plastic grout, and then proposes an enhanced slump 
test that provides better estimates for this material, which 
differs from conventional materials to which slump tests are 
applied, like mortars and concretes. 
Hydraulic plastic grout is a material particularly suited for 

repair and remediation work. Usage may be expected to 
increase as the proportion of such types of work increases in 
comparison to new construction. The authors aim to carry out 
further studies of this beneficial material, looking into its 
properties, methods of estimating them, and its site 
application. 
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ABSTRACT: Coarse aggregate quarry sites are available in 
different regions of Pakistan. Lack of geotechnical data of 
these sites has led to a biased practice of using crushed stone 
either from “Margallah” or “Sargodha”, located in the North of 
the country. Common practice of using these quarry sites is 
leading to enormous transportation cost, for projects towards 
South of the country. This practice adversely affects the project 
economics. Seven coarse aggregate quarry sites were identified, 
in various parts of the country. The material from each site was 
tested for thirteen different tests as per ASTM/BS to include 
Specific Gravity and Absorption, Shape, Chemical 
Composition through X-Ray Fluoresce (XRF), Microfines, 
Characterization of Microfines through X-Ray Diffraction 
(XRD), Clay lumps and friable Particles in Aggregate, Loss 
Angeles (LA) Abrasion, Aggregate Crushing Value, Aggregate 
Impact, Sodium Suphate Soundness and Compressive Strength 
of Concrete. It revealed that basic constituent of six quarry 
sites was lime stone (sedimentary rock) against Sargodha 
quarry site where it is igneous, and show indifference 
properties. The analysis led to 60% cost effect solution towards 
the South. The study also generated comprehensive database 
for the construction industry. Over reliance on existing known 
sources will be reduced, which is depleting the Magallah hills 
resulting into big environmental issue. 

Keywords: Coarse aggregate, Concrete, Pakistan, Margallah, 
Quarry sites 

1.  INTRODUCTION 

Since up to approximately 80 percent of the total volume 
of concrete consists of aggregate, aggregate 
characteristics significantly affect the performance of 
fresh and hardened concrete and have an impact on the 
cost effectiveness of concrete [1]. Relative density is not 
necessarily related to aggregate behavior. However, it 
has been found that some aggregates compounds of shale, 
sandstone, and chert that have somewhat low specific 
gravity may display poor performance, particularly in 
exposed concrete in northern climates [2]. Aggregate 
porosity (absorption) may affect durability as freezing of 
water in pores in aggregate particles can cause surface 
popouts [3]. Aggregate characteristics of shape, texture, 
and grading influence workability, finishability, bleeding, 
pumpability, and segregation of fresh concrete and affect 

strength, stiffness, shrinkage, creep, density, 
permeability, and durability of hardened concrete [4]. 
Shape is related to three different characteristics: 
sphericity, form, and roundness [5]. Research shows that 
there is a clear relationship between shape, texture, and 
grading of aggregates and the voids content of 
aggregates [6]. Coatings, the layers of material covering 
the surface of aggregate, can increase the demand for 
water and can impair the bond between paste and 
particles. Sometimes these coatings are formed by 
materials that can interact chemically with cement, 
negatively affecting concrete [7]. Soundness, according 
to Forster [8], is the aggregate resistance to weathering 
that primarily includes resistance to freezing and 
thawing, and to a lesser extent, resistance to wetting and 
drying; and heating and cooling. A sound aggregate has 
a satisfactory durability factor when used in properly 
mature concrete with enough air void content [9].  
Pakistan has coarse aggregate quarry sites through its 
length and breadth. However proper developed quarry 
sites are restricted in Northern or central region of the 
country which are contributing the construction activities 
in the country. Detailed characterization of coarse 
aggregate even for the northern quarry sites is not 
available. Comprehensive testing mechanism was This 
study has not only yielded coarse aggregate 
characterization database as per ASTM/BS but also 
identified 3 new quarry sites towards the West and South 
of the country. Identification of three quarry sites has 
resulted in cheaper coarse aggregate in South of country 
and lowering reliance on the Northern quarry sites thus 
slowing environmental issues linked to depleting 
Northern quarry sites. 

2. IDENTIFICATION OF COARSE AGGREGATE 
QUARRY SITES 

Emphasis was laid on identification of new coarse 
aggregate quarry site towards the South of the country, 
evaluating its material and engineering properties also 
drawing comparison with existing quarry sites. The 
locations of under study coarse aggregate deposits are 
shown in Fig 1.
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Fig 1. Locations of Under Study Coarse Aggregate Deposits

3.  EXPERIMENTAL PROGRAM 

3.1 Specific Gravity and Absorption 
The test was to ascertain specific gravity and percent 
absorption to for material characterization. The test was 
conducted as per ASTM C 127-88[10].  The results are 
shown in Fig 2. 

 

Fig 2. Specific Gravity and Absorption 

3.2 Shape 
The test was conducted as per BS 812 105.1/2 1998[11].  
The results are shown in Fig 3.  

 

Fig 3. Elongation and Flakiness Index 

3.3 Mineral Structure through X ray Florescent 
(XRF) 
The test was selected to indentify basic material 
constituents of coarse aggregate. It was conducted as per 
ASTM C 295 [12] and revealed indifference value for six 
sites indicating lime stone. The results are in Fig 4.  

 

Fig 4. Mineral Structure through XRF 

3.4 Percentage of Microfines 
The test was conducted as per ASTM C 117-95 [13].  
The results are shown in Fig 5.  

 
Fig 5. Percentage of Microfines 
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3.5 Characteristics of Microfines through X-Ray 
Diffraction (XRD) 
The test aimed at microfines characterization to know if 
any quarry site contain deleterious microfine or otherwise. 
The results are shown table 1. The tests result of XRD, 
given in table shows,  indifference value for six sites 
indicating crushed stone dust i.e. no undesired microfines. 
Table 1: Characteristics of Microfines 

Site Compound 

Margallah 
Calcium Carbonate, Ca C O3, 

Calcite, syn 
Sargodha Calcium, Ca, beta - phase 

DG Khan 
Calcium Carbonate, Ca C O3, 

Calcite, syn 

DM Jamali 
Calcium Carbonate, Ca C O3, 

Calcite, syn 

Nooriabad Karachi 
Calcium Carbonate, Ca C O3, 

Calcite, syn 

Sohrab Quetta 
Calcium Carbonate, Ca C O3, 

Calcite, syn 

RR Doar 
Calcium Carbonate, Ca C O3, 

Calcite, syn 
3.6 Clay Lumps and Friable Particles in Aggregates 
The test was selected to know if any deleterious material 
attached with coarse aggregate from any quarry site, 
which minute and with the allowable limit of ASTM. The 
test was conducted as per ASTM C 142-78 [14].  The 
results are shown in Fig 6. 

 
Fig 6. Percentage of Clay Lumps and Friable Particles  
3.7 Abrasion and Impact in the LA Machine 

The test was aimed at finding the material strength and 
conducted as per ASTM C 131-96 [15].  The results are 
shown in Fig 7. 

Fig 7. Abrasion & Impact in LA Machine 

3.8 Aggregate Crushing Value (ACV) 

The test was aimed at identifying material behavior 
against external forces. The test was conducted as per BS 
812-110 [16].  The results are shown in Fig 8. 

 
Fig 8. Aggregate Crushing Value (ACV) 

3.9 Aggregate Impact Value (AIV) 

The test was aimed at identifying material behavior 
against impact. The test was conducted as per BS 812-
112 [17].  The results are shown in Fig 9. 

 

Fig 9. Aggregate Impact Value (AIV) 

3.9 Soundness of Aggregate by Use of Sodium 
Sulphate 
The test was aimed to find the material strength against 
chemical reaction. The test was conducted as per ASTM 
C 88-90 [18]. The results are shown in Fig 10. 

 
 
Fig 10. Soundness of Aggregate by Use of Sodium 
Sulphate 
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The concrete mixes were prepared using coarse aggregate 
from seven different sources and remaining variables as 
constant with the cement: sand: coarse aggregate ratio of 
1: 2: 4 (by weight) respectively, cement content (201.7 
kg/cum) and water cement ratio of 0.5. The course and 
fine aggregates were used in SSD condition. The fine 

aggregate used was taken from lawncepur quarry located 
in the Northern region. The cement used was Fauji 
cement (type 1, Portland cement). The water used was 
normal tap water without any undesired colour. The test 
was conducted as per ASTM C 39-96 [19].  The results 
are shown in Fig 11. 

 

Fig 11. Compressive Strength of Concrete  

4. TEST RESULTS AND DISCUSSIONS 

4.1 Petrographic Analysis 

The test led to conclusion, that out of seven coarse 
aggregate quarry sites, six i.e. (Maragllah, DG Khan, DM 
Jamali, Nooriabad Karaachi, Quetta and River Run River 
Doar Abbottabad), limestone as basic rock constituents 
and the seventh site (Sargodha) has Basalt as basic rock. 
Both rock types exhibit satisfactory material, engineering 
behavior, thus can be used for construction purposes. 

4.2 Basic Material Characteristics 

Test results of specific gravity, absorption, microfines 
and clay lumps support each other, and follow laid down 
limits. It also indicate, specific gravity as basic property 
if an aggregate has higher values for it (within allowable 
limits), the aggregate behavior will be better. 

4.3 Material Strength Characteristics 

Results of Loss Angeles abrasion test, Aggregate 
Crushing Value and Aggregate Impact Value tests follow 
same trend and support one another results, indicating 
sufficient physical strength for aggregates under 
consideration. Depending upon project importance, any 
one of three test may be conducted that will lead to 
strength parameters. 

4.4 Concrete Compressive Strength 

Compressive strength of concrete based on the aggregate 
from quarry sites also indicates that the strength and 
behavior is quite satisfactory. 
4.5 The Result 

Series of test result show that three minimal exploited 
site towards the west of country can be used with 
significant degree of confidence in construction industry, 
reducing dependence on depleting coarse aggregate 
source.  

5.   ECONOMICAL IMPACT 

5.1 Demand and Supply 

Pakistan is self-sufficient in primary aggregates and there 
are significant regional imbalances in consumption, 
which require balance in inter-Pakistan movements of 
aggregates. Present reliance/share of aggregate quarry 
sites is given Fig 1. Consequently there is substantial and 
increasing movement of aggregate in the Pakistan 
straining the economy and raising construction cost. 

5.2 Haulage vs. Cost 

Transporting aggregates, and the effects of aggregates 
transport, aggregate products are generally used with 
hundreds of kilometers in Pakistan as compared to UK 
where it is within a thirty-mile radius of the quarry from 
which they have been extracted. One clear example of 
haulage is from D.G Khan to interior/South Sind, 
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involving one way distance of 400 - 800 kms with 
approximate haulage cost of Rs (6000 – 18000)/400 cft. 
Cost Effect is reflected in table 2. 
Table 2. Cost Effect of Transportation 

Region of 
Use 

Material 
Cost of 
Crush 

(Rs/Cum) 

Transpor
tation 
Cost 

(Rs/Cum) 

Total Cost 
of Crush 
(Rs/Cum) 

DG Khan 420 470 890 

Sukhur 420 1325 1745 

Hyderabad 420 1782 2202 

5.3 Cost Effectiveness 

Coarse aggregate cost comparison from the existing 
arrangement to the proposed arrangement is upto 60% 
cost effective. Comparison is given in table 3. 

Table 3. Cost Effectiveness as result of study 

Region/place 
of Use 

Cost of Local 
Crush 
(Rs/Cum) 

Cost of 
DG 
Khan 
Crush 
(Rs/cum) 

%age 
Decre
ase 

Sukhur 890 ( DM 
Jamali) 

1745 49 % 

Hyderabad 890 
(Nooriabad) 

2202 60 % 

5.3 Recommended Regions of Supply 

The experimental study of the sites towards the south of 
Pakistan has revealed that there is no significant 
difference in crush from Margallah / Sargodha / DG 
Khan and Nooriabad Karachi / DM Jamali / Quetta. 
Based on study three new quarry sites were indentified 
with acceptable range of material properties. Hence 
coarse aggregate from the later sites can be used with 
same confidence for engineering purposes. Therefore 
redistribution of supply regions recommended specially 
effecting towards the South of the country. This will also 
reduce the project cost considerably. New suggested 
areas of coarse aggregate supply from particular quarry 
site are given in Fig 12. 

 

Fig 12. Recommended Regions of Supply 

5.4 Benefits Visualized 

 Reduction in cost of construction by minimizing the 
transportation cost of crush. 

 Minimizing the dependence of construction projects 
on a specific source of crush. 

 Development of local economy. 
 Indirect Cost savings from vehicle/roads wear and 

tear. 

6. ENVIRONMENTAL ISSUE 

6.1 The Issue 

Margallah hills coarse aggregate quarry site mainly 
comprises of sandstone and shale, which is very suitable 
for construction of building and bridges. It is the main 
supplier of limestone for the construction, and well 
known/exploited in construction industry.  Over reliance 
on one quarry site for coarse aggregate is/will lead to 
environmental issue. Margallah is point incase. The issue 
is due to effects of Mining and crushing Margallah hills. 
That is why the beautiful Margallah hills are being eaten 
away causing large scale environmental degradation and 
air pollution. Based on the interpretation of the aerial 
photographs and studying other relevant data, it can be 
concluded that if the present quarrying remain continue, very 
soon the western side of the Margalla hills will be diminishes 
[20].  

6.2 Envisaged effect of study to the issue 

The study led to identification of three new sources of 
coarse aggregate towards the South of country. As and 
when these sources are exploited, the trickledown effect 
will relieve Margallah, Sargodha and DG Khan, from 
ever increasing mining activity. Probability study 
indicates that 20-30% decrease in demand from 
Margallah, Sargodha and DG Khan, resultantly the 
decreased mining activity. Although additional measure 
will be required to avoid the environmental damage, yet 
this study will help in delaying the issue. 
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7 CONCLUDING REMARKS 

Based on laboratory investigations and data analysis, 
following conclusions are drawn: 
 Total seven coarse aggregate sites were selected for 

aggregate characterization, to include Maragllah, 
Sargodha, DG Khan, and River Run River Doar 
Abbottabad towards the north and center while DM 
Jamali, Nooriabad Karachi, and Quetta were selected 
towards south of Pakistan. This will allow 
development of three new coarse aggregate quarry 
sites towards South of the country.  

 Aggregate characterization procedure 
devised/adopted has given details of physical, 
engineering and petrographic properties of coarse 
aggregate thus all inclusive database has been 
created. 

 Out of seven coarse aggregate quarry sites, six i.e. 
(Maragllah, DG Khan, DM Jamali, Nooriabad 
Karaachi, Quetta and River Run River Doar 
Abbottabad), limestone as basic rock constituents 
and the seventh site (Sargodha) has Basalt as basic 
rock. Both rock types exhibit satisfactory material, 
engineering behavior, thus can be used for 
construction purposes. 

 Coarse aggregate cost comparison from the existing 
arrangement to the proposed arrangement is upto 
60% cost effective. 

 Exploiting new sources in the light of study will 
result, 20-30% decrease in demand from Margallah, 
Sargodha and DG Khan, resultantly the decreased 
mining activity – environmental hazard. 
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ABSTRACT: Marine environments include ions and corrosive 
gases and are the place of marine living things, which are harmful 
for construction materials. Hydrostatic pressures and high 
temperature changes, which are current in most of the coastal areas 
and marine structures, are able to accelerate destruction of 
construction materials. Marine structures and port installations 
existing in ports are considered as important infrastructural 
installations that due to their concrete or metal nature are exposed to 
decay and destruction arising from being in marine environments. 
Concrete piles, which are executed in sea beds or in coasts, are 
affected by corrosive factors and the factors decreasing stability. 
Therefore methods and materials should be used to confront these 
factors. Undoubtedly Persian Gulf is one of the most corrosive and 
risky environments of the world for execution of concrete structures 
and concrete piles.  
This research tries to investigate the optimum methods for execution 
of concrete piles and also concrete technology of these piles in 
Persian Gulf in details. In order to access this aim the geotechnical 
experiences of the piles and foundations executed in Persian Gulf 
were used and finally some proposals for execution of such 
structures in destructive environments without any problem were 
offered.  
 
 
Keywords: marine environment, displacement concrete piles, 
Persian Gulf, pile concrete technology, driven piles, Concrete 
Materials 

1. INTRODUCTION 

 
Generally, ease of use of driven piles in marine environments 
caused their more extensive application as compared with 
drilled shafts. Using driven piles in marine environments was 
started since Neolithic times. The first residents of the globe 
used to utilize such piles for construction of their houses on 
water in flood plains and different types of bridges on rivers.  
For execution of driven piles different methods have been 
used since that time up to now [1]. In the past very simple and 
time-consuming methods and equipment were used but 
nowadays precise and very quick and modern methods and 
equipment are employed.  
Modern equipment can be employed by contractors to ensure 
safe, quick and adequate installation of driven pipes. Global 
Positioning Systems (GPS) aid in survey and accurate layout 
of pile locations. New hammers are capable of energy 

 
 
 

adjustments and monitoring to provide the required hammer 
performance while protecting the piles from damage. 
Instruments can be used during testing and installation to 
confirm the design and pile load capabilities.  
In addition to the problems related to common piles, piles 
problems in marine environments include the problems 
arising from the corrosive water environment. Some of these 
problems are:  
Liquefaction of saturated sands during pile installation, 
settlement around piles, heave, buoyancy and hydrostatic 
pressure [1],[2]. 
One of the most important problems we encounter in marine 
environments is splash zone effect and a more important 
problem is the severe corrosive effect of some of the marine 
environments on piles.  
At present one of the most corrosive marine environments of 
the world is Persian Gulf in the south of Iran. Because of the 
abundant amount of salts and ions existing in this 
environment, concrete piles are under severe decay and 
destruction.  
Very corrosive climatic conditions, insufficient knowledge of 
the executive personnel, weakness in construction stages, 
application of improper and low quality materials, etc. are 
some of the factors of different types of destruction of 
concrete structures in Persian Gulf marine environments.  
Current regulations of concrete production and piles 
execution, which have been considered for execution in the 
other points of the world, are not suitable for such an 
environment and create a lot of problems. There are a lot of 
samples of problems occurred in such structures in 1990s.  
 
 
1.1 general descriptions of exposure conditions  
Persian Gulf is one of the most corrosive and aggressive 
environments for concrete structures particularly concrete 
piles; drilled piles and driven piles. As it is shown in ''Table.1''  
In comparison with other seas in the world, Persian Gulf has 
more chloride ions than others. This content surely increases 
durability risk in these environments, also jeopardize 
reinforcements to corrosion. Temperature difference between 
night and day is about 25-35 centigrade,''Fig.1'' and humidity 
difference is high too,''Fig.2''. [3, 4] 
Thus executing method and concrete technology of piles and 
other concrete structures is unique in this Gulf. 
 
 
 

Methods for execution of concrete piles in corrosive and destructive marine 
environments, based on study of the Persian Gulf marine installations 
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                           Fig.1.Montly relative Humidity averages 

 
 

 

                                     Fig.2.Montly Temperature 

   
 

Persian
Gulf 

Mediterranean 
sea 

North 
sea 

Atlantic 
sea 

Baltic 
sea 

ions 

450 420 400 430 180 K++ 

430 470 430 410 190 Ca++ 

1460 1780 13301500 600 Mg++ 

2720 3060 27802540 1250 So4- 

12400 11560 11050 9950 4980 Na+ 

21450 21380 19890 17830 8960 Cl- 

38900 38700 35900 32600 16200 Salt 
Content 

                              Table 1: ions content in world seas. 

 

1.2 Pile selection: 

Due to high corrosion risk for steel piles, pre stressed or pre 
tensioned concrete piles are recommended for this 
environments [5] 

Quality control, efficient increased strength and durability, 
sufficient curing, manufacturing precision are advantages of 
pre stressed and pre tensioned driven piles in comparison with 
drilled piles in these environments. 
 
 

Table 2: ions content in world seas. 
 

2. Backgrounds 

 
Reinforcement's corrosion is usually most considerable issue 
in deteriorated marine concrete structures, induced chloride 
ion affects on durability of concrete structures in severe 
exposures. Chloride ions which penetrate through cracks or 
voids or diffusion through matrix cause to onset of pitting 
corrosion when their concentration at the steel surface 
exceeds a critical threshold value. This threshold depends on 
several factors, such as pH of concrete, steel potential and 
presence of micro voids in the cement paste [6, 7, 8, and 9].   
One procedure to prevent or delay the corrosion is covering 
piles with epoxy resins [10], since piles are more risky in 
tidal/splash zones, epoxy resins can protect piles from 
connection between seawater and concrete layer.  
Another way is providing cathodic prevention by means of 
sacrificial anodes [6],[11]. Often cathodic protection cost is 
higher than strengthed concrete which has optimum strength 
and durability, so high cost of this method is one of the 
disadvantages of this method. Contractors prefer to increase 
material quality and quality control instead of using cathodic 
protection.        
Chloride ions influx through cracks that exist on concrete 
cover of piles. After considerable time, corrosion starts when 
ions connected to reinforcements, thus preventing penetration 
of chloride ions is important step in piles and marine concrete 
structures. In addition chloride penetration increases voids 
[18] thus deterioration risk arises consequently. 
 

 

              Fig 3 
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Fig.3, ''illustrate the electrochemical process of steel 
corrosion in moist and permeable concrete .The galvanic cell 
constitutes an anode process and a cathode process. The 
anode process cannot occur until the protective or the passive 
iron oxide film is either removed in an acidic environment 
(e.g., carbonation of concrete) or made permeable by the 
action of CL- ions. The cathodic process cannot occur until a 
sufficient supply of oxygen and water is available at steel 
surface. The electrical resistivity of concrete is also in the 
presence of moisture and salt'', Mehta et al [11]  
  

 

 Fig.4 

 
Fig.4, ''shows that depending on the oxidation state, the 
corrosion of metallic iron can result in up to six times 
increase in the solid volume'', Mehta et al [11]   
 

 

    Fig. 5 

 

 Fig.5: Diagrammatic representation of reinforced concrete 
cylinder exposed to seawater (From Mehta, P.P., 
Performance of Concrete in Marine Environment, ACI SP-65, 
pp.1_20, 1980) [23]. 
"The type and severity of attack on a concrete sea structure 
depends on the conditions of exposure. The sections of 
structure that remain fully submerged are rarely subjected to 
frost action or corrosion of embedded steel. Concrete at this 
exposure condition will be susceptible to chemical attacks. 
The selection above the high-tide mark will be vulnerable to 
both frost action and corrosion of the embedded steel. The 
most severe deterioration is likely to take place in the tidal 
zone because here the structure is exposed to all kinds of 
physical and chemical attacks" Mehta et al [11]. 
 
3. Materials 

 
3.1 Cement and replacements  

 There was a view that cements type (V) is suitable and  
also more durable than type(I) ,(II).but experiences in 
concrete structures and concrete piles in Persian Gulf shows 
that structures which are made of cement type (V)  has more 
deterioration than structures which are made of cement type 
(I),(II) [1].Also M. Naderi showed that concrete prisms which 
contains cement type( I ) has more chloride penetration 
resistance than concrete prism which contains  cement type 
(II) [10]. Using type (V) reduces durability of concrete 
considerably. Moreover references [13],[14] prove this claim 
that replacing fly ash by 15% cement content increase 
strength and durability of concrete structures and moreover it 
is proven that it can increase initiation time to corrosion,15% 
fly ash and w/b=0.4 can delay corrosion initiation until 60 
years [15]. 
As reference [16] shows, replacing calcium chloride  by 2-4% 
cement content , that is used as setting accelerator was  
recognized as a corrosion cause in pre stressed tendons. So it 
is prohibited to replacing   calcium chloride as cement 
replacement or hardening accelerator. 
Although voids and entrained air can increase permeability 
and consequently decrease durability but according Haynes, 
H. H, air entrain by 2-6 % doesn't increase permeability[15], 
and it is recommended for concrete piles in Persian Gulf. It 
can reduce cracks which are caused by temperature gradients 
and also it can increase workability and slump (consequently 
it will be easier to compacting and casting successfully). 
   According to A.Shayan experiments, replacing Glass 
powder as a pozzolanic material reduces chloride ion 
penetration [19] utilization this material in concrete is highly 
recommended in casting marine piles and marine structures. 
Coastal concrete structures in Netherland that made by 
cements with blast furnace slag showed no corrosion after 30 
years. Although it is possible that corrosion initiated after 20 
years but no corrosion detected in 88% of 64 structures [21] 
 
3.2 Aggregate 
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Aggregates contain 60-80 % concrete volume and are 
considered as inactive material in concrete structures but 
it is not allowed to neglect effect of aggregate types on 
marine structures especially which are in severe exposure 
and aggressive environments. Aggregates are cause of 
abnormal dimensional stability and durability depletion. 
A.Shayan experiments, which is a comparison between 
non-reactive, slowly reactive, highly reactive behavior in 
seawater proves this claim that it is not allowed to utilize 
highly reactive aggregates and it is suggested not to use 
slowly reactive aggregates in high temperature 
[20].Expansion of highly reactive is recognized as 
deterioration cause in marine concrete structures in south 
of Iran and Persian Gulf shores. 
Limestone and non-reactive dolomite aggregates or 
sufficiently high level of other forms of carbonate 
calcium have desirable corrosion properties 
R.E.Melchers et al [10]. Limestone favorable corrosion 
properties can observe in Escambia Bay Bridge, piles in 
tidal zones didn’t have any significant corrosion after 30 
years [20]. 
It is highly recommended to rinse aggregate before use. It 
lets concrete to reduce alkalinity and consequently 
reduce expansion of pile thus it will be easier to reduce 
surface cracks. 
 

3.3 Water Quality 
 

Due to delicacy of piles, it is not allowed to use sea water 
for producing concrete, although concrete prism which is 
made by sea water can reach up to 90% of compression 
strength of ordinary water (edible), but it isn’t recommended 
to use seawater or any salty water.  

 
4. Execution and design notice 

Reducing w/b is the most important element to have 
durable, strengthen, corrosion protected, and any other 
desirable issues. As Woosuk [15] showed, lowering w/b 
about 0.05 is more effective than 13mm (1/2 inch) 
increment of cover thickness. It means that the piles with 
51mm(2inch)clear cover and w/b=0.35 act better than the 
piles with 76mm(3inch) cover and w/b=0.4 .In marine 
splash/tidal exposures, Woosuk et al [15], showed that 
service life of piles with w/b=0.3 concrete mixture and 
51mm (2 inch) clear cover is more than 100 years.  
Thermal gradient during steam curing, transporting by 
inexperienced performers, using improper driving 
hammer, inadequate driving, should be controlled by 
executors to prevent premature cracks. 
Protecting pile by covering epoxy resin that is a method 
to prevent of corrosion needs highly experienced workers 
to isolate piles completely from moisture. 
 

5. Conclusion 
As it was observed, with due attention to the very especial 

conditions of the Persian Gulf with a view to both very 

corrosive environment and abundant number of coastal 
constructions it was tried to present the best method for piles 
selection and execution with use of the most recent researches 
and executed samples. In brief the results were as follows: 

-Use of pre-stressed or pre-tensioned driven piles 
-Covering piles with epoxy resins for splash zones 
-Using cement type (1) or (2) 
-Replacing fly ash by 15% cement or even higher 
-Not using calcium chloride 
-Aid entrain by 2-6% 
-Using glass powder as a pozzolanic material 
-Using non-reactive aggregates 
-Using limestone and non-reactive dolomite aggregates of 

carbonate calcium 
-Rinsing aggregate before use 
-Not using marine water for concrete production 
-Reducing w/b 
-Employment of experienced and trained personnel 
Using the above-mentioned method causes much increase 

in life of the piles executed in the Persian Gulf environment, 
in such a way that with execution of these methods corrosion 
is started much later. In such conditions we can make sure of 
the confident performance of the executed structure during its 
lifetime. 

In addition to increment of piles execution quality, another 
preference of execution of the above-mentioned methods is 
economizing of construction and execution activities of such 
resistant to corrosion piles, which is another positive factor 
for encouragement of contractors for execution of these 
methods. 
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ABSTRACT: Particle size distribution of materials is usually 
evaluated by sieve analysis tests. In this research, an image 
analysis technique using ImageJ is proposed to evaluate particle 
size distribution of coarse material. On particular conditions, some 
difference of particle gradation curves determined by sieve 
analysis and image analysis were observed. Based on the results, 
several aspects related to image analyzing are discussed in this 
paper. They include appropriate evaluation of particle diameter in 
image analysis, minimization of shadow effects appeared in image, 
effects of number of particles adopted for sieve analysis and image 
analysis and so on.  
 
Keywords: coarse materials, ImageJ, image analysis, 
particle size distribution, sieve analysis 

1. INTRODUCTION 

Characterization of quality of materials is important to 
ensure good use of resources from environmental and 
economic perspectives. Particle size distribution of 
materials is one of the widely used tests in geotechnical 
engineering to evaluate quality of materials. Sieve analysis 
test has been the main method to determine particle size 
distribution of coarse materials for many decades. However, 
recently, some researchers including Fernlund (1998) [1], 
Mora et al. (1998) [2], Kwan et al. (1999) [3], Banta et al. 
(2003) [4], Fernlund (2005a) [5] and Fernlund (2005b) [6] 
used some image analyzing techniques to evaluate particle 
shape characteristics including particle size distribution.  
 In general, image analysis uses 2-D images. Banta et al. 
(2003) [4] studied particle gradation curves by 2-D images 
of 4.75-25mm size limestone and found that image analysis 
gave good results. However, mass of individual particles 
were measured using a balance to compare gradation curves 
by two methods. It was a time consuming process since the 
mass of individual particles were measured. Kwan et al. 
(1999) [3] used 2-D images of coarse aggregates to study 
particle shape characteristics. However, rather than 
gradation curves, particle shape characteristics like 
flakiness and elongation of aggregates were discussed. 
Fernlund (1998) [1] studied particle form on sieve analysis 
with 32-64mm size railroad aggregates using 2-D images. 
Moreover, the difference of gradation curves determined by 
mass and no. of particles in hand sieve analysis tests were 
also studied and found that gradation curve determined by 
no. of particles underestimate that of by mass.  
    Mora et al. (1998) [2] compared gradation curves 
determined by image analysis method and sieve analysis 
test using 2-D images. However, rather than using area of 
particles measured directly from 2-D images, mass of 
particles were evaluated from 2-D images with some 
assumptions. The gradation curve overestimated gradation 

 
 

curve determined by sieve analysis test. Therefore, a size 
correction factor was assigned to get same gradation curves 
as that of by sieve analysis test. Therefore, it is not clear 
whether the assumptions in evaluating mass affected the 
difference or image analysis had some effects on gradation 
curves. 
    On the other hand, Fernlund (2005a) [5] measured all 
three axes of particles of 10-50mm size granite while 
manually changing positions of particles. 2-D images of 
same particles were taken twice to measure three axes. 
Gradation curve determined by image analysis were 
compared with that obtained by Danish Box. The results 
showed that 2-D images when particles placed on the most 
stable location gave good results. However, it was a time 
consuming process due to the fact that location of particles 
had to be changed twice to obtain images to measure all 
three axes. 
    As mentioned in literature, usually, gradation curves 
were determined based on mass by image analysis 
techniques than using direct measurement of area of 
particles measured from 2-D images. However, mass (or 
volume) cannot be measured directly from 2-D images. 
Moreover, it was seen that image analysis using direct 
measurement of area of particles gave different results than 
sieve analysis. The difference of results would have been 
due to several issues such as evaluation of particle diameter, 
shadow effects appeared in image, effects of difference of 
number of particles between sieve analysis and image 
analysis and so on.  However, they have not been fully 
understood. Therefore, during this research, issues 
mentioned here were examined using an image analysis 
technique named ImageJ.  
    During this research, it was discussed how area of 
particles can be used to obtain gradation curves of coarse 
materials varying from 2-19mm size as well as how no. of 
particles or random selection of particles from the main 
sample affect gradation curve.  

2. METHODOLOGY 

Gravels ranging from 2-19mm were used for the 
experiments. They are Andesite, originally produced in 
Yamanashi prefecture in Japan. 

2.1 Sieve analysis 

Sieve analysis test was done according to JIS A 1204 [7]. 
JIS requirement for the materials used is 1.5kg. However, to 
obtain high accuracy for gradation curve, additional sieves 
such as 6.7, 11.2 and 13.2mm were added in addition to 2, 
4.75, 9.5 and 19mm sieves required by JIS method. 
Moreover, sieve analysis test were conducted with hand 
shaking. 
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2.2 Image capturing process 

Particles were arranged manually such a way that particles 
stand on their most stable positions. However, particles 
were arranged without touching or overlapping to obtain 
good quality images.  
    Particles were placed on transparent sheet during initial 
analysis as shown in Fig. 1. Transparent sheets were used as 
lights were applied from both bottom and top of the sheet to 
eliminate shadow effects. The main light is back light. Top 
light was applied to strengthen back light effect with a 
reflective sheet placed as shown in Fig. 1. However, as it 
was difficult to apply same light arrangement when the size 
of the sheet becomes large with higher no. of particles, 
white or black color sheets were used on the table.  
 

Transparent 
sheet

Reflective 
plate

Top light

Back light

 
Figure 1: Image capturing process 

 
    In Series A, whether there is any effect due to randomly 
selection of particles were examined such a way that 
particles were placed on sheets varying from small size to 
large size as discussed in section 3.2 and given in Table 1. 
Moreover, shadow effect was evaluated using black color 
sheets in Series B as given in Table 2. Then, gradation 
curves determined with white color sheets in Series A were 
compared with that of by black color sheets in Series B. 
    Sieve analysis tests relevant to the sample used for image 
analysis were done as given in Table 3. 
 
 Table 1: Image analysis – Series A 

Case  No. of particles Particle placed sheet 
1 3300 x 1 image Transparent 
2 1100 x 3 images White 
3 100 x 33 images White 

 
Table 2: Image analysis – Series B 

Case  No. of particles Particle placed sheet 
1 1100 x 3 images Black 
2 3300 x 1 image Black 

 
Table 3: Details of sieve analysis tests 

Case  No. of particles 
a 100 
b 3300 

 
    Images were captured by a Nikon D7000 camera. The 
camera can measure up to 16 million pixels.  

2.3 Image analysis 

All the images captured were evaluated in ImageJ software. 
ImageJ can read many image formats including TIFF, GIF, 
JPEG, BMP, DICOM and FITS. JPEG images were used 
during this research. It can calculate area and pixel value 
statistics of user defined selections. Moreover, it can 
measure distance and angle as well. It supports standard 
image processing functions such as contrast manipulation, 
sharpening, smoothing, edge detection and median filtering. 
More details on ImageJ can be found in Ferreira and 
Rasband (2011) [8]. 
    In ImageJ, it can convert original images into binary 
images. It assumes that binary images have black objects 
and white background. However, black background with 
white objects can also be obtained. Binary images are very 
important to make some process like Erode, Dilate, Open, 
Close-, Fill Holes, Watershed and so on. Erode removes 
pixels from the edge of black objects while Dilate adds 
pixels to the edges of black objects. Open performs an 
erosion operation followed by dilation while Close- 
performs a dilation operation followed by erosion. Fill 
Holes fills holes in objects. Moreover, Watershed separates 
or cuts touching particles. However, during this research, 
particles were arranged such a way that they didn’t touch 
each other. More details on different processes can be read 
on The Image User Guide given by Ferreira and Rasband 
(2011) [8].  
    Image analysis process conducted is shown in Fig. 2. As 
shown in Fig. 2, firstly, pixel is converted into mm using a 
scale factor. Then, images captured were converted into 
binary images. Figs. 3 - 7 show some of images and their 
binary images of samples with 100, 1100 and 3300 particles.  
Depending on quality of the images judged by the operator, 
no. of steps of Dilate, Fill Holes and Erode process were 
decided. Moreover, no. of steps of Dilate and Erode were 
always made equal to make there is no addition or removal 
of pixels from the real particles.  
 

Crop 
unnecessary 

parts

Make 
Binary

Set scale

Pixel                  mm

Dilate

Analyze 
Particles

Fill 
Holes

Erode

Area
Major 
axis

Minor 
axis

 
   

Figure 2: Image analysis process 
 

Since particles are in irregular shapes, during image 
analysis, Bounding Rectangle and Fit Ellipse were used to 
find areas enclosed by individual particles. Bounding 
Rectangle gives the smallest area of a particle enclosed by a 
rectangle while Fit Ellipse gives that of by an ellipse. Area, 
major axis and minor axis were measured during image 
analysis though many shape characteristics including 
roundness, perimeter, area fraction and so on can be 
measured. More details on image processing techniques 
available can be found in Ferreira and Rasband (2011) [8]. 
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Figure 3 (a): Image with 100 particles 

 
Figure 3 (b): The binary image of Fig. 3 (a) image 

 

 
Figure 4 (a): Image with 1100 particles on white sheet 

 

 
Figure 4 (b): Binary image of Fig. 4 (a) 

 
Figure 5 (a): Image with 1100 particles on black sheet 

 
Figure 5 (b): Binary image of Fig. 5 (a) 

 
Figure 6 (a): Image with 3300 particles on white sheet 

 
Figure 6 (b): Binary image of Fig. 6 (a) 

 
Figure 7 (a): Image with 3300 particles on black sheet 

 
Figure 7 (b): Binary image of Fig. 7 (a) 
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3. RESULTS AND DISCUSSIONS 

Sieve analysis tests use mass when evaluating cumulative 
curve of particle size distribution whereas image analysis 
can use either area of particles or no. of particles.  

Some researchers including Banta et al. (2003) [4], Mora 
et al. (1998) [2] and Cheng (2000) [9] used mass 
determined from volume of particles instead of area of 
particles. The assumptions in determining volume from 2-D 
images would result in some errors. On the other hand, if 
mass of particles are measured individually like in Banta et 
al. (2003) [4], that would be time consuming. Moreover, 
area of particles can easily be determined from 2-D images. 
As a main objective of this research is to reduce time in 
determining gradation curve, image analysis was done with 
area of particles.   

3.1 Effect of fitting shape on the evaluation of particle 
diameter 

As shown in Fig. 8, effect of shape of particles was 
analyzed using three different shapes such as sphere, 
rectangle and ellipse. In this case, 100 no. of particles were 
randomly selected by the operator and used. Diameter, 
width and minor axis were used respectively for sphere, 
rectangle and ellipse as the grain size, D. Though JGS 
standard needs large amount of materials for sieve analysis 
(1.5kg which equals to 3300 particles for this material), 
sieve analysis were conducted for the same samples of 100 
particles used for image analysis for comparison purposes. 
As it can be seen in Fig. 8, minor axis of ellipse gives the 
closest results to that of by sieve analysis test among the 
shapes considered. It can also be seen that if rectangle or 
sphere shapes is used, gradation curves would overestimate 
that of by sieve analysis tests. Therefore, hereafter, particles 
were analyzed using minor axis of ellipse shape during the 
research.   
    As particles are placed on the sheets with their most 
stable positions, it can be observed that 2-D images have 
longest and intermediate axis while the shortest axis is 
perpendicular to the plane of images. Therefore, it can be 
concluded that intermediate axis (minor axis on 2-D 
images) should be examined when comparing the results 
with sieve analysis tests. Effects of three axes were 
discussed in Fernlund (2005a) [5] and Fernlund (2005b) [6]. 
As discussed in Fernlund (2005a) [5] and Fernlund (2005b) 
[6], intermediate axis in 2-D images should give good 
results. 
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Figure 8: Effect of fitting shape on the evaluation of particle 

diameter 

3.2 Effects of random selection of particles 

JGS standard requires minimum amount of materials 
depending on the material’s maximum particle size. It was 
found that JGS standard requirement is equivalent to 1.5kg 
which equals to approximately 3300 particles for the 
gravels used in this research. However, when the operator 
takes small sample (e.g. 100 particles) from the sample 
(3300 particles), it is not clear whether the operator gets 100 
particles which would represent whole sample 
appropriately. When there is large no. of particles available, 
there might be some segregation and that would result in 
the operator getting coarser particles at initial stages. 
 The effect of random selection from a sample of 3300 
particles on the gradation curve was evaluated using many 
samples of 100 particles and the results are shown in Fig. 9 
(a). In this case, 10 samples each with 100 particles were 
randomly taken from the main sample of 3300 particles. As 
shown in Fig. 9 (a), initially selected samples overestimate 
gradation curve determined by sieve analysis test while 
later selected samples underestimate gradation curve 
evaluated by sieve analysis test. However, it should be 
noted that light arrangement and particle placed sheet were 
different in these cases than in previous cases. Moreover, it 
can be seen that gradation curve determined by sieve 
analysis test stands at the middle of gradation curves 
determined by image analyses.  
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Figure 9 (a): Effects of random selection of particles  

 
    Then, in the next analysis, the operator intentionally tried 
to get a good sample to represent the main sample (3300 
particles). All the particles (3300) were placed in 33 
samples each with 100 particles and analyzed individually. 
In these cases, compared to cases in Fig. 9 (a), the operator 
purposely tried to select good samples of 100 particles than 
just randomly selecting like in Fig. 9 (a) since it was 
observed in Fig. 9 (a) that when particles are randomly 
selected, the operator tends to get coarser particles initially. 
The purpose was to evaluate whether the operator can select 
a sample which would represent the main sample 
appropriately. Even then, there is some difference between 
the randomly selected samples and the main sample as 
shown in Figs. 9 (b) – (d).  
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Figure 9 (b): Effects of random selection of particles – 

Cases 1- 11 
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Figure 9 (c): Effects of random selection of particles – 

Cases 12- 22 
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Figure 9 (d): Effects of random selection of particles – 

Cases 23- 33 
   
As seen in Figs. 9 (b) – (d), it can be concluded that even 
when the operator intentionally tries to take particles to 
represent the main sample, there is still some difference 
among particle sizes in each small samples. However, it can 
be seen that gradation curve determined by sieve analysis 
test stands at the middle of gradation curves determined by 
image analyses. Therefore, it could be argued that if all the 
particles used for sieve analysis test is considered for image 
analysis, results could be good. 

 Since taking many images as high as 33 to cover all the 
particles would take some time, it was considered taking 
less no. of images with all the particles. As given in Tables 
1 and 4, to cover all the particles, it needs a very large size 
sheet. However, shadow effects on particles closed to the 
boundary of the sheet could be a problem for very large 
sheets.  
  
Table 4: Details of the size of the sheets 

Case   Size of sheet No. of images 
1 20 x 13.2 cm 33
2 77 x 51.3 cm 3
3 130 x 86 cm 1

 
    Fig. 10 shows gradation curves related to Case 2 where 
three images with 1100 particles each were analyzed. As it 
can be seen in Fig. 9 and Fig. 10, scattering of data become 
less when no. of particles in images are increased. 
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Figure 10: Gradation curves with 1100 particles 

 
    It can be seen in Fig. 11 that images with less no. of 
particles gives better gradation curves.  As shown in Fig. 11, 
in all cases (Series A), gradation curves by image analysis 
overestimated gradation curve determined by sieve analysis 
test. It could be assumed that the overestimation of 
gradation curve determined by samples on large sheets 
could be due to shadow effects. Moreover, as shown in Fig. 
11, it can be observed that 33 images covering all the 
particles give a gradation curve very similar to that of by 
sieve analysis test.   
 Error between D50 of gradation curves determined by 
image analysis and sieve analysis test, e, was determined as 
given in (1). It was found the errors are 1.1, 7.3 and 8.8% 
for Cases 1, 2 and 3 respectively. The error was always 
positive, i.e. image analysis always overestimates the 
gradation curve determined by sieve analysis. Therefore, it 
could be concluded that when very high accuracy needed 
on gradation curves, particles should be placed on a small 
sheet such that shadow effects, probably at the edges of the 
sheets, won’t be significant. 
  

 
(%)100

,50

,50,50 x
D

DD
e

SA

SAIA                                                (1) 

where D50,IA is D50 of gradation curve determined by image 
analysis while D50,SA is that of by sieve analysis test.  
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Fig. 11: Gradation curves with different no. of particles 

3.3 Effects of color of particle placed sheet 

It was also examined whether there is any effect of color of 
particle placed sheets on the gradation curves by light 
effects in Series B as given in Table 2.  
 Fig. 12 shows results of gradation curves determined 
when particles were placed on black color sheets. It can be 
observed that trend of gradation curves in Fig. 12 is similar 
to that of Fig. 11 in which gradation curves by image 
analysis overestimate that of by sieve analysis test. 
Moreover, images with less no. of particles give better 
gradation curves. However, in Fig. 12, gradation curve 
determined by images with 100 particles are also included 
for comparison purposes though that was determined with 
transparent sheet as given in Table 1.  

Moreover, it was determined the error, e, are 3.2 and 
5.0% for Cases 1 and 2 respectively. Table 5 describes 
comparison of errors with white and black color sheets. It 
can be observed that black color sheets give better results 
compared to white color sheets, perhaps black color sheets 
have less effect from lights than white color sheets.   
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Figure 12: Effects of color of particle placed sheet 
 
Table 5: Details of error of D50 between SA and IA 

No. of images 
Error, e (%) 

White sheet Black sheet 
3 7.3 3.2
1 8.8 5.0

4. CONCLUSION 

Particle size distribution curve of coarse materials 
(2-19mm) were evaluated using image analysis, ImageJ. 
2-D images of particles were used in image analysis. 
Gradation curves by image analysis were compared with 
that of by sieve analysis test. Finally, the following 
conclusions were made, 
 Since area of particles gives accurate gradation curves as 
that of by sieve analysis test, image analysis technique used 
was simple and less time consuming than sieve analysis test. 
Moreover, it was also simple as mass from volume of 
particles are no need to be evaluated. 

As particles were in irregular shapes, ellipse shape was 
better to represent them properly than spheres or rectangle 
shapes. When the shape of particles was represented by 
sphere or rectangle, gradation curves overestimate that of 
by sieve analysis test. 
 Shadow effects can be eliminated with proper light 
arrangements. That’s to say, if two lights are used 
symmetrically, that would eliminate shadow effects very 
much. 
    All the particles should be considered to obtain accurate 
gradation curves as taking a random sample from a large 
sample of particles would not necessary represent the whole 
sample.   
 The errors of D50 were 7.3 and 8.8% with white color 
sheets while they were 3.2 and 5.0% with black color sheets 
for cases of 1100 and 3300 particles respectively. Therefore, 
it can be concluded that black color sheets were better than 
white color sheets to place particles. That’s to say, shadow 
effects on black color sheets should be less than that of 
white color sheet.  
  Error of D50 between two methods was 1.1% for images 
with 100 particles on a transparent sheet. Moreover, they 
were 3.2 and 5.0% for particles 1100 and 3300 respectively 
when black color sheets were used. Therefore, when very 
high accuracy on gradation curve is needed, small sheet 
should be used to place particles to eliminate shadow 
effects.  
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ABSTRACT: Knowledge of environmental respond at watershed 
level is crucially important for good, scientifically and economically 
accepted strategic planning design. Since most of the South East 
Asian countries are tropical developing areas with short and few 
historical data are available but rapidly change of land utilization, 
modeling approach is the only way to establish the knowledge of 
watershed responds to system change. Because, rainfall runoff 
modeling can be use for flood mitigation, for water supply design, 
for controlling non-point source pollution, or for evaluating the 
watershed with reasonable data requirement. However, the models 
need specific local calibration therefore they valid on specific 
locations and condition only. In this study a watershed tank model at 
several locations will be calibrated simultaneously then evaluated 
according to their applicability, simplicity and possibility to become 
regional tropical watershed runoff model. Simple regional scale of 
watershed model and better understanding of watershed respond to 
land use change for strategic planning were expected as the result of 
the study. 
 
Keywords: Tank model, land use change, tropical region, 
calibration. 

1. INTRODUCTION 

Development and sustainability are sometimes usually 
considered as two words that contradict.  Development is to 
meets the needs of the present, while sustainability is to 
preserve the ability of future generations to meet their own 
needs. However by using a lot of experience, data and local 
wisdom, development and sustainability can be synergized. 
But at developing country, hydrology and environment data 
are always insufficient, or for short period only. A water 
related development can have a significant impact on health, 
quality of life, economic development, natural resource, and 
threatening the long-term viability of communities.  On the 
other word, it is too many risks to conduct development and 
impossible to synergize development and sustainability at 
developing country without establish new way to interpret 
short period of data. 
Land uses change rapidly due to development, population or 
economic pressure. As a hydrological unit, land uses has 
important role in water related development. Interpretation of 
flood and drought of short period data without proper 
understanding of the land uses pattern will cause design 
malfunction: under or over estimate. As long as land use 
pattern is considered in the interpreting the data and design, 
the short period of data will not a barrier anymore. In this case, 
modeling approach is proposed to become tools for designer 

 
 

or decision maker as well as new hydrological and 
environmental data observation station. Modeling can be used 
for learning, and observe the impact of changing condition, 
especially land use. 

2. LITERATURE REVIEW 

Hydrological runoff model have been developed from a need 
to analyze and solve specific hydrological problems, such as 
to obtain useful outcome of the modeling exercise, to evaluate 
variation of state-variables over space and time, and to 
understand internal flow processes. According to suitable 
solution for those problems, hydrological model was 
differentiated into distributed and lumped model. Normally, 
distributed modeling associated with physically based 
parameter and they are necessary if variation of 
state-variables over space and time are more important rather 
than direct relationship between rainfall and discharge. On 
the other hand, lumped model is more appropriate if the focus 
is good agreements between calculated and discharge without 
neglect basic hydrological processes, such as 
evapotranspiration (ET), infiltration, and water movements in 
the soil. Calibrated parameters are used more often, as a 
consequence of simplification. 
The lumped model is suitable in the typical application of a 
hydrological model on simulation of discharges under 
stationary catchments conditions [1]. The most famous of the 
lumped model is Tank Model. It was broadly use for 
simulated rainfall-discharge relation in various watershed 
condition [2]. Tank model also can be used as specific tools, 
such as for evaluating the retention capacity of watershed. 
Another researcher use diffusive tank model with 10 minutes 
interval for flood analysis [3] or for run off analyses in paddy 
field [4]. Watershed modeling that thank model as basis has 
succeeded to give right figure to decision maker at Cidanau 
Watershed [5]. 
Areal Non-points Source Watershed Environment Response 
Simulation model, ANSWERS, is one of famous distributed 
(grid based) hydrological model. Its primary application was 
envisioned to be planning and evaluating various strategies 
for controlling nonpoint source pollution from intensively 
cropped areas [6]. Similarly, [7] proposes Hydrological 
Similar Unit (HSU), a kind of distributed type modeling, to 
take into consideration land use contribution  on hydrological 
processes. And recently, [8] succeeds to identify hydrological 
processes at landscape zone at sub tropic area. All these three 
models employ land use role in hydrological processes but 
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Condition Watershed 1 2 3 4 5 6 7

Cidanghiang 21.0% 25.9% 0.0% 8.3% 41.8% 3.0% 0.0%

Mandalawangi 6.4% 12.9% 0.0% 56.2% 24.4% 0.1% 0.0%

Peusar 7.5% 34.4% 9.0% 36.1% 11.0% 1.8% 0.2%

Cidanau 6.8% 31.5% 8.2% 41.1% 10.2% 2.0% 0.3%

KruengAceh 56.9% 0.2% 0.0% 0.3% 37.6% 4.7% 0.2%

Keleker (Musi) 3.7% 0.0% 1.4% 85.7% 1.8% 7.3% 0.1%

Upper Citarum 15.5% 20.6% 0.0% 5.4% 48.1% 10.3% 0.1%

Cidanghiang 33.9% 25.9% 0.0% 1.9% 35.3% 3.0% 0.0%

Mandalawangi 22.6% 12.9% 0.0% 48.0% 16.3% 0.1% 0.0%

Peusar 10.5% 34.4% 9.0% 34.6% 9.5% 1.8% 0.2%

Cidanau 9.6% 31.5% 8.2% 39.7% 8.8% 2.0% 0.3%

KruengAceh 87.5% 0.2% 0.0% 0.0% 7.3% 4.7% 0.2%

Keleker (Musi) 10.7% 0.0% 1.4% 80.4% 0.0% 7.3% 0.1%

Upper Citarum 64.3% 20.6% 0.0% 0.0% 4.7% 10.3% 0.1%

Cidanghiang 1.7% 25.9% 0.0% 14.8% 48.2% 9.4% 0.0%

Mandalawangi 1.5% 12.9% 0.0% 57.8% 26.0% 1.8% 0.0%

Peusar 5.4% 34.4% 9.0% 36.8% 11.7% 2.5% 0.2%

Cidanau 4.9% 31.5% 8.2% 41.7% 10.8% 2.6% 0.3%

KruengAceh 0.2% 0.2% 0.0% 53.3% 37.6% 8.5% 0.2%

Keleker (Musi) 0.0% 0.0% 1.4% 88.9% 1.8% 7.8% 0.1%

Upper Citarum 1.0% 20.6% 0.0% 15.1% 48.1% 15.1% 0.1%

Cidanghiang 0.0% 25.9% 0.0% 15.3% 48.8% 10.0% 0.0%

Mandalawangi 0.0% 12.9% 0.0% 58.3% 26.5% 2.3% 0.0%

Peusar 5.1% 34.4% 9.0% 36.9% 11.8% 2.6% 0.2%

Cidanau 4.7% 31.5% 8.2% 41.8% 10.9% 2.7% 0.3%

KruengAceh 3.9% 0.1% 0.0% 0.3% 90.5% 4.9% 0.2%

Keleker (Musi) 0.0% 0.0% 1.4% 78.8% 12.3% 7.3% 0.1%

Upper Citarum 0.5% 6.1% 0.0% 5.4% 57.8% 30.0% 0.1%

Cidanghiang 0.0% 0.0% 0.0% 15.3% 61.7% 22.9% 0.0%

Mandalawangi 0.0% 0.0% 0.0% 58.3% 33.0% 8.7% 0.0%

Peusar 5.1% 30.8% 9.0% 36.9% 13.6% 4.4% 0.2%

Cidanau 4.7% 28.2% 8.2% 41.8% 12.5% 4.3% 0.3%

KruengAceh 11.5% 0.0% 0.0% 23.0% 60.3% 4.9% 0.2%

Keleker (Musi) 0.0% 0.0% 1.4% 64.8% 22.7% 11.0% 0.1%

Upper Citarum 0.0% 10.9% 0.0% 19.9% 48.1% 20.4% 0.6%

Cidanghiang 0.0% 0.0% 0.0% 0.0% 61.7% 38.3% 0.0%

Mandalawangi 0.0% 0.0% 0.0% 0.0% 33.0% 67.0% 0.0%

Peusar 5.1% 30.8% 9.0% 28.6% 13.6% 12.7% 0.2%

Cidanau 4.7% 28.2% 8.2% 34.2% 12.5% 11.9% 0.3%

KruengAceh 53.1% 4.0% 0.0% 26.8% 3.5% 12.3% 0.2%

Keleker (Musi) 0.5% 0.0% 1.4% 54.3% 1.8% 41.9% 0.1%

Upper Citarum 5.8% 1.3% 0.0% 5.4% 53.0% 34.4% 0.1%

Cidanghiang 0.0% 0.0% 0.0% 0.0% 0.0% 100.0% 0.0%

Mandalawangi 0.0% 0.0% 0.0% 0.0% 0.0% 100.0% 0.0%

Peusar 5.1% 30.8% 9.0% 23.6% 7.3% 24.0% 0.2%

Cidanau 4.7% 28.2% 8.2% 29.7% 6.8% 22.2% 0.3%

KruengAceh 56.9% 15.4% 0.0% 3.4% 14.9% 7.7% 1.7%

Keleker (Musi) 0.5% 0.0% 0.4% 43.8% 1.5% 53.7% 0.1%

Upper Citarum 0.5% 20.6% 0.0% 10.3% 28.9% 38.7% 1.1%

Cidanghiang 29.4% 0.0% 0.0% 0.0% 67.6% 3.0% 0.0%

Mandalawangi 62.6% 0.0% 0.0% 0.0% 37.3% 0.1% 0.0%

Peusar 30.9% 34.4% 9.0% 12.7% 11.0% 1.8% 0.2%

Cidanau 28.2% 31.5% 8.2% 19.7% 10.2% 2.0% 0.3%

KruengAceh 60.7% 0.0% 0.0% 0.3% 37.8% 0.9% 0.2%

Keleker (Musi) 3.8% 0.0% 1.5% 36.5% 50.7% 7.6% 0.0%

Upper Citarum 15.5% 10.9% 0.0% 0.6% 48.1% 24.7% 0.1%

Cidanghiang 93.8% 0.0% 0.0% 0.0% 3.2% 3.0% 0.0%

Mandalawangi 99.2% 0.0% 0.0% 0.0% 0.7% 0.1% 0.0%

Peusar 40.4% 34.4% 9.0% 12.7% 1.6% 1.8% 0.2%

Cidanau 36.8% 31.5% 8.2% 19.7% 1.6% 2.0% 0.3%

KruengAceh 56.9% 4.0% 0.0% 16.2% 22.5% 0.2% 0.2%

Keleker (Musi) 25.7% 0.0% 0.4% 17.5% 50.0% 6.3% 0.1%

Upper Citarum 29.9% 20.6% 0.0% 0.6% 38.5% 10.4% 0.0%

SLU-8

SLU-4

SLU-5

SLU-6

SLU-7

Existing

SLU-1

SLU-2

SLU-3

these models were considered to be complex and required a 
lot of data.  
However, all the models valid on specific locations only and 
they need calibration for each location. Model applications at 
tropical area are should be more simple and required less 
complicated data. Therefore in this study, the same 
hydrologic model on several watersheds will be evaluated 
according to their applicability, simplicity, and reasonability 
relationship between model parameter and physical based 
parameter. On top of that, a kind of regional model for 
tropical area was expected to be established. 

2 STUDY AREA 

The research was conducted at two watershed at Java Island 
(Cidanau and Citarum watershed) and two watershed at 
Sumatra Island (Krueng Aceh and Musi Watershed). Cidanau, 
Citarum, and Musi are located on South hemisphere, while 
Krueng Aceh Watershed is located on Northern Hemisphere 
as presented on Fig.1. They are considered to be representing 
tropical region. 
 
 
 
 
 
 
 
 
 

Fig 1. Study area: (a) Krueng Aceh; (b) Musi; (c) Cidanau; and (d) Upper 
Citarum Watershed 

3 METODOLOGY 

Collect the rainfall, discharge and land use data from several 
Watershed / Sub watershed are the first step of this research. 
Then continued with water balance analysis, model 
development, calibration, sensitivity analysis and simulation. 
Water balance was conducted to understand the hydrological 
cycle (1) and to verify the hydrologic data. 
 
Rainfall = Discharge+ET+Storage (1) 
 
Four layer lumped tank model was employed. This lumped 
tank model modeling replicated five typical hydrological 
processes at tropical area, i.e. evapotranspiration, infiltration, 
surface flow, inter flow, and base water flow. Each process 
was represented by calibrated parameter in calibration step 
such as CR for coefficient of runoff (surface, inter, and base 
flow), and CP for coefficient of percolation.  
Calibration was conducted using automatic trial and error. It 
generates random value for CR and CP of each land use type, 
and then calculates values for the watershed proportionally 
with land use. The optimum values were evaluated using 
Model Efficiency (ME) and Mean Relative Error (MRE). Bias 
Error (BE) was calculated also to express the balance 
condition between observed and calculated discharge.  

Table 1. The land use scenario of each watershed 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
Note: (1) Forest, (2) Paddy Field, (3), Swamp Forest, (4) Plantation, (5) 
Upland Area, (6) Settlements, and (7) Open water 
 

Sensitivity analysis was used to identify the most influence 
land use and/or parameter, while simulation used for 
understanding the land use management. Seven types of land 
uses such as forest, swamp forest, paddy field, plantation, 

a 

b 
c d 
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upland area, and settlements, and open water were considered 
suitable to represent most frequent land use at tropical area. 
Several reasonable scenarios were developed to learn how to 
manage the watershed using land use change. They are based 
on the change of forest into plantation, upland, or settlement 
as worst scenario; compensate housing area using lake (open 
water) as moderate scenario; maintain forest and upland as 
conservative scenario. The land use change scenarios are 
presented on Table 1. 

4 RESULTAND DISCUSSION 

The water balance analysis shows that the watersheds have 
almost similar water balance pattern, and reasonable water 
movement (Table 2). The watersheds with negative storage 
mean water shortage occur during dry season. Most of them 
located at near the coastal area, such as Peusar, Cidanau, and 
Krueng Aceh Watershed. On the other hand, several spring 
locations were found at the downstream of watershed with 
positive storage. It means the storage, in this case 
groundwater, was released at downstream area. 
 
Table 2. The water balance analysis 

 
 
The optimum calibrated parameters for each land use were 
evaluated using several assumptions, such as general 
understanding of hydrological processes, and physical 
characteristic of the land uses. Runoff coefficient first layer 
should be higher than second layer, as well as percolation 
coefficient at first and second layer. Then runoff coefficient 
of forest should be lower than paddy field, plantation, or 
upland area. And also, runoff settlement area and open water 
should be higher than plantation, or upland area. Optimum 
and evaluated parameter are presented on Table 3. 
 
Tabel 3. The Optimum and evaluated parameter 

 
Note: (1) Forest, (2) Paddy Field, (3), Swamp Forest, (4) Plantation, (5) 
Upland Area, (6) Settlements, and (7) Open water 
 

The model performance for almost all the watersheds are 
sufficient, as presented on Table 4. Only one watershed 
(Upper Citarum) has very low performance. Probably it 
caused by improper interpretation of land use classification. 
At upper Citarum watershed, paddy field is dominant land use 
since it occupies more than 20% of total area in addition to 
39% of upland paddy field. For paddy field dominant 

watershed, detail information about cropping pattern is 
required to replicate the water loss in form of ET during a 
year. However, since there are at least 3 paddy field dominant 
watersheds with sufficiently good performance such as 
Cidanau and Krueng Aceh, the model was considered to be 
suitable for land use change simulation. 
 
Table 4. The model performance 

 
 
Sensitivity analysis result is presented on Table 5. Forest, 
paddy field, plantation and upland are considered as most 
influencing land use, while runoff coefficient at 1st and 3rd 
layers are consider as most influencing parameter. It means 
watershed manager should be thinks deeply before change the 
fraction of the most influencing land use.  On the other words, 
the most influencing land uses are required to be maintained 
or to be increased to prevent water resources problem. This is 
in line with the opinion of naturalists and conservative. 
However in term of engineering view of point there are 
possibilities to manage the land use using structure also. To 
convert forest into others is acceptable as long as keep the 
runoff coefficient, especially at 1st and 3rd layers, at the same 
level with forest. 
 
Table 5. The result of sensitivity analysis 

 
 
Simulation result as presented on Table 6 and Table 7 show 
that Forest has important role to reduce the maximum 
discharge and increase the minimum discharge. Contrary, 
settlement has inverse role of forest. They show also that in 
some case (Cidanau), convert forest into plantation also can 
maintain the maximum discharge at existing level. On top of 
that, better understanding of watershed management in term 
of land use change, especially minimum and maximum 
discharge, were expected to be achieved. 

(Sub) Watershed Rainfall Discharge ET Storage

Cidanghiang 2607.0 14% 51% 35%
Mandalawangi 3664.7 35% 42% 23%
Peusar 6531.8 44% 66% -10%
Cidanau 19937.5 48% 59% -6%
Krueng Aceh 822.0 52% 72% -24%
Keleker (Musi) 2706.9 68% 12% 21%
Upper Citarum 3001.2 68% 59% -27%

Parameters 1 2 3 4 5 6 7

CRO 7.13E-04 1.17E-03 2.25E-03 2.44E-03 3.95E-02 4.36E-02 6.10E-01

CR1 9.75E-06 1.91E-05 1.72E-04 4.43E-04 4.43E-04 6.53E-03 6.04E-01

CR2 9.16E-06 6.18E-06 6.12E-06 6.07E-06 2.82E-06 2.09E-06 4.77E-07

CR3 9.07E-06 6.12E-06 6.06E-06 6.01E-06 9.16E-07 3.86E-07 1.65E-07

CP1 1.68E-02 6.45E-03 3.61E-06 1.06E-06 7.78E-07 1.07E-12 3.71E-13

CP2 1.37E-02 3.63E-05 1.19E-06 4.77E-07 5.29E-08 8.27E-13 1.40E-13

(Sub) Watershed ME MRE BE

Cidanghiang 0.4432 0.4371 -0.1340
Mandalawangi 0.4525 0.2588 0.1066
Peusar 0.5660 0.3719 0.0358
Cidanau 0.6720 0.5280 0.0329
KruengAceh 0.5891 0.3535 0.1869
Keleker (Musi) 0.5667 0.6700 -0.1064
Upper Citarum 0.1845 0.4637 0.5232

Parameter Land Use
Changing 
Frequency

Runof Coefficient-1 Forest 4
Percolation Coefficient-1 Forest 16

Runof Coefficient-3 Forest 18
Runof Coefficient-0 Open Water 6
Runof Coefficient-1 Open Water 15
Runof Coefficient-1 Paddy Field 8

Percolation Coefficient-1 Paddy Field 12
Runof Coefficient-3 Paddy Field 17
Runof Coefficient-2 Plantation 3
Runof Coefficient-1 Plantation 11
Runof Coefficient-3 Plantation 11
Runof Coefficient-3 Settlements 5
Runof Coefficient-0 Settlements 6
Runof Coefficient-1 Swamp Forest 4
Runof Coefficient-0 Upland 14
Runof Coefficient-3 Upland 14
Runof Coefficient-1 Upland 16
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Tabel 6. The impact of land use change on minimum discharge. 

 
 
Tabel 7. The impact of land use change on maximum discharge. 
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6 CONCLUSION 

The results of this study are summarized as follows: 
 Calibration and simulation of runoff model were done 

with sufficient performance. 
 This lumped tank model work properly on at least 2 sites 

near to equator in this study area. Therefore this model 
can be proposed as regional model on tropical region. 

 Better watershed management was expected to be 
achieved since impact of land use on minimum and 
maximum discharges are understood. 
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Minimum 

Discharge (m3/s)
Existing SLU-1 SLU-2 SLU-3 SLU-4 SLU-5 SLU-6 SLU-7 SLU-8

Cidanghiang 0.1 0.1 0.2 0.2 0.0 0.0 0.0 0.1 0.1
Mandalawangi 1.0 0.9 0.8 0.9 0.1 0.0 0.0 1.2 1.6
Peusar 0.6 0.6 0.5 0.5 0.4 0.4 0.4 0.8 0.9
Cidanau 0.2 0.2 0.2 0.2 0.2 0.1 0.1 0.4 0.6
Krueng Aceh 1.4 2.2 0.2 0.1 0.5 1.7 1.1 1.8 1.8
Keleker (Musi) 0.0 0.0 0.0 0.0 0.0 0.0 0.0 0.0 0.0
Upper Citarum 0.3 0.8 0.2 0.1 0.0 0.1 0.1 0.3 0.5

Maximum 

Discharge (m
3
/s)

Existing SLU-1 SLU-2 SLU-3 SLU-4 SLU-5 SLU-6 SLU-7 SLU-8

Cidanghiang 6.9 4.3 8.1 19.5 26.1 31.1 45.0 5.7 3.4
Mandalawangi 16.6 7.9 14.5 30.0 35.0 56.8 69.0 6.0 4.4
Peusar 174.7 166.3 194.9 197.9 205.5 221.7 243.1 130.7 121.5
Cidanau 576.5 915.5 1086.9 1098.1 1139.7 1165.2 1197.4 456.7 355.3
Krueng Aceh 680.8 252.3 1242.0 1070.5 765.8 369.4 1519.6 318.7 320.3
Keleker (Musi) 43.0 31.9 89.7 90.6 93.0 93.7 97.8 32.7 22.2
Upper Citarum 5.5 4.0 7.8 9.8 16.2 9.1 24.0 6.8 3.2
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ABSTRACT: This study was conducted to investigate the effect of 
geological succession of sediment on macrophyto and microbiota in 
aquifer ecosystem. The research field was selected as Yatsu Tidal 
Flat where located in urban coastal zone in Tokyo Inner Bay. This 
tidal flat has been registered under Wildlife Protection Area of Japan 
in 1988 and the Ramsar Convention in 1993, and just as the tidal flat 
that was left from reclamation of waterfront zone of urban area. It is 
very important to obtain some information about these ecosystem 
characteristics of such nature left in urban area, because creation of 
artificial tidal flat is recognized as one of important enterprises to 
construct urban ecosystem. In recent years, a large chlorophyceae, 
Ulva spp. (mainly Ulva pertusa and Ulva japonica) which is 
recognized as a biotic indicator of eutrophicated sea area, has 
become observed in Yatsu tidal flat, and it is considered that Ulva 
spp. give a large effect to water quality. Ulva spp. has high absorbent 
potential of nutrient salts at its growth phase, so this macrophyte is 
considered to place the microbiota such as zooplankton and 
phytoplankton under its control. In the first place, the geological 
succession as muddy to sandy occurred because of water quality 
change as fresh water to sea water. This water change resulted from 
the decrease of drainage with the sewer system service in basin area, 
and lead oligotrophication of the sediment. Ulva spp. is one of the 
biological indicater for sea water and sandy sediment and 
eutrophicated environment. Because of the irregular growth of Ulva 
spp., the quantity of phytoplankton decreased drastically, and the 
dominant species of phytoplankton and zooplankton transited from 
ideal to unsuitable food organisms for macrobenthos which is 
important food for the migratory birds, and the production potential 
of this aquifer ecosystem became in fragility.  
 
Keywords: urban coastal zone, macrobenthos, macrophyte, 
geological succession, Yatsu tidal flat 

1. INTRODUCTION 

Tidal flat is located in the boundary zone between land and 
sea area. Therefore, the environmental factors are changing 
periodically and very rapidly, according to supply of fresh 
water from river and tide action. On the other hand, the algal 
production speed and rate, such as diatoms and/or flagellums 
on surface of sediment that is forming bio-film, is very high, 
because of much nutrient salts are supplied from both land 
and sea areas. Unique and precious ecosystem is constituted, 
and birds and fishes gather to take feed at the same time. Tidal 
flat is very important place as familiar nature, for not only 
wild lives in tidal flat but also human in surrounding area. 

 
 

And it is the place where for recreation, and to obtain marine 
resources [1]. Although the area is decreased by reclamation 
because of tidal flat is shallow sea and therefore it is easy to 
reclaim, the importance of wetland including tidal flat is 
indicated recently, and Ramsaor Convention whose purpose 
is to protect migratory is adapted at the year 1971. Eleven 
wetlands are registered for the convention in Japan [2]. 

Yatsu Tidal flat where is registered under Ramsaor 
Convention, is reclaimed its circumference, and shut out from 
Tokyo Inner Bay for over 20 years. And environment of this 
tidal flat is terrifically changed, for instance decrease of 
inflow load and pure water originate in domestic wastewater 
by improvement of public sewerage system. Furthermore, it 
is recognized apprehensions in recent years that there is 
possibility to occur the runoff of sediment by tidal current. 
From analysis for the environmental succession and factors of 
this unique tidal flat, some essential suggestions for 
construction artificial tidal flat in urban area is expected to be 
obtained. 

In this paper, the study was conducted to investigate the 
effect of geological succession of sediment on macrophyto 
and microbiota in aquifer ecosystem.  

 

2. OUTLINE OF YATSU TIDAL FLAT 

In the extreme end of the Tokyo Inner Bay, an 
un-reclaimed Tideland of 40 ha is left which is now called as 
Yatsu Tidal Flat (Yatsu Higata) as shown in Fig.1. Sea water 
comes in and out with the ebb and flow of the bay. Large 
numbers and different kinds of shorebird and migratory bird 
come here each season. They are giving tremendous 
relaxation to the community in the midst of the urban area. 
Yatsu Tidal Flat was designated as an official site of Ramsar 
Convention (Convention on Wetlands of International 
Importance Especially as Waterfowl Habitat) in 1993.  

In 1898, it was a shoal beach and was used for salt 
manufacturing. In 1924, Keisei Rail Road (Keisei Dentetsu) 
reclaimed the area and made a play land Yatsu Play Land 
(Yatsu Yu-en). The remaining shore served for swimming 
and clam fishing. The community had great fun out of it. In 
1979, Tokyo Bay Reclamation project encroached the shore 
and Yatsu Tidal Flat came to be in danger of land 
development. Groups and community people stood against 
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for its protection (Fig.2). In 1984, the conservation of the 
Yatsu Tidal Flat was then included in the construction project 
of local area public facility. Later in 1988, Yatsu Tidal Flat 
was designated as the Natural Wildlife Protection Area. In 
1982, Yatsu Play Land was closed due to the opening of the 
Tokyo Disney Land in the nearby town. In 1993, Yatsu Tidal 
Flat was designated as the Ramsar Site by The 5th 
Conference of the Contracting Parties to the Convention on 
Wetlands. In 1994, Observation Center was opened. In 1996, 
Yatsu Tidal Flat joined to The East Asian and Australasian 
Shore Bird Reserve Network in The 6th Conference in 
Brisbane, Australia. In 1997, Narashino City enacted The 
Day of Yatsu Tidal Flat for celebration of Yatsu Tidal Flat 
conservation. In 1998, Narashino City and Brisbane City 
Council agreed to The Affiliation Agreement of their 
Wetland Conservation. 

In Yatsu Tidal Flat, during the flow tide, the tidal flat is in 
the water (0.8m depth in average), and during ebb tide, the 
tidal flat appears. The tidal flat is connected to Tokyo Inner 
Bay through two canals, and the water flows in and out. So 
many shorebirds gather and feed themselves, and so many 
creatures are inhibiting such as crabs and invertebrates on 
which the birds live. Throughout a year, many kinds of birds 
are seen in Yatsu Tidal Flat. Seasonally there comes huge 
number of seasonal migratory birds. For the shorebirds flying 
between Siberia and Australia, Yatsu Tidal Flat is their 
important intermediate rest place after and before their long 
journey [3]. 

 

3. RECENT PLOBLEMS IN YATSU TIDAL FLAT 

Since 1983, Ulva sp., a marine macrophyte 
(chlorophyceae) which forms the green tide with its irregular 
growth, has been observed and increased in its individual 
number. The occupied zone in Yatsu Tidal Flat has expanded, 
that is, 6.8 ha in 1995, 13 ha in 1993, 20 ha in 2000, and 40 ha 
(completely occupied) after 2005 (Fig.3) [4]. The main 
species of Ulva spp. was identified as U.pertusa and 
U.japonica. The reasons of this phenomenon, an 
eutrophication of water quality, increasing of seawater supply, 
and sediment succession from mud to sand have been 
reported (Fig.4) [5].  

Ulva spp. is recognized as one species of large green algae 
that like sand or sandy-mud sediment condition rather than 
mud sediment condition [6][7]. That is, it is thought that 
growth of Ulva spp. is brought about by existence of 
sufficient nutrient salts and progress of chlorinization of 
water and sandification of sediment in this tidal flat. From 
these outcomes, the rise of a ratio (sand / mud) and that of (sea 
water / fresh water) can be considered as one of reasons for 
the irregular growth of Ulva spp.. 

Sediment condition of the area where Ulva spp. is much 
grown (ORP ： -200 ～ -250mV) is presenting the black 
reduction state compared with the sediment of the area where 
Ulva spp. is not observed (ORP：-50～-100mV).  So, in such 
reduction area, there cannot be observed any macrobenthos 

 
 
 
 
 
 
 
 
 

 
Fig.1  Location of Yatsu Tidal Flat 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig. 2  Succession of environmental condition around Yatsu 

Tidal Flat 
 
 
 
 
 
 
 
 
 
 
 
 

Fig.3  Succession of occupied zone by Ulva spp. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig.4  Ulva spp. multiplicated in Yatsu Tidal Flat 
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that is supporting a tidal flat ecosystem as main predator [8]. 
It is considered that Ulva spp. decayed and made anaerobic 
Sediment state after its irregular growth. In comparison with 
1984 and 1995, the total species number of macrobenthos has 
increased from 13 to 39, however, the total individual number 
has clearly decreased, and no living point was also observed 
[9]. That is, it is suggested that biological production 
mechanism has been changing from “large quantity of small 
species” condition to “small quantity of large species” 
condition, namely, change to brittle bio- production state. 

Thus, a change of phytoplanktonic flora which plays an 
important role on food chain of the tidal flat ecosystem as the 
primary producer, and that of zooplanktonic fauna as the 
primary consumer leads a change of macrobenthic fauna as 
the food source of the migratory birds. The decrease of 
migratory birds attracts very few customers who visit to 
Yatsu Tidal Flat to relax, and this leads decay of recreational 
function, that is, the ecosystem service.  

 

4. GEOLOGICAL SUCCESSION IN YATSU TIDAL 
FLAT 

In Yatsu Tidal Flat, the mud area has decreased from 20 ha 
to 15 ha, sandy-mud area has increased from 10 ha to 18 ha, 
and Ignition Loss (I.L.) of sediment, that indicates the 
quantity of organic matters in sediment, has also been 
decreased (Fig.5). Moreover, although the thickness of the 
mud layer in Yatsu Tidal Flat was 25-200cm in 1984, it is 
decreased rapidly 0-50cm in 1995. This means sediment 
condition of Yatsu Tidal Flat is changing from mud to sand, 
and it was suggested at the same time that flow out of 
sediment, especially mud layer from this tidal flat to Tokyo 
Inner Bay. 

The amount of inflow load that is flown from its basin area 
to Yatsu Tidal Flat is decreased 16.8% for these 12 years from 
1983 to 1995 (Fig.6), and the diffusion of the sewerage 
system in basin area is 85.3% in 2010. The decrease is 
because of the amount of drainage inflow from the household 
decreased with improvement of public sewerage system of a 
basin area. Furthermore, improvement of public sewerage is 
not only reduction of inflow loads, but also brought about the 
result of reduction of the amount of fresh water supply. 
Chloride ion concentration in Yatsu-Funadamari located in 
most inner part of Yatsu Tidal Flat continues rising (Fig.7). 
This phenomena namely means the water quality in Yatsu 
Tidal Flat is changing from fresh water to sea water. 

At Yatsu Tidal Flat, the inflow loads has decreased as 
improvement of public sewerage system that is started since 
1990. As the result, water quality has changed from fresh 
water to sea water and sediment condition has also changed 
from mud to sand, and it is caused the irregular growth of 
Ulva spp., which is the indicator of eutrophicated state. That 
is, as shown in figure 6, at the first step of succession, a tidal 
flat just like tideland lake is formed artificially with 
reclamation and development of its circumference, and the 
water quality became fresh water and sediment condition 
became muddy, in gradually. So it is formed ecosystem that  

 
 
 
 
 
 
 
 
 
 
 

 
 
 
 
 
 
 
 
 
 
 
 
Fig.6  Change of popularization of sewerage and amount of 

loads 
 
 
 
 
 
 
 
 
 
 
 

Fig.7  Change of chloride ion concentration 
 
 
has high-bio-production potential. However, in recent years, 
supply of fresh water and organic matter from land area has 
decreased with improvement of public sewerage system, so 
chloronization of water quality and sandification of sediment 
condition have progressed, and bio-production potential has 
reduced. Moreover, tide action becomes more influence, such 
as flow out of sand from Yatsu Tidal Flat. From these 
outcomes, it was made clear that Yatsu Tidal Flat has been 
changing to the foreshore tidal flat again with remaining the 
topographical characteristics as tideland lake. 

 

5. SUCCESSION OF MICROBIOTA 

Regarding to phytoplanktonic flora which plays an 
important role on the food chain as the primary producer of 
the tidal flat ecosystem, microscopic observation has been 
conducted for several years (Fig.8). As results obtained from 
the observation, the following outcomes were obtained. 1) As 

Fig.5  Comparison of sediment quality in 10 years 
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quality of phytoplanktonic flora, seasonal change of species 
composition of phytoplankton is not so large and its species 
number was 50-60 species through a year, 2) As quality of 
phytoplanktonic flora, individual numbers of phytoplankton 
was larger in summer and smaller in winter, and supplied 
from Tokyo Inner Bay to Yatsu Tidal Flat throughout two 
channels, called Yatsu river in the eastern side and Takase 
river in the western side, with the ebb and flow of the bay, 3) 
The diversity index, calculated by Shannon Index, of 
phytoplankton is larger in winter and smaller in summer, and 
the possibility of simplisation of phytoplanktonic flora was 
occurred by outflow from Yatsu Tidal Flat to Tokyo Inner 
Bay, 4) Unique ecosystem has been constructed in this 
enclosed tidal flat because of its closure circumstance which 
greatly influencing to phytoplanktonic flora. 

The macrobenthos mainly observed in Yatsu Tidal Flat 
were Cinidaria, Mollusca, Annelida, Arthropoda and 
Lophophorata. As biotic indicator of organic polluted 
condition, Annelida was much observed in mud sediment 
zone. Macrobenthic fauna is considered poor in un-polluted 
environment and rich in polluted environment in general [10] . 
But in further polluted environment, the species and 
individual number of macrobenthos become to decrease, and 
macrobenthic fauna become poor again as a result. This 
tendency is not only in case of macrobenthos but also in most 
of biotic indicator, for example, phytoplankton, water glass, 
and so on. The wealthy nature means a state that co-exist with 
many species, many individuals, and without one or some 
dominant species. Yatsu Tidal Flat was considered to be in 
the state which environmental condition is shifting from the 
further polluted condition to the polluted condition with the 
progress of sandy sediment and seawater. Yatsu Tidal Flat is 
considered to indicate succession from mud sediment 
tideland to sandy tideland like other tidal flat in Tokyo Inner 
Bay. Macrobenthic fauna is very diverse in sand tideland, so 
the macrobenthic fauna in Yatsu Tidal Flat is considered to 
become more diverse year by year (Fig.9). On the other hand, 
Ulva spp. has become observed to be growing irregularly. 
This large green algae is considered to beat macrobenthos 
such as Annelida because of its large leaf body and 
sedimentation which leads anaerobic condition. From these 
phenomena, ecosystem balance is considered to be not in 
good condition [11]. 

 Increase in the amount of pollutants that flows into Yatsu 
Tidal Flat has been resulted from the concentration of 
population, the increase of factories and the expansion of 
reclaimed land. And water plant and macrobenthos, 
especially Annelida in tideland is very useful to purify the 
organic pollutants with their prey-predation interaction 
[12][13]. It is important to protect macrobenthos from 
extermination because of its usefulness for purification of 
organic polluted sediment, especially in tidal flat ecosystem. 
In addition, Tokyo Inner Bay is recognized as a famous sea 
area where the Blue Tide (Aoshio, anaerobic water bodies) 
occurs frequently. In fact, a large scale Aoshio occurred 3 
times in summer in 2000. This anaerobic water bodies flew 

 
 
 

 
 
 
 
 
 
 
 
 
 

Fig.8  Plankton observed in Yatsu Tidal Flat 
 

 
 
 
 
 
 
 
 
 
 
 
 
 

Fig.9  Diversity index (H’) of macrobenthos 
 
 

 
 
 
 
 
 
 
 
 
 
 
 

Fig.10  Sandbank located near the mouth of Yatsu river which 
disappeared after the Tohoku Region Pacific Coast 

Earthquake in 11 March 2011. 
 

into Yatsu Tidal Flat and influenced greatly not only to 
macrobenthos but also to other creatures in this enclosed tidal 
flat. Furthermore, EDCs are also considered to be one of 
environmental factors that give large effect [14]. So, further 
study about the effect of environmental factors on 
macrobenthic fauna is necessary for the environmental 
improvement of not only Yatsu Tidal Flat but also any nature 
left in urban area. 
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6. EFFECT OF TOHOKU REGION PACIFIC COAST 
EARTHQUAKE 

The Tohoku region Pacific Coast Earthquake which 
occurred at 11 March 2011 gave large influence not only to 
the pacific coast but also to the coastal zone of Tokyo Inner 
Bay. Yatsu Tidal Flat is not exception as same as Sanbanze 
and Banzu Tidal Flat where also located in Chiba prefecture 
side of Tokyo Inner Bay. The liquefaction of sediment in 
Yatsu Tidal Flat was observed. The promenadea walk was 
damaged and the microtopography of ebb water route in tidal 
flat was changed with an uplift of sediment. For example, a 
sandbank located near the mouth of Yatsu river was 
disappeared after the earthquake (Fig.10). It is considered that 
micro particle sand was ejected from underground and 
sedimental condition in the tidal flat became more sandy. 
However, in Yatsu Tidal Flat, the water flow, especially ebb 
tide, is very fast (about 2m/s in the canal) [15] and the sand 
particle was immediately flush out to Tokyo Inner Bay. Ulva 
spp. was also damaged temporary but it grew and occupied 
the tidal flat surface again. Further continuous investigation 
should be necessary to estimate the geological succession 
effect on the tidal flat ecosystem structure and function 
(Fig.11). 
 

7. CONCLUSIONS 

The investigation of  the effect of geological succession of 
sediment on macrophyto and microbiota in aquifer ecosystem 
was conducted in this study. The results obtained are 
summarized as follows. 

1) As a result of inflow loads has decreased with 
improvement of public sewerage system, water quality has 
changed from fresh water to sea water and sediment condition 
has also changed from mud to sand, and bio-production 
potential has reduced, in Yatsu Tidal Flat, the artificial 
tideland lake. 

2) There is the inherent clockwise flow occurred by tidal 
action is made clear, and the relationship between the 
clockwise flow and sediment condition was suggested. 

3) The phenomenon of sand spill is occurred by tide action 
in the east area of Yatu Tidal Flat was made clear. 

 

 
 
 
4) It is considered that Yatsu Tidal Flat has been changing  

to the foreshore tidal flat again with remaining the 
topographical character as tideland lake. 

5) Because of the irregular growth of Ulva spp., the 
quantity of phytoplankton decreased drastically, and the 
dominant species of phytoplankton and zooplankton transited 
from ideal to unsuitable food organisms for macrobenthos 
which is important food for the migratory birds, and the 
production potential of this aquifer ecosystem became in 
fragility. 

6) Further continuous investigation should be necessary to 
estimate the geological succession effect on the tidal flat 
ecosystem structure and function. 
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ABSTRACT: The one selection to solve the problems of severely 
damaged by the tragic earthquake and tsunami is presenting a new 
way to green area planet. The aim is to be creating a pilot project to 
support green area for environmental places living. BioClean and 
liquid biofertilizer projects are attempting to be a new way for the 
natural balance of combined green area. This generation of bioclean 
had produced by the donation of various flowers during the 
graduated ceremony of khon kaen university since 2010, and adding 
the 18 zymogenic synthetic microorganisms (18 ZSMs) with 
molasses as substrate. Furthermore, the liquid biofertilizers had 
produced as similar processes as bioclean excepting differential raw 
materials by using the previous research product of liquid 
biofertilizers, which were produced by using vegetables, fruits, 
herbal crops, etc. Results of microorganism population of bioclean 
and liquid biofertilizer products were 1.0 x 108 to 8.0 x 1012 cfu/ml, 
which mainly serviced for environmental and agricultural sections, 
respectively. Including, the both products were presented focus on 
supporting to the green area for living places and related to climate 
change. The service result of project products was activated on the 
event of “Temples Big Cleaning Day 2011” by servicing for 
cleaning and the green area at the two temples near khon kaen 
university, which satisfactory result obtained 50% excellence, 30% 
good and 20% fair by the board of ten committee’s considerations. 
 
Keywords: BioClean, liquid biofertilizer, 18 zymogenic 
synthetic microorganism (18 ZSMs), temple, green area 

1. INTRODUCTION 

BioClean is an original brand name of liquid bioextracted 
flowers since 2003 [10]. BioClean was produced as the 
similar processes as the production of liquid biofertilizers by 
fermenting various biomaterials. The difference between 
bioclean and liquid biofertilizers was the differential raw 
materials, which liquid biofertilizers were produced by using 
various combined biomaterials such as; vegetables, fruits, 
some herbaceous crops, etc., while bioclean was produced by 
using the diversities of odoriferous flowers (donated various 
flowers from a graduated ceremony of khon kaen university 
since 2010) in order to solving the odour problem of liquid 
biofertilizers that responded by users. The target project of 
this generation of bioclean was mainly used to service for the 
example communities of environmental and healthy living to 
the two temples of adulkaewmordee temple and nonmuang 
temple at nearly to the regions of khon kaen university in 
order to servicing for reducing odour treatment such as; on 
floor temples, sewerage, bathroom/lavatory, wastewater 
treatment, water quality treatment etc., and liquid biofertilizer 
services were mainly used to encourage for green area and 
along the main road of khon kaen university. Furthermore, 
bioclean could be applied for agricultural sectors as the 
similar as liquid biofertilizers. Thus, the utilization of liquid 
biofertilizers were to solve the problem of decay soil by 

increasing organic biofertilizers into soil land, and to increase 
quality organic agricultural productions [1], and to quality 
better life and health safety, and to respond the policy for 
agricultural products safety to kitchen of the world [3]. The 
board of 18 zymogenic synthetic microorganisms (18 ZSMs) 
were consisted of 9 bacteria, 6 fungi and 3 yeast species. The 
18 ZSMs was originally selected by Prof.Dr.Chaitat Pairintra 
at khon kaen university to our research project of 
“Improvement of the Theparuge’s Liquid Biofertilizer 
Product” since 2002 [2]. 

2. MATERIALS AND METHODS 

2.1 Materials 

  The raw materials were used to produce this generation 
products as 1). To produce bioclean (version 2011) was 
utilized the donated various flowers during the graduated 
ceremony of khon kaen university in 2010. 2). To produce 
liquid biofertilizers (version 2011) were utilized the previous 
research stocks of original microorganism seeding of liquid 
biofertilizer biotech-1 and liquid biofertilizer biotech-2 which 
had been produced by using organic biomaterials such as; 
vegetables, fruits, herbaceous crops, etc. since 2004-2005 
[3]-[5]. 3). The original microorganism seeding of liquid 
biofertilizer biotech-1 or liquid biofertilizer biotech-2 were 
produced by the group of 18 zymogenic synthetic 
microorganisms (18 ZSMs) that was transferred from the 
microorganism seeding product of a liquid biofertilizer 
KKU-1 [2]. 4). Molasses was supplied from a sugar cane 
factory at the local area of udon thani near khon kaen 
provinces. 

2.2 Equipments 

The biofermentor equipments utilized to produce this 
generated products of bioclean and liquid biofertilizers were 
supported by the previous research equipments such as; a 
300-L biofermentor model BT-1 equipped with a stirrer 
motor ½ hp [2], a 500-L liquid biofermentor model BT-1 
equipped with a motor 1 hp and/with/or/without a compressor 
air supply [3], a 500-L liquid biofermentor model BT-2 
equipped with a stirrer motor 1 hp and/with/or/without an air 
pump supply [5], and a 500-L liquid biofermentor model 
BT-3 equipped with a stirrer motor 1 hp and/with/or/without 
an air pump supply [7], as shown in Fig.1. 

2.3  Methods 

The method to produce bioclean was produced as the same 
processes method as the production of liquid biofertilizers but 
excepting only the differential raw materials [8]-[11]. This 
generation of bioclean (2011) was used variously donated 
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Fig.1 Liquid biofermentors. 
 

flowers as mention above while liquid biofertilizers were 
utilized the previous research stocks of original liquid 
bio-extract of vegetables, fruits, some herbaceous crops, etc., 
the 3 step processes methods as; 
   The first step of preparation of original liquid bio-extract 
(OLB), the all raw materials of variously donated flowers 
were cleaned and cut into small pieces for fermenting as the 
ratio as “small pieced flowers : molasses : liquid biofertilizer 
microorganism seeding (LBMS) of liquid biofertilizer 
biotech-1 or biotech-2” = 3 : 1 : 1 or 3 : 1 : 2 (w/v), and clean 
water within biofermentors such as; 75.7, 113.55, 151.4 liters 
(20, 30, 40 gallons) or more etc., during the retention time of 
1 week. 
   The second step of fermentation, the LBMS product from 
the first step process was fermented with molasses and clean 
water as the ratio as “LBMS : molasses : clean water” = 1 : 1 : 
40 or 2 : 1 : 40 (v/v) within liquid biofermentors such as; 500, 
1000, 1500 liters equipped with/or/without a stirrer motor to 
produce the fermented liquid bioproduct during the retention 
time of 2 weeks. 
   The third step of filtration, the fermented liquid bioproduct 
(FLB) from the second step process was filtered to obtain the 
final products as so called “BioClean” or “Liquid 
Biofertilizers” depending on the differential types of raw 
materials. 
   The methods to utilization of bioclean and liquid 
biofertilizers (including 18 ZSMs) are aimed to the two way 
of utilization for environmental and agricultural sections as; 
   1). For agriculture, using the dilution ratio of liquid 
biofertilizer product at 1:2000 by spraying or pouring to the 
growth crops every 5-7 days, and the dilution ratio of 1:500 to 
the plant trees and green area for lively places. 
   2). For environment, using the dilution ratio of bioclean 
product at 0.05% (1:2000) for floor cleaning, and  the 
concentration ratio of 70-80% for reducing odour treatment 
of bathroom/ lavatory/ toilet/ wc./ sewerage etc., and the 
concentration ratio of 0.05% for wastewater treatment and 
water quality treatment. 
   The methods to quality testing of bioclean and liquid 
biofertilizers were investigated before servicing to the 
temples and the green area at the regions of khon kaen 
university as; 1). For agricultural testing, the both products 
were tested by cultivating for various crops such as; water 

convolvulus, flowers, etc., 2). For environmental and healthy 
testing, the both products were tested by treating for sanitary 
systems such as; reducing odour treatment for bathroom/ 
lavatory/toilet/wc., sewerage, wastewater treatment and water 
treatment, including water quality treatment for goldfish and 
nile tilapiafish living, etc. 

2.4 Analysis Methods 

The analysis composition of bioclean and liquid biofertilizer 
products were supported investigation by a laboratory of  
faculty of agriculture of khon kaen university, and referred to 
the previous analysis methods of the composition of liquid 
biofertilizers such as; pH, EC, %OM, N, P, K, Na, Ca, Mg, 
etc., as in [2]-[7]. Microorganism biomass populations were 
determined by the method of standard plate count (agar 
powder, peptone, bacteriological HIMEDIA RM001). The 
quality standard of both products were determined by impact 
testing for agricultural, environmental and healthy impact 
assessments. For agricultural testing, the quality of both 
products were evaluated the growth rate of crops by pots/ 
fields testing such as; water convolvulus, some flower, etc. 
For environmental and healthy impact assessments, the 
quality of both products were evaluated by field testing at 
sanitary systems such as; reducing odour treatment for 
bathroom/lavatory/toilet/wc./sewerage at general households 
etc., and quality testing for the efficiency of water treatment 
such as; DO, BOD, COD, TKN, etc., at a pond treatment of 
nonmuang temple near khon kean university. 
   The analysis methods to evaluate the satisfactory services 
rating of both products of bioclean and liquid biofertilizers 
during temples big cleaning day at wat adulkaewmordee and 
wat nonmuang, and green areas and along main road at the 
region of khon kaen university, were evaluated by surveying 
the applied checklist forms of academic service center of 
khon kaen university, the evaluated methods as following; 1). 
Evaluation of satisfactory services rating by general persons/ 
home/shop owner/or/members were evaluated by surveying 
at around the regions of the both temples. 2). Evaluation of 
satisfactory services rating by persons and monks were 
evaluated by surveying at the both temples. 3). Evaluation of 
satisfactory services rating by the board of expert committees 
were evaluated by inviting the expert board of ten 
committee’s considerations. 
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3 RESULTS AND DISCUSSION 

3.1 Properties products of BioClean and Liquid 
Biofertilizers 

The products of bioclean and liquid biofertilizers of biotech-1 
and biotech-2 (2011) were contained into bottom and tank 
containers such as; 1-L, 10-L, 20-L, etc., as shown in Fig. 2. 
The results of effective microorganism populations of 
bioclean and  liquid biofertilizers biotech-1, 2 obtained 1.0 x 
108 to 4.0 x 1012 cfu/ml and  1.0 x 108 to 8.0 x 1012 cfu/ml after 
the retention time more than 7-8 day respectively, which be 
more than the standard products (107-108 cfu/ml), the 
properties of both products obtained such as; pH = 3.76, EC = 
4.31 ds/m, N = 0.018 ppm, P = 25 ppm, K = 561 ppm, Na = 73 
ppm, Ca = 254 ppm and Mg = 200 ppm for bioclean, and pH 
= 3.45-4.19, EC = 3.00-5.43 ds/m, N = 0.025-14 ppm, P = 

28-38 ppm, K = 881-1023 ppm, Na = 108-225 ppm, Ca = 
175-271 ppm and Mg = 0.50-142 ppm for liquid biofertilizers 
biotech-1, 2, as shown in Table 1, and as similar results as the 
previous research products of bioclean and liquid 
biofertilizers, as in [2]-[11]. 
 

 
 

Fig. 2 BioClean and Liquid biofertilizer biotech-2 (2011).

Table 1 
Properties products of bioclean and liquid biofertilizers biotech-1, 2. 
 

Product Sample 
(2011)a 

pHw EC 
(ds/m)

OM
(%)

Total N
(ppm) 

Total P
(ppm) 

Total K 
(ppm) 

Total 
Na 

(ppm) 

Total 
Ca 

(ppm)

Total 
Mg 

(ppm)
BioClean (donated flowers) 
BioClean  
Liquid biofertilizer Biotech-1 
Liquid biofertilizer Biotech-2 

4.32 (1:5)b 
3.76 

4.19 (1:5)b 
3.45 

2.50 
4.31 
3.00 
5.43 

 
 
 

1.43

10 
0.018 

14 
0.025 

26 
25 
28 
38 

598 
561 
811 

1023 

82 
73 

108 
225 

205 
254 
271 
175 

131 
200 
142 
0.50 

      aThe generational products were produced since 2011. 
      bThe pHw (1:5). 
 

3.2 Quality Testings of Products 

The quality products of bioclean and liquid biofertilizers 
biotech-1, 2 were satisfyingly evaluated by quality testing 
before distributing to general users at the pots/fields tests. For 
agricultural testing, the both products of bioclean and liquid 
biofertilizers were satisfactory the growth rate of various 
crops such as; water convolvulus, flower, etc. during 45 days 
[2]-[11]. For environmental and healthy testing, the both 
products were satisfactorily evaluated by testing for sanitary 
systems such as; reducing odour treatment for the bathroom/ 
lavatory/ toilet/ wc./ sewerage of distributed general 
households by responding feedback users, and the efficiency 
bioclean of pond treatment was 61.90% and 89.80% during 
the retention time of 7 day and 14 day, respectively at a pond 
treatment of wat non muang near khon kaen university, 
including water quality treatment by using the dilution ratio 
of 0.05% bioclean for goldfish and nilefish healthy living. 

3.3 Services Rating of Temples Big Cleaning Day 

The both products of bioclean and liquid biofertilizers were 
serviced to the two temples of wat adul kaew mordee and wat 
non muang near the regions of khon kaen university, as 
shown in Fig. 3, on the event of “Temples big cleaning day” 
by using the dilution ratio of bioclean at 1:2000 for floor 
cleaning, 70-80% for thin coating sewerage/toilet/wc., 0.05% 
for wastewater treatment or water quality treatment, and 
using the dilution ratio of liquid biofertilizer biotech-1, 2 at 
1:500 for the temples plant trees and green area. The 
overview services to the both temples were satisfactory 

results which obtained 44.4% excellence, 33.3% good, 22.2% 
fair for wat adulkaewmordee, and 50% excellence, 30% good, 
20% fair for wat nonmuang after services respectively, which 
considered by invited the expert board of ten committee’s 
considerations. 
 

 

 
 

Fig. 3 The Two Temples Big Cleaning Services.
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3.4 Services Products to Green Area 

The utilization of liquid biofertilizers biotech-1, 2 was 
serviced in order to being liquid biofertilizers for the green 
area living and the plant trees along the main road at the 
regions of khon kaen university by using at the dilution ratio 
of 1:500, as shown in Fig. 4. The overview services of liquid 
biofertilizer products were satisfactory for green area living 
place during May-August, 2011. 
 

 
 

Fig. 4 Service of liquid biofertilizer biotech -1 (v.2011) at 
along the main kku road to the green area living. 

 

4 CONCLUSION 

1). BioClean services to the temples 
  BioClean (v.2011) services from the board of 18 zymogenic 
synthetic microorganisms (18 ZSMs) could be reduced odour 
treatment for sanitary systems and communities healthy 
living places to the pilot temples with satisfactory services. 
2). Liquid biofertilizers services to the along main road and 
the green area 
  Liquid biofertilizers biotech-1, 2 (v.2011) services from the 
board of 18 zymogenic synthetic microorganisms (18 ZSMs) 
could be much more enriched to the plentiful trees of along 
main road and green area for environmental places living and 
related to climate change with satisfactory services. 
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ABSTRACT: Point cloud data can describe natural objects such as 
soil. Massive point cloud data acquisition is required for geographic 
information systems (GISs) and remote sensing to generate 
environment maps, including surface models. For the contactless 
measurement of landslides, we believe that a stereo system has some 
advantages, because it can acquire high spatial resolution data in real 
time. Therefore, we propose massive point cloud acquisition from 
soil surfaces using a stereo camera without markers. Although soil 
surfaces are difficult candidates for image processing, we have 
verified in indoor experiments simulating landslides that our 
procedure with constraints can measure a soil surface using a stereo 
camera. We have also tried to develop a temporal stereo 
measurement application based on the above procedure. Although 
our experiments were conducted indoors, we have confirmed that 
our procedure can be used as a 3D measurement system without 
markers for moving soil surfaces. 
 
Keywords: Landslide, Stereo measurements, Image matching, 
Point cloud, Point-based rendering 

1. INTRODUCTION 

A set of points with geometric X, Y, and Z values is called 
point cloud data. When point cloud data are registered with a 
color image taken from a digital camera, each point in the 
point cloud can hold color information. Because the data can 
be represented without topological relationships between 
points, the point cloud can describe natural objects such as 
soil, rubble and trees. Massive point cloud data acquisition is 
required for geographic information systems (GISs) and 
remote sensing to generate environment maps, including 
surface models and elevation models. Developers of 
autonomous construction robots are also studying point cloud 
data acquisition in outdoor environments [1]. 
Stereo cameras and laser scanners are general survey 
instruments for acquiring point cloud data in an outdoor 
environment. The stereo camera can acquire massive point 
clouds using consumer cameras. Data from a scene can be 
acquired at 15 or 30 frames per second. However, 
measurements depend on the density of available feature 
points in an image. Soil surfaces are difficult to measure 
correctly, because there are generally few feature points for 
image processing on the surface. On the other hand, a laser 
scanner can acquire massive point clouds and does not require 
feature points. A current high-end scanner can acquire 
approximately one hundred thousand points per second. 
However, data acquisition for one scene requires from a few 
seconds to a few minutes. Thus, in the current state, there are 
no available 3D measurement systems without markers for 
moving soil surfaces. 
 
 

We believe that a stereo system has advantages for soil 
surface measurement, because it can acquire data in real time. 
Therefore, we propose massive point cloud acquisition from 
soil surfaces with homogeneous textures using a stereo 
camera without markers. In addition, we try to develop a 
temporal stereo measurement application to represent 
landslides. 

2. METHODOLOGY 

In general, when massive point cloud data are acquired with a 
stereo camera, long processing times are required. In addition, 
when the measured object is a soil surface, the homogeneous 
textures in images cause high error rates because of 
mismatching in the stereo matching step. When landslide 
animation is generated with temporal point cloud data, 3D 
soil motion representation is unstable because of the above 
errors. On the other hand, automated point cloud modification 
can be achieved with hole-filling approaches [2, 3, 4], 
although they require long times for massive point processing 
and error point detection before the modification. Generally, 
error point detection also requires long processing times. 
Therefore, we focus on performance improvement to reduce 
processing time and errors. First, we propose a stable stereo 
matching procedure based on a coarse-to-fine approach to 
reduce processing time and mismatching in stereo matching. 
Second, we propose a temporal stereo matching methodology 
using some constraints to improve stability in tracking 
moving surfaces. 

2.1 Massive point cloud acquisition from a soil surface 

Figure 1 shows our procedure to acquire massive point cloud 
from soil surfaces. It consists of three components: edge 
density image generation for feature point distribution; 
correlation coefficient matching with an epipolar constraint 
using a circular template; and coarse-to-fine image matching 
using a spatial constraint with iterative surface model 
generation. 
 
 
 
 
 
 
 
 
 
 
 
Fig. 1 Stereo matching with coarse-to-fine DSM generation 

Massive Point Cloud Acquisition on a Soil Surface Using a Stereo Camera 
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We extract points with high likelihoods of features from a 
base stereo image to achieve an accurate matching, because 
the use of suitable points for image matching can improve 
matching success rate. First, an edge density image is 
generated from an edge image taken from the base image. 
Each pixel in this edge density image expresses the 
complexity of an edge. Then, feature points with higher edge 
densities are selected from the edge density image as suitable 
feature points to generate the initial digital surface model 
(DSM). 
In coarse-to-fine matching in image space, fine matching 
generally uses higher-resolution stereo images and initial 
values generated with lower-resolution stereo images [5]. 
This procedure achieves faster processing and stable 
matching. However, when there are only a few suitable points 
for features in an image (e.g., a sand surface), unsuitable 
points selected for image matching cause many matching 
errors. Therefore, in this research, coarse-to-fine matching in 
3D space is applied to stereo matching, as shown in Fig. 2. 
First, 3D coordinate values are acquired with correlation 
matching using only feature points extracted from the edge 
density image. In our procedure, the sum of absolute 
difference (SAD) methodology is applied to correlation 
matching. Second, coarse 3D shaped data are generated as an 
initial DSM with spatial interpolation such as bilinear 
interpolation or cubic spline interpolation. Then, 
corresponding full points in the stereo reference image are 
searched for under the DSM constraint, as described later. 
 
 
 
 
 
 
 
 
 
 
 
 
Fig. 2 Coarse-to-fine DSM generation 
 

2.2 Moving soil surface tracking 

The tracking of a moving soil surface is processed using 
temporal stereo image matching in the two steps of stereo 
matching and temporal image matching. Our temporal stereo 
matching consists of a clockwise matching flow and an 
anticlockwise matching flow, as shown in Fig. 3. Temporal 
stereo images extracted at times t0 and t1 are arranged in a 
vertical direction in the figure. Image coordinate values x and 
y are translated to A* or B*.  
In the clockwise matching flow, the corresponded point (ARt1) 
is detected in the right image at time t1 after image matching 
in the right image at time t0. In the anticlockwise matching 
flow, the corresponded point (BRt1) is detected in the right 
image at time t1 after image matching in the left image at time 
t1. When ARt1 is equal to BRt1, image matching is successful. 

If ARt1 is different from BRt1, this result can be rejected as a 
matching error. 
In addition, three constraints are implemented to reduce 
mismatching. The first constraint is an epipolar constraint. 
When stereo images are rectified using camera calibration 
parameters, the search range can be limited to the horizontal 
direction of feature points. The second constraint is the DSM 
constraint, which makes the search range narrower along the 
epipolar line. The third constraint is a motion constraint. This 
constraint depends on objects. For example, when a sand flow 
such as a landslide is an object, a search region in the image 
can be limited to downward from the initial feature point, 
because the sand flow moves downward. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig. 3 Our matching methodology with mismatching 
rejection using temporal stereo images; ARt0, ARt1, BLt1 and 
BRt1 indicate image coordinate values (i.e., ALt1 is an image 
coordinate value in the left image at time t1) 

3 EXPERIMENT 

We conducted an indoor experiment, as shown in Fig. 4. We 
first prepared a stereo camera consisting of two digital 
cameras controlled by a PC. These cameras were assembled 
and calibrated to satisfy the required measurement accuracy, 
as shown in Table. 1.  
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Table. 1 Stereo camera specification 
 
 
 
 
 
 
We also prepared sand of approximately 1 mm particle size in 
a tray as the measured object. The stereo camera then 
captured this sand object. In this operation, we inclined the 
sand tray from 30° to 45° to create a sand flow to simulate a 
landslide. Sequenced stereo images were acquired at 30 
frames per second using the stereo camera, as shown in Fig. 5. 

4 RESULTS 

Feature extraction, 3D measurement and temporal image 
matching were conducted in our experiment for massive point 
cloud acquisition on a soil surface using a stereo camera. First, 
a result for feature extraction in the initial DSM generation is 
shown in Fig. 6. The left image shows a color image used as 
input data, the center image shows an edge density image 
taken from a region selected manually in the input data, and 
the right image shows the result of the masking procedure on 
the edge density image. These results show that feature points 
can be extracted from higher edge density values indicated as 
white areas in the edge density image. 
 
 
 
 
 
 
 
 
 
 
Fig. 6 Result for feature extraction for initial DSM generation 
 
Second, 3D measurement results after stereo matching are 
shown in Fig. 7. The left image shows a result of the 
traditional approach without coarse-to-fine DSM generation 
in stereo matching, and the right image shows a result with 
our methodology. 
 
 
 
 
 
 
 
 
 
 
 
Fig. 7 Comparison of our approach with the traditional 
approach for 3D measurement results 

Finally, Fig. 8 shows a result of temporal image matching 
using 58 frames taken at 30 frames per second on the left 
image coordinates. The blue line shows a tracking result 
using 390 distributed feature points on the moving sand 
surface. 
 
 
 
 
 
 
 
 
 

Fig. 8 Result of temporal image matching 
 

5 DISCUSSION 

The stereo measurement accuracy was 0.20 mm, as described 
above. Thus, our approach should be considered in terms of 
performance improvement in matching success rate and 
processing time. In addition, corresponding feature points 
from images selected manually are hard to use as true values 
for validation, because it is difficult to find objects manually 
in soil surfaces with homogeneous textures. Therefore, some 
performance comparisons of our approach with traditional 
approaches are included in our validations. 
Although soil surfaces with homogeneous textures are also 
difficult candidates for image processing, we have verified 
that our procedure with constraints can measure a soil surface 
using a stereo camera in indoor experiments simulating 
landslides, as follows.  
First, we have verified the accuracy of the matching 
procedure. Figure 9 shows a comparison of our approach with 
the traditional approach in 3D measurement results projected 
onto the Z-plane. The left image shows the result for the 
traditional approach, and the right image shows the result for 
our approach. With the traditional approach, the result 
includes some matching errors, shown as holes in the left 
image. On the other hand, the results for our approach show 
no holes, as shown in the right image. 
 
 
 
 
 
 
 
 
Fig. 9 Comparison of our approach with the traditional 
approach for 3D measurement results projected onto the 
Z-plane 
 
We have subtracted the results from our approach from the 
results of the traditional approach, and calculated absolute 
subtracted values to measure the matching error, as shown in 

x[pix]

y[pix]

Camera

Focus length

Baseline

Distance from camera to object

Image size (still capture mode)
Measurement accuracy

Nikon D300

35 mm

15 cm

150 cm

1072×712 pixel
0.20 mm(RMSE)

Image size (30fps mode) 640×426 pixel
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Fig. 10. The subtracted values in 3D space are colored as 
matching error values with an index from 0 mm to 60 mm; the 
white region indicates a matching error of more than 60 mm. 
The results can clearly be classified as correctly matched or 
mismatched.  
In addition, we have counted the pixels taken from the region 
selected in the input image to compare our approach with the 
traditional approach as errors. The number of pixels taken 
from the region selected in the input image was 279,818 
points. Of these, 181,720 points are within a 5 mm gap, and 
196,347 points are within a 10 mm gap.  
This numerical comparison indicates that the matching 
success rate for the traditional approach in 3D data generation 
is from 60% to 70%, while our approach can reduce 
mismatching error by between 30% and 40%. 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig. 10 Subtracted 3D measurement result projected onto the 
Z-plane 
 
Second, we have compared the processing time for our 
approach with that for the traditional approach, as shown in 
Table. 2. The search range could be narrowed from 800 mm 
to 100 mm in our experiment. As a result, although the 
performance comparison depends on the parameter settings, 
such as the range for matching, Table. 2 shows that our 
approach performed about 10 times faster than the traditional 
approach. 
 
Table. 2 Processing time comparison of our approach with the 
traditional approach in processing time 
 
 
 
 
 
 
 
 
 
Third, we have compared the performance for our approach 
with that for the traditional approach for temporal stereo 
measurement and tracking. The 3D feature tracking results 
for the moving sand surface are shown in Fig. 11. The blue 
lines indicate the 3D feature tracking results of 390 points on 

the moving sand surface in 58 frames, and the Z-axis is the 
depth direction from the stereo camera. We have verified that 
matching errors given by the traditional approach have been 
rejected automatically with our approach. 
 
 
 
 
 
 
 
 
 
 
 
Fig. 11 Comparison of our approach with the traditional 
approach for 3D feature tracking results of moving sand 
surface shown as blue lines; the left image is the result for the 
traditional approach, while the right image is the result for our 
approach 

6 CONCLUSION 

We have proposed massive point cloud acquisition from soil 
surfaces with homogeneous textures using a stereo camera 
without markers. Although soil surfaces are difficult 
candidates for image processing, we have verified that our 
three-component procedure can measure a soil surface using 
a stereo camera in indoor experiments simulating landslides. 
We have also developed a temporal stereo measurement 
application based on the above procedure. Although our 
experiments were conducted indoors, we have confirmed that 
our procedure can be used as a 3D measurement system 
without markers for moving soil surfaces. 
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ABSTRACT: Several powerful earthquakes have struck Padang 
during recent years, one of the largest of which was an M 7.6 event 
that occurred on September 30, 2009 and caused more than 1000 
casualties. Following the event, we conducted a questionnaire 
survey to estimate the shaking intensity distribution during the 
earthquake. About 500 residents of Padang were interviewed. The 
residents received explanations for each item on the questionnaire 
from the interviewers, and answers were filled in directly on the 
answer sheets. From this survey we produced a map of the shaking 
intensity distribution in Padang. In addition to the questionnaire 
survey, we performed single observations of microtremors at 110 
sites in Padang. The results enabled us to estimate the site-dependent 
amplification characteristics of earthquake ground-motion. We also 
conducted a 12-site microtremor array investigation to gain a 
representative determination of the soil condition of subsurface 
structures in Padang. From the dispersion curve of array 
observations, the central business district of Padang corresponds to 
relatively soft soil condition with Vs30 less than 400 m/s, the 
predominant periods due to horizontal vertical ratios (HVSRs) are in 
the range of 2.0 to 4.0 s, and the seismic intensity obtained is upper 5 
(5+) in the JMAi scale. By making these observations, we can obtain 
a relationship between soil types, predominant periods and seismic 
intensities. 
 
Keywords: peak ground acceleration, seismic intensity of the Japan 
Meteorology Agency, Padang Earthquake, microtremor 
observations. 
 
 

1. INTRODUCTION 

Seismic intensity is one of the simplest and most important 
parameters for describing the degree of ground shaking 
during an earthquake. Sometimes it has a strong correlation 
with the human response to ground shaking, observations of 
damage, and earthquake effect. In this study, we adopt the 
seismic intensity scale of the Japan Meteorology Agency 
(IJMA) scale, an instrumental seismic intensity that was first 
adopted in Japan after the 1995 Kobe earthquake. Its scale 
runs from 0 to 7, with ten classes including lower 5, upper 5, 
lower 6 and upper 6. We propose the use of the instrumental 
IJMA to make initial and fast estimations of damage following 
a seismic event. 
The city of Padang, located on the west coast of Sumatra in 
western Indonesia, lies close to the Sumatran subduction zone 
that is formed by the subduction of the Indo-Australian Plate 
beneath the Eurasian Plate. Relative motion of the plates 
occurs at a rate of about 50 to 70 mm/year and this is the main 
source of subduction-related seismicity in the area [1]. Based 
on our catalog, seven giant earthquakes have occurred in this 
region since records began: 1779 (Mw 8.4), 1833 (Mw 9.2), 
1861 (Mw 8.3), 2004 (Mw 9.2), 2007 (Mw 7.9 and 8.4) and  

 
 

 
2009 (Mw 7.6). The hypocenter of the Padang earthquake 
that occurred on September 30, 2009 was located in the ocean 
slab of the Indo-Australian Plate at -0.81°S, 99.65°E and at a 
depth of 80 km. It produced a high degree of shaking and the 
tremor was felt in the Indonesian capital, Jakarta, about 
923 km from the epicenter. The tremors also were felt in 
neighboring countries such as Malaysia and Singapore [2]. 
The earthquake caused landslides and collateral debris flows 
in the hills surrounding Lake Maninjau. A major landslide in 
Gunung Nan Tigo, Padang Pariaman completely destroyed 
some villages and forced road closures. 
This 1900-km-long active strike-slip fault zone that runs 
along the backbone of Sumatra poses seismic and fault 
hazards to a dense population distributed on and around the 
fault zones [3]. The Sumatran Fault is highly segmented. It 
consists of 20 major geometrically defined segments and the 
slip rate along the fault increase to the northwest, from about 
5 mm/yr [3]. This fault also has generated large destructive 
earthquakes, e.g., 1892 (Mw 7.1), 1943 (Mw 7.6) and 2007 
(Mw 6.4). These faults are capable of generating strong 
ground motion in the future that would greatly affect 
vulnerable structures. According to our catalogs, the 
Sumatran Fault produces a very high annual rate of 
earthquakes, many of which occur in the shallow region 
under the island of Sumatra (Fig. 1).  
  

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig.1 Seismicity of Sumatra Island from 2005 to 2010,  
          Mw>6.5, <100km depth, and  Padang city
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2. REGIONAL GEOLOGY AND RECENT 
EARTHQUAKES 

The city of Padang, with a population of 856,814 people as of 
2008, is the capital of West Sumatra province. The location of 
the city center is at 100.38°E, 0.95°S. The main part of 
Padang is situated on an alluvial plain between the Indian 
Ocean and the mountains. For the most part, the mountainous 
area is formed of Tertiary sedimentary rocks with outcrops of 
metamorphic rocks seen in some places. The alluvial plain 
spreads along the base of the mountains and is roughly 10 km 
wide in the east-west direction and 20 km wide in the 
north-south direction. 
The topography of the Padang region (Fig.4(a))  is very 
similar to the tsunami-damaged area of Miyagi Prefecture in 
Japan, that was inundated by as much as 4-5 km from the 
coast after the March 11, 2011 Mw 9.0 Tohoku earthquake 
off the east coast of Honshu. In Padang, about 600,000 people 
live in the coastal area (covering about 60 km2). The 
population density is very high, about 8500 people/km2. The 
city is located on the coast of the Indian Ocean between the 
Sumatran Fault and the Sunda Trench Fault. Both faults are 
active with slip rate ranging from 10 to 27 mm/year [3]. 
According to our catalog, 2995 events with a magnitude 
greater than 4 occurred in this region from AD 1779 to 2010. 
The seven giant earthquakes mentioned previously have all 
been strongly felt here. For example, the source of the 2009 
Padang earthquake was located in the ocean slab of the 
Indo-Australian Plate. 

 It produced extensive shaking and severe damage to 
houses and buildings in Padang and Padang Pariaman, 
because its epicenter was about 60 km offshore from Padang 
(Fig. 2(a)). As the Padang earthquake was an intra-slab 
earthquake at intermediate depth with a comparable 
magnitude, the event did not generate a tsunami of 
significance [4]. Due to this earthquake, 1117 people were 
reported killed, 1214 severely injured, 1688 slightly injured, 
and 3 were left missing in West Sumatra. The earthquake also 
destroyed many houses, buildings and infrastructure (heavily 
damaged houses numbered 114,797, with 67,198 moderately 
damaged and 67,837 slightly damaged). In Padang, 5458 
buildings sustained damage [5]. This event occurred at the 
end of the working day, just 15 minutes after offices and 
schools closed; if it had struck earlier, the number of 
causalities would definitely have been higher as a result of 
building collapses. Several hours after Padang earthquake, 1st 
October 2009, Sumatran fault line generated Mw7.1 and 
10km depth. Due to this earthquake destroyed many houses 
and building (heavily damaged houses numbered 600, with 
550 moderately damaged). Fig.2(a) shows Padang 
earthquake and Kurinci earthquake.   
There are four accelerometers in Padang. Three were donated 
by Engineers Without Borders Japan (EWBJ) and installed in 
2008, and the other was installed by the Indonesian 
Government’s Bureau of Meteorology, Climatology and 
Geophysics (BMKG). However, only one ground motion 
record is available for the Padang earthquake. Due to an 
electric power cut during the earthquake, only the BMKG 
device recorded the time history of the earthquake. The 

observed record shows about 20 s of strong shaking with a 
peak ground acceleration (PGA) of 0.3 g and a predominant  
period of 0.5 s (Fig. 2(b)). response spectra at law period is 
greater then Indonesia code for rock condition (0.83g) 
(Fig.2b).The location of this station is a mountainous suburb 
about 12 km in from the coast. The subsurface condition at 
this station is rocky; the average shear wave velocity for the 
upper 30 m of the subsurface here, Vs30, is 1200 m/s [6]. 

                                                      (c) 
Fig.2 Seismicity and time series. (a) two giant earthquake in 
Padang and Kurunci, (b) time series of Padang earthquake, (c) 
response spectra due to Padang earthquake.  

(a) 

Kurinci 

   Legend 
   Padang Mw7.6 
   Kurinci Mw7.1   

Padang 
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The paucity of measured ground motion information for this 
earthquake results in a need for transforming observed data 
(seismic intensity) into parameters that are more useful for 
engineering purpose (e.g., engineering ground-motion 
measures)[7]. From seismic intensity, we can evaluate 
historical earthquakes, assess seismic hazard and damage, 
correlate different intensity scales, and rapidly assess the 
severity of ground shaking [8]. In additional, we performed a 
12-site microtremor array observations to determine the shear 
velocity of subsurface structures at several districts in Padang. 
From these observations, we obtained relationship between 
soil types, predominant period and seismic intensity. 
 

3. DAMAGE FROM THE 2009 PADANG 
EARTHQUAKE 

The city of Padang covers an area of about 695 km2 and is 
divided into 11 districts: B. T. Kabung, K. Tangah, Kuranji, L. 
Begalung, L. Kilangan, Nanggalo, P. Barat, P. Selatan, P. 
Timur, P. Utara, and Pauh. 51.0% of the land is forested, 
28.52% is used for farming, 9.54% for housing and 7.1% for 
rice fields [9]. The population of more than 857,000 is 
increasing by 2% per year. The K. Tangah district has the 
highest population and most extensive area compared with 
the other districts in the city.  
The central business area of Padang is close to the coast and 
consist of several districts: P. Barat, P. Utara, P. Selatan and P. 
Timur, B.T. Kabung, K. Tangah. The downtown area is 
utilized as a center of political and commercial activities. 
Although the Padang earthquake affected all districts of the 
city, the major damage occurred downtown, because about 
80% of population lives near the coast.   
The majority of houses in the city are one- and two-storey 
non-engineered structures. These structures are typically built 
of confined masonry, with reinforced-concrete (RC) frames 
acting as confinement for the brick masonry walls. There are 
three general categories of houses in Padang: permanent 
houses (RC), semi-permanent houses (mix of RC and wood) 
and traditional houses (wood). Unfortunately, no detailed 
damage statistics are available for each type of building, so 
we cannot classify the category of the house.  
This earthquake also affected lifelines in Padang. The strong 
ground shaking destroyed public water distribution pipes 
leading to 2,906 reported leakage points in total [10]. Damage 
to pipelines forced the cessation of water delivery to 
consumers for several weeks.  

4. SITE CHARACTERIZATION BY MICROTREMOR   
OBSERVATION  

4.1 SINGLE OBSERVATIONS 

A microtremor is a very small ground motion that can be 
recorded on the ground surface. It can be produced by a 
variety of excitations (e.g., wind, traffic, breaking sea waves). 
A full microtremor record can be described by one vertical 
and two horizontal components. Our analysis was conducted 
using the recorded microtremor. First, the horizontal and 
vertical spectrum ratios (HVSR) were computed for all sites 
(Fig. 3). The peak period of the HVSR is known to 

correspond to the resonant period of the site. This method 
postulates the shape of the Fourier spectrum  [11].  
Equation. (1) shows the method used to calculate HVSR 
using the observed records. 

 

HVSRൌ				ට
ிಿೄሺఠሻమାிಷೈሺఠሻమ

ிೆವሺఠሻమ
																																															ሺ1ሻ 

where ܨேௌሺ߱ሻ and ܨሺ߱ሻ denote the Fourier amplitude of 
the NS, EW and UD components of each interval, 
respectively, and ߱ is the frequency. 

We performed 110 single site surveys that sampled every 
district of the city of Padang. These observations were carried 
out in November 2008, September, November, and December 
2009 and January 2010. The locations of observations are 
plotted in Fig.3. Microtremor was measured using a GPL- 
6A3P sensor. The two horizontal (NS and EW) and the 
vertical (UD) components were recorded simultaneously for 
10 minutes with a 100 Hz sampling frequency.  

We estimated the distribution of the peak periods of the 
HVSRs for all sites in Padang using the ordinary kriging 
technique (Fig.3). From single observations, we obtained a 
predominant period of 2.0 to 4.0 s in the central business 
district and less than 1.0 s in the mountainous areas. These 
results indicate an affect related to the thickness of alluvium 
in the coastal area of Padang city, which decreases in 
thickness inland. 

 

Fig. 3 white circles are single observation sites, result HVsRS 
            ratio 

 

4.2 MICROTREMOR ARRAY OBSERVATIONS     
The velocity of surface waves is well known to vary as a 
function of frequency (or period) due to dispersion. Since 
dispersion is a function of subsurface structure, the 
substructure can be estimated from a Rayleigh wave 
dispersion curve. We carried out microtremor array 
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investigations using 12 sites at several districts in Padang 
(Fig.4(a)). Dispersion curves were calculated using the SPAC 
method [12] to obtain a velocity structure from the 
microtremor recordings. An outline of the procedure follows. 
It is necessary to simultaneously record microtremors with an 
instrument array of at least three stations. The dispersion of a 
measured surface wave is a response to the subsurface 
structure directly below the array, and the estimation of the 
subsurface structure causing the dispersion is determined by 
means of inversion of Rayleigh waves. The basic principles 
of the SPAC method assume that the complex wave motions 
of microtremors are stochastic processes in time and space. A 
spatial autocorrelation coefficient for a circular array can then 
be defined when the waves composing the microtremor (i.e., 
the surface waves) are dispersive. Hence, the spatial 
autocorrelation is a function of phase velocity and frequency.  
Rayleigh wave records were measured for the 12-array 
observation sites using the SPAC method and inversion 
analysis was undertaken on the observed dispersion curves  to 
estimate the soil profiles. In the inversion analysis, the 
Particle Swarm Optimization (PSO) algorithm was adopted to 
solve the non-linear optimization problem [13]. The basic 
procedures of PSO are outlined below. 
We estimate the subsurface structure of the model by solving 
a nonlinear minimization problem with the fitness function 
below. 

ௗݒ	
௧ାଵ ൌ ௗݒ	߱

௧  ܿଵݎଵሺௗ
௧ െ ௗݔ

௧ ሻ  ܿଶݎଶ൫ௗ
௧ െ ௗݔ

௧ ൯																	ሺ2ሻ 

ௗݔ				
௧ାଵ ൌ ௗݔ

௧  ௗݒ
௧ାଵ																																																																		ሺ3ሻ 

 
where  ݒௗ

௧  is particle velocity of the ݅௧  component in 
dimension d in the interaction, ݔௗ

௧  is the particle position of 
the ݅௧ component in dimension d in interaction,	ܿଵ and ܿଶ are 
constant weight factors,  is the best position achieved by 
particle ݅,  is the best position found by the neighbor of 
particle ݅, ݎଵand ݎଶ are random factors in the [0,1] interval and 
߱  is the inertia weight.  Before performing the inversion 
analysis, the subsurface structure was assumed to consist of 
horizontal layers of elastic and homogeneous media above a 
semi-infinite elastic body. The shear  
wave velocity and thickness of each layer are the parameters 
determined by the inversion analysis. The results enable us to 
determine the condition of shallow subsurface structures [14]. 
The outline of the SPAC method for the phase velocity 
calculation of Rayleigh waves follows. The spatial 
autocorrelation function is defined as   

 

					∅ሺݎ, ,ߠ ߱ሻ ൌ ,ሺ0,0ݑ ߱, ሻݐ ∗ ,ݎሺݑ ,ߠ ߱,  ሺ4ሻ															ሻതതതതതതതതതതതതതതതതതതതതതതതതതതതതതതതݐ

 

where ݑሺݐሻതതതതതത is the average velocity of the wave in the time 
domain, and the harmonic waves of frequency ߱  of the 
microtremor have the velocity wave forms ݑሺ0,0,߱,  ሻ andݐ
,ݎሺݑ ,ߠ ߱, ,ሻݐ  observed at the center of the array ܥሺ0,0ሻ at 
point ܺሺݎ,  .ሻ on the arrayߠ

The spatial autocorrelation coefficient ߩ  is defined as the 

average of the autocorrelation function  in all directions 
over the circular array: 

,ݎሺߩ	 ߱ሻ ൌ
1

ሺ0,߱ሻ∅ߨ2
න ∅ሺݎ, ,ߠ ߱ሻ݀ߠ																																ሺ5ሻ
ଶగ


 

 

where ∅ሺ0,ݓሻ is the SPAC function at the center ܥሺ0,0ሻ of 
the circular array. By integration of the Equation. 5 we obtain 

  

,ݎሺߩ		 ߱ሻ ൌ ܬ ቀ ఠ

ሺఠሻ
ቁ																																																																ሺ6ሻ 

 

where ܬሺݔሻ is the zero-order Bessel function of the first kind 
of x, and ܿሺ߱ሻ  is the phase velocity at frequency ߱.  The 
SPAC coefficient ߩሺݎ, ߱ሻ can be obtained in the frequency 
domain using the Fourier transform of the observed 
microtremors. 

,ݎሺߩ			 ߱ሻ ൌ
1
ߨ2

න
ܴ݁ሾܵ௫ሺ߱, ,ݎ ሿߠ

ඥܵሺ߱ሻ. ܵሺ߱, ,ݎ ሻߠ
ሺ7ሻ																							ߠ݀

ଶగ


 

 

 where ܵሺ߱ሻ and ܵ௫	ሺ߱, ,ݎ  ሻ are the power densities of theߠ
microtremor at sites C and X respectively, and ܵሺ߱, ,ݎ  ሻ isߠ
the cross spectrum between ground motions at these two sites. 
Thus the SPAC coefficients may be obtained by averaging the 
normalized coherence function defined as the spectrum 
between points C and X in the direction ߠ. From the SPAC 
coefficient ߩሺݎ, ߱ሻ, the phase velocity is calculated for every 
frequency from the Bessel function argument of Equation. 6, 
and the velocity model can be inverted. 

                                             Altitude         

      (a) 
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Fig.4 Observation sites and distribution of average shear   
           wave velocity, (a) Array observation sites, (b)   
           Contour of Vs30  (m/sec) 
 

5 SHAKING CHARACTERISTICS BY 

QUESTIONNAIRE SURVEY 

5.1 Survey Outline 

Seismic intensity has been used to quantify the severity 
of the ground shaking based on the observed or felt effect in a 
limited area [7]. The method was originally developed by 
[15] and has been widely applied to the development of 
seismic macro or micro zoning maps in Japan since 1970. The 
method has also been applied in India and Indonesia by 
Honda in 2005. It has been useful for estimating seismic 
shaking in a limited area and for determining intensity 
distributions over local areas [7]. The original questionnaire 
sheet was written in Japanese; however, it was translated into 
Indonesian, for its application to Aceh. The questionnaire has 
35 items that cover recognition of shaking, location, shaking 
duration, possibility of movement, structural damage, 
swinging of hanging objects, and 27 other items. 

For the 2009 Padang earthquake, some sentences were 
modified to make it more relevant for local people while not 
changing the original topics covered by the questionnaire. 
People living near the observation points were interviewed 
using the questionnaire [15]. The questionnaire survey was 
conducted from December 24 to 31, 2010, three months after 
the main shock. The survey was carried out in all districts of 
Padang by distributing and completing 500 questionnaires 
through a direct interview process with residents of the city. 
The interviewers explained each item of the questionnaire to 
residents, discussed the responses given, and documented the 
answers on the standard answer sheets. 

 

5.2 Estimation of JMA Intensity 

The calculation of the seismic intensity determined by 
the questionnaire is described as:  

 IQ    ൌ
ଵ

ே
∑ ሺ݉ሻߚ

 																																																															 ሺ8ሻ 

where 	݉ is chosen by a respondent for the ݅th question (e.g., 
i=12 and	݉ଵଶ=12), ߚሺ݉ሻ	is a seismic coefficient, ݊ is the 
number of effective questions of each questionnaire and ܰ is 
the number of responses from all questions. To obtain the 
JMA intensity (ܫெሻ, the result from Equation. 8 is inserted 
into Equation.  

 ሺ9ሻ																																											ሺூೂିଵ.ସହሻబ.ఱరళ	௫	ெୀଶ.ଽହ଼ܫ			

 

Finally, to obtain the JMA intensity ሺܫெሻ	for each district, 
the calculation for each questionnaire is averaged as follows. 

ெܫ		 ൌ
1
ܰ
ܫெሺሻ

ே

ୀଵ

																																																												ሺ10ሻ 

 

where N is number of questionnaires in one location, and 
  .ெሺሻ is the seismic intensity for each questionnaireܫ

The results of the questionnaire survey conducted to estimate 
the shaking intensity distribution in Padang during the 
earthquake are summarized in mapped. The results of the 
questionnaire survey conducted to estimate the shaking 
intensity distribution in Padang during the earthquake are in 
mapped. The seismic intensity (IJMA) for the suburbs and 
downtown were lower 5 (5-) and upper 5 (5+) respectively 
(Fig.5). A JMA seismic intensity, IJMA, value of 5- 
corresponds to 4.5< IJMA <5.0 and 5+ equates to 5.0< IJMA <5.5. 
A value of 5+ corresponds to very strong ground motion 
where many people are considerably frightened and find it 
difficult to move. Non-engineered structures sometimes 
collapse, walls crack, and gravestones and stone lanterns 
overturn. A value of 5- corresponds to strong ground motion. 
Many people are frightened and feel the need to hold on to 
something stable. Occasionally, less earthquake-resistant 
buildings suffer damage to walls, and windows may break 
and fall. The distribution of various intensity values came 
from differences in the subsurface structural conditions of 
each district. 
 

5.3 SHAKING CHARACTERISTICS 
By comparing the results of the 500 questionnaires of the 

seismic intensity survey with microtremor observations (110 
single-site observations and numerous other 12-site array 
observations), we found a correlation, in which the 
subsurface area or site is seen to correspond to the soft soil 
condition (which we here define as Vs30<400 m/s) that 
exceeds the predominant period. This area corresponds to the 
thick alluvium in the coastal area of Padang. 

 
 

(b) 
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            Fig.5 Average seismic intensity 
 
The thickness of the alluvium gradually decreases in a 
landward direction from the coast. As a result, greater seismic 
intensities are observed in the coastal area and the value 
decreases from coastal to mountain areas. Important 
information from respondents’ answers were collated. The 
area was divided in two by considering subsurface structure 
condition: shear velocities Vs30<400 m/s, corresponding to 
soft soil (area 1), and Vs30>400 m/s, corresponding to the 
engineering bedrock conditions (area 2). 
The structural type, the age of building, and the number of 
floors in each of the two areas were found to be generally the 
same. However, the shaking duration was significantly 
different.  
In area 1, 96% of respondents said that the duration of 
shaking was longer than 2minutes, but in area 2, only 39% of 
respondents felt the duration of shaking to be longer than 2 
minutes. These observations support the existence of a thick 
alluvial layer that caused the prolonged shaking that most 
people living in the coastal area felt during the earthquake.  
 
6 CONCLUSIONS 
Our survey conducted in Padang consisted of (1) microtremor 
observations (single and 12-channel arrays) made before and 
after the earthquake of September 30, 2009, and (2) a 
questionnaire survey of 500 people in the Padang area. The 
central part of the city, consisting of the four districts, P. 
Utara, P. Barat, P. Selatan and P. Timur, experienced greater 
seismic intensities (5+) compared with other areas (districts) 
of Padang. 
According to microtremor observations, downtown Padang is 
underlain by soft soil conditions (Vs30<400 m/s). Consistent 
results concerning the soil condition were found based on 
predominant period observations and the questionnaire 
survey. In both cases, the coastal area was determined to have 
a soft soil conditions (Vs30<400 m/s), a longer predominant 
period, and a greater seismic intensity. 
Padang has a thick alluvial layer in the coastal area (with a 
predominant period between 2.0 and 4.2 s) that thins toward 
the mountains (with a predominant period less than 2.0 s). 
The subsurface geology also changes slowly from soft soil in 

the coastal area to rocky conditions in the mountains. The 
seismic intensity decreases from the coastal area (5+) to 
mountains ( 4+).  
These results provide critical information for making shaking 
maps, updating hazard maps, and developing disaster 
prevention countermeasures in Padang. 
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ABSTRACT: The Werribee River, groundwater and Melbourne’s 
treated sewage effluent (or recycled water) are used for irrigation 
water in the Werribee Delta. Groundwater beneath the Werribee 
delta may be contaminated by the recycled water. The mixing ratios 
of the sea, river and recycled waters in groundwater were calculated 
from water chemistry and isotopic ratio. Inland of the Werribee 
Delta the river mixing ratio was very high (70 %) and sea and 
recycled water mixing ratios were low. At the delta area, some 
borehole water had a high river mixing ratio, and others a low river 
mixing ratio and high recycled water ratio (over 60 %). Overall, at 
the delta area, half of the groundwater had a high mixing ratio of 
recycled water. The marine origin for Cl- in the groundwater was 
very limited, and was only found at the seaward boundary of the 
delta area. Origin of NO3

- for groundwater was recycled water and 
fertilizer at the delta.  
 
Keywords: Oxygen isotope, Recycled water, Sewage 
irrigation, Estimation of groundwater origin 

1. INTRODUCTION 

1.1 Study area and Purpose 

The Werribee delta area at the west of Melbourne, Victoria, 
Australia is important for growing vegetables for the city of 
Melbourne. However, because of small amount of 
precipitation in the area (average 500 mm per year [1]), the 
Werribee River, groundwater and recently treated sewage 
waters from Melbourne (recycled water) have been used for 
irrigation water. The groundwater used in the delta area is 
pumped up from 6 to 30 m in depth. A decline of 
approximately 2m in the aquifer level, and increasing salinity 
(varied from 2500 to 9000 EC) led to bans and restrictions on 
ground water use in 2003, in part to mitigate saline intrusion 
[1]. In 2004 the use of recycled water from Melbourne’s 
Western Treatment Plant began. Approximately 90 % of the 
irrigators had signed on to receive recycled water in 2008. 
Although average salinity of recycled water was 2000 EC and 
less than groundwater EC, groundwater contamination 
caused by irrigation water is a concern because the recycled 
water contains trace elements and high nitrogen 
concentrations. Therefore, in this study, origin of the 
groundwater was estimated using water chemistry including 
isotopes and influence of recycled water on groundwater was 
clarified.  

1.2 Recharge area 

The upper catchment of the Werribee area consists of Silurian 
sandstone and mudstone, Devonian granite, Permian glacial 

 
 
 

tillite, older Tertiary basalt and recent alluvial sand; the 
middle stream area consists of Pliocene basalt; and the lower 
stream area consists of recent alluvial sediments [2]. The 
basement of the middle to lower stream area is Tertiary 
sediment covered with basalt lava and recent alluvial 
sediments [3]. The Tertiary sediments are composed of sand, 
clay and gravel including older volcanics and have high water 
permeability. The recharge area of delta groundwater was 
thought to be from the mid-catchment to delta area.  

2. METHOD  

Sea, river, borehole, recycled and rain waters were studied 
from 2007 to 2010. Sea water was sampled at the delta coast. 
Borehole waters were sampled from the middle stream area to 
the delta area. The Werribee River and its surrounding river 
waters were sampled. Recycled waters were sampled from 
irrigation supply channels and drains in the delta. Rain water 
was sampled at Werribee. Temperature, pH ORP and EC 
values were measured on site using a portable instrument 
(HORIBA, pH meter D-54, 55). Samples for anion and cation 
analysis were filtered through 0.45μm filters and were 
measured using liquid ion chromatography (DIONEX, 
DX-ICS, AQ-1500 and ICS-1600). Also HCO3

- was 
measured by an acidic titration. Trace elements in the samples 
were analyzed by ICP-MS (Ultramass ICP-MS, Varian 
Australia). The oxygen and hydrogen stable isotope ratios of 
water samples were measured using a mass spectrometric 
system (Finnigan Mat Delta Plus), followed by the CO2-H2O 
and H2-H2O equilibration technique using platinum catalyst. 
The measured isotopic ratio was calculated using equation 
(1). 

1000)1/(  stx RR                                   (1) 

where Rx is the stable isotopic ratio of x，and Rst the stable 
isotopic ratio of st 

3 RESULTS 

Groundwater sampled from the boreholes at the delta is 
thought to be derived from the recycled water, the sea and 
upper stream recharge water. To estimate the origin of delta 
groundwater, sea, recycled, and river waters were analyzed. 
Geologically, the upper Werribee River catchment consists of 
hard impervious rock, and the mid–catchment is thought to be 
the recharge area for delta groundwater. River water in the 
mid-catchment was thus regarded as the recharge water from 
the upper catchment in data analysis.   
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3.1 Character of water chemistry for sea, recycled water 
and rivers 

Fig.1, 2 and 3 show the NO3
-, F-, and Cl- concentrations of sea 

water sampled in Port Philip Bay, recycled water from delta 
drains and channels, and river water sampled at the Werribbe 
River, Little River, Skelton River, Lerderderg River, Pykes 
Creek, and Toolern Creek (excluding the lower stream area). 
The recycled water has extremely high concentrations of 
NO3

- (over 100 mg/l). The mixing ratio changes with 
sampling site and sampling time and so NO3

- concentration is 
variable. A high NO3

- concentration value (100 mg/l) was 
adopted as the recycled water concentration for data analysis. 
As the NO3

- concentration of the river and sea waters, and 
most groundwater at the delta were very low, the main source 
of NO3

- is thought to be treated sewage effluent. A low NO3
- 

concentration value (0 mg/l) was adopted as the sea and river 
water NO3

- concentration for data analysis. So, NO3
- was a 

good indicator of mixing ratio of recycled water because sea 
and river water concentration were 0 mg/l. However, NO3

- for 
groundwater is contaminated by fertilizer at a farm land and 
contamination must be considered for determining mixing 
ratio using NO3

-.  
F- in the recycled water was much higher than in sea and river 
waters. The origin of F- for the recycled water was thought to 
be derived from sewage and F- is stable. So, F- was also a 
good indicator of mixing ratio of recycled water. However, as 
F- concentrations for recycled and river water were variable, 
F- was not used for data analysis.  
The sea water had an extremely high concentration of Cl- 
(19000 mg/l), relative to the recycled water (450 mg/l), and 
the river water (50 mg/l). Generally, Cl- was stable and then 
Cl- was a good indicator of mixing ratio of sea water.  
Fig.4 shows that Oxygen isotopes for the Werribee River and 
its surrounding river waters, channel water (recycled water 
before irrigation), and drain water (after irrigation). From the 
figure, oxygen isotopes were -3.3 per mil for the recycled 
water and -5.8 per mil for the middle catchment river water. 
Oxygen isotopes were generally 0 per mil for the sea water. 
-5.8 per mil for average oxygen isotope of rain water at the 
delta area was in agreement with those for the middle 
catchment river water and then oxygen isotope for the 
catchment area was thought to be -5.8 per mil. Since the 
isotopic ratio of oxygen for each type of water was different 
and oxygen isotopic ratio was stable when water reacts with 
minerals at the low temperature condition, the oxygen 
isotopic ratio was a good indicator to determine mixing ratios.  

3.2 Estimation method of mixing ratio 

First, because the Cl- concentration of the sea was extremely 
high relative to other waters, Cl- was used for determining the 
mixing ratio of sea water. The mixing ratio between sea and 
river water (recharged water) was calculated using equation 
(2).  
 

Msea1 = (Cl-sam-50)/(19000-50)*100%            (2) 
 

Fig.1 NO3
- concentration for the sea, recycled and river 

waters  

Fig.2 F- concentration for the sea, recycled and river waters 

Fig.3 Cl- concentration for the sea, recycled and river waters 
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Fig.4 Delta 18O for recycled and river waters 
 
where Cl-sam is the Cl- concentration of borehole water. The 
mixing ratio between the sea and recycled water was 
calculated using equation (3). 
 
               Msea2 = (Cl-sam-450)/(19000-450)*100%         (3) 
 
The actual value is between the Msea1 and the Msea2. The 
difference between the Msea1 and the Msea2 was very small 
and the average value was adopted.  
Nitrate (NO3

-) is also an important indicator because the sea 
and river concentrations are very low relative to the recycled 
water, and NO3

- concentration is very sensitive to the mixing 
ratio of the recycled water. The mixing ratio between the 
recycled water and river water (recharge water) was 
calculated using equation (4).  
 

Mrecy= NO3
-sam/100*100%                        (4) 

 
where NO3

-sam is NO3
- concentration of borehole water. If 

Mrecy was less than 100 %, the Mrecy value was adopted as a 
mixing ratio of the recycled water. However, when the Mrecy 
value was over 100 %, the Mrecy value cannot be used. In 
that case, the groundwater is thought to be contaminated by 
nitrogen fertilizer from farm land on the delta. When both the 
Msea and Mrecy values can be derived, all mixing ratio of sea, 
recycled, and river waters can be determined. The accuracy of 
this process was confirmed by isotope values. The difference 
between the calculated groundwater oxygen isotopic ratio 
from the determined mixing ratio of sea (0 per mil), recycled 
water (-3.3 per mil), and river water (-5.8 per mil), and the 
measured isotopic ratio was compared. When the difference 
between both the isotopic ratios was less than 2 per mil, the 
mixing ratio was fixed. When the Mrecy is over 100 % or the 
difference is over 2 per mil, mixing ratio cannot be 
determined and the limited values only were used.  

3.3 Estimation results of mixing ratio 

Fig.5 shows the mixing ratios of the sea, river and recycled 
waters for borehole water in December 2007, April 2008, July 

Fig.5 Mixing ratios of the sea, river and recycled waters for 
borehole water in December 2007, April 2008, July 2009 and 
January 2010. 
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2009 and January 2010. The river mixing ratio increased with 
the distance from the coast. Inland, where the distance from 
the coast is over 10 km, the river mixing ratio was very high 
(70 %), and the sea and recycled water mixing ratios were low. 
In the delta area, where the distance from the coast is less than 
10 km, there were two types of borehole waters. One had high 
river mixing ratio and the other low river mixing ratio. In the 
low river mixing case, the recycled water ratio was high (over 
60%), suggesting direct surface water intrusion. Some 
borehole values indicated high mixing ratio of the sea water 
in the delta area. Overall, in the delta area, half of 
groundwater has high mixing ratio of the recycled water.   
On the other hand, inland area over 10km distance from the 
coast, the analyzed mixing ratio of sea and recycled water 
were very low. Inland area, recycled water was not used and 
far from the sea. Therefore, the analyzed results were in 
agreement with the actual phenomenon. 
Fig.6 shows the mixing ratios of sea, river and recycled 
waters for borehole water with depth at the delta. The mixing 
ratio was not clearly divided by depth. The recycled water 
ratio was always high at the delta, although some borehole 
water has low mixing ratio of the recycled water. The sea 
mixing ratio increased with depth.  

3.4 Cl- and NO3
- origin for borehole water 

Fig.7 shows Cl- and NO3
- concentrations with distance from 

the coast for borehole water. Although Cl- concentration 
increased towards the coast in Fig.7, the sea water mixing 
ratio did not increase close to the coast. The increase of Cl- in 
the borehole water was not thought to be caused by salt of 
marine origin. NO3

- concentration increased near the coast 
(Fig 7) and the recycled water mixing ratio increased towards 
the coast. As the recycled water was only used for irrigation 
in the delta area and some borehole waters at the delta area 
had high NO3

- concentration, initially the origin of NO3
- in 

Fig.6 Mixing ratios of sea, river and recycled waters for 
borehole water with depth at the delta. 

some borehole water was thought to be the recycled water. 
However, on the calculation of the Mrecy, the Mrecy value 
for some borehole was over 100 % and so some borehole 
water is thought to be contaminated by nitrogen fertilizer 
from farm land on the delta. 

Fig.7 Cl- and NO3
- concentrations of borehole water with 

distance from coast. 

Fig.8 Relationship between F- and trace element 
concentrations in the borehole water. 
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In the mid-catchment area, the low mixing ratio of the 
recycled water was in agreement with low concentration of 
NO3

- concentration for borehole water. Initially, the source of 
NO3

- in the borehole water was thought to be the recycled 
water. However, as the recycled water is not used in the 
mid-catchment area, the NO3

- concentration for rivers was 
very low, and some high NO3

- concentration borehole water 
was found in that area, the high NO3

- concentration is thought 
to be caused by nitrogen fertilizer [4] . 

 

3.5 Origin of F- and metal 

Fig.8 shows the relationship between F- and trace element 
concentrations of the borehole water. The F- concentration for 
the borehole water increased near the coast and reached 1.5 
mg/l at the delta area. The F- concentrations for the sea and 
river waters were 0.5 mg/l and less than 0.3 mg/l, respectively. 
On the other hand, F- concentration for the recycled water was 
high (1 to 2.5 mg/l). Therefore, mixing of recycled water was 
thought to be important for high F- concentration. However, 
upstream of the delta area, F- concentration for the borehole 
water was also above 0.5 mg/l; in this case the increase of F- 
was caused by contact with sediments. Overall, F- origin of 
the borehole water was thought to be sewage or sediments.  
At the delta area, borehole waters with high Ni and Mn 
concentrations were found. Fig.9 shows Ni and Mn 
concentrations for the sea, recycled and river waters. Both 
metals were low for recycled and sea water and high for the 
river waters. The high Ni and Mn concentrations in borehole 
water are thought to derive from river water which infiltrated 
near the delta area (because river water recharge ratio was 
high at the delta and surrounding area).  
 

Fig.9 Ni and Mn concentrations for sea, recycled and river 
waters. 
 
 
 
 

4 CONCLUSION 

The mixing ratios of the sea, river and recycled waters in 
borehole water were calculated from water chemistry and 
isotopic ratios. Inland, the river mixing ratio was very high 
(70 %), and the sea and recycled water mixing ratios were low. 
At the delta area, some borehole water had a high river 
mixing ratio, and others low river mixing ratio with high 
recycled water ratio (over 60 %). Overall, at the delta area, 
half of groundwater has high mixing ratio of the recycled 
water.   
The origin of each analyte for borehole water was estimated 
by considering the mixing ratios of the samples. The marine 
origin for Cl- in borehole water was very limited and was only 
found in the delta area. The origin of NO3

- for borehole water 
at the delta is thought to be recycled water and/or fertilizer. In 
the mid-catchment area, fertilizer was the only NO3

- source. 
The origin of F- in borehole water is thought to be recycled 
water in the delta area, and sediments in the mid catchment. 
The high Ni and Mn concentration in borehole water is 
thought to derive from river water which has infiltrated into 
the aquifer near the delta area.  
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ABSTRACT: A lot of alien plant species invaded the fluvial 
environment. Up to now, some researchers pointed out that the 
disturbance by the flood help the invasion of alien plants. But there 
are a few studies how alien plants invade into the river ecosystem. 
Because grand-scale experiment was difficult, considering the flood 
control and water utilization of the river, the alien invasion had not 
been examined. Fortunately, we have a chance to experiment how 
the alien species invaded by using the park where the buried seed 
was removed. At the construction of the park, Sicyos angulatus must 
be removed from this area. This species make a lot of burial seed 
population, then the planner of the park removed soils 2m in depth 
and brought into clean soils from deeper area. As a result three of the 
following became clear, 1) the vegetation of the river was 
maintained by seeds flow out, 2) the seeds were supplied with rising 
of the river, 3) the duration of the seed emerging at alien plant 
species are longer than that at native plant species. The character that 
the seeds are able to emerge anytime and anywhere like the alien 
plants species are advantageous at the fluvial environment where 
rising of the river sometimes occurs. It was shown that the seed 
emergence occurred in a short term like native plant species missed 
the occupation chance. This pattern was remarkably admitted in 
spring in autumn. 
 
Keywords: Seed emergence, Invading plant, Germination 
characteristics, Native plant. 

1. INTRODUCTION 

The river law of Japan was revised in 1997. A past river law 
was aiming at the flood control and the water utilization. 
However, environmental preservation was added to the 
purpose in 1997. Law revision is received, and "Multi-natural 
river-making" has been done as a stream management that 
considers the environment. "Multi-natural river-making" 
means the river is managed for maintenance and the creation 
of a native habitat of the living thing that the river originally 
maintains and various river spectacles. The protection of the 
habitat of wildlife and the approach of the aquatic 
conservation are performed on the many site of  
"Multi-natural river-making". Many “Multi-natural 
river-makings” constructions are promoted after 1997, and 
restoration of natural condition is expected [1]. 

In “Multi-natural river-making", first of all, it is necessary 
to recover vegetation. Vegetation is recovered because of 
making the habitat of other living things, and leading to the 
recovery of the ecosystem. Three methods are given to the 
vegetative restoration [2]. First, it is a method of leaving to 
the seed scatter of around natural vegetation. Second, it is a 
method of transplanting and sowing suitable plant species. 
Third, it is a method of utilizing seed bank around there. If an 
appropriate seed source to surroundings doesn't exist, the first 
technique cannot be used. In the second technique, it is a 
 
 

problem that the selection of an appropriate plant is difficult. 
The third method is being paid attention to as a method of 
making use of the potential, natural recovery power in the 
region [3]. However, the fluvial environment is a hard 
disturbance area, and the transportation power of earth and 
sand is also large. Therefore, the examination which 
technique was suitable had not been done. 

Moreover, another big problem exists for the vegetative 
restoration of the fluvial environment. It is a disturbance of 
biodiversity by the invasion of the alien plants. Rising forms 
the bare land in the river area. The bare land is formed 
frequently. The bare land can be invaded at any time by the 
plant with a life history of ruderal species. The invasion of an 
alien plants have been diminishing the biodiversity at the 
river condition. Especially, the alien plant that invades the 
fluvial environment brought in to Japan by the seed medium. 
Therefore, genetic diversity is very high which adjusts easily 
to the each invading environment [4]. Moreover, many alien 
plants brought in exotic area without their disease or natural 
enemy at all. Therefore, the activities of them tend to be high 
more than native species [5]. 

The Ministry of Land, Infrastructure and Transport that had 
such a problem founded the vocational training center named 
“The School in the Yada River Waterside” using 
“Multi-natural river-making” in Yada river at central Japan. It 
gropes for shape that the biodiversity can be maintained when 
the diversity of the river is created in this facilities, and 
vegetation restoration is done. Then there were seeds of Sicyos 
angulatus, the species notorious alien species, in this area. So 
to recover the rich biodiversity of the river, all the surface soil 
with burial seeds was buried under the depth of 2m, and the 
buried soil under the 2m depth of there with no seed bank was 
covered over there.  

Then, it was investigated how the vegetation restoration of 
the river was done in the “Multi-natural river-making”. 1) 
Where is the seed supplied when the buried seed doesn't 
exist? 2) When do the seeds of many kinds of species invade 
into the bared area? 3) Is there a difference in the method of 
the invasion in the alien and native species? It was paid 
attention to these three points, and analyzed. 
 

2. MATERIALS AND METHODS 

2.1 Study site 

The study was carried out on a left bank of the Yada River 
at Joganji, Nagoya City (35o 12’ 58’’N, 136o 55’ 2’’E, 
altitude 9 m).  Yada river is a urban river in the Shonai River 
water system of the extension 23km and 115 km2 in the valley 
area. The putting substitution construction of the river 
channel was done in 1932. Today’s Yada River is a circle belt 
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placed between Shonai river and Yada River until the 
beginning of the Showa era. Because this region had 
frequently received the flood damage, Yada River put up to a 
present river channel and was substituted by repair work. 

At the study area, the biotope creation business was done in 
2008. This biotope is named “The School in the Yada River 
Waterside”. It is a place of the activity of children's 
environmental study and nature experiences now. 

2.2 Vegetation area analysis 

The region was made land with a cleared surface as a business 
in 2007, and the buried seed was removed from this area. 
Then, it took 8 pictures of the entire study area from April to 
December in 2007. We divided the study site 200 meshes (2m 
x 2m) using the pictures. The class of each vegetation rate of 
four ranks was installed, and we analyzed it at the time of 
passing. The rank of the vegetation rate ranging 0~9% is 
assumed as A, and 10~89% is assumed as B and 90~100% is 
assumed as C. The part of starting constructing was assumed 
D rank, and excluded from the analysis. We divided each 
mesh into the three categories depending on a place, the 
outside, the inside, and the waterside, and analyzed it at the 
invasion season using Tukey-Kramer test. 

2.3 Seedlings emergence census 

The biotope was made in the investigation place at February 
in 2008, where all the buried seeds were removed from the 
soil within 2m in depth. For seedling emergence census, 10 
quadrats (80 x 50 cm) were set at every 5 m in waterside part, 
low water bed part, and high water bed part on the 
hydrophilicity shore protection slope. The total area was 
12m2. The species of emerging seedlings was identified by 
comparison with the seedling specimen which had been 
prepared by germinating the collected seed under laboratory 
conditions. The recorded seedlings were checked by pigment 
ink. Census was carried out from April 5’2008 to May 
20’2009 at 2 weeks intervals except for the summer and 
winter season when no emergence was observed in the 
preliminary inspection. Unidentifiable seedlings constituted 
only less than 1% of the total seedlings recorded during the 
study period except grass family. Using this data, it was 
compared the duration of seedling emergence between alien 
and native plants by Mann-Whiteney test. 

3. RESULTS 

3.1 Spatial patterns of seedling emergence 

In April 2007, there was no vegetation area in the study site. 
The invasion of the plant body started gradually in May, and 
the vegetation rate of all the meshes exceeded 10% in July 
(Fig. 1). Vegetation area was increasing from May to August, 
and was decreasing from September to November.  
 In order to clarify the invasion part of the bared area by the 
seedling, the study area was divided study site into three 
sections, I is water site part (upper edge in Fig. 1), II is inside 
part (all the mesh except outline mesh in Fig. 1), III is outside 
part (edge mesh except upper edge in Fig. 1).  It was 

compared the time that each part reached B rank by 
Tukey-Kramer test. There were some significant differences 
among three parts.  I part was occupied by invading plants 
earliest (t = -7.55, P < 0.001 compared II, t = -5.05, P < 0.001 
compared III). And II part was invaded by plants later than III 
part (t = -3.08, P < 0.01). It was also compared the time that 
each part reached C rank by Tukey-Kramer test. There was no 
significant difference between I part and III part. But II part 
was the latest area occupied by invading plants among all 
parts. There were significant differences between II part and I, 
III parts (t = -3.08, P < 0.01 compared I, t = -5.14, P < 0.001 
compared III). 
  

April September
A A A A A A A A A A A A A A A A A A A A C C C C C C C C C B C B B C B B B B B B

A A A A A A A A A A A A A A A A A A A A C C C C C C C C C C C B B B C B B B B B

A A A A A A A A A A A A A A A A A A A A C C C B C C C C C C C C C B C C B B C B

A A A A A A A A A A A A A A A A A A A A C C C B B B C C C C B B B B B B B B C C

A A A A A A A A A A A A A A A A A A A A C C B B B B B B C B B B B B B C C B C C

A A A A A A A A A A A A A A A A A A A A C C B B C C B B B B B C B B B B B B C C

A A A A A A A A A A A A A A A A A A A A C B B B C C C C B B B B B B B B C B C C

A A A A A A A A A A A A A A A A A A A A C B B B C C C C B B C C B B C C C C C C

A A A A A A A A A A A A A A A A A A A A C B B B B C B B C C C C B B B C C C C C

A A A A A A A A A A A A A A A A A A A A B A A B B B C C C B C B B B A C C C C C

May Octover
B B B B B B B B B B B B B B B B B B B B D D D D D D D D D D D D D D D D D D D D

B A A A A A B A A A A B A A B B B A A B D D D D D D D D D D D D D D D D D D D D

A B B A A A A A A A A A A A A A A A A B D D D D D D D D D D D D D D D D D D D D

B B B A A A A A A A A A A A A A A A A B B D D B B D D D D D D D D D D D D D D D

B A A B A B B A B A A A A A A A A A A B C B B B B B B B D D D D D D D D D B D D

B B B B B B A A A A A A A A A A A A B B C B B B C C B B B D D B B B B B B B D D

B B B A A B A A A A B B A A A A A A A B C B B B B C C B B B B B C C B B B B D D

B B A A A A A A A A A B B A B B A B B B C B B B B B C B B B B B C C B B B B D B

A A A A A A A A A A A A A A B B B A B B C B B B B B C B C B B B B C C B D D D B

B B A A A A B B A A A A A A B B B A B B C B B B B B B B B B B C B B C C B D D B

July November
B B C C C C C C C C C C C C C B B B B B D D D D D D D D D D D D D D D D D D D D

B B B B B B B C B B B C B B B B B B C B D D D D D D D D D D D D D D D D D D D D

B A A B B B B B B B B B B B B B B C B B D D D D D D D D D D D D D D D D D D D D

B B B B C B B B B B B B B B B B B C B C D D D B D D D D D D D D D D D D D D D D

B B B B B B B C B B B B B B B B C C B C D B B B B B D D D D D D D D D D D D D D

B B B C B C B B B B B B B B B B B C B C B B B B B B B B D D D D B D D D D D D D

C B B B B B B B B B B C C C C B C C C C B B B B B B B B B D D B B D D D D D D B

C C B B B B B B B B C B C C B B C C C C B B B B B B B B B D D B B D B D D D D B

C B B B B B B C B B C C B C B C C C C C B B B B B B B B B B B B B C B D D B D B

C C C C B C C C B C C C C C C C C C C C C B B B B B B B B B B B B B C D D B D B

August December
B B C C C C C C C C C C C C C C C C C C D D D D D D D D D D D D D D D D D D D D

B B B B B B C C B B C C C B B C C B C C D D D D D D D D D D D D D D D D D D D D

B B B B B B B B C B B B B B B B C C B C D D D D D D D D D D D D D D D D D D D D

C B B C C C C C B C B B C B B C C C B C D D D D D D D D D D D D D D D D D D D D

C B B C C C C C C B C B C B B B C C C C D D D D D D D D D D D D D D D D D D D D

C C C C C C C C C B B B C B B B C C C C D D D D D D D D D D D D D D D D D D D D

C B B B C C C C C C B C C C C C C C C C D D D D D D D D D D D D D D D D D D D D

C C B B B C B C C B C C C C C C C C C C D D D D D D D D D D D D D D D D D D D D

C C C B B B C C C C C C C C B C C C C C D D D D D D D D D D D D D D D D D D D D

C C C C B B C C C C C C C B C C C C C C D D D D D D D D D D D D D D D D D D D D  

3.2 Temporal patterns for seedling emergence 

The temporal patterns for each species were shown in Fig. 2-4. 
Fig. 2 showed the patterns of high water bed part seedling 
emergence that over three seedlings were observed. Here it 
was observed the significant difference of seedling 
emergence duration in spring between alien and native plants 
(U=22, N=21, P<0.05 in spring). But there is no significant 
difference of seedling emergence duration in autumn between 
alien and native plants (U=28.5, N=16, P=0.87). Fig. 3 
showed the patterns of low water bed part seedling emergence 
that over three seedlings were observed in the census quadrats. 
Here also it was observed the significant difference of 
seedling emergence duration in 

Fig. 1. Seasonal patterns of invade bared area by seedling 
emergence. Each rank showed vegetation rate, A rank is 0~9% 
A, B rank is 10~89% B, C rank is 90~100% C. Upper side is 
water area. D rank is construction part D 
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spring between alien and native plants (U=8, N=15, P<0.05). 
And also, there was no difference in autumn in low waterside 
bed (U=10, N=12, P=0.305). Fig. 4 showed the patterns of 
seedling emergence that emerged four seedlings at waterside 
part in census quadrats. Most species emerged in spring or 
autumn. There was no difference of seedling emergence 
between alien and native plants (U =36, N=22, P=0.103 in 
spring, U=8.5, N=11, P=0.274). 

In high water bed part, 35 alien species were observed in 10 
quadrats, and total seedling number was 2232. And 35 native 
plant species were observed and total seedling number was 
4753 (90% of the seedlings emerged in autumn). Total native 
seedling number is superior to those of alien plants.  And the 
vegetation survey was done where more than 50% vegetation 
cover was some alien plants. This shows that the established 
rate of the seedling of the alien plant is higher than that of a 
native plant. Though it was 

 

from a month to 2 months that emergence of the native plant 
species in spring, alien plants seedling emerged in the study 
site during 2 to 4 months. Especially seedlings of Erigeron 
species were emerged from April 2008 to May 2009 except 
August 2008.  

In low water bed part, seedlings of 39 alien plants species 
and 35 native plants species were observed. And the number 
of seedlings was almost same, total seedling number of alien 
plant species was 2891 and that of native plants is 2614. 
Almost of observed seedlings of native plants emerged in 
autumn. Compared with native plants, the seedlings of alien 
plants emerged both in spring and autumn. In the low water 
bed part, seedlings of Trifolium repens emerged very long 
time from April 2008 to April 2009 except August and 
September. Compared with alien plants, native plants 
emergence occurred in spring or in autumn. The short time 
emergence patterns of native species were observed. More  
 

Fig. 2.  Seasonal patterns of seedling emergence from April 
2008 to May 2009 at high water bed part. Shaded histogram 
showed alien plants, open histogram showed native plant 
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than 80% of the vegetation cover was composed by alien 
plants in spring 2009.  
 In waterside part, the seedlings of 36 alien plants species 
and 49 native plants species were observed. The total seedling 
numbers were 4333 in alien and 3458 in native plants. In this 
part, the more than 50% vegetation cover was composed of 
native plants. The kinds of alien plants species is lower than 
that of native plants species compared with the other parts. 
Alien plants emerged through a year, especially T. repens and 
Erigeron species, there was not serious invasion by alien 
plants observed.  

4. DISCUSSION 

Recently, the weed risk assessment (WRA) is paid attention 
as a risk evaluation system of the species before alien species 
intentionally introduces into Japan. In Australia the operation 
results of the WRA system have exceeded ten years [6]. 
Because the damage of the exoticism to biodiversity has 
become the largest problem worldwide, the WRA begins to 
be used also in Japan [7]. In the WRA, there is a check item 
concerning the item concerning a character of ruderal strategy. 
Actually, the invasion of alien species with ruderal strategy 
become a big problem in Japan.  

 
 
Especially the invasion of alien species in the river system 
where continuous disturbance of each rainfall occurred is the 
serious problem [8]. 

From 1997 many biotopes have been constructed 
everywhere in river by using “Multi-natural river-makings” 
by the Ministry of Land, Infrastructure and Transport. In 
every biotope there is the problem of alien species more or 
less. Eragrostis curvula, Coleopsis lanceorata and S. 
angulatus invade biotopes and cause a serious situation to 
modify vegetation [9]. These plants were positively 
introduced for preventing sand erosion and greening in the 
slope. The seeds amount of E. curvula was 30689 kg per year 
from 1991 to 2000 in Japan (from the Ministry of Agriculture, 
Forestry and Fisheries materials). The regeneration of these 
species has succeeded and a huge amount of seeds have been 
supplied by Rising water level. It is known that it depends 
whether the alien species can invade on existing plant 
varieties [10] [11].  

The biotopes by using “Multi-natural river-makings” had 
no vegetation cover when biotope constructions were 
completed. And there was no seed bank in the new biotopes, 
because the necessity for preventing the alien species 
invasion was requested in The Invasive Alien Species Act 
from 2005. There are many burial seeds of invasive alien 

Fig. 3.  Seasonal patterns of seedling emergence from April 
2008 to May 2009 at low water bed part. Shaded histogram 
showed alien plants, open histogram showed native plant 
seedling emergence. 
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plants species in every river. Then the construction must be 
done without many burial seeds.  
 Where is the seeds carried when the construction of the 
biotopes without burial seeds was done? A rising of river 
always transports the seeds. Fig. 5 shows the line of seeds 
dispersal where the seeds of L. juncea var. subsessilis 
emerged along the water level of the rising. Always seeds 
have been transported by rainfall. But the intensity of plant 
invasion was different according to the season. In Japan, 
summer season is too hot when the survival rate of seedlings 
is low. And also winter season is too cold when the seedlings 
cannot survive for freezing [12]. Most emergences occurred 
in both spring and autumn. The seeds of native species 
emerged very short duration in spring, and relative long 
duration in autumn. Compared with native species, the alien 
species emerged for very long time both in spring and  

 
 

 
 
 
 
 
 
 
 
 

Fig. 4.  Seasonal patterns of seedling emergence from April 2008 
to May 2009 at waterside part. Shaded histogram showed alien 
plants, open histogram showed native plant seedling emergence. 

Fig. 5. Seedlings line 
of Lespedeza juncea 
var. subsessilis. The 
dark green color plants 
grows along to the 
dashed line. 
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autumn. In the disturbing area as river, the long time 
emergence is very advantageous strategy. Then it is necessary 
to complete biotope construction in summer if we hope so 
that native plants may become dominant species. After 
summer, the seedlings of both alien and native species 
emerged for long time, from 2 to 4 months. The native plants 
have an opportunity to dominate in the biotopes. The current 
biotope constructions were often completed in March for the 
accounting system of Japan. Then most of the new biotopes 
were occupied by alien plants species. The study shows the 
reason of the alien plants invasion. Alien plants can easily 
invade a new bared area because of the possession of the 
ability extended germinating periods. And results also 
suggest that the construction of biotope by using 
“Multi-natural river-making” should be finished until 
summer. When the construction was finished until summer, 
there would be a same chance to invade in both alien plants 
and native plants. 

5. CONCLUSION 

1) In the river system, seeds were mainly carried when the 
river rises. The seeds were carried from the embankment 
slope to the high water bed part and low water bed part by the 
rainfall.  
2) In spring the amount of seedlings of alien plants was larger 
than that of native plants at bared area. In autumn the amounts 
of seedling of both native plants and alien plants at open area.  
3) There are some differences of invasion methods between 
alien and native species. The strategy of alien plants is 
longtime seedlings emergence in spring. The strategy of 
native plants is the short time seedling emergence to survive 
in spring, and the long time seedling emergence to find safe 
site in autumn. 

6. ACKNOWLEDGMENT 

We wish to thank the member of Ministry of Land, 
Infrastructure and Transport Shonai River Office for research 
support and permission to work in the river. We also thank the 
members of our laboratory for their assistance in the field 
works. 

7.  REFERENCES 
[1] Shimatani Y, “Conservation and restoration of the River environment,” 

Kashima-shuppan, 2000. 
[2] Van der Valk AG, Pederson RL, “Seed Banks and the Management and 

Restoration of Natural Vegetation,” Ecology of Soil Seed Banks, Leck, 
Parker, Simpson, Eds. Academic Press, 1989, pp. 329-346.  

[3] Imahashi M, Washitani I, “Examination of possibility of a river flood 
meadow restoration that uses seed bank,” Conservation Ecology 
Research, vol. 1, 1996, pp.145-146. 

[4] Masuda M, “Invasion of alien plant: Status of Coreopsis lanceolata  L. 
in Japan,” Annual Journal of Engineering, Ehime University, vol. 21, 
Mar. 2000, pp.245-251. 

[5] Washitai I, “Management of alien plants,” Conservation Ecology 
Research, vol. 5, 2000, pp. 184-185. 

[6] Pheloug PC, Williams PA, Halloy SR, “A weed risk assessment model 
for use as a biosecurity tool evaluating plant introduction,” Journal of 
Environmental Management, vol. 57, 1999, pp. 239-251. 

[7] Nishida T, “Weed risk assessment-mainly in Australia and New 
Zealand,” Ecology of Agriculture and Weed, Plant Species Biology 
Society, Ed. Bunichisogo, 2007, pp.121-136. 

[8] Myers JH, Bazely DR, “Ecology and control of introduced plants,” The 
Press Syndicate of the University of Cambridge, UK, 2003. 

[9] Ministry of Environment, “List of regulated living organisms under the 
Invasive alien species act,” materials of  Ministry of Environment, 
2011. 

[10] MacDougall AS, Boucher J, Turkington R, Bradfield GE, “Patterns of 
plant invasion along an environmental stress gradient,” Journal of 
Vegetation Science, vol. 17, 2006, pp. 47-56. 

[11] Maskell LC, Bullock JM, Smart SM, Thompson K, Hulme PE, “The 
distribution and habitat associations of non-native plantspecies in urban 
riparian habitat,” Journal of Vegetation Science, vol. 17, 2006, pp. 
499-508. 

[12] Masuda M, Washitani I. “A comparative ecology of the seasonal 
schedules for ‘reproduction by seeds’ in a moist tall grassland 
community,” Functional Ecology, vol. 4, 1990, pp. 169-182. 

 



 

443 
 

 

Fig.2  Location of  the Irrawady 
river  basin in Mynanmar 

 

ABSTRACT: In the lower and middle river basin of the Ir-
rawaddy, the river is very easy to reform channels and 
channel beds on the part of meandering direction during se-
vere monsoon seasons. We measured meandering index re-
garding to topography, and revealed change rate of mean-
dering index during last 60 years. We classified four zones 
considering to geomorphologic units, as following; Zone A in 
the middle basin of the Irrawaddy, Zone B and Zone C in the 
lower basin of the Irrawaddy, Zone D in delta. In our research 
result,  Zone A and D are stable channels, while Zone B and C 
are unstable channels and easily to move the meandering 
pattern. 
 
 Keywords: Meandering index, channel change, river gradi-
ent, Irrawaddy  

1. INTRODUCTION 

Flood plain formations result from the long-term cumulative 
action of the flow, erosion and depositional process and the 
meander process will be considered in this paper. It should be 
convenient that the surface geomorphology and geomorpho-
logic process are clarified in the engineering work for the 
conservation the flood plain because the flow properties and 
sediment transport are constructed the flood plain topography. 
However, in many high energy, fluvial regimes from indi-
vidual floods should be so great in this paper. The influence 
of recent and contemporaneous flooding in sculpting the 
flood plain cannot be ignored Schumm and Lichty(1963). 
Even in the fluvial system, cumulative changes in channel 
pattern and flood plain morphology are often great enough to 
require their incorporation into engineering design and 
long-term environmental changes. The evolution of channel 
plan form commonly depends sensitively on local boundary 
conditions. This is particularly true of flood chute develop-
ment, meander cutoffs, creation and abandonment of braid-
ed-channel anastomoses. The fluvial behavior suggests that 
even the retail process should be predictive for future long 
period. Flood plain morphology is generally classified by the 
associated channel plan form each type Lewin(1987). Nanson 
and Croke(1992) also classify flood plains by the combina-
tion of sedimentary environment and formative process.  The 
Irrawaddy delta has the common flood plain morphology, in 
monsoon Asia. Yonechi and Win Maung(1986) defined pre-
sent an outline of the anastmosing river of the upper Irra-
waddy and quantitative features of channel patterns. However, 
in the middle and lower basin of the Irrawaddy, has not been 

 
 

clarified by channel pattern changes. The channel patterns of 
this study area is classified,  
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Table.1 Profile of the Irrawaddy  

Length 2010km 

Basin 415700km2(Bender,1983)

Discharge 13000m2/s(at Saiktha)

                             max  32,600m3/s

                             min  2300m3/s

                 (River regime cofficient: 14.2)
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has been impacted by the several channel pattern changes and 
heavy rainfall epoch.(Fig.1, 2 and Table.1) 

2.  OBJECTIVE AND METHODOLOGY 

A fluvial process of the Irrawaddy river should be discussed 
with the recent environmental changes caused by vegetation 
changes. Therefore, we try to analyze a lateral migration in 
the lower and middle basin of the Irrawaddy, where is flowing 
from Mandalay intermountain basin to the mouth of river. 
Therefore, we propose the following methodology, as shown 
in Fig.3. In our experiments, the river gradient classification 
map of the Irrawaddy and land relief structure map, were 
prepared by using SRTM elevation data.  
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Fig.4 Geomorphologic units by river gradient and knick points with village name  
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Next the GAIHOUZU provided by the Japanese army in the 
1940s were prepared. Then, satellite imagery taken in 2000s 
were prepared for geomorphological land classification along 
the Irrawaddy. Moreover, the authors measured a meandering 
index of river condition in 1940s and 2000s, and we used the 
definition in Suzuki’s method Suzuki(1998), to quantify a  
river formation and recent channel changes. Finally , we 
compared the index in 1940s with the index in 2000s. 
2.1  SRTM  
A digital elevation model(DEM) is important ancillary data to 
extract geomorphological information by remote sensing. 
Especially, Shuttle Reader Topography Mission(SRTM) data 
are suitable for analyzing topographical units. SRTM ac-
quired on the flight in 2000. SRTM-3 data(90m spatial reso-
lution) and SRTM-30 (900m spatial resolution)  were used to 
generate a river gradient map 
2.2 MEANDRING INDEX 
Suzuki(1998) defined the meandering index is expressed as 
follows.  
 

ሺaሻ		Meandering	IndexሺMIሻ ൌ ୡ୦ୟ୬୬ୣ୪	୪ୣ୬୲୦

ୢ୭୵୬୴ୟ୪୪ୣ୷	୪ୣ୬୲୦
  

 
We measured MI between Mandalay intermountain basin and 
the mouth of river, with calculation intervals in the each 5km 
of the main Irrawaddy, considering to the suitable for mean-
dering index in our study. The MI was defined by Suzuki’s 
method. 
 

3. RESULTS 

3.1 Geomorphologic units 
Results in our experiments are as follows. Geomorphologic 
units were divided in eleven sections and eight knick points 
between Mandalay intermountain basin and the river mouth 
for 1,000km. In the view of the geomorphology, delta has two 
knick points and inclination of river bed is the gentlest, such 
as river gradient of (9)inland of delta is 1/23,000, (10)front of 
delta is 1/38,000 and (11)estuary is 0m area above sea level. 
There are the knick points showing remarkable convex curves 
refer to Fig.4. In the lower basin, there are five knick 
points.The knick points are showing the convex curves of the 
river bed inclination in hilly area between (3)hilly areaⅠand 
(5)hilly areaⅢ. These areas are steeper than the other area, 
especially (3)hilly areaⅠis the steepest area that gradient is 
1/9,000. The river gradients in the lower basin are 1/11,000 in 
(4)hilly areaⅡ, 1/11,000 in (5)hilly areaⅢ, their are steep. 
The inclination of other area, such as (6)gorge, (7)small val-
ley plain and (8)top of the alluvial fan are gentler than hilly 

area. The terminal knick points has concaved curve in the 
middle basin on (2)valley plainⅡ .The river gradient of 
(1)valley plain Ⅰ is 1/16,000, and (2)valley plain Ⅱ  is 
1/14,000. The river inclination is gentle again. 
3.2 Comparing the meandering index between the 1940s 
and 2000s 
We measured MI of 1940s and 2000s in our study. We re-
vealed the above two MI value and eleven sections by lanking 
of the geomorphologic units, refer to Fig.6.We calculated the 
average of meandering index per eleven sections, and calcu-
lated change rate of MIs between 1940s and 2000s. The river 
deposition, erosion and equilibrium systems should be de-
fined by river bed formation. These systems are important 
factor for considering to channel changes. There are four 
segments between Zone A and Zone D. Zone A is (1)valley 
plainⅠand (2)valley plainⅡ . Zone B is (3)hilly areaⅠ , 
(4)hilly areaⅡ  and (5)hilly areaⅢ . Zone C is (6)gorge, 
(7)small valley plain and (8)top of the alluvial fan. Zone D is 
(9)inland of delta, (10)front of delta and (11)estuary, con-
sidering to geomorphologic units.  
Zone A; Zone A is showing a erosional system. MI of 
(1)valley plainⅠ is 1.20, and (2)valley plainⅡ is 1.06. The 
change rate of MI between the valley plainⅠand Ⅱ, are 0.0% 
and Zone A is the gentlest river slope.  
Zone B; Zone B where the Irrawaddy joints the Chindwin 
river that is tributary of the Irrawaddy, is high change rates of 
the MI, such as (1)hilly areaⅠ is  -6.1 % and (2)hilly areaⅡ 
is 8.0%, that are the highest degree in the other zones. Zone B 
is showing a erosion and deposition system, in the same area.  
Zone C; In the Zone C, the value of MI is the lowest all of the 
zones. The MI of (6)gorge is 1.06, (7)small valley plain is 
1.08, and (8)top of alluvial fan is 0.99, because the river 
channel is linear or straight. Zone C is showing a equilibrium 
system. The change rates of the MI of (6)gorge is -1.09%, 
(7)small valley plain is 1.08% and (8)top of the alluvial fan is 
0.99%, these degrees are the lowest in other zones. 
Zone D; MI of (9)inland of delta is high degree of 1.29 in 
1940s and 1.33 in 2000s, and change rate of meandering 
index is also high 3.0%. (10)Front of delta is most meander-
ing area that meandering degree of 1.43. Change rate of MI of 
(10)front of delta and (11)estuary, are 0.7% and 0.0% in 
respectively. Zone D is showing a deposition system. 

4. CONCLUSION 

The change rate of MIs in Zone B and Zone C are high, and 
the inclinations of river bed are steep. Especially Zone B is 
the highest degree of change rate and river inclination. Zone 
B and Zone C have indicated that the river channel are un-
stable that the channel moves easily the meandering patterns, 
especially Zone B is the most easily moving the meandering 
pattern, because river inclination are steep. While change rate 
of MI in Zone A and D, are very low, and the river inclination 
in gentle. In Zone A and D, change rate of MI are low, and 
suggested that their channels are stable. In this study, change 
rate of MI is usually affected by inclination of river bed. 
Change rate of MI originated of flood occurrence. 

(2) (1) 

Table.2  Legend(Fig.4) and river gradient 
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ABSTRACT: The damage by tsunami deposit generated by an 
earthquake on 11 March 2011 widely extended in the coastal area of 
Tohoku distinct. From the field research and the measurements in 
Minamisoma city it in northeast area of Fukushima prefecture, two 
kinds of tsunami deposits, sandy and muddy type deposits were 
observed. The muddy deposit whose particle size was small was 
distributed the area which is relatively far from a shoreline. The 
particle density of this deposit was small and the organic matter 
content was very large. The sandy deposit whose particle size was 
large observed in the area near the shoreline. The particle density of 
the deposit was very large and the hydraulic conductivity of the 
deposit was large although their bulk density was large. From the 
approximation of the shape of the tsunami inundated area and the 
bulk density and the thickness of the deposits, the amount of the 
deposit was estimated 124,000 m3 in volume and 193,000 Mg in dry 
mass. The comparison between the two areas whose distance is 
3,000 m suggested that the condition of the deposit (e.g. the 
thickness of the deposit) was different even if the areas were 
adjoining. 
 
Keywords: tsunami deposit, particle size distribution, particle 
density, organic matter content, electric conductivity, total 
amount of deposit  

1. INTRODUCTION 

The effect of the large tsunami, which was generated by an 
earthquake on 11 March 2011, extended in wide region of 
Tohoku distinct, Japan. From the GIA report ([1]), the 
estimated area of tsunami inundated field reached 
560,000,000 m2, and many farming areas and farmlands were 
included in the inundated area. MAFF reported the result that 
the damaged farmlands were 240,000,000 m2 in area. Quick 
reconstruction and restoration of the damaged farmland have 
been strongly expected.  

The effect of tsunami on farmland is classified in three 
categories, (i) damage by soil salinization caused by 

 
 

infiltration of sea water into the soil, (ii) deterioration of the 
soil physical, chemical and biological properties by 
deposition and (iii) erosion of surface soil by tsunami ([2]), 
and these effects are combined in some cases. The damage by 
tsunami deposition would be large especially in the coastal 
area. To select the method of reconstruction of the damaged 
farmland by tsunami deposit, information about not only the 
amount of the deposits but also its properties is considered to 
be very important. The change of the properties of the soil 
below the deposit is also needed to be understood before the 
treatment of damaged farmlands because the deposition of 
earth and sand could compress the surface soil of the 
farmland and the chemical materials eluted from the deposit 
could infiltrate into the soil,  
The purpose of this study is to clarify physical and chemical 
properties of tsunami deposit and farmland soil below it in 
northeast area in Fukushima prefecture where the damage of 
the tsunami brought by the Tohoku-Kanto earthquake was 
serious.  

2. SITES AND METHODS 

2.1 Research Sites 

The field research was carried out in two areas, Kashima and 
Shibusa in Minamisoma city located in northeast part of 
Fukushima prefecture (Fig.1). The shoreline of these areas 
runs north and south, the wave direction of tsunami was west. 
The tsunami reached 3,200 m in Kashima and 2,500 m in 
Shibusa. Three sites in Kashima (K-1, K-2 and K-3) and two 
sites in Shibusa (S-1 and S-2) were selected for the 
measurements. These sites had been used as paddy fields 
before the tsunami event. At each site a sampling pit, which is 
0.35 m (K-1 and S-1) or 0.25 m deep, 0.50 m wide and 0.50 m 
long, was dug to investigate the profile of the deposit and the 
soil.  
The field survey was conducted on 17 June 2011, 3 months 
after the tsunami event. The total amount of precipitation 
between the tsunami event and the survey was calculated to 
be 230 mm from AMeDAS data in [3]. 

2.2 Sampling and Measurements 

Thickness of the deposit was measured by observation of the 
profile of the sampling pit. Disturbed and undisturbed 
samples were taken from the profile. The undisturbed sample 
was taken by the 100 cm3 core sampler with 5.0 cm in 
diameter and 5.1 cm in height.  
Particle size distribution was determined by hydrometer 
method (< 0.106 mm) and sieving (> 0.106mm) after 
decomposition of organic materials by hydrogen peroxide 

Physical and Chemical Properties of Tsunami Deposit in Northeast Area in 
Fukushima Prefecture after Tohoku-Kanto Earthquake 
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(referring JIS A 1204). Water content and bulk density of the 
sample was measured by oven dry (105 °C, 24 hours) with the 
disturbed and undisturbed sample, respectively. Particle 
density of the disturbed sample was determined by 
pycnometric method (JIS A 1202). Ignition loss, which 
indicated the content of organic matter, was calculated from 
the difference between the weight of the oven dried sample 
and that of the sample heated to 800 °C for 3 hours in a muffle 
furnace. Saturated hydraulic conductivity of the undisturbed 
sample was determined by falling-head method. A water 
extract was obtained from 4 g of the sample with 20 g 
deionized water (1:5 method) and electric conductivity (EC) 
of this extracts was measured. Concentrations of chloride ion 
and sulfuric ion were analyzed by IC (detector: CDD-10Avp, 
SHIMADZU) for the extracts filtrated by 0.22 m filter. The 
measurements of particle size distribution, EC and anion 
concentration were made for the samples only in Kashima. 
The replication of the measurement was one for particle size 
distribution, EC and anion concentration and two for other 
properties. 

3 RESULTS AND DISCUSSION 

3.1 Thickness of the Tsunami Deposit 

 In Kashima the thickness of the tsunami deposit decreased 
with distance from the shoreline as some literature ([4]-[6]) 
reported (Table 1). Muddy deposit was observed in at K-3 
whose distance from shoreline was most large. The 
observations of such muddy deposit (such as, surface muddy 
deposit layer or muddy caps in [7] - [9]) have been also 
reported. The thickness of the deposit in coastal area became 
larger because the large fall of velocity of the tsunami in this 
area promoted the deposition of including earth and sand 
carried from sea bed. In Shibusa, on the other hand, the 
surface deposit layer of S-2, which is closer to the shoreline, 
was thicker than that of S-1. Some reports ([4],[10]) observed 
no clear relationship between the distance from a shoreline 
and the thickness of tsunami deposit and it is explained in 
term of the change in water flow velocity and direction by 
microtopography ([5], [11]), deposition and erosion by the 

outflow or the second and third inflow ([12], [13]). When the 
tsunami ran up to the field so fast and the water volume of 
tsunami is so large, the deposition may not occur at the 
coastal area because of its large transport ability. The 
thickness at S-1 was different from the average of those of 
K-1 and K-2 although the distance of S-1 from the shoreline is 
close to the average of those of K-1 and K-2. It is suggested 
that the condition of the deposit considerably largely varies 
between two areas whose distance is only 3,000 m.   

3.2 Particle Size Distributions of the Deposit in Kashima 

The particle size distributions of the surface deposit (0 – 0.05 
m depth) at each measurement site in Kashima shown in 
Fig.2(a). The deposit at K-3, whose distance from the 
shoreline is largest, was smaller (D50 = 0.04 mm) than those at 
K-1 (D50 = 0.2mm) and K-2 (D50 = 0.3 mm). And especially, 
the sand fraction at K-3 was remarkably smaller. However, 
the particle size of the deposit of K-2 was larger than that of 
K-1, and a clear relationship was not observed between the 
distance from the shoreline and the particle size. These results 
of the relationships between the distance and the particle size 
agree with that obtained in [9], [14]. In [14] it was found that 
the coarse fraction (very coarse and coarse sand) of the 
deposit decreased with the distance although the range of the 
fine fraction (fine sand) with the distance was narrow. It is 
considered to be effective to clarify the spatial variability of 
the particle size classified into two or three parts (e.g. course 
fraction, fine fraction and muddy fraction).  
The particle size of the deposit increased with depth at K-1 as 
[8] and [9] reported. This particle size distribution in the 
direction of depth is considered to be a result of the difference 
of the settling velocity related with the particle size as shown 
in Stoke’s law. This particle size distribution in the direction 
of depth would become clearer with the passage of the time 
because the surface deposit will roll up and settle again and 
again in the ponding condition after heavy rain. The deposit at 
K-1 surface included about 10 % of fine fraction (< 0.1 mm), 
which suggested that the muddy deposit was mixed in the 
deposit at coastal area even if the deposit was judged to be 
sand deposit by observation. 

K-1 K-2 K-3 S-1 S-2

Kashima Shibusa

141゜ 0 ´28″ 140゜59 ́ 46″ 140゜58 ́ 51″ 141゜ 0 ´56″ 140゜59 ́ 55″Latitude

37゜41 ́ 29″ 37゜41 ́ 49″ 37゜41 ́ 59″ 37゜38 ́ 15″ 37゜38 ́ 28″Longtitude

Distance from
shoreline (m) 300 1300 2700 700 2200

Thickness of  deposit (m)
maddy deposit
sandy deposit

-
0.05

-
0.25

0.05
0.05

0.05
-

-
0.10

Table 1  Location and thickness of the tsunami deposits at the research sites

Site name
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3.3 Water Content and Bulk and Particle Densities of 
the Deposit 

  The water content of the deposit tended to be smaller than 
that of the paddy soil below the deposit (Table 2). Especially 
the sandy deposit in the surface layer was dry, of which water 
content was about 10%. The bulk density of the sandy deposit 
of K-1 surface layer was 1.6 Mg m-3, which is 1.8 times as 
large as those of the muddy deposits at K-3 and S-2 (about 0.9 
Mg m-3). The increase of the bulk density was not confirmed 
from the measured values of the bulk density and the effect of 
compaction by the deposit on the farmland surface soil was 
not recognized since. It is considered that the influence of 
compaction by the deposit is comparatively small because the 
soil type of the surface of paddy fields in this area is heavy 
clay and the drainage before the tsunami event had already 
consolidated the surface soil. On the other hand, the influence 
of compression by the deposit can increase with time because 
of the iteration of drying and wetting ([15]). Since bulk 
density of soil, which is related to the water infiltration and 
retention, is one of the important properties for the agriculture, 

further measurements are needed to clear effect of the 
compaction of surface soil by the tsunami deposit.  
The particle density of the particle of a sandy deposit was 2.8 
- 3.0 Mg m-3, which was larger than that of general soil of 
farm land in Japan (2.5 - 2.7 Mg m-3), while that of muddy 
deposit was smaller (2.2 Mg m-3). The large particle density 
of the sandy deposit can be due to the content of metal or 
heavy metal. The content of cadmium and chrome in the 
deposit sampled after the 2004 Indian Ocean tsunami is 
reported in [16], [17]. They insisted that the source of the 
heavy metal was not only lithogenic but also anthropogenic in 
[17], in other word, the metal content of the deposit varies 
with the condition of industry of the neighbor areas. The 
analysis of the content of metal of the deposit is necessary 
also in this area. The small particle density of muddy deposit 
is interpreted as the high content of organic material. The 
ignition loss of the muddy deposit was 25 % and higher than 
those of sandy deposit and paddy soil (Table 2). The organic 
matter included in the muddy deposit could contain the 
microorganisms living in the ocean. Some kind of the 
microorganisms may have toxicity against human health. 
Microbiological analysis of the deposit will be expected 
before the removal and disposal of the deposit to restore the 
farmland. The ignition loss of the surface deposit at K-1 
(0-0.05 m) was higher than that of the deposits collected from 
deeper layers (0.10 - 0.15, 0.20 - 0.25 m) at K-1. This result 

S-1

K-3
muddy
paddy
paddy

Table 2  Water content, densities and ignition loss of the deposits

Sibusa

paddy

Sampling 
depth*

(m)

Deposit/
soil type**

Water 
content

(%)

Bulk 
density

(Mg m-3)

Particle
density

(Mg m-3)

24.6
25.8
27.5

13.7

0.87
0.97
1.12

0.99

2.24
2.51
2.59

2.70

sandy
paddy
paddy

7.7
31.5
26.4

1.28
1.15
1.28

2.79
2.49
2.45

S-2
muddy
sandy
paddy

13.7
23.4
17.0

0.90
1.14
1.03

2.56
2.65
2.59

K-1

Kashima

paddy 26.3 1.24 2.61

0.30-0.35

sandy
sandy
sandy

10.0
13.0
13.9

1.59
1.69
1.66

2.95
2.93
3.03

0-0.05
0.10-0.15
0.20-0.25

K-2
sandy
paddy
paddy

3.6
27.3
24.6

1.35
1.21
1.36

3.01
2.55
2.61

0.30-0.35

0-0.05
0.10-0.15
0.20-0.25

0-0.05
0.05-0.10

0.20-0.25

0-0.05
0.10-0.15
0.20-0.25

0-0.05
0.05-0.10
0.20-0.25

Ignition
loss
(%)

25.6
12.1
12.2

17.0

3.6
13.0
13.9

19.6
6.7
11.1

9.8

2.1
0.7
0.9

1.5
11.0
8.5

** sandy : sandy deposit, muddy : muddy deposit, 
paddy : paddy soil before tsunami inundation

* depth from the surface of the deposit 

Diameter of particles d (mm)
10-1

40

0

60
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100
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100 10110-2

10-1 100 10110-2
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(b) K-1

(a) 0-5 cm
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10-12.5
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Fig. 2 Particle size distributions of deposit
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supports the discussion that the deposit in surface layer of K-1 
included the muddy component even if that site is closer to 
the shoreline. 

3.4 Hydraulic conductivity of the deposit 

The saturated hydraulic conductivity of a sand deposit was 
10-4 - 10-3 m s-1, which was about ten times as large as that of 
surface soil of paddy field (Fig.3). The relative large value of 
the saturated conductivity of the paddy soil may be due to the 
mixing of organism materials (compost, rice straw, etc.) or 
sandy soil brought from another place for the improvement of 
physical properties of the surface soil. The hydraulic 
conductivity of the muddy deposit was, conversely, smaller 
than that of the sandy deposit, and that of the deposit at the 
S-2 surface was about 10-7 m s-1. Since the bulk density of the 
muddy deposit was very small, the pore volume of the deposit 
was thought to be rationally larger even if the particle density 
of it was small. This contradiction can be explained by the 
smaller pore size of the muddy deposit which is formed by 
small particles included in the deposit. The hydraulic 
conductivity of K-3 was smaller than that of sandy deposit but 
10 times large as that of the deposit of S-2 surface. There were 
some cracks brought by drying process on the surface at K-3 
and there is a possibility that the downward infiltration of 
rainfall water is promoted through such surface cracks.  

3.5 EC and Cation Contents of the Deposit in Kashima 

The value of electric conductivity of the deposit sampled in 
Kashima was 0.39 - 0.13 S m-1 for the sandy deposits and 
about 1.3 S m-1 for the muddy deposit (Table 3). The EC 
value of muddy deposit at K-3 was very large. These values 
of EC are relatively higher compared to that of the paddy soil 
under the deposit (0.04 - 0.29 S m-1). The EC of the paddy soil 
below the deposit may be increased by the infiltrated water  

which contented the high salinity affected by the deposit.  
From the result of the analysis by IC, both Cl- and SO4

2- 
concentrations of the extracted water decreased with depth. 
The ion contents with dry material were estimated by the 
water content of the deposits and the ion concentrations of the 
extracted water. The estimated Cl- and SO4

2- contents of 
sandy and muddy deposit were 0.5 % and 0.05 % for sandy 
deposit, 3 % and 0.2 % for muddy deposit, respectively. 
These estimated value agree with the result of [17], which 
reported the Cl- and SO4

2- content of the tsunami deposit are 
0.03 - 3.4 % and 0.05 - 3.5 %, respectively. 
 In [2] it is described that salt leeching is needed when the Cl- 
content is larger than 0.1 % for paddy field and 0.05 - 0.07 % 
for upland field. In this area the contents of both the deposit 
and the soil are exceeded that standard, and leeching process 
will be needed before the field is used as a agricultural land 
when the removal of the deposit has completed. 

3.6 Estimation of the Amount of the Deposit in Kashima 

The total amount of the deposit in Kashima was estimated by 
the measured value of the depth and the bulk density of the 
deposits (Fig. 4). The shape of the area, the bulk density of the 
deposit and the relationships between the distance from the 
shoreline and the thickness of the deposits were approximated 
by the assumption described below.  
1) This area is approximated by the trapezoid whose upper 

base is 2,100 m, bottom base is 4,500 m and height is 2,900 
m. 

2) The bulk density of the deposit is assumed 1.66 Mg m-3 for 
sandy deposit and 0.88 Mg m-3 for muddy deposit, 
respectively.  

3) The thickness of the deposit is expressed by the function of 
only the distance from the shoreline. And the thickness of 
the sandy deposit decreased and that of the muddy deposit 
increased linearly with the distance. 

 4) Only the sandy deposit exited at K-1 (300 m from the 
shoreline) and the muddy deposit at K-3 (2,700 m) and the 
thickness of these deposits are 0.25 m at K-1, 0.05 m at K-3, 

K-3

Table 3  EC and  Cl- and  SO4
2- contents of the deposits 

Sampling 
depth (m) EC

(S m-1)
SO4

2-

(mg g-1)

1.28
0.29
0.14

1.8
0.9
0.4

K-1

0.17 0.2

0.25
0.39
0.25

2.2
0.5
0.4

0-0.05
0.10-0.15
0.20-0.25

K-2
0.21
0.13
0.04

0.4
0.3
0.0

0.30-0.35

0-0.05
0.10-0.15
0.20-0.25

0-0.05
0.05-0.10
0.20-0.25

Cl-

(mg g-1)

28.4
4.5
2.3

3.0

5.6
4.5
4.2

3.9
2.2
0.6

Dry soil base

SO4
2-

(ppm)

309
132
65

33

422
82
80

57
50
4

Cl-

(ppm)

4830
680
370

460

1070
750
750

590
410
100

Extracted water

Fig. 3 Distributions of saturated hydraulic conductivity
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respectively.  
 5) The deposit at K-2 surface (0 - 0.05m) was assumed to be 

a mixture of the sandy and muddy deposit. The mixing 
ratio was calculated by interior division of the assumed 
bulk density of sandy and muddy one and the measured 
bulk density of the deposit at K-2 surface (0 - 0.05m). The 
mixing ratio of the sandy deposit at K-2 was calculated to 
be 0.60 and the thickness of the sandy deposit in the surface 
was determined 0.03 m and that of muddy deposit was 0.02 
m. The deposit of 0.05 – 0.10 m at K-2 is assumed to be the 
sandy deposit.   

The relationship between and the distance from the shoreline 
(x m) and the width of the area (Y m) was obtained:  
 

 4500828.0  xY            (1) 
 

 from the assumption 1) and relationships between x and the 
amount of the thickness of the deposit (y1 m: sandy, y2 m: 
muddy) :  

 

 30.000017.01  xy  (x < 1770)    (2) 

 

 08.00000021.02  xy  (x < 370)     (3) 

 
from the assumption 3) – 5).  
 By multiplication of the area and the thickness of the deposit, 
the total volume of the deposit was estimated 124,000m3 
(sandy deposit: 106,000 m3, muddy deposit: 18,000 m3). The 
total dry mass which was estimated by the multiplication of 
the volume and the bulk density of the deposit was 
193,000Mg (sandy deposit: 176,000Mg, muddy deposit: 
17,000Mg). To be the estimation result more precisely, 
further measurements of the thickness and density of the 
deposit in the area. The information of wave height and speed 
of tsunami which affect the amount of tsunami deposit is 
effective to estimate the amount of the deposit more 
accurately ([13]). On the other hand, no clear tendency 
between the distance and the thickness was observed in 
Shibusa. To estimate the total amount of the deposit in this 
area it is necessary to investigate more about the 
microtopography of this area and the sea base in front of this 
area because not only microgeographical features of the 
ground but also the spatial variability of properties of seabed 
can affect the amount and the properties of the deposit.  
After the removal of the deposit, salt leeching is needed 
before the planting of the damaged farmland ([2]). If the 
amount of the deposit is so small that the change of the 
chemical and properties is negatively small, the mixture of 
the deposit into the surface soil and upside down tillage are 
available to restore the farmland. The Cl- content of the paddy 
soil at K-2 (0.20 – 0.25m) was smaller than the standard of the 
leeching. At this site, only the removal of the deposit can be 
enough for the restoration of the farmland without leeching. 
But it is also reported that the peak of the ion concentration 
moves downward ([10], [17]) with time. The removal of the 
deposit including toxic substances is expected to be 
completed as soon as possible to prevent the contamination of 
the soil below the deposit. 

4 CONCLUSION 

To clarify the physical and chemical properties of the tsunami 
deposit caused by Tohoku-Kanto earthquake on 11 March 
2011, the field research and the measurements of these 
properties were done in Minamisoma city located in northeast 
region of Fukushima prefecture. Two kinds of deposits, sandy 
and muddy type deposits were observed. The sandy deposit 
whose particle size was large observed in the area near the 
seashore. The maximum thickness of the deposit was 0.25 m 
and decreased with the distance from the shoreline. The 
particle density of the deposit exceeded 2.8 Mg m-3, which 
indicated the possibility of the content of metal and / or heavy 
metal in it. The hydraulic conductivity of the deposit was 
large although their bulk density was large. The rapid 
infiltration is likely to promote the downward transfer of Fig. 4 Schematic diagram for estimation of 
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these toxic materials into the farmland soil. The muddy 
deposit whose particle size was small and the density was 
small is distributed the far area from a shoreline. The 
maximum thickness of the deposit was 0.05 m. The particle 
density of this deposit was small and the organic matter 
content was very large, which suggested that the dried and 
small particle of the deposit injured human with 
microorganism or its products including in the deposit. The 
cation concentrations of the extract water of this deposit 
absorb was large which indicated the possibility that the anion 
absorption of it was also large. From the approximation of the 
shape of the area and the bulk density and the thickness of the 
deposits, the amount of the deposit was estimated 124,000m3 
in volume and 193,000 Mg in dry mass. The thickness of the 
deposit in Shibusa whose distance from Kashima is about 
3,000 m, however, did not increase with the distance from the 
shoreline and it is suggested that the condition of the deposit 
was different among the location. 
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ABSTRACT: In order to investigate the impact on the marine 
environment from the construction of the Chubu International 
Airport Island in Ise Bay, Japan, we made careful observations to 
clarify the actual seawater, bottom sediment condition and the 
composition of benthic fauna at some stations located from east to 
south of the airport island. Grain size compartment, moisture 
percentage, ignition loss, carbon, nitrogen, phosphorus and sulfur 
were measured.  The ignition loss values in surface sediment in 2003 
averaged 150% times higher than that of data in 2007.  The benthic 
fauna revealed the species and number of individuals were very few.  
Organic matter increases, the species structure of the benthos is 
made poor.  The average number of individuals and species 
compared before and after the Airport construction clearly showed a 
remarkable decrease after the construction.  This phenomenon might 
reflect the ongoing progress of eutrophication and oxygen depletion 
around the airport island sea.  
 
Keywords: Bottom sediment, Airport Island construction, 
Carbon, Nitrogen, Benthic fauna 
 

1. INTRODUCTION 

   The Chubu International Airport Island was constructed 
along the east coast of Ise Bay where fishing grounds have 
been especially excellent.  However, the Oceanographic 
Soiety of Japanese Environmental Issues Commission 
warned that this sea area environment would be negatively 
impacted by constructing the airport island [1].  On the other 
hand, the Central Japan International airport Co., Ltd. and 
Aichi prefecture reported that an environmental assessment in 
connection with the airport island construction revealed 
minor damage to fishing grounds [2].  After the airport island 
(580 ha) was built, the other side area (130 ha) of the airport 
island was developed.  After the airport opening in 2005, the 
investigation near the airport island has been continually 
carried out every year by Aichi Prefecture and the Central 
international airport Co., Ltd. [3]-[5].  Originally, the 
Tokoname City open sea is going sea area, while the fresh 
water in the Kisosansen River is mixed with seawater, which 
reading tends to stagnate on the south side in the airport 
island.   

When diving fishermen who have been enaged in fishing in 
these sea areas, were asked why the shellfishing decreased so 
shaphy recently, they agreed to coorerate with the present 
study by assisting with the core sampling of the bottom 
sediments.  This study the purpose of our study is to clarify 
the effect of large structure of the coastal zone on the nearby 
sea area environment for water quality, bottom sediments and 
the benthos. 

 
 

2. Methods 

2.1 Study site 

The study site was located on the Ise Bay sea area between 
the Chubu International Airport Island and Chita Peninsula. 
Seven sampling points were selected: very shallow sea area; 
A1 (4 m depth), A2 (3 m depth), A3 (5 m depth), A4 (7 m 
depth) and shallow area; B1 (11 m depth), B2 (11 m depth), 
B3 (13 m depth), where water quality and sea sediment were 
examined.  Observations were conducted twice a year (2002, 
2004, 2005, 2006 and 2007) and three times in 2003,  
respectively.  
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2.2  Sampling and analysis 

Sediment core samples, three acrylic pipes (5 cm in diameter 
and 50 cm in length), were taken from the each location with 
two divers, and two core samples of three cores were 
subdivided into 1 to 2.5 cm-thick sections with a knife by 
extruding sediment core vertically.   
Ignition loss (I.L.: 650℃), total nitrogen (TN), total organic 

carbon (TOC) and total sulfur (TS) were analyzed with a 
CHNS analyzer (Perkin Elmer CHNS/O analyzer 2400).  The 
grain size was analyzed using the test method for particle size 
distribution of soils (JIS A 1204) and was fractionated to six 
(75 μm or less, 75 to 125 μm, 125 to 250 μm, 250 to 500 μm, 
500 to 2 mm, 2 to 4 mm).   
Bottom sedimentation rate was estimated by applying the 

210Pb method using the bottom sediment cores sample in 2004 
and was 0.5 cm y-1

 in the surrounding area [7].  Furthermore,  
0.06〜0.76 g cm-2 y-1 of the sedimentation rates were reported 
by the applying 210Pb method of ten stations in Ise Bay [8].   
Therefore, it was necessary to analyze sediment sample in 

1-cm to 2.5-cm-thick sections vertically in order to clarify the 
environmental change around the airport island. 

Macrobenthos was collected by the quadrat method (25 cm 
square, 25 cm depth), and the sediment was separated by a 
sieve (φ1 mm).   The kind and number of the mollusks were 
obtained. 

      

3 RESULTS AND DISCUSSION 

3.1  Particle size distribution.   
Organic matter contents of in B1, B2 and B3 were high 

ratio of silt-clay fraction and those of  B1, B2 and B3 were 
39-40%, 31-41% and 20-28%, respectively (Table 1).  The 
silt-clay fraction was big for B2 and B3 in 0-1 cm layer in the 
pole surface sediment, and with deepening form 1-2 cm layer 
to 2-3 cm layer this fraction became clearly small tendency. 

In spite of shallow A1, the silt-clay fraction was relatively 
large with 11-13% and then it was indicated that the sea water 
was easy to stagnate.   

 

3.2  Ignition loss, carbon, nitrogen, phosphate, sulphur  
In case of the mean of surface layer (0-1 cm) for carbon and 

nitrogen ratio (C/N) from September, 2004 to October, 2005, 
the values of more than 10,  less than 7 and the middle were 
stations of B2 (11)- B3 (13)- A4 (16), stations of A2 (7)-A1 
(6) and stations of B1 (9)-,A11 (9), respectively.  From this 
fact, the decomposition of the organic substance seems to 
progress at sites (B2, B3), where the depth is great, and the 
site A4 in the pole shallow sea area.  At the site with the 
shallow depth, the influence or the comparatively new 
sediment was strong, suggesting that B1 and A2 were in 
between.  As for the C/N value, on the other hand, in light of 
the result from September 2004 to October 2005, a clear 
difference was recognized between the surface layer ( 0-1 cm) 
and the layer beneath.  The C/N value has become smaller, 
suggesting that, under autochthonous production, the 
sediment seems to immediately deposit on this very surface, 
causing at least a temporary disturbance with a typhoon.  The 
sites where the stratified structure was clearly recognized 
were B1, B2, B3, A3 and A4, and A1 and A2 estimated that 
the disturbing ( about 0～7cm ) of sedimentary layer occurs 
in the shallow site coastal from the vertical distribution of 
C/N,  

In order to show the poor oxygen condition of the bottom 
sediments, the total sulfur was determined.   

The ignition losses for B1, B2 and B3 with great depth 
were high concentrates and the total sulfur was also high with 
the maximum value of 1～5 mg g -1 ( Fig. 2).  The total sulfur 
of the surface in the pole surface of 0～2 cm layer tended to 
be high.  Furthermore, the value total sulfur of about 0.3~0.7 
mg g-1 ,  of total sulfur was measured in the relatively shallow 
sea area of A4,  where bottom mud evidenced a hydrogen 
sulfide smell.  

In addition, red tide was appeared in the investigation sea 
areas in July 2005.  All bottom core samples to the laboratory 
turned black within around 6 hours.  It showed that a 
remarkable reduction condition had occurred in that bottom 
area. 

 

station depth (cm) 75μm> 75-125μm 125-500μm 500μm-2mm 2-4mm >4mm

A1 0-1 4.52 5.89 87.50 2.10 0.00 0.00
1-2 5.75 7.17 85.47 1.30 0.32 0.00
2-3 6.34 4.81 85.64 2.82 0.39 0.00

A2 0-1 2.72 0.87 92.07 3.04 0.74 0.56
1-2 3.11 0.88 90.72 3.36 0.37 1.57
2-3 2.96 0.95 90.50 4.92 0.68 0.00

A3 0-1 3.13 2.11 79.92 14.84 0.00 0.00
1-2 2.69 1.30 75.15 20.40 0.45 0.00
2-3 2.95 1.37 72.91 20.92 1.86 0.00

A4 0-1 1.80 0.30 85.89 11.16 0.86 0.00
1-2 1.76 0.00 83.18 13.93 0.54 0.59
2-3 1.77 0.00 82.41 13.32 2.50 0.00

B1 0-1 30.21 9.06 44.80 8.30 3.59 4.05
1-2 24.10 10.48 50.60 9.24 4.81 0.77
2-3 26.97 13.73 45.55 6.66 3.43 3.66

B2 0-1 38.29 7.73 35.33 14.14 1.75 2.75
1-2 22.66 12.11 49.92 12.80 1.96 0.55
2-3 18.66 12.29 47.83 12.86 2.31 6.04

B3 0-1 16.87 11.88 66.76 3.43 0.73 0.33
1-2 14.22 9.78 70.17 3.70 1.69 0.44
2-3 13.94 6.40 73.72 3.22 1.63 1.09

Table 1 The particle size distribution 
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3.3   IL Comparison around the airport construction    

Ignition loss in 2003 and 2007 in the surface layer (at 0-2.5 
cm depth) from the result of the dating which corresponds to 
about 5 years was compared at each point (Fig. 3).  The  2003 
value corresponds from 1999 to 2003, and the 2007 value to 
that from 2003 to 2007.  This 5 cm thickness was  equivalent 
to approximately 5 years from a result of the measurement of 
the sedimentation rate. At deep areas of B1, B2 and B3, the  
2003 value is remarkably higher than in 2007,  averaging 
150%. 112% was obtained at A2, A3 and A4 site in very 
shallow sea.  Beside, TS4 data showed the most remarkably 
changed value of 190% despite the shallow depth.  It 
appeared at a place especially where the influence on the deep 
bottom sediments of the construction airport island started in 
November, 2000 was remarkable. 

In this way, the progress of the bottom mud pollution clealy 
changed at A1 in very shallow sea and also at A4 where the 
sea bed had a convex shape.    
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ABSTRACT: The purpose of this study is to develop simple 
method for estimating evaporation rates of water using oxygen 
isotopic ratio. From the laboratory test, strong negative correlation 
between average humidity and δ18O change per unit evaporation 
rate was observed and humidity was clarified to be important 
parameter. We can calculate evaporation rate from the amount of 
change of the δ18O during evaporation, the amount of change of 
the δ18O per unit evaporation rate estimated empirically 
determined under each humidity condition and humidity.  
The amount of evaporation per year in the Inawashiro lake in 
Fukushima was estimated to be 670 mm/year from the relation 
between humid and evaporation rate and the estimated value was 
in agreement with the calculation result of previous research, 
600mm/year. Therefore, the simple estimation method is effective 
for estimation of evaporation rate of an actual lake or a pond 
especially in a dried area because the measurement error is small 
under the low humid condition. 
 
Keywords: evaporation rate, oxygen isotopic ratio, 
humidity, the Inawashiro lake 
 

1. INTRODUCTION 

Recently, water shortage is caused by climate change such 
as Global warming. Therefore, estimation of amount of 
evaporation for dam, reservoir and irrigation water is 
important for preservation of water resources. 
There are various methods to calculate an amount of 

evaporation such as Thornthwaite method (Thornthwaite, 
1948) and the Penman method (Penman, 1948), etc.  
The relation between evaporation and isotope is discussed 

[1], [2]. The estimation method of evaporation rate using 
isotopic ratio was made by Allison et al. [3] or Gibson et al. 
[4]. However the method included many parameters such as 
humidity, partition coefficient, oxygen isotopic ratio of 
vapor, kinetic isotope effect, resistance of diffusion, and so 
on shown in expression (1) [5], [6] and then the some 
parameter is very difficult to measure or estimate. 
Therefore, estimation method of evaporation rate to 
calculate from isotope is very difficult because evaporation 
rate is controlled by many parameters. 
 

 
δL : isotopic ratio of water 
f   : ratio of water that remains for the first water 
δA : isotopic ratio of vapor 
hA : humidity 
a   : water activity 

 
 

ε* : aε +⊿ε  (ε：equilibrium vapor pressure ratio，⊿ε：
amount of change equilibrium vapor pressure ratio) 

α vap – liq : partition coefficient 
e i ,L : diffusion resistance of heavy water in water 
e       : diffusion resistance of steam in atmospheric (Constant) 
e i     : diffusion resistance of heavy water in atmospheric 
 
However, if there is some effective parameter to 

determine evaporation rate using isotope, we can estimate 
evaporation rate from limited parameter to measure easy. 
Therefore, the purpose of this study is to develop simple 

method for estimating evaporation rates of water using 
oxygen isotopic ratio and finding  effective parameter for 
calculation of evaporation rate [7]–[9]. Then, we can 
estimate the oxygen isotopic ratio of residual water when 
the evaporation rate of water reaches 1%.  
 

2. EXPERIMENT AND ANALYSIS 

In laboratory test, amount of average evaporation of day, 
temperature, humidity, and saturation deficit were 
measured and then the relation of oxygen isotopic ratio of 
water and their parameters was analyzed. 
Table-1 shows the environmental condition and the actual 

measurement value of the test. 
The 33 evaporation tests were performed between 2005 

and 2010 in the drying chamber with uniform temperature, 
the refrigerator with low temperature and the rooftop of the 
building in the Wakayama University. Figure-1 shows the 
pictures of evaporation experiment. The water used for the 
experiment was tap water of Wakayama University.  
Both of the 5L (170 mm in the diameter, 300mm in the 

height, and 75 mm in the mouth diameter) and the 2L (126 
mm in the diameter, 245 mm in the height, and 75 mm of 
mouth in the diameter) bottles were used for checking 
influence of difference of water volume on the relation 
between isotopic ratio of water and evaporation rate under 
the experiment.   
Figure-2 shows the flow of the experiment. The quantity 

of water is measured at the intervals of several days during 
evaporation period and then 20 ml water was sampled from 
the residual water for clarify relation between evaporation 
rate and the oxygen isotopic ratio. 
After the carbon dioxide equilibrium method, the oxygen 

isotopic ratio of the sampled water was measured with mass 
spectrometer (Finnigan Mat Delta Plus). The measurement 
error of oxygen isotopic ratio (δ18O) is ±0.1‰. The 
temperature and humidity were every hour measured and 
the data was memorized with the storage meter (Sato meter 
factory SK-L200TH). Moreover, the temperature and the 
humidity of the outdoor experiment period were used the 
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meteorological data of Wakayama City of the 
Meteorological Agency. 
 

3. RESULT 

3.1 Factor in which it affect oxygen isotopic ratio 

Figure-3 shows relationship between the amount of 
change of the δ18O per unit evaporation rate and each 
amount of average evaporation of day, saturation deficit, 
average temperature and average humidity.  

Water sampling 

Analysis δ18O 

Weight measure 

evaporation 

…

Fig.2 Flow of the evaporation experiment 

【refrigerator】 

Fig.1 pictures of evaporation experiment 

【drying chamber】 【rooftop in the Wakayama University】

1 8.8 68.7 2.3 0.8 2007/11/8 2008/4/11
2 9.9 65.3 2.7 0.7 2005/12/15 2006/4/28
3 19.3 74.3 3.6 1.4 2008/4/21 2008/7/9
4 23.8 74.6 4.7 1.4 2008/7/11 2008/9/17
5 24.8 47.3 11.2 3.6 2008/10/22 2008/12/1
6 24.9 42.3 12.5 3.5 2008/12/15 2009/1/23
7 29.9 41.1 17.2 3.5 2005/11/3 2005/12/5
8 24.6 68.0 6.3 2.0 2009/4/25 2009/8/5
9 24.9 39.8 13.1 3.3 2009/11/19 2010/1/28
10 10.4 73.4 2.1 0.6 2006/7/4 2007/1/4
11 7.8 60.0 2.8 0.7 2007/11/22 2008/4/8
12 13.1 62.1 3.7 1.0 2006/10/24 2007/1/4
13 24.7 66.5 6.7 0.7 2007/6/11 2007/10/29
14 27.2 67.5 7.5 1.5 2008/7/1 2008/9/17
15 23.9 65.5 6.6 2.4 2009/4/30 2009/8/27
16 7.1 59.9 2.6 0.6 2007/11/22 2008/3/11
17 24.7 66.5 6.7 0.7 2007/6/11 2007/10/29
18 13.0 61.9 3.7 0.9 2006/10/24 2007/1/4
19 9.0 69.0 2.3 0.8 2007/11/8 2008/2/27
20 19.8 72.8 3.9 1.4 2008/4/21 2008/6/23
21 24.8 74.8 4.9 1.4 2008/7/11 2008/9/17
22 24.9 53.8 9.7 5.5 2008/10/22 2008/11/18
23 24.9 42.1 12.6 5.7 2008/12/15 2009/1/22
24 24.7 59.2 8.3 3.6 2009/4/25 2009/6/5
25 25.0 42.6 12.5 4.2 2009/11/19 2009/12/21
26 7.1 59.9 2.6 0.8 2007/11/22 2008/3/11
27 27.6 67.6 7.6 1.9 2008/7/1 2008/8/29
28 21.7 63.5 6.1 2.2 2009/4/30 2009/8/3
29 7.1 59.9 2.6 1.0 2007/11/22 2008/3/11
30 17.2 64.5 4.5 2.3 2009/10/9 2009/11/9
31 17.2 64.5 4.5 2.6 2009/10/9 2009/11/9
32 4.6 25.3 4.6 0.4 2009/7/24 2010/3/8
33 5.5 89.6 0.6 0.2 2008/7/14 2009/1/20

2L

indoor

outdoor

Refrigerator

Vessel
Average

Temperature (℃)
Average Humidity

(%)

5L

indoor

outdoor

Saturation Deficit

(g/m3)

Amount of average
evaporation of
day(mm/day)

Start Date End Date
Evaporation

Place

Tab.1 Environmental condition and actual measurement value of the evaporation experiment 
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From the test, negative correlation (R= -0.84) between the 
average humidity and the amount of change of the δ18O per 
unit evaporation rate was found. In particular, the amount 
of change of the δ18O per unit evaporation rate is sensitive 
to humidity under the low humidity condition and then 
change of the δ18O per unit evaporation rate of residual 
water is large during evaporation process under a dry area. 
The results of the outdoor experiments were not greatly 

different from the indoor laboratory results. 
Big differences between outdoor and indoor conditions 

were wind and air volume because temperature and 
humidity were controlled or measured under the both 
indoor and outdoor experiments. Therefore, humidity 
condition was more important than wind and air volume 
condition.  
 

3.2 Variation of the amount of change of the δ18O per 
unit evaporation rate 

Figure-4 shows the monthly variation of the amount of 
change of the δ18O per unit evaporation  in summer (2008.4
～2008.7) and in winter(2008.12～2009.1). The humidity 
was high in summer and low in winter and then, the amount 
of change of the δ18O per unit evaporation rate increased 
from -0.1 to 0.3 ‰ / %  as humidity decreased from 80 to 
40 %. Therefore, the humidity change accompanying 

seasonal change was clarified to affect apparently the 
amount of change of the δ18O per unit evaporation rate. 
Figure-5 shows relationship of the amount of change of 

the δ18O per unit the amount of change of evaporation rate 
and humidity. The amount of change of the δ18O per unit 
the amount of change of evaporation rate changed from 0.2 
to -0.2 ‰ / % with evaporation rate under the condition of 
more than 60 % humidity. And then, the amount of change 
of the δ18O per unit the amount of change of evaporation 
rate changed greatly as humidity increased. 
On the other hand, under the condition of less than 60 % 

humidity, the amount of change of the δ18O per unit the 
amount of change of evaporation rate kept uniform 
although evaporation rate changed and then it was in 
agreement with the equation (1).  
 

3.3 Verification of the measurement method in the 
Inawashiro lake in Fukushima 

The amount of evaporation per year in the Inawashiro 
Lake in Fukushima was estimated from the relationship of 
the amount of change of the δ18O per unit the amount of 
change of evaporation rate and humidity. 
Figure-6 shows distribution of δ18O of the water in the 

Inawashiro Lake and rivers surrounding the lake. The area 
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is 103 km2. Pondage is 3.9 billion m3. Maximum depth is 
about 94 m. The surrounding length is 55 km. It is amount 
10300 million m3 / year of the inflow during the year to the 
lake. The detention period is estimated by dividing the 
amount of reservoir during year by the amount of the inflow, 
and the estimated value is about 3.7 years. 
As the δ18O value of the lake was -9.3 ‰ and the δ18O 

value of the inflow rivers was -10.3 ‰, the δ18O of water 
increased from -10.3 ‰ to -9.3 ‰ by evaporation process 
[8]. 

Fig.4 monthly variation of the amount of change 
of the δ18O per unit evaporation 
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Fig.6 distribution of δ18O of the water in the Inawashiro 
Lake and rivers surrounding the lake 
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 The amount of change of the δ18O evaporation process 
was 1 ‰. 
Also the amount of evaporation of the lake was calculated 

from the method of Jacobs (1975) with the aerodynamical 
technique and the estimated value was 600 mm/year [10].  
In the Inawashiro Lake, the average humidity for a year 

was 74 %. And then, the amount of change of the δ18O per 
unit evaporation rate with 74 % humidity was adopted. 
 Figure-7 shows a flow of the calculation of the amount of 

evaporation.  
 
 
1)   The amount of change of the δ18O per unit evaporation 

rate is determined from the figure-5 and average local 
humidity. 

2)   The evaporation rate is calculated from the amount of 
change of the δ18O and the amount of change of the 
δ18O per unit evaporation rate (‰ / %) 

3)  The amount of evaporation for a year was calculated 
from the amount of the inflow during the year to 
lake, evaporation rate, and the area of lake. 

 
 
The amount of change of the δ18O per unit the amount of 

change of evaporation rate was calculated from relationship 
between the amount of change of δ18O per unit the amount 
of change of evaporation rate and humidity. And then, the 
amount of change of the δ18O per unit evaporation rate with 
74 % humidity, average humidty in the Inawashiro Lake 
was  0.15 ‰ / % under the evaporation rate 0～10 %. 
The evaporation rate was calculated from the amount of 

change of the δ18O and the amount of change of the δ18O per 
unit evaporation rate. Therefore, evaporation rate in the 
Inawashiro Lake was calculated to be 6.7 % from 1 ‰,  the 
amount of change of the δ18O and 0.15 ‰ / % , the amount 
of change of the δ18O per unit evaporation rate shown in 
expression (2).  

The amount of evaporation for a year was calculated from 
the amount of the inflow during the year to lake, 
evaporation rate, and the area of lake. Therefore, the 
amount of evaporation for a year in the Inawashiro Lake 

was calculated to be 670 mm / year from 10300 million m3/ 
year, the amount of the inflow during the year to lake and 
6.7 %, evaporation rate and 103 km2, the area of the lake 
shown in expression (3).  

The estimated value was about 670 mm / year in 
agreement with the calculation result of the previous 
research using the method of Jacobs, 600 mm / year. 
However when the evaporation rate in the lake exceed 

10%, evaporation rate in the lake can be not calculated 
using only 0.15 ‰ / % because of the amount of change of 
the δ18O per unit the amount of change of evaporation rate 
changed with evaporation rate under the condition of more 
than 60 % humidity. Therefore, if evaporation rate in the 
lake exceed 10 %, the amount of change of the δ18O per unit 
the amount of change of evaporation rate needs to use 
depending on the evaporation rate. 
 

4 CONCLUSION 

The purpose of this study is to develop simple method for 
estimating evaporation rates of water using oxygen isotopic 
ratio. From the empirical results, negative correlation (R= 
-0.84) between the average humidity and the amount of 
change of the δ18O per rate of unit evaporation was clarified. 
And the amount of change of the δ18O per unit the amount 
of change of evaporation rate changed with evaporation rate 
under the condition of more than 60 % humidity. 
The amount of evaporation per year in the Inawashiro lake 

in Fukushima was estimated to be about 670 mm / year 
from the relation between humid and evaporation rate and 
the estimated value was in agreement with the calculation 
result of the previous research using the method of Jacobs, 
600 mm / year. 
Therefore, the simple estimation method using only 

oxygen isotopic ratio and humidity is effective for 
estimation of evaporation rate of an actual lake or a pond.  
And when evaporation rate in the lake exceed 10 %, we 

can estimate the evaporation rate from the amount of 
change of the δ18O per unit the amount of change of 
evaporation rate changed with evaporation rate. 
 

Fig.7 flow of the calculation of the amount of evaporation 

amount of evaporation (mm/year) = the amount of the inflow during the year to lake (km3/year)  
× evaporation rate (%) / the area of lake(km2)

humidity (%) 

evaporation rate (%) = the amount of change of the δ18O(‰)  
/ the amount of change of the δ18O per unit evaporation rate (‰/%) 

)

the amount of change of the δ18O per unit evaporation rate (‰/%) 

1 (‰) / 0.15 (‰ / %) ≒ 6.7 (%) (2)

10300 million (m3 / year) × 6.7 (%)  
/ 103 (km2) = 670 (mm / year)                    

 

(3)
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ABSTRACT: Landslides which affect human lives and economic 
losses are always attracted a lot of concerning in modern society. In 
order to identify the potential hazardous areas related to landslides, 
three methods have been used, such as qualitative or 
knowledge-based method, deterministic method and 
quantitative-based method. Geographical information system (GIS) 
technology and high computing ability provide a convenient tool to 
deal with landslide triggering factors and make the 
quantitative-based method achieve effectively. 

In this study, Landslide-related factors such as topographical 
elevation, slope angle, slope aspect, topographical wetness index 
(TWI) and stream power index (SPI), were employed in the 
landslide susceptibility analysis. The logistical regression was used 
to obtain the relationships for landslide susceptibility between 
landslides and causative factors. The distributions of observed 
landslides were used to evaluate the performance of the 
susceptibility map. The approaches described in this paper showed 
us that the logistical regression and neighborhood can be used as 
simple tools to predict the potential landslide locations. And this 
map will be helpful for city planning, infrastructure construction and 
agriculture developments in the future. 
 
Keywords: Landslide, Susceptibility map, Logistic regression, 
GIS 

1. INTRODUCTION 

Landslides which cause the loss of human life and the damage 
to the social economy were attracted a lot of attention over the 
last decades. According a previous study Schuster (1996) [1], 
landslides will increase in the next decades due to continued 
deforesting and the changing climatic patterns in 
landslide-prone areas. In order to identify the 
landslide-related area, there are three main approaches to 
assess the landslide susceptibility: qualitative methods, 
deterministic methods and quantitative methods. In the late 
1970s, qualitative approaches were widely applied by 
engineering geologists to evaluate landslide. Deterministic 
approaches focus on slope geometry, shear strength data, and 
pore-water related data (Netra et al., 2010) [2] but lack of 
taking climatic and human induced factors into accounted. 
Nowadays, the rapid developments of computer technology 
and geographic information system (GIS) provide a 
convenient tool to deal with landslide triggering factors and 
make the quantitative-based method achieve effectively. 
Among a lot of quantitative methods, logistic model was 
recognized as the suitable approach to assess landslide 
susceptibility because it is free of data distribution and can 
handle a variety of datasets (Nandi et al., 2009) [3]. 

 
 

In this study, neighborhood analysis “seed cell approach” 
proposed by (Suzen and Doyuran., 2004) [4] and logistic 
model were applied to create the relationship between 
landslides and controlling factors with GIS in Mizunami 
city ,Gifu prefecture where is well know for landslide 
hazards. 

2. DATABASE CONSTRUCTION 

In order to detect the landslide-related factors, some prior 
knowledge and experiments should be prepared. The main 
factors include three aspects such as topographic factors 
water-related factors and human being activity factor are 
applied in this study. The approach mentioned is based on the 
assumption that past environmental conditions at the time of 
landslides can be keys to evaluation the potential sites for 
landslide in the future. Then, all the landslide-related factors 
were created and store in the spatial database by using a GIS 
software with the pixel size or mesh 10×10m. 

2.1 Landslide Related Factors  

The first database is topographic factors. We create digital 
elevation model (DEM) derive from a triangulated irregular 
network (TIN) using elevation points from GSI (Geological 
Survey of Japan AIST) with spatial resolution 10m. The 
parameters such as elevation, slope angle, aspect, plan 
curvature, profile curvature were constructed from DEM. The 
second database is water-related factors. Those parameters 
were also obtained from DEM. The topographical wetness 
index (TWI) and stream power index (SPI) are important 
parameters of wetness and stream power [5] (Moore et al., 
1991) and these are defined as following formulas. 
 

)tan/(log bATWI e                                                    (1) 

 
bASPI /tan                                                                (2) 

 
Where A (m2) is the upstream area, b is the size of the mesh 
expressed as m. and α is the slope gradient. The third database 
is the human actively factors. The proximate to the highway 
was used to indicate the human actives induce the landslides. 
The table 1 shows the significant of the all parameters related 
to landslides and their spatial distribution patterns are shown 
in Fig.1. 

2.2  Landslide Inventory and Neighborhood Analysis 

The landslide inventory map of the study area was 
downloaded from the organization of NIED (National  

Landslide Susceptibility Mapping using Logistic Regression Model With 
Neighborhood Analysis: A Case Study in Mizunami City 

Wang Liangjie. Sawada Kazuhide. Moriguchi Shuji., Department of Civil Engineering, Gifu University, Yanagido 
1-1, Gifu, 501-1193, Japan 

First International Conference on Geotechnique, Construction Materials and 
Environment, Mie, Japan, Nov.21-23, 2011, ISBN: 978-4-9905958-0-7 C3051 
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Table 1 Landslide causative factors

Data type Factors Significance 
 Elevation Climate, Vegetation 
 Slope sub-surface flow velocity 
 Aspect Evapo-transpiration 

Topographic Plan curvature Converging, soil water content ,soil characteristics 
 Profile curvature Erosion ,Geomorphology 
 Tangent curvature Erosion and deposition 
 Solar radiation Weathering soil moisture 
 Flow length Run off velocity, run off volume 
 Flow direction Runoff velocity. potential energy 
 Flow accumulation Runoff velocity and potential emerge 

Water-related Stream power index Erosive power of water flow 
 Distance to rivers Susceptible to hill slope undercutting 
 Topographic wetness index Soil water content 

Anthropogenic Distance to highway Landslide triggering by road construction and vibration

Fig.1. Distribution of landslide causative factors
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Research Institute for Earth Science and Disaster Prevention). 
The sizes of landslides rage from 0.00002 km2 to 1.2 km2, 
which cover 13.6% of the study area. According to Varnes’s 
(1978) definition, mass movement like soil slides, debris 
slides, rock slides and debris flows are incorporated into the 
term landslides.  

Neighborhood analysis is a spatial analysis tool used to 
identify the “seed cells” which represent the undestroyed 
morphologic conditions before the landslides occurred 
(Suzen and Doyuran., 2004) [4]. These “seed cells” can be 
extracted from the boundaries of landslides by buffering zone 
to the landslides. Former studies show us that the buffer zones 
should be range from 100m to 150m. In this study, 120m 
buffer zone is chose to be the “seed cells”. 

3 LANDSLIDE SUSCETIBILITY MAPPING 

3.1 Logistic Regression Model 

Logistic regression model is applied to establish the 
relationship between a dependent variable and independent 
variables (Atkinsm and Massari., 1998) [6]. This model is 
careless about the distribution pattern of the independent 
variables. Most of the topographic factors don’t have normal 
distributions. Therefore, logistic regression model could get 
better results comparing other mathematic models. The 
predicted values range from 0 to 1 can be defined as landslide 
hazard index. The index can be expressed as following 
formula. 
 

)1/(1 zeP                                                                  (3) 

 

nnxbxbxbbz  ...22110                                       (4) 

 
Where P is the probability of landslide occurrence (landslide 
hazard index), z is the linear logistic mode, b0 is the intercept 
of the model, n is the number of landslide causative factors, bn 
is the weight of the each factor and xn is the landslide 
causative factors. 
Our purpose of this research is to propose a model that could 
be applied in some place where people could not easily get 
access to or some cities which lack of basic datasets (land 
cover dataset or digital geological dataset). In this study, most 
of the landslide-relative factors derive form the DEM that 
could be easier get from nowadays spatial technology. The 
causative factors are continuous that would avoid the 
occurrence of huge redundant data. 

3.2 Landslide Points Sampling 

Former studies show us that it is the best sampling pattern if 
the ratio of landslide points to landslide free points is equal to 
1(Suzen and Doyuran.,2004) [4]. For this purpose, the ratio is 
equal to 1 between “seed cells” points that used to extract the 
attributes from the landslide-causative factors and the random 
landslide-free points. All of the 11266 points were chosen to 
create the relationship between landslides and causative 
factors in logistic regression model. The model would lose his 

statistic significance if there are no validate points used to 
identify the efficient of the result. Therefore, the 3518 
landslide points occurred in the past were employed to 
validate the accuracy of the landslide hazard index map. Fig.2 
show us the distribution of landslide points, “seed cells” and 
landslide free points in Mizunami city. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

3.3 Model Results and Validation 

The forward stepwise logistic regression model was applied 
in this study. The probability for stepwise was range from 
0.05 to 0.1. And then, χ2 value of the Hosmer and Lemeshow 
Test, Cox & Snell R Square and Nagelkerke R Square were 
applied to evaluate the effectiveness of training datasets. The 
table 2 shows that the result of the model had statistic 
significance and the independent variables could explain the 
dependent variables in this model. During the process of 
model calculation, the Wald value decreed from 565.8 to 5.3 
in all 8 steps. The distance to highway which had the highest 
value of Wald value implied that this landslide-related factor 
was the most significant value for explaining landslide 
occurred, followed by distance to rivers, flow length, 
elevation, slope angle, solar radiation, and flow accumulation. 
The relationship between the causative factors and landslide 
could be shown in table 3. According to table 3, slope angle, 
flow length and solar radiation were positive relationship 
with the occurrence of a landslide whereas flow accumulation, 
distance to highway, elevation and distance to rivers indicated 
negative relate to the occurrence of a landslide. 
Using the weights shown in table 3, the landslide hazard 
index (LHI) of landslides was calculated (Fig.3). 

Fig.2. Distribution of sampling points
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Table 2 Statistics of logistic regression model with landslide causative factors 

Hosmer and Lemeshow Test -2 Log likelihood Cox & Snell R2 Nagelkerke R2 

χ2 Sig. Sig.    
173.664 8 .000 14598.819 0.286 0.315 

Fig.3. Landslide hazard index map Fig.4. Reclassified landslide susceptibility map

 

Table 3 Coefficients of the logistic regression model for the seven landslide-related factors 

Independent variables                          Coefficient 

Slope angle  0.01877  

Flow length  0.00006  

Flow accumulation  -0.000003  

Solar radiation  0.000002  

Distance to highway  -0.00007  

elevation  -0.00289  

Distance to rivers  -0.00044  

Constant  -0.19102  
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The landslide hazard index decreased from 0.94 to 0.06. If the 
value is close to 1, it indicates landslides are more likely 
happen in this area. 
The accuracy of the logistic regression model of landslide 
susceptibility was evaluated by calculating relative operative 
characteristic (ROC) and percentage of observed landslides 
points in various susceptibility categories [3] (A.Nandi and 
A.shakoor., 2009). The area under ROC cure (AUC) value 
which represents the quality of the probabilistic model by 
describing its ability to predict the occurrence or 
non-occurrence of an event was applied in this paper 
(Yesilnaca and Topal., 2005) [7]. The value of AUC is range 
from 0.5 to 1. If the AUC value close to 1, that means high 
accuracy of prediction model and if the AUC value close to 
0.5 which indicates the inaccuracy of the model (Fawccett. 
2006) [8]. In this study, we obtained the AUC value was 0.69, 
which implied the reliable correlation between causative 
factors and landslides. Also the observed landslide points 
were used to identify the accuracy of the landslide probility 
map. We divided the landslide hazard index map into five 
chasses: very low (0.05<LHI≤0.1), low (0.1<LHI≤0.3), 
medium (0.3<LHI≤0.5), high (0.5<LHI≤0.7) and very high 
(LHI≥0.7). 
From fig.5, 9.55% of observed landslide points were found in 
very high susceptibility class. 6.76% of the landslide points 
occur in the areas with very low and low susceptibility classes. 
Near 60% of the landslide points were concentrated in the 
area with high susceptibility class. The hypothesis of the 
method was that a landslide would occur in area with at least 
medium values of susceptibility or high and very high 
susceptibility values (Bai et al., 2010) [9]. 93.2% of landslide 
points appeared in the area with susceptibility classes from 
medium to very high. Among the whole Mizunami city, 12% 
of the study area was designated as very high susceptibility 
zone which had the approximately equal percentage of the 
former landslide area (covering 13% of the study area) 
indicated that the dividing approach was appropriate in 
Mizunami city.  
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

4 CONCLUSION 

Landslides are very complexity phenomenon in the nature 
world. The reasons cause landslides appearance are hardly be 
understood. Although some landslide causative factors could 
be obtained by exploiting advanced spatial technology, some 
factors remain unknown. There are many quantitative 
methods used to create the relationship between landslides 
and causative factors. And then the landslide susceptibility 
maps are applied for mitigating the geo-hazard in the world. 
In this paper, logistic regression model which is simple and 
careless about the distribution pattern of the independent 
variables was closed to build the landslide susceptibility map 
by using GIS tools. Most of the causative factors were derived 
from DEM which was easier acquired nowadays. Seed cells 
which extracted from the boundaries of landslides were 
employed to represent undestroyed geomorphologic 
conditions. The seed cells points were entered into the logistic 
regression model as training datasets and the observed 
landslides points were applied as the test dataset to evaluate 
the accuracy of the model. The results of landslide 
susceptibility analysis showed us that 70% of the observed 
landslides points were located in high and very high 
susceptibility categories. The model seems to be reliable in 
Mizunami city. The accuracy and prediction ability of the 
landslide susceptibility map could offer us crucial 
information for city planning, infrastructure construction and 
agriculture developments in the future or in other area with 
similar conditions. 
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ABSTRACT: Amounts of attached algae and the river bed 

area were estimated by image analysis in the Yamato River 
Basin and then natural cleaning effect of nitrogen in the river 
was evaluated. The image analyze method has been 
developed since 2009. The Yamato River Basin has 1070 km2 
areas and it is difficult to understand the distribution of plant, 
sand place, depth and attached algae. The 75% BOD value 
(Biochemical Oxygen Demand) annually in the Yamato 
River was the worst of all Japanese rivers managed by the 
Japanese government. BOD values, ammonia nitrogen and 
anion surfactant concentrations were high in winter and low 
in summer and they decreased with temperature. Therefore, it 
is important to understand amount of natural cleaning effect 
and the cleaning place. As a result, many adhesion algae lives 
in less than 30cm depth, the amount of adhesion seaweed was 
calculated by divided color by based color plus-minus 20% 
each RGB color code. So, the rate of decrease of nitrogen was 
about 0.4 mg/l per km in summer, it occurred in less than 
30cm depth.   
 
Keywords: evaluation, water quality, image, the Yamato 
River 

1. INTRODUCTION 

  The Yamato River was mainly polluted by sewage water and 
industrial effluent and has a major water pollution problem in 
Japan. The catchment consists of 37% mixture of coarse 
fragment, sand and clay, 36% granitic rock, 8% alternate 
layer. 2,000,000 people live in the Yamato River catchment. 
The amount of water demand in the catchment was larger 
than the amount of effective water supply, and then the 
amount of shortage water was provided from the neighboring 
catchments. The cause of the wastewater pollution was 
overdue development of sewage systems in recent decades. 
The 75% BOD value (Biochemical Oxygen Demand) 
annually in the Yamato River was the worst of all Japanese 
rivers managed by the Japanese government. Because of this, 
governments carried out a cleaning campaign to improve the 
water quality in the Yamato River from 1985 to 
2005.(Yamato River construction office, 2005) However the 
75% BOD value was still bad and exceeded the allowable 
limits set by the Japanese environmental quality 
standard.( Ministry of Land, Infrastructure and Transport, 

 
 

2004) Therefore, the origin of the river water and the 
groundwater was analyzed using environmental isotopes and 
the chemical composition of the Ishikawa River of the 
Yamato River basin, and the character of the water quality 
was investigated using field survey data from 1999 to 2005 in 
the Yamato River. (Hiroyuki II et al, 1999) Moreover, a 
decrease in water temperature caused an increase in BOD 
values, ammonia nitrogen and anion surfactant 
concentrations because these concentrations were high in 
winter and were low in summer (Masanobu Taniguchi et al, 
2002 and 2005). In this research, we developed the image 
analysis software, and evaluated the river environment and 
water quality by the image analysis.  

2. STUDY AREA AND METHOD 

 

 
Fig. 1 the geological information of study area and observing 
site 
  
Figure 1 shows the geological information of study area and 

observing site. The surround red area is mountain area 
composed of granite. The Nara basin consists of mad, sand 
and stone. The river bed of the Yamato River Basin consists 
of weathering granite. Where river bed is sand, the river water 
is easy to permeate and then plants and algae or other micro 
life grow. In this study, the distribution of sand area is 
important, and rate of sand area and living algae area is 
estimated by image analysis. 
Long term concentrations were analyzed using data from the 

fixed observing station of the National Land and 
Transportation Ministry from 2006 to 2009 and data of a field 
survey by Wakayama University from 2010 to 2011.  

The Evaluation of the River Environment and Water Quality by Image 
Analysis in the Yamato River Basin in Japan 

Masanobu TANIGUCHI, Hiroyuki II, Tatemasa HIRATA 
Department of Environmental Systems, Faculty of Systems Engineering, Wakayama University 

 

First International Conference on Geotechnique, Construction Materials and 
Environment, Mie, Japan, Nov.21‐23, 2011, ISBN: 978‐4‐9905958‐0‐7 C3051
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Fig. 2 Survey Method  
 
The river width and depth is measured at 3 sites in the 

middle stream of the Yamato River, the lower stream of the 
Tatsuta River and the lower stream of Ishikawa River in 2010. 
The algae’s living place is related by the water depth, 
distribution of shallow place is important. So, we measure the 
perpendicular of rivers, because color become dark depend on 
depth, it is possible that the distribution of depth is divided by 
color. The algae and sand distribution is made by fixed color 
comparing survey photographs and the Aerial photographs. 
 

3. WATER QUALITY OF ANNUAL CHANGE 

Fig.3 A time series of BOD and DO concentration 
 
 Figure 3 shows a time series of BOD and DO concentration 

from 2006 to 2009. The graph used data of Ministry of Land, 
Infrastructure and Transport. One day intensive measurement 
of DO is performed in winter and summer. DO concentration 
doesn’t decrease in winter but decreases about 4mg/L in 
summer. BOD values were the maximum in winter and the 
minimum in summer almost generally. BOD means amount 
of organic compounds and is defined as amount of used 
oxygen for decomposition of organic compound. In the 
Yamato River, the domestic sewage flow into the river all the 
year round, it is need to consider the influence of 
decomposition of organic compound. So reaction of using 
oxygen is active by living things in summer, DO decrease in 
summer.  

  
Fig.4 A time series of T-N, NO3

—N and NH4
+-N 

concentrations 

 
Figure 4 shows a time series of T-N, NO3

--N and NH4
+-N 

concentrations from 2006 to 2009. T-N is high in winter and 
is low in summer as well as the BOD concentration. And 
Nitrate nitrogen concentration increased regularly in winter in 
the same way as the BOD concentration. And Ammonia 
nitrogen concentration increased regularly in winter in the 
same way as the BOD concentration. Ammonia nitrogen 
concentration is nothing in summer mostly in every year.  
 

4. NITROGEN OF FLOW DIRECTION CHANGE 

 

  
Fig. 5   Relation between nitrogen isotope ratio and nitric acid 
and ammonia nitrogen in February 2004 
 

Figure 5 shows the relationship between nitrogen isotopic 
ratio for nitrate and ammonia nitrogen in February 2004. 
There is a big city on the upper stream of the Tatsuta River 
and domestic sewage directly flows into the river.   
Most domestic sewage was only treated in combined-type 

private sewage treatment systems. Sampling points with a bed 
and lateral walls of a river covered with concrete are the point 
1 and 2 in the Tatsuta River shown in Fig.5. At these points, 
the river was always over 1m in depth. However, the bed and 
lateral walls at the point 3 and 4 in the lower stream of the 
Tatsuta River were not covered with concrete but the bed was 
alluvial sediments. In the point 3 and 4, the river had a very 
natural form. Thus there were many plants on the river bed 
and the river maintained just a few cm to a few tens of cm in 
depth. The total inorganic nitrogen concentration of all areas 
in February was higher than those in July. In February, 
ammonia nitrogen / inorganic nitrogen (ammonia nitrogen + 
nitrate nitrogen) ratios at all points were higher than those in 
July. Each total inorganic nitrogen concentration in point 1 
and 2 areas was found to be higher than those in the point 3 
and 4 areas, although each nitrate nitrogen concentration in 
point 1 and 2 areas was lower than those in the point 3 and 4 
areas.  
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Fig. 6   Relation between nitrogen isotope ratio and nitric acid 
and ammonia nitrogen in July 2004 
 
Figure 6 shows the relationship between nitrogen isotopes, 

nitrate and ammonia nitrogen in July 2004. Sample points are 
from the upper stream to the lower stream of the Tatsuta River 
and Yamato River’s main stream. The total inorganic 
nitrogen concentration of all areas in February is higher than 
those in July. In February, ammonia nitrogen / inorganic 
nitrogen (ammonia nitrogen + nitrate nitrogen) ratios at all 
points are higher than those in July. Each total inorganic 
nitrogen concentration in the point 1 and 2 areas is found to be 
higher than those in the point 3 and 4 areas, although each 
nitrate nitrogen concentration in the point 1 and 2 areas is 
lower than those in the point 3 and 4 areas. Also, each 
ammonia nitrogen concentration in the point 1 and 2 areas is 
higher than those in the point 3 and 4areas. In both winter and 
summer season, δ15N increased down the stream and in 
particular, the δ15N change from the point 1 to 4 areas is large.  
When plants consumed nitrate nitrogen, the δ15N of nitrate is 
thought to increase.  
Generally, organic compounds in an anaerobic condition 

were decomposed to ammonia by bacteria. The reaction 
formula is given by the following equation (1). 
 

43324431631062 POH  16NH  53CO  53CH  POH)(NHO)(CH     (1) 

 
Nitrification in an aerobic condition is shown by the 

following equation (2). 
 

32

 -

32275

-
324

CO1.88H 0.98NO  O1.04H  NOHC 0.0024)  (0.0181

 HCO 1.98  1.86O  NH





    

(2) 

 
Generally Ammonia changes into nitrate in aerobic 

conditions and then finally organic compounds change into 
nitrate. These reactions depend on activity of living 
organisms. Temperature is important for the activity of the 
organisms. However nitrate nitrogen concentration did not 
change with temperature. Nitrate acid was consumed by 
photosynthesis or denitrification and the biological activities 
of photosynthesis or denitrification were also dependent on 
temperature.  

Nitric acid is an intermediate substance between 
decomposition and photosynthesis and denitrification 
process.   
Therefore, in high-temperature conditions organic 
compounds easily change into nitrate by aerobic bacteria and 
nitrate is consumed by denitrification or photosynthesis. On 
the other hand, in low-temperature conditions, organic 
compounds are stable.  
Denitrification reaction is shown by the following equation 

(3).  
 

 O148.4H  POH  16NH  42.4N  106CO

84.8H 84.8NO  POH)(NHO)(CH

243322

3431631062


 

            (3) 

 
Photosynthesis reaction is shown by the following equation 

(4). 
 

2431631062

243
-

32

138O   POH)(NHO)(CH

 O122H POH 16H  16NO  CO 106


            (4) 

 
When the photosynthesis reaction and denitrification 

reaction occurred, Nitrogen was removed in the water. 
 

 
Fig.7 Relation between nitrate nitrogen and ammonia 
nitrogen in July 2011 
 
Figure 7 shows relation between nitrate nitrogen and 

ammonia nitrogen concentration in July 2011. Both nitrate 
nitrogen and ammonia nitrogen concentration in 2011 is 
lower than those in 2004. However, ammonia nitrogen is 
shown in the lower stream of Tatsuta River, because domestic 
sewage flows into the river yet. So, it is thought that organic 
compound decomposed to ammonia in the Tatsuta River. The 
nitrate nitrogen concentration of Meiji Bridge decreased from 
upper stream. In the Yamato River, the ammonia nitrogen is 
noting, so it is estimated to occur the nitrification.  Therefore, 
it is estimated that the nitrate acid is an intermediate 
substance through both decomposition and photosynthesis 
and denitrification process in the Yamato River of middle 
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stream to lower stream.  In order to estimate amount of the 
nitrogen change process of organic compound of 
decomposition to photosynthesis or denitrification, it 
considered that relation between chromaticity and water 
quality.  

5. RERATION BETWEEN CHROMATICITY AND 
WATER QUALITY 

 
 The river chromaticity changes with amount of floating 
material, like as phytoplankton, soil, leftover food and humic 
acid etc. Chlorophyll a is a coloring matter of the cell of 
photosynthesizes vegetation. Then amount of phytoplankton 
increases with Chlorophyll a.  

 
Fig.8 Relation between chromaticity and chlorophyll a in July 
2011 
 
 Figure 8 shows relation between chromaticity and 
chlorophyll a in July 2011.  The chromaticity is high in Algae 
living place. The chlorophyll a tends to change as same as 
chromaticity. The chromaticity and chlorophyll a in the 
Tatsuta River is lower than the other upper stream. However 
the chromaticity and chlorophyll a in the Nukatabetaka 
Bridge is high, the several algae are found in the place. There 
is a river purification facility in the place. 
 

 
Fig.9 the outline of image analysis 

 
Figure 9 shows the outline of image analysis.  If algae occur 

or the states of a river bed differ, it is possible that the 
distribution of sand and algae is decided by photograph. In 
order to fix the color of algae and sand, the survey photograph 
and the Aerial photographs are compared. The average of 
color and the near color of plus-minus 20% are used, because 
the photograph includes some error. 
 
Table 1 Result of Image analysis  

 
 
Table 1 shows result of Image analysis. The used data is 

analyzed by Google’s data, in objective rough calculation.  
It is unknown picture date, it is trial calculate. In this result, 

algae living place is estimated shown by blue line area in 
Figure 9, 19% of lower stream is algae’s living place. The 
middle stream of the Yamato River is 41%, Tatsuta River is 
55%. Comparing survey photographs and the Aerial 
photographs, it is estimated that algae's living place area is 
average 46% of calculated area, the range is 14% to 65%.  

6. CONCLUSION 

Amounts of attached algae and the river bed area were 
estimated by image analysis in the Yamato River Basin and 
then natural cleaning effect of nitrogen in the river was 
evaluated. The image analyze method has been developed 
since 2009. BOD values, ammonia nitrogen and anion 
surfactant concentrations were high in winter and low in 
summer and they decreased with temperature. Therefore, it is 
important to understand amount of natural cleaning effect and 
the cleaning place. As a result, many adhesion algae lives in 
less than 30cm depth, the amount of adhesion algae was 
calculated by divided color by close to based color 
plus-minus 20%  each RGB color code. So, it occurred in less 
than 30cm depth, distribution of algae’s living place is 
estimated.   
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Fig1.Sampling point 

Kushiro moor 

 

ABSTRACT: The purpose of this study is to clarify groundwater 
movement in the Kushiro Moor comparing the oxygen and hydrogen 
stable isotopic ratios for stream river waters around the Kushiro 
Moor with those for spring waters in the Kushiro Moor and 
estimating the origin of spring waters in there. The δ18O values of 
stream water range from -8.0 to -11.5 ‰ relatively high in the east 
including Kushiro, north and the south Hokkaido. On other hand, the 
δ18O values range from -11.5 to -14.0 ‰ relatively low in the central 
and the northeast Hokkaido. The springs in the Kushiro Moor were 
divided into low δ18O values group and high δ18O values group. 
Their origins are found to be divided into at least two areas at the 
north and southeast of the moor. 
 
Keywords: oxygen and hydrogen stable isotopic ratios, 
Kushiro Moor, spring water, water cycle 

1. INTRODUCTION 

Hokkaido is a northern Japanese island. Its area accounts for 
more than 20% of the whole of Japan and about 80,000 km2.  
In 1980, the Kushiro Moor, the largest wetland in Japan was 
registered in the Ramsar Convention as valuable ecosystems 
[1]. As the Kushiro Moor has some spring inside, then even in 
winter there is no freezing place which plays an important 
role in providing some living place for birds in winter. In 
order to preserve the wetlands it is necessary to understand 
the water cycle in a wide area including the origin of spring 
waters.  
Although groundwater-dependent rate is low, 2.9 percent in 
Hokkaido at present, however it may increase with global 
warming and then it is important to estimate groundwater 
flow [2]. 
Isotopic ratios of precipitation vary with region. Therefore, 
comparing the isotope ratios of precipitation and groundwater, 
the origin of ground water is estimated. Isotopic ratios 
measurements of precipitation need water sampling 
throughout the year, so it is difficult to take a number of 
measuring points. Isotope ratio of small watershed stream 
water can be regarded as an average value of precipitation 
from the previous study [3].  
We can estimate the origin of spring comparing the isotope 
ratios of spring water with stream water. Isotopic ratios of the 
stream water vary with the distance from the coast, altitude, 
and prevailing winds. A precipitation isotopic ratio for any 
place can be estimated from the altitude and distance from the 
coast by the local calculation formula in the Kii Peninsula [3] 
and the Yakushima Isalnd [4]. Therefore, the purpose of this 
study is to estimate the origin of spring water in the Kushiro 
Moor and to determine the local formula for the Hokkaido 
area.  

 
 

2. SUMMARY OF SAMPLE COLLECTION 

The study area is the whole area of Hokkaido including the 
Kushiro Moor. Localities of water samples are shown in Fig.1. 
The sampling days were in Jun. 13, 2005 to Jun. 18, 2005, Oct. 
7, 2005 to Oct. 8, 2005, Sep. 26, 2006 to Sep. 28, 2006, Apr. 
27, 2007 to Apr. 30, 2007, Jul. 9, 2007 to Jul. 13, 2007, Sep. 9, 
2008 to Sep. 16, 2008, Sep. 11, 2009 to Sep. 17, 2009, Apr. 28, 
2010 to Mar. 4, 2010 and Sep. 5, 2010 to Sep. 12, 2010. 
There is the Sarobetsu wilderness and a lot of lowlands in the 
north region. In the northeast region, there is the Saroma Lake 
that is biggest brackish lake in Japan. In the east region, there 
are the Kushiro Moor and the Masyu Lake and spread to 
lowland in the whole. There are the volcanic highlands in the 
central region, including the Asahi Peak that is the highest 
peak in Hokkaido. In the south region, there is the Tokachi 
Plain, and Hidaka Mountains are running around west of this 
plain. The west region is composed of peninsula and dotted 
volcanic terrain [5].  
Above all, the Kushiro Moor is about 36km length from north 
to south and about 25km wide from east to west and the total 
area is 189.2 km2. Fig.2 shows the sampling points around the 
Kushiro Moor. In the Kushiro Moor, many springs can be 
seen around the Chiruwatsunai River located in the 
north-Kushiro Moor. Therefore, sampling of spring and river 
waters in the Kushiro Moor was performed intensively.  
In this study, river waters, spring waters, ground waters, and 
hot spring waters were collected in the whole Hokkaido.  
To prevent sampling water from contamination, stream water 
sampling was selected because stream water is thought not to 
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be contaminated and mixing of another place origin water by 
artificial influence.  
Water was sampled with a 100ml polyethylene bottle with 
double seals and the value of pH, EC (electrical conductivity), 
ORP (redox potential) and temperature values were measured 
in the field using simple portable sensor. 

3. ANALYTICAL METHODS 

Dissolved major ions of sampled waters were measured by 
ion chromatography, DX-ICS, AQ-1500 and ICS-1600 
(Dionex Ltd.). The measured cations are Li+, Na+, NH4

+, K+, 
Mg2+ and Ca2+. And the measured anions are F-, Cl-, Br-, NO3

-, 
PO4

3-, and SO4
2-.  

The sampled waters were passed through the 0.45μm pore 
diameter membrane filter in order to remove impurities such 
as organic matter. Carbon dioxide (CO2), carbonic acid 
(H2CO3), bicarbonate (HCO3

-) and carbonate ion (CO3
2-), 

such as all carbonate material in water samples was  measured 
by an acidic titration using 0.02N sulfuric acid. 
The oxygen and hydrogen stable isotope ratios of water 
samples were measured by the mass spectrometric system 
using the CO2-H2O and H2-H2O equilibration technique with 
platinum as a catalyst. The mass spectrometric systems were 
composed of Finnigan Mat Delta Plus and WECs + 
GEO20-20 mass spectrometer. Oxygen isotope ratios are 
defined as the 18O / 16O and hydrogen isotope ratios are 
defined as D / H (2H / 1H). δ18O and δD values are defined as 
the following equation (1). 
 

1000)1/(  stx RR             (1) 

 
Rx：stable isotopic ratio of x，Rst：stable isotopic ratio of st 

4. RESULTS AND DISCUSSION 

4.1  Wide distribution of stable isotopic ratios 

Relationship between oxygen and hydrogen isotope ratios for 
sampled water is shown in Fig.3. The oxygen isotope values 
ranged from -14.0 ‰ to -5.3 ‰ and hydrogen isotope values 
ranged from -92 ‰ to 18 ‰. The relationship between 
oxygen and hydrogen isotopic ratios for precipitation, 
meteoric line is defined by the equation (2)  
 

10O8 18  δδD                                                        (2) 
 

Most of precipitation is on the meteoric line but the sampled 
water in the whole Hokkaido area was divided into two 
groups shown in Fig.3. One was on the meteoric line and the 
other was separated from the meteoric line. The separation 
from the meteoric line was caused by origin of precipitation 
[6].  
Fig.4 and Fig.5 show the distribution of the δ18O and δD in 
the whole Hokkaido. δ18O and δD values were the nearly 
same tendency in the north region and around the Kushiro 
Moor. Low δ18O and δD values are distributed in the 
northeast region and the boundary between the northeast and 
the central region. In the central region, the Tokachi 
Mountains and high altitude areas show low values.  
Generally, δ18O and δD values decrease with increasing 
altitude and then it is called altitude effect. And δ18O and δD 
values decrease with increasing distance from the coast and 
then it is called inland effect. 

4.2 Estimation of the spring waters origin in the Kushiro 
Moor 

Relationship between oxygen and hydrogen isotopic ratios 
for the Kushiro area is shown in Fig.6. The oxygen isotope 
values ranged from -12.0 ‰ to -7.0 ‰ and hydrogen isotope 
values ranged from -79 ‰ to 43 ‰. Fig.6 shows the linear 

Fig2.Sampling point around the Kushiro Moor 
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relationship between δ18O and δD. Fig.7 shows the 
distribution of the δ18O values around the Kushiro Moor and 
the detail distribution of spring points. The oxygen isotope 
values ranged from -12.0 ‰ to -7.0 ‰. The most of water 
values ranged from -10.0‰ to -9.0‰ around the Kushiro 
Moor. Increasing distance from the coast, δ18O values 
decrease about 1.0‰. The δ18O values for the Kushiro Moor 

were thought to decrease about 1.0‰ with increasing distance 
from the coast by the inland effect. 
Relationship between δ18O values and altitude is shown in 
Fig.8. The δ18O and δD values decreased with increasing 
altitude.  The isotope altitude effect of the Kushiro Moor is 
-0.23‰/100m for δ18O and -1.37‰/100m for δD by the 
previous study [7]. The altitude effect result of this study is 

Fig4. Distribution of oxygen stable isotopic ratios 
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Fig5. Distribution of hydrogen stable isotopic ratios 
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-0.26‰/100m for δ18O and -2.02‰/100m for δD.  
The difference between both results was thought to be caused 
by difference of sampling season and sampling points.  
The right side figure shown in Fig.7 shows the spring waters 
around the Chiruwatunai River. The spring waters are 
classified into three groups. The first group consists of 
S-01(-10.3‰) with relatively low δ18O values and is located 
around the top of the Kirakotan Cape. Second group consists 
of S-16(-8.5‰) and S-35(-8.1‰). The second springs are 
located in the upper Chiruwatunai River, and show high 
values compared with stream water around there. Third group 

consists of S-34(-6.9‰) and S-36(-7.1‰). The third springs 
are located in same area of second group but show very high 
values. The δ18O values of the stream water around there are 
about 9.3‰.  
The first springs group with oxygen isotopic ratio, about 
-10.0 ‰ was thought to be derived from the forest area at the 
north of 10 to 20km from the Kushiro-Moor because the 
isotopic ratios of the stream water at the A area shown in the 
Fig.7 were in agreement with those in the spring water.  
Then, Fig.8 shows Hexa diagram representing major ions 
concentration to compare the spring waters and river water.  

Fig7. Distribution of oxygen stable isotopic ratios around the Kushiro Moor 
and Spring point around the Chiruwatunai River 
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As both the A area and the first spring group (S-01) have 
same character with low values of Mg2+ and high values of 
HCO3

- and Na+ + K+, the first spring group is also thought to 
be derived from the A area. 
Although the character of major ions for the A area and the 
first spring water is same, total concentration of the spring 
water is higher than those of the A area because generally 
recharge water is added by ions from sediments or rocks 
during migration.  
The stream waters with oxygen isotopic ratio of the second 
spring group were found in two areas, the B area and C area 
near the Toro Lake located on the east side of 5km or 6km 

away from the Kushiro Moor shown in Fig.7. 
The second spring group (S-16 and S-35) was divided by into 
two groups by the main ions. S-16 is characterized by high 
values of HCO3

- and Ca2+ and is similar to those of all stream 
water in the B area and some river water in the C area. On the 
other hand, S-35 is characterized by high values of HCO3

- and 
Na+ + K+ and is not similar to stream waters in both the B and 
C area. 
The third group with very high values about -7.0‰ was 
characterized by high values of HCO3

- and Na+ + K+. 
Although the isotopic ratio for the third spring group is high, 
its Cl- concentration is low and then sea water mixing is not 
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thought to increase isotopic ratio for the third spring.  
Although the river water with -7.0 ‰ outside of the Kushiro 
Moor was not found, Stream water with high isotopic ratio 
may exist in the southeast and southwest in the Kushiro Moor 
because there is an inadequate area for sampling and the 
previous study showed high isotopic ratio in there. 

5. CONCLUSIONS 

The precipitations in the whole Hokkaido area were divided 
into two groups by oxygen isotopic ratio. One was on the 
meteoric line and the other was separated from the meteoric 
line. The separation from the meteoric line was caused by the 
condition of precipitation origin. 
Oxygen and hydrogen stable isotopic ratios in the north 
region and around the Kushiro Moor were high.  
Low δ18O and δD values are distributed in the northeast 
region and the boundary between the northeast and the central 
region. In the central region, high altitude areas show low 
values. The δ18O values decrease with altitude and distance 
from coast and then altitude effect and inland effect of isotope 
can be observed. 
 Low δ18O values and high δ18O values spring waters were 
found in the Kushiro Moor and there were classified into 
three groups by oxygen isotopic ratio.  
The first spring group with oxygen isotopic ratio, about 
-10.0 ‰ was thought to be derived from the forest area at the 
north of 10 to 20km from the Kushiro-Moor. Because the 
isotopic ratios of the stream water at this area were in 
agreements with the spring water. And both of them have 
same character with low values of Mg2+ and high values of 
HCO3

- and Na+ + K+. 
The stream waters of the second spring group, about 8.0‰ 
were found in two areas, near the Toro Lake located at the 
east of 5 km or 6 km away from the Kushiro Moor. 
Major ions of the one spring in the second group are similar to 
those of stream water in those areas.  On the other hand, major 
ions of the other spring in the second group are not similar to 
stream waters in those areas. 
The third group with very high values about -7.0‰ was 
characterized by high values of HCO3

- and Na+ + K+. 
Although the river water with -7.0 ‰ outside of the Kushiro 
Moor was not found, stream water with high isotopic ratio 
may exist in the southeast and southwest in the Kushiro Moor 
with inadequate for sampling.  
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ABSTRACT: On August 14, 2010, an intense and prolonged rainfall 
triggered debris flow in Hongchun gully, Yingxiu town, the 
epicenter of the Wenchuan earthquake. The event transported huge 
material sediment to the watercourse of the Minjiang River and 
formed a natural dam, resulting in flash flood in the new 
reconstruction Yingxiu town. In order to predict the run out distance 
and extent of the hazard area of such kind of debris flows, we 
develop an approach from the earthquake-induced landslides 
recognition to the numerical simulation of the debris flow in this 
study. At first, we determined the initial material sediment by aerial 
photography identification and field investigation. And then, a 
two-dimensional numerical model was used to simulate the transport 
process of the debris flow. The raster grid network of digital 
elevation model generated from GIS was used for the finite 
difference mesh. The results from the numerical simulation showed 
a good agreement with the actual movement and deposition 
distribution of Hongchun gully debris flow. 
 
Keywords: debris flow; aerial photography identification; 
two-dimensional numerical model; GIS 

1. INTRODUCTION 

The Wenchuan earthquake (Ms=8.0), with a focal depth of 
12-15 km, throughout an area of about 50, 000km2, was 
triggered by the reactivation of the Longmenshan fault 
(LMSF) zone at eastern margin of the Tibetan Plateau, 
adjacent to the Sichuan Basin on May 12th, 2008. The 
earthquake led to more than 69,225 fatalities, 374,640 
persons injured, about 17,393 persons missing, 5,362,500 
collapsed homes and 21,426,600 homes that were badly 
damaged by April 25th, 2009 according to official statics (Cui 
et al., 2009, Tang et al., 2011a).  
The latest data from aerial photographs and satellite images 
shows over 56,000 landslides occurred after the earthquake 
(Dai et al., 2011). The majority of landslides were 
concentrated in the hanging wall part of the 
Yingxiu-Beichuan fault and Pengguan fault, northwest part of 
earthquake zone. Consequently, a great deal of loose 
sediment was induced which in turn promoted heavy debris 
flows during subsequent typhoons and heavy rains. The most 
outstanding example was a severe debris flow hazard 
occurred in Hongchun gully, Yingxiu town, epicenter of the 
Wenchuan earthquake on August 14, 2010. The event 
transported huge sediment material to the water course of the 
Minjiang River and produced a natural dam, which then 
changed the course of the river and resulted in flash flood in 
the new constructive Yingxiu town. The flood claimed 13 

 
 

lives, with a further 59 listed as missing. About 8,000 local 
residents were rapidly evacuated from their homes.  
More recently, a giant debris flow burst on August 8, 2010 in 
Zhouqu City, which is also in the earthquake-affected area, 
that claimed 1,434 lives with a further 331 listed as missing. 
This catastrophic debris flow was following an intense local 
rainstorm and led to the destruction of more than 5,500 
houses along its flow path. All the events and previous 
researches (Cannon et al. 2001; Dong et al.2009; Tang et al., 
2011b) showed strong earthquakes play a major role in 
contributing to the accumulation of sediment supply on 
hillslope and in channels. Bovis and Jakob (1999) and Jakob 
et al. (2005) highlighted the importance of sediment supply 
on the frequency and magnitude of debris flows. 
In order to predict the run out distance and extent of the 
hazard area of such kind of debris flows, we develop an 
approach from the investigation of earthquake-induced 
landslide to the numerical simulation of the debris flow in this 
study. At first, we determined the initial material sediment by 
aerial photography identification and field investigation. Four 
large scale landslides were identified by using the 
object-based remote sensing technique and they were thought 
as the main loose material of the debris flow, their volume 
was estimated by the scale of the landslides. And then, we 
used a two-dimensional numerical model to simulate the 
transport process of the debris flow. In the model, the debris 
and water mixture was assumed to be a uniform continuous, 
incompressible and unsteady Newtonian turbulence fluid. 
The raster grid network of digital elevation model generated 
from GIS was used for the finite difference mesh. 

2. STUDY AREA AND DATA SOURCE 

The Hongchun gully is situated on left bank of Minjiang 
River and in Northeast region of the Wenchuan County, 
Sichuan Province, China (Fig. 1). The study area is situated in 
the transitional mountainous belt between the Sichuan Basin 
and the Western Sichuan Plateau and the gully-mouth is 
located at 31°04’01”N and 103°29’33”E. The geological 
main structure and the strike of the rock strata in this area 
show a NE-SW orientation. The Yingxiu-Beichuan fault just 
runs through the Hongchun gully.  
The study area is situated in the typical humid subtropical, 
monsoon climate zone. The annual average precipitation over 
a period of 30 years is 1,253 mm, with a highest recorded 
annual precipitation of 1,688 mm in 1964. On average, 70% 
of the annual precipitation is largely concentrated in the 
period from June to September. The maximum recorded 
rainfall intensity was 269.8mm/day in 1964. 
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Fig. 1 Hongchun gully of Yingxiu town 
 

The Hongchun gully has a catchment area of 5.35 km2 and a 
channel length of 3.55 km. The upslope elevation of the gully 
is more than 1,700m asl and the gully mouth is at 880m asl, 
The highest part of the debris flow source area is at 2,168 m 
asl. In the source area, mainly granitic rocks are exposed, 
which are deeply fractured and highly weathered, and 
massive coseismic landslides were developed on the slope. 
On August 14, 2010 at 3:00 A.M., triggered by an intense 
rainfall, numerous debris flows occurred near Yingxiu. The 
Hongchun gully debris flow was the most catastrophic one. It 
deposited mud, debris, and rocks onto the G213 national road 
and the Dujiangyan-Wenchuan highway. The alluvial fan of 
debris flow was located on the region of under-construction 
transition settlement building of Yingxiu town.  It travelled 
across Minjiang River and caused a natural debris dam of 10 
m height, 100 m in length across the river, and 150 m in width 
along the river. The dam caused a change of the river course 
and flooded the newly reconstructed Yingxiu Town (Fig. 2). 
 

 

Fig. 2 The blocked Minjiang River and new Yingxiu town in 
flood by Hongchun gully debris flow 

 

The basic data utilized in the study included a 20m × 20m grid 
digital elevation model (DEM) and an aerial photograph with 
a spatial resolution of 0.3m (Fig. 3), which was taken on May 
20, 2008 by the Ministry of Land and Resources (MLR) after 
the Wenchuan earthquake occurred. 
 

 

Fig. 3 Aerial photograph of Hongchun gully 
 

3. CAUSE ANALYSIS OF THE HONGCHUN GULLY 
DEBRIS FLOW 

Debris flows are triggered by a combination of three essential 
factors: sufficient available loose material, surface runoff, 
and steepness of the drainage channels on the slopes 
(Takahashi 1981). Therefore based on field investigation, the 
cause of debris flow in Hongchun gully can be explained as 
the following 3 factors: 

3.1 Triggering rainfall 

Debris flows usually occur at a combination of high 
accumulated rainfall and very high rainfall intensity (Crosta 
1998). On 12 August a total of accumulated rainfall of 162.1 
mm in 33 h was recorded from 17:00 P.M. until 02:00 A.M. 
on 14 August. The rainfall intensity that induced the debris 
flows occurred between 02:00 and 03:00 A.M.; 16.4 mm/h 
rainfall intensity was recorded during that time period. 
However, the peak hourly rainfall was 19.9 mm recorded 
between 17:00 and 24:00 hours two days before the landslide.  
Previous studies in the Longmenshan area (Tan and Hen 
1992) have reported rainfall that initiates debris flows to have 
intensities greater than 30-50 mm/h with a total rainfall of at 
least 80-100 mm. Lan et al. (2003) examined rainfall amount 
110 mm/day as the rainfall threshold for the occurrence of 
past landslide events in the Xiaojiang watershed, south 
western China. Comparing the triggering rainfall parameter 
with the rainfall condition in Hongchun gully, it indicates that 
although the antecedent precipitation of this event is higher 
than record, the trigger rainfall intensity is about 50% reduced. 
After the Wenchuan earthquake, debris flow susceptibility is 
increased by a large precipitation event. 

3.2 Sediment supply conditions 

The comparison between pre-earthquake and post-earthquake 
cases indicates that the strong earthquake has modified the 
conditions and debris flow is more easily induced after 
earthquake by a smaller rainfall (Lin et al. 2003; Tang et al. 
2009). It can be observed by remote sensing analysis of the 
aerial photographs taken on May 18, 2008, after the 2008 
Wenchuan Earthquake that an abundance of landslide debris 
was presented on the slopes. Therefore, the slopes are very 
susceptible to debris flows under heavy rainfall conditions. 



 

481 
 

 

3.3 Topography 

The average vertical of the Hongchun gully is 358‰, and the 
upstream is 538‰. Slope steepness is a fundamentally 
important factor influencing the occurrence of debris flows 
because most debris flows initiate as shallow landslides or as 
eroded rill or gullies on large landslide deposits. Since the 
original area and pass channels of the Hongchun gully are 
straight, the confluence of rainfall water became quick. The 
highest part of the debris flow source area is at 2,168 m asl. 
and the gully mouth is at 880m asl. The large elevation 
difference gave the rainfall water large kinetic energy 
transformed from potential energy to initiate the loose 
sediment material to failure 

4. LANDSLIDE RECOGNITION 

Landslide inventory is the most important procedure for 
related disaster prevention. Landslide mapping by field 
investigations is a challenging task in vast and inaccessible 
mountainous terrain. Visual interpretation of remote sensing 
data is time and labour consuming. So far there have only 
been a few attempts at automating the mapping of landslides 
by pixel-based methods, which likely fail as DN values alone 
and do not characterise geomorphic processes such as 
landslide (McDermid and Franklin, 1994). Recently Barlow 
et al. (2006) achieved good detection accuracy by treating 
landslide as an object and only considering the knowledge 
that landslides are quite large. Moine et al. (2009) used high 
resolution earth observation data without DEM, could 
recognize small landslides, eventually ruling out the 
possibilities of classifying landslide types. Tapas R. Martha et 
al. (2010) used the algorithm developed in Definiens 
Developer software based on high resolution satellite data 
and a DEM, achieved 76.4% landslide recognition accuracy 
in five different landslide classed in a terrain featuring 
spectrally identical land use/cover units. In our research, a 
multi-step approach was presented as following to recognize 
and classify landslides accurately. 

4.1 Image segmentation 

An important step before characterising diagnostic attributes 
of features of interest, such as landslides, is the creation of 
objects/segments that alone or in a group demarcate the 
boundary of the given feature. This is done using image 
segmentation, which is a process of dividing the image into 
objects or regions based on the homogeneity of the pixel 
values. These segments ideally correspond to real-world 
objects. Image segmentation can be done in different ways, 
using techniques such as density slicing, split and merge 
(Kerle and de Leeuw, 2009). 
In this research, we employ an edge-based segmentation 
algorithm which is very fast and only requires one input 
parameter, scale level. It is the regularization parameter, if it 
is small, then a lot of boundaries are allowed and a “fine” 
segmentation results. As it is increases, coarser and coarser 
segmentations result. By suppressing weak edges to different 
levels, the algorithm can yield multi-scale segmentation 
results from finer to coarser segmentation. 
Landslides pose a particular challenge to image segmentation, 
as land cover variability (e.g. partial vegetation), and 

illumination variations as a function of terrain characteristics, 
often result in spectrally diverse features. It is not practical to 
attempt outlining landslides as single segments for the first 
time, and some post-segmentation merging processing is 
needed also due to the typical size variability of landslides in 
an image (Martha et al., 2010). 
We partitioned the image into segments by grouping 
neighbouring pixels with similar feature values. In order to 
ensure the features of interest are not grouped into segments 
represented by other features and to ensure that a feature of 
interest is not divided into too many small segments 
(over-segmentation), we firstly choose a small scale level 30, 
to avoid the wider boundaries between segments which some 
features of interest will lose. 
Then segmentation merging is processed to resolve the over 
segmentation problem. It used the Full Lambda-Schedule 
algorithm which is created by Robinson, Rdding and Crisp 
(2002). The algorithm iteratively merges adjacent segments 
based on a combination of spectral and spatial information. 
Merging proceeds if the algorithm finds a pair of adjacent 
regions, i and j, such that the merging cost jit ,  is less than a 

defined threshold lambda value: 
 

)),((

2

,
ji

ji

ji

ji

ji OOlegnth

uu
OO

OO

t







  
(1) 

 

Where: iO is region i of the image; iO is the area of region i; 

iu  is the average value in region i; ju  is the average value in 

region j; ji uu  is the Euclidean distance between the 

spectral values of regions i and j; )),(( ji OOlegnth   is the 

length of the common boundary of iO  and jO . In this 

research, we find the merge scale 93 can best represent the 
landslide body. Fig. 4 shows the segmentation result.  
 

 

Fig. 4 Image segmentation result 
 

After segmentation, the spatial, spectral, texture and colour 
attributes were calculated for each object. 
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4.2 Image classification 

Bare rock or debris exposed after the earthquake, giving a 
bright appearance in the image, although at times mixed with 
remaining or dislodged vegetation. The Normalized 
Difference Vegetation Index (NDVI), a simple graphical 
indicator that can be used to analyse remote sensing 
measurements, typically but not necessarily from a space 
platform, and assess whether the target being observed 
contains live green vegetation or not, is sensitive to low levels 
of vegetation cover, has been successfully used by previous 
works (Barlow et al., 2006; Schneevoigt et al., 2008) to 
discriminate landslides from vegetated features. Therefore, 
we used NDVI as a first criterion to identify landslide 
candidates, and separate them from other areas such as forest 
land, orchards and crop land. An NDVI of 0.15, a value close 
to the statistical mode of the image NDVI, was found to be 
useful for discriminating landslide candidates from 
vegetation cover. Since NDVI is used as a cut-off criterion, 
objects with similar or lower than the NDVI threshold, such 
as rock outcrops, roads, water bodies and river beds, are likely 
to be classified as landslides candidate (Fig. 5). 
 

 

Fig. 5 Landslides candidate recognized by NDVI calculation
 

In order to classify the landslide candidates, the training 
samples need to be assigned. Different landslide type shows 
different spectral characteristic. For example, comparing with 
rocky landslides, debris flow shows relatively darker 
appearance. So we divide the landslides into three categories 
when selecting the training samples. Meanwhile, considering 
the landslide and some resident have similar spectral features, 
in order not to miss the landslide area, we take the 
conservative thinking which is not defining the resident area 
in the image at first. Then all the landslides will be recognized 
as well as some mis-classified resident area included.  Finally 
the three kinds of landslides were merged within ArcGIS. 
The more features and training samples are selected, the 
better the results are from supervised classification. However, 
selecting an overwhelming number of training samples will 
cause poor performance during classification and previewing 
classification results. In our case, 30 rock slides, 38 debris 
flows, 30 debris slides, 10 river objects were selected in total 
as the training samples for supervised classification. 
The K Nearest Neighbour algorithm was used for the 
classification. The algorithm considers the Euclidean distance 

in n-dimensional space of the target to the elements in the 
training data, where n is defined by the number of objects 
attributed used during classification. This method is generally 
more robust than a traditional nearest-neighbour classifier, 
since the K nearest distances are used as a majority vote to 
determine which class the target belongs to. The K Nearest 
Neighbour method is much less sensitive to outliers and noise 
in the dataset and generally produces a more accurate 
classification result comparing with traditional nearest 
neighbour methods. In this case, we define the K Parameter as 
3 that it means there are 3 neighbours will be considered 
during classification. Fig. 6 gives the classification result. 
 

 

Fig. 6 Image classification of Hongchun gully 
 

4.3 Post classification 

As shown in Fig.6, we can see almost all of the landslides 
were identified, although some resident area was also 
included. In order to improve the classification results, the 
non-landslide objects are eliminated by the assumption that 
landslide will not occur for the slope gradient less than 9° and 
it is processed in ArcGIS. A total of 73 landslides were 
semi-automatically detected in the entire area, with a surface 
area of 1.0 km2 in the Hongchun catchment area.  
 

 

Fig. 7 Landslide recognition of Hongchun gully 

Meanwhile, we can see some objects with blue colour were 
mis-classified as river, they were rectified manually (Fig. 7). 
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5. TWO-DIMENSIONAL NUMERICAL MODEL OF 
DEBRIS FLOW 

Based on the conservation of mass and the momentum of the 
flow, many researchers have proposed mathematical models 
of the debris flow. Some of them are 2D models (Takahashi et 
al., 1992; Chen and Lee, 2000; Ghilardi et al., 2001; 
Denlinger and Iverson, 2001; Wang et al., 2006). In this study, 
the debris and water mixture is assumed to be a uniform 
continuous, incompressible, unsteady Newtonian fluid. The 
numerical solution using a finite-difference formulation 
based on the DEM grid was detailed depicted in the previous 
literature (Wang et al., 2006). 
The proposed approach has been used to simulate the 
Hongchun gully debris flow. Furthermore, the grid networks 
in GIS are used as the grids of finite-difference method.  
When making DEM analysis in GIS, each cell has eight 
possible flow directions (Fig. 8). The flow direction of a cell 
is expressed in degrees: left = 0, up = 90, right = 180, down = 
270; and the diagonals: 45, 135, 225 and 315. Within a cell, 
overland flow is routed along one flow direction. The flow 
direction is the maximum downslope direction, which is 
determined from the raster-based DEM.  
 

 
 

Fig. 8 Possible flow direction in a grid cell 
 

Since only a 20m DEM map is available for generating grids, 
the area is divided into 200×170 grids by using ArcGIS9.3. 
The rheological parameters are assumed as constant (Tang et 
al., 2011b) and listed in Table. 1. 
 

Table. 1 Rheological parameters 
ρd α β μ tanφ 

2050 kg/m3 1.25 1.0 0.11 0.6 
 

where, ρd is the density; α and β are the momentum correct 
factors; μ is the kinematic viscosity; and tanφ is the friction. 
The photo interpretation can only provide information on the 
landslide surface area, so a relational model between the 
landslide area and its average thickness is required to 
determine the volume of the landslide debris. Combining with 
the identification result and field investigation, we finally 
selected four landslides: H1, H2, H3, H4 as the main loose 
source material of the debris flow (Fig.9). Information 
concerning coseismic landslide thickness was derived from 
the data in the report: “The investigation report on debris flow 
hazard in the Hongchun gully of the Yingxiu town after the 
Wenchuan earthquake”, published by the Guanghan Institute 
of Geological Engineering Investigations of Sichuan 
Province. The area for the above 4 landslides are separately 
7,688 m2, 5,137 m2, 2,002 m2, 4,567 m2 , and there average 
depth are separately defined as 4m, 3m, 1m and 1m. 
 

 

Fig. 9 Loose material identified for the debris flow 
 

The movements of the debris flow are illustrated in Fig. 
10(a)-(d) for different time. It can be seen that the river is 
blocked in Fig. 10(d). The distribution of the maximum depth 
of the whole flow is shown in Fig. 11. 
 

 

Fig.10 The movement of the debris flow 

 

Fig.11 The distribution of the maximum depth 
 of Hongchun gully debris flow 
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6. CONCLUSION 

A strong earthquake not only cause directly damage on 
constructs but also can result in a series of natural disasters 
such as landslide, debris flow and flooding. These secondary 
disasters occur as chain disasters after a strong earthquake. 
For mitigation of such kind of risk, apart from engineering 
measures, we have proposed an approach from the earthquake 
induced landslides investigation to the numerical simulation 
of the debris flow.  
In the first stage, a multi-step segmentation approach has 
been used to recognize and classify landslides accurately. 
Firstly, we divided the image into objects based on 
homogeneity of pixel values through edge-based 
segmentation algorithm. Then to ensure the features of 
interest are not over-segmentation, the merge segmentation 
based on the Full Lambda-Schedule algorithm was used to 
improve the delineation of feature boundaries. After 
segmentation, spatial, spectral, texture and colour attributes 
were calculated for each object. Next NDVI index was used 
to separate the landslide candidates from vegetation. Finally, 
supervised classification using the K Nearest Neighbor 
algorithm was applied to the entire image and the 
mis-classified objects were rectified by expert-driven 
knowledge. Another achievement of this study was detection 
of complex failure mechanism for different kinds of 
landslides. Considering the spectral characteristic for the 
landslides in different sites shows different appearance in the 
image, such as debris flow shows relatively darker brightness 
than rocky landslide, we separately chose the landslide 
samples in three categories according to the visual spectral 
value, and last they were merged together after the 
classification. Results showed almost all of the landslides 
were identified as well as some resident area included.  
Based on the image interpretation, a depth-averaged 2D 
numerical model incorporating the grid in ArcGIS used as the 
finite difference mesh was employed to simulate the debris 
flow in Hongchun gully. The simulation can show us a real 
propagation process of the debris flow, the potential 
inundation area can be derived and the maximum depth in the 
flow gully was calculated.  
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ABSTRACT: The Hei River Basin is located in northwest region of 
China. This region belongs to arid zone, and water resources are one 
of the main limiting factors of harmonizing the development of 
ecology, economy and society. Due to the economic growth and the 
population increase, water consumption has grown rapidly since 
1970s in the middle reaches especially in the Zhangye district. The 
rapid increase of water demand in the middle reaches has degraded 
the ecosystems of the whole watershed. Water pricing is very 
important instrumentally in balancing water supply and demand. 
Appropriate water price is a very effective countermeasure in 
changing the social behavior towards water resource conservation, 
promoting economic efficiency and investment in more efficient 
equipments. The aims of this study are to analyze the comprehensive 
impacts of Water Price Reform of the Zhangye district by using an 
operational Computable General Equilibrium (CGE) model based 
on building a social accounting matrix (SAM). 
 
Keywords: Water Demand Management, Water Price Reform, 
Computable General Equilibrium model, Zhangye, China 

1. INTRODUCTION 

The Hei River Basin is one of the major grain producing 
regions in China. The water shortage is mainly caused by the 
drastic population growth and the development of the 
irrigation area in the middle basin over the past decades. 
Water saving measures have to be taken to improve the 
irrigation system efficiency both on-farm and in the main 
canal system including water-saving measures, efficiency 
improvement and reuse of water. On the other hand, 
institutional management, water pricing and agricultural 
sector adjustment will play an important role in balancing 
demand and supply [15]. 
Water management includes water supply management and 
water demand management (WDM). WDM refers to the 
activities that aim to reduce water demand, improve water use 
efficiency and avoid the deterioration of water resources. 
Demand management offers sustainable water management 
solutions in the face of increasing water scarcity and growing 
conflicts over water use [6], [12]. For the Hei River Basin, the 
WDM measures consist of both technical and non-technical 
measures. Since irrigated agriculture uses 80% of the 
available fresh water, and the efficiency of this water use is 
very low, large quantities of water are wasted. Considerable 
economies can be realized if agricultural water is used in a 
more efficient way. Furthermore, water pricing and 
institutional reform can help to control water demand and 
implement water saving [15].  
Appropriate pricing of water (i.e., implementing an 
increasing block rate pricing structure) has proven to be a 

 
 

very effective measure in changing the public behavior 
towards water conservation and promoting economic 
efficiency and investment in new equipment [10].  
However, the reform of water price will take impacts in 
regional economic system. The data on direct water 
consumption reveal that the amount of water consumed 
directly by the primary industry (agriculture, forestry, 
livestock, and fishery) is much greater than that consumed by 
the industrial and service sectors, with agricultural 
consumption exceeding 2 billion m3, and the latter only 
consuming a small fraction of this amount (approximately 55 
million m3). This finding confirms the well-known fact that 
agriculture is the main consumer of water resources in 
Zhangye district, and is responsible for 94% of the total water 
consumption in the region. In comparison, the volume of 
water consumed directly by the industrial and service sectors 
is nearly negligible. However, when indirect water is 
considered, it becomes obvious that water consumption by 
the industrial and service sectors increased greatly. This is 
often unnoticed in analysis that focuses exclusively on the 
lower values for direct water consumption by these sectors. 
This means that although these sectors use only a small 
amount of water directly in production, in order to produce 
the inputs (generated by other sectors) that they incorporate 
into their production processes, a high consumption of water 
is necessary. Thus, it appears that the industrial and service 
sectors also consume large amounts of water indirectly. In 
this sense, indirect consumption seems to make up a 
significant part of the water consumption in the study area [17]. 
Therefore, water pricing will impact not only the agricultural 
sector but also other sectors. 
Water resources are the fundamental components which drive 
the evolution of ecological-economic system. Therefore, we 
should evaluate the impacts of water price reform before it 
was implemented. The aims of this study are to analyze the 
comprehensive impacts of Water Price Reform of the 
Zhangye district by using an operational Computable General 
Equilibrium (CGE) model based on building a Social 
Accounting Matrix (SAM). 
In this study, we build the SAM for water price reform and the 
CGE model based on the SAM. And, three water price reform 
scenarios are considered. We present the results from 
simulation experiments that we performed with the model to 
analyze the effects of each water price reform scenario. 

2. STUDY SITE 

The Hei River Basin spans Qinghai, Gansu and Nei Mongol, 
and is located in the arid zone of northwestern China. This is 
the second largest inland river basin in China. It covers an 
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area of approximately 130,000 km2. Its upper reaches source 
from the boundary district of Gansu and Qinghai, and its 
lower reaches end to the desert in the western part of Inner 
Mongolia. Administratively, the basin includes a county of 
Qinghai Province located in the upstream region of the Hei 
River Basin; a city and counties of Gansu Province, all of 
which lie in the midstream region, namely Zhangye district, 
Minle district, Shandan district, Linze district and Gaotai 
district, respectively; and a county (within the Ejina Oasis 
with the location in the downstream region of the basin) in the 
Inner Mongolia [9] (Fig.1).The study site is Zhangye district, 
located in the middle reaches of the Hei River, is 42,000 km2 
in size and has a population of 1.264 million, including a rural 
population of 9.11 million and an urban population of 3.53 
million. The climate of this region is arid, with annual 
precipitation ranging from approximate 100 to 300 mm, and 
potential annual evapotranspiration reaching 2,000 mm. 
Although located in one of the driest zones in the world, 
Zhangye district consists of many oasis ecosystems that are 
mainly watered by the Hei River. Water use in this city 
accounts for about 93% of all water use from the river, with 
94% of this water used for agriculture. According to the 
Zhangye Statistical Yearbook [4], the irrigated area in Zhangye 
district was about 68,667 ha in the 1950s, but by 2002, it 
expanded to approximate 266,000 ha, including 212,000 ha of 
farmland and 41,000 ha of forest and grassland. As a result of 
irrigated farming, Zhangye district has become an important 
center of Gansu Province for the production of commodity 
grains. 
Since the Chinese national economic reforms that began in 
1978, new industrial sectors have arisen, such as mining 
(including coal production), production of building materials, 
electric power, metallurgy, machinery assembly, 
transportation, and services. In recent years, Zhangye district 
has experienced considerable economic growth as a result of 
these changes. The gross domestic product (GDP) was 837.3 
million US$ in 2001, which was 8% greater than that in 2000. 
In 2002, 2003, and 2004, the GDP increased to 916.8, 1013.1, 
and 1206.7 million US$, respectively, representing annual 
increases of 10%, 11%, and 12%, respectively, over the 
values in the previous year [8]. 
Expanding agriculture and rapid economic growth have 
resulted in excessive use of the region’s water resources. 
According to GPBWR (2003) [7], in 2002, the annual available 
water resources were 2.05 billion m3, including 1.63 billion 
m3 surface water and 0.42 billion m3 groundwater while the 
actual annual water utilizations were 2.42 billion m3, of which 
90% was consumed by the socio-economic systems, and of 
this amount, 96% was used for agriculture. Ecological and 
environmental water demands are severely restricted for the 
excessive water use in socio-economic systems. As a result, 
the city seems to have locked into an 
environmental-economic dilemma through increasing 
dependency on the scarce water resources and further erosion 
of environmental quality [16]. 
 
 
 

Fig.1 Hei River Basin [15] 

3. CGE Model for Water Price Reform 

3.1 Computable General Equilibrium model 

A Computable General Equilibrium (CGE) model is a general 
equilibrium model that implements the textbook description 
of an economy. There are utility-maximizing consumers 
whose decisions determine the demand for goods and supply 
of labor. There are profit-maximizing producers whose 
decisions determine the supply of goods and the demands for 
primary factors (labor, capital, and land) and intermediate 
inputs. There is international trade. There is a government 
which collects taxes and tariffs; may set exchange rates; and 
provides transfers, subsidies, and services. Finally, there are 
market-clearing conditions specifying supply-demand 
balance, which will determine equilibrium prices. The model 
is a "general equilibrium” because all domestic supplies, 
demands, prices, and incomes are determined simultaneously 
within the model. It is computable because the model solves 
empirically for all endogenous variables in a highly 
non-linear system of simultaneous equations.  
Changes in policy alter demand through changes in prices. 
The wide scope of the model makes it especially useful for 
evaluating projects that have broad effects, changing incomes 
in many sectors through intersectoral linkages. When there is 
a generating many ripples in the economy, a general 
equilibrium framework are the appropriate tool of analysis [3]. 
The CGE model can consider the complex relationships in 
economic system, and it has been a popular tool in policy 
analysis. Water issues are important also in the world. 
Numerous state and regional economic impact studies of 
water management have been conducted. [Peter Berck, 1990] 
employ CGE procedure to investigate the reallocation of 
water in the San Joaquin Valley [11]. and [Chang K. Seung, 
1997] investigate the economic impacts of transferring 
surface water from irrigated agriculture to recreational use at 
the Stillwater National Wildlife Refuge in Churchill Country, 
Nevada[5]. [Alexander Smajgl, 2006] develop a conceptual 
framework of water reform and generates an Applied General 
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Equilibrium (AGE) model to investigate the impacts of 
potential water reform scenarios for an irrigation area with 
features of the Lower Burdekin [1]. [Okuda and Hatano, 2005] 
provides water-rights transaction model at China’s province 
level applying general equilibrium theory, in which sets a 
virtual water-rights market for YRB [13]. We built the Social 
Accounting Matrix (SAM) [2] of Zhangye district and used an 
operational CGE model to analyze the impacts of water price 
reform of Zhangye district. And this study analyzes the 
impact on the Zhangye economy by water price reform 
methods by using the CGE model. 
The CGE model explains all of the payments recorded in the 
SAM. The model therefore follows the SAM disaggregation 
of factors, activities, commodities and institutions. It is 
written as a set of simultaneous equations, many of which are 
nonlinear. 

3.2 Features of CGE Model for Water Price Reform 

Fig.2 shows the Framework of the CGE model for water price 
reform. Continues line shows flow of goods and factors, and 
it shows money flow in opposite sense. Dash line shows the 
flow of tax, subsidy, saving and transfer. 
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export import
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investment

investment
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Fig.2 Framework of the CGE model for water price reform 
 
In this CGE model, agents are presented by household, water 
authority, government, rest of the world, investment agent 
and ten enterprises. And there are factor market and goods 
market. Enterprises are “agriculture”, “forestry”, “livestock”, 
“fishery”, “agriculture, forestry and fisheries service 
(agriculture service) ”, “mining”,  “manufacture”, 
“electricity”, “construction”, “others”. 
The household income is composed of returns to labor and 
capital, as well as transfers from government and the rest of 
the world. And it is supposed that transfers to households 
from government are proportionate to government income. 
Household expend on saving, consumption of commodity and 
tax. The households consume the domestic consumer goods. 
It is assumed that each household maximizes its utility 
function subject to consumption expenditure constraint. The 
utility functions are defined as Cobb-Douglas functions. 
The water supply authority (water authority) holds water and 
capital, and earns factor incomes. Water authority expend to 
tax and saving 

It is supposed that government revenue is composed of value 
added tax, household tax and direct tax of water authority. 
Government expenditures are divided into transfer to 
household, consumption and saving. 
Each producer is assumed to maximize its profits, defined as 
the difference between revenues earned and the cost. Profits 
are maximized subject to a production technology; the 
structure of which are shown in fig.3. 
Value added (V) is composed of water (W), labor (L) and 
capital (K) by the Cobb-Douglas function. Domestic 
production (DP) is a combination of value added and 
intermediate (X), which are characterized as strict 
complements according to Leontief function. In other words, 
zero-value substitution elasticities are assumed for 
intermediate inputs and value added. It is assumed that input 
coefficients of intermediate goods are fixed.  Domestic 
production is transformed to domestic goods (D) and export 
(E) by CET (constant elasticity of transformation) function 
and export price is domestic consumer goods price. Domestic 
consumer goods are obtained to compose of domestic goods 
and import (M) by CES (constant elasticity of substitution) 
function and import price is fixed the price of rest of the world. 
The import price is the price paid by domestic users for 
imported commodities. And, the export price is domestic 
consumer goods price. In Zhangye district, most of import 
and export is transaction between Zhangye district and other 
national region. In this model, we assumed that the import 
price is fixed the price of rest of the world. In this model, 
foreign saving and transfer to household from rest of the 
world are fixed. The fact that all items except imports and 
export are fixed mean that, in fact, the trade deficit also is 
fixed. Model detail is in appendix. 

Fig.3 Framework of Production Technology 

3.3 Definition of Welfare Loss 

The change in welfare is defined as the change in equivalent 
variation (EV). The EV is an estimate of the hypothetical 
variation in the household income, which would have 
produced the same change in the utility of the representative 
consumer, at fixed prices.  
Amount of water saving is defined as the amount of water 
using without water price reform minus the amout of water 
using with water price reform.  

Cobb-Douglas

domestic production

domestic goods import

value added

labor capital

intermediate

Leontief

CET

CES

Export 

domestic consumer goods

water
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3.4 Scenario Definition 

The primary water price is different in each activity as fig.4. 
The primary price – also called benchmark – is compared 
with each scenario which is described in this section. Three 
scenario conditions are summarized in table 2.  
Scenario1 means that the amount of the water price charge for 
construction, mining, manufacture, electricity and others are 
larger than the amount of price charge for agriculture, forestry, 
livestock, fishery and agriculture service 
Scenario2 means that the amount of the water price charge for 
construction, mining, manufacture, electricity and others are 
less than scenario1, and the amount of price charge for 
agriculture, forestry, livestock, fishery and agriculture service 
is larger than sccenario1. 
Then, water supply with water price reform doesn’t exceed 
the present water authority income. The price that the water 
supply exceeds the income of water authority is unfeasible. 
 

Fig.4 Primary water price of each activity (Yuan/m3) 
 

Table 1. Scenario definition 

scenario1 
Constant rate price charge for all activities 

  w
a

w
a PP  1  

scenario2 
Constant additional price charge for all activities 

PPP w
a

w
a   

scenario3 
Constant price for all activities 

ww
a PP   

wP  ：primary water price 

  ：water price increase rate 

P  ：water price increase amount 

a  ：suffix of activity 

4. RESULTS AND INTERPRETATION 

4.1 Welfare Loss with Quantity of Water Saving 

Please start writing here. In this section, we compare the 
welfare loss with quantity of water saving in each scenario. 
We can analyze the welfare loss when the same amount of 
water is saved in each scenario.  
Fig.5 shows that the welfare loss with quantity of water 
saving in each scenario. Scenario3 is the least of welfare loss 
when the equal amounts of water are saved. It shows that 
scenario 3 is the best water price reform method. But 
scenario3 is also unfeasible, because water supply sector 
needed to be subsidies when the water prices are under 0.7 
(Yuan/m3) (dash line in fig.5), and the amount of water 
savings exceeds 80% of the amount of present water using 

when the water price is more than 0.7 (Yuan/m3) (continuous 
line in fig.5). Looking at the welfare loss with quantity of 
water savings, scenario 2 is the best water price reform 
method except for scenario3. 
 

Fig.5 Welfare loss with water saving rate 
 

4.2 Impact on Domestic Production of Water Price 
Reform 

PFig.6 shows the change of quantity and the change rate of 
domestic production. Fig.6 shows that water price reform of 
scenario1 affects the domestic production of mostly 
agriculture and manufacture. On the other hand, water price 
reform of scenario 2 affects domestic production of mostly 
agriculture. Even though, impact on agriculture of scenario1 
is larger than scenario 2 although the water price charge for 
agriculture of scenario1 are smaller than scenario 2.  

Fig.6 Change of quantity and change rate of domestic 
production to save the water of 1 billion m3 

Fig.7 Change of quantity and change rate of final demand to 
save the water of 1 billion m3 
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Fig.8 Change of quantity and change rate of investment 
demand to save the water of 1 billion m3 
 
Looking at fig.7 and 8, the impact on final demand of 
agriculture of scenario 1 is smaller than scenario 2, and the 
impact on final demand of agriculture of scenario 1 is also 
smaller than scenario2. Looking at fig.9, the impact on total 
intermediate dmand of agriculture of scenario1 are larger than 
scenario2. This means that the impact on domestic production 
are caused by total intermediate demand (fig.10). Because, 
manufacture demand has a relative large amount of 
intermediate from africulture , and water price reform of 
scenario1, therefore there is a decrease of domestic 
production in manufacture. 
Fig.9 Change of quantity and change rate of total intermediate 
demand to save the water of 1 billion m3 
 

Fig.10 Input coefficient of manufacture 

5. CONCLUSION 

In this paper, we built a CGE model for water price reform. 

We applied the CGE model to the Zhangye economy. The 
proposed method provided three water price reform scenarios 
and these impacts on economy. Constant price for all 
activities of welfare loss is the least when the equal amounts 
of water are saved. But it is also unfeasible, because the water 
supply sector are needed to be subsidies when the water 
prices are under 0.7 (Yuan/m3). And the amount of water 
savings has exceed 80% beyond the amount of present water 
using when the water prices are more than 0.7 (Yuan/m3). 
Looking at the welfare loss with quantity of water savings, 
constant additional price charge for all activities has larger 
decrease of welfare loss than constant rate price charge. But, 
additional price charge for all activities affects mostly 
agriculture. On the other hand, constant rate price charge for 
all activities more decrease welfare loss than constant 
additional price charge. But constant rate price charge for all 
activities affects mostly agriculture and manufacture. In other 
words, constant rate price charge for all activities decreases 
more in welfare loss, and decrease of domestic production are 
incurred by mainly agriculture and manufacture. On the other 
hand, constant additional price charge for all activities 
decreases less in welfare loss and the decrease of domestic 
production are incurred mainly by agriculture. 
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Appendix. Model equation 

 
Income of Household  

TRTGKPLPIH
H

K

H

L    (1) 

IGTG G    (2) 

IH  ：income of household 
LP  ：wage 
KP  ：capital rent 

H
L  ：labor endowment (exogenous variable) 

H
K  ：capital endowment (exogenous variable) 

TG  ：income transfer to household from government 

TR  ：income transfer to household from the rest of the world(exogenous 

variable) 
G  ：share parameter 

IG  ：government revenue 
 
Government Revenue 
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P  ：price of value added 

a
V  ：quantity of value added 
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  ：value added tax rate 

H  ：direct income tax rate of household 
W  ：direct tax rate of water authority 
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U  ：utility level 
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：quantity of household domestic consumer goods 
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P  ：price of domestic consumer goods  
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  ：share parameter of household demand 

SH  ：household saving 
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0  ：initial quantity of household domestic consumer goods 
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 ：initial price of domestic consumer goods  

 
Water Supply Authority Expenditure 
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SW  ：saving of water authority 
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：share parameter of government demand 

SG  ：government saving (exogenous variable) 
 
Investment 
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：quantity of investment demand for commodity 

IR  ：investment of rest of the world 
I
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：share parameter of investment demand  
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：share parameter of household saving 
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：capital endowment of enterprise (exogenous variable) 

 
Interregional Balance 

    
c

M

cc
c

DC

cc
PMTRIRPE  (21) 

c
M

 
：quantity of import 

M

c
P

 
：import price (exogenous variable) 



 

491 
 

 

 

ABSTRACT: This paper presents a methodology for the rapid 
assessment of bridge’s safety and functionality following a major 
seismic event in flat rural areas. The proposed model considers a 
combination of the bridge ranking prior to the seismic event and a 
computer assist program to identify the “efficient completion time” 
strategy for the post earthquake bridge inspection team to inspect the 
critical bridge’s components damage level. Application of the 
proposed methodology is conducted on the Purchase Parkway in 
Western Kentucky. By setting the required inspection time to 40 
minutes per bridge, it is estimated herein that a non trained 
inspection team and without computer assist would conduct the 
inspection for all bridges 61 in a period exceeding 40 hours. On the 
other hand, by setting the time to 20 minutes for a well trained team 
with computer assist, it will need 22 hours to inspect all bridge 61, 
and 5 hours to inspect provisionally the high risk bridges 9.  
Keywords: Bridge rank, Inspection Strategies, 
Post-earthquake inspection, Risk Potential  

1. INTRODUCTION 

Bridges have historically presented significant 
vulnerabilities during major seismic events. Although 
engineers have taken steps to restore and reinforce bridges 
against earthquakes, it is inevitable that unexpected damage 
caused by lack of maintenance, poor design, etc., will occur. 
Therefore, immediate dispatch for bridge inspection is very 
important following an earthquake.  

 To assist in decision making and timely response to ensure 
safety of the public and restore the transportation system 
functionality, ShakeCast has been developed and provided 
freely by U.S.Geological Survey (USGS) for emergency 
responders[1]. In addition, Caltrans (California Department 
of Transportation) has developed and implemented a 
Caltrans-specific version of ShakeCast, a post-earthquake 
analysis tool for rapid evaluation of potential damages 
structures[2].  

In Japan, postearthquake response systems for road 
networks have already been developed. The system is 
composed with early earthquake alerts which warn about 
severe earthquake tremors a few seconds before they happen, 
a GIS database, ground shaking sensors, CCTV monitors and 
inspection tours by construction office staff[3].  

Those post-earthquake response systems above mentioned 
may be useful in the construction of real time information 
facilities such as monitors, seismic sensors and 
communication lines. Although accurate real-time 
information may be helpful for an efficient inspection tour, it 
is difficult to extend those systems for a rural area road 
network. In rural areas, the cost benefit balance of real-time 

 
 

information systems may be lower than one in an urban area. 
The financial demands for the construction and maintenance 
of these systems are unavoidable. Consequently, for 
inspections that take place without real-time information 
systems, a rapid inspection methodology is very important.  
In Japan, post earthquake inspection systems for building 

damage are conducted by architects and building engineers 
who volunteer to evaluate the building damage and risk to the 
public. The public sector organizes seminars to train 
inspectors and registers them as volunteers. The results of 
inspections, containing comments and remarks from resident 
and visiting inspectors, are displayed on placards[4]. 
Following an earthquake in Japan, color inspection stickers 
are seen at the site of a damaged building. However, this 
system is not used for bridge structures.   

 For bridge structures in Kentucky, the rapid inspection 
system assists in providing a uniform approach for rating the 
damage that has taken place[5]. The inspection teams can fill 
out an electronic form for all components of the bridge 
structure with assistance from sample pictures and key point 
comments. A computer assist program provides 
recommendation based on whether the observed damage was 
none, minor, moderate, or severe for each bridge component. 
The recommendation is made based on the level of damage in 
the bridge components. The inspection system interface in 
Kentucky Transportation Center is composed of a laptop PC 
that contains all the bridge data in Kentucky and a GPS unit 
attached to the laptop that identifies the bridge once the 
inspector is at the site.  The inspection systemin Kentucky is 
inexpensive and does not require any special tools or 
equipment.The system in Kentucky can be used not only by 
professional but also by a variety of personnel since it has the 
tools that assist the inspector embedded in the software. This 
is an important issue in the limitation of manpower and 
resource at a disaster. 
This study attempts to understand the efficacy of the 

inspection system with a combination of pre-earthquake 
investigations and rapid inspections. In addition, scenarios 
and discussions are presented for the inspection tour planning 
for safety and road link recovery. The framework of the 
inspection system is discussed herein thorough an application 
example using the Purchace Parkway which has one of the 
priority routes on the Western Kentucky Parkway System. 

2. METHODOLOGY 

2.1Outline of proposed method 
The proposed time outline for the rapid inspection planning 

is shown in Fig.1. Firstly, pre-earthquake investigations 

Post Earthquake Rapid Inspection Planning for Bridges in Western 
Kentucky 

Norimitsu Koike, Department of Civil Engineering, Aichi Institute of Technology 
Issam E. Harik, Department of Civil Engineering, University of Kentucky 
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should be carried out to ascertain the present condition of 
bridges. The data from the pre-earthquake investigation is 
used for forecasting possible damage and ranking the risk. 
Rapid inspection immediately following an earthquake will 
be carried out to make recommendations for maintaining 
public safety and relieving traffic congestion. If the 
inspection staff has the data from pre-earthquake 
investigations, their inspection is more effective and rapid. 
They can check high risk bridges, identified in the 
pre-earthquake investigation, as a priority.  
 When making recommendations for traffic relief, inspections 
should be finished in a short time, and the shorter the better 
for rescue activities. However, a few hours may be required 
for decision making to dispatch the inspection team(s) 
following the announcement of the magnitude and location of 
the earthquake.  
 The objective of this study is to produce a recommendation 
for a rapid inspection of bridges on priority routes. The areas 
of interest for this study are underlined in Fig.1. 
 
2.2 Bridge risk ranking 

 The bridge risk ranking against an earthquake is needed to 
make priorities for rapid inspection. In general, the risk 
defines the product of the damage probability by the expected 
loss. The damage to roadways may vary from minor damage 
such as slight cracking of road surfaces to the bridge collapse. 
The expected loss depends on the demand of the road. The 
demand of the main roads is higher than that of the local roads 
because the main roads may be used as the evacuation route 
for residents and as designated routes of the relief teams. 
Therefore, damage and demand have a direct influence on the 
risk potential. Consideration of demand for roads which are in 
different regions is also important. However, a uniform 
demand can be on road sections that are direct routes. If road 
sections are awarded a uniform demand, it means that the 
relative risk potential may be decided only by the damage 
probability. Since the objective is to create a bridge risk 
ranking, a relative calculation of the risk potential is 
sufficient.  

 The challenge is how to calculate the damage probability. 

The seismic retrofitting manual for preliminary seismic 
evaluation can be used [6]. The manual describes the rating 
method for a bridge retrofitting program. Since this manual 
addresses multiple factors such as structural vulnerabilities, 
seismic and geotechnical hazards, and bridge importance, it is 
a suitable method to define the post-earthquake inspection 
ranking. The outline of the method is as follows: 

 Firstly, the acceleration and importance coefficient are 
determined. The acceleration is provided by any seismic data. 
Some patterns of the importance of the bridge are described in 
the original manual. Since all bridges on the parkways in 
Western Kentucky are on essential or “priority” roads, the 
importance coefficient of bridges targeted for application of 
the proposed methodology can be classified as “essential”. 
The seismic performance category (SPC) is determined by 
the acceleration and the importance confidence by a table 
contained in the manual.  If the bridge is categorized as SPC 
A, this is omitted from the inventory. Secondly, the soil 
profile type (S) and structural vulnerability rating (V) are set. 
In addition, the seismic hazard rating (E) is modified by the 
soil profile coefficient (S). Finally, the bridge rank (R) is 
calculated based on a structural vulnerability rating (V) and a 
seismic hazard rating (E) as follows: 

 
R=V*E                                     (1)                       
 

In general, a bridge of high R value is more vulnerable than 
one with a low R value. Since V and E each range from 0 to 
10, the value of R will vary from 0 to 100. The R value is easy 
to understand as a relative index for the vulnerability of the 
bridge. 
 
2.3 Rapid Inspection system 

 An essential tool is the inspection assist system, which has 
been developed by the Kentucky Transportation Center for 
rapid inspection after an earthquake. Although the target 
region of the original system development is for the state of 
Kentucky, if the bridge database of the target area is compiled 
and installed into the system, its use in any region is possible.  

Decisionto dispatch therapid inspection tour 

Pre-earthquake investigation of bridges  

Thebridge risk ranking and inspection priority  

Pre-earthquake 

Investigation of seismic zoom 

EQ 

The magnitude and location is announced 

Departure the rapid inspection team 

Repair and Recovery  
Post earthquake inspection is done 

TIME 

Emergency Phase 

Display Recommendation for high risk bridges. The link is opened 

Fig.1. Time outline for rapid inspection planning 
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 The rapid inspection procedures with the system are as 
follows: 

 Firstly, the inspector checks the bridge type. The system 
provides the 17 types of bridge structure. If the database has 
already been compiled, the inspector needs to select the 
bridge code number only. Secondly, the inspector makes a 
visual inspection. The points of view are embankment, span, 
deck, abutment, bearing, pier or column, and so on. An 
internal program will provide an associated recommendation 
based on whether the observed damage was none, minor, 
moderate or severe for each component. Thirdly, the 
recommendation is made through the additional points from 
each component damage score. If the column leans, the 
recommendation is just “sever”. If some silly damage can see, 
the recommendation will be given by adding damage score. 
The recommendation may be one of five grades- Green, Blue, 
Yellow, Orange, and Red. Green means “Bridge Open”, Blue 
means “Travel with Caution”, Yellow means “Reduced 
Speed Limit”, Orange means “Bridge closed for Traffic 
Except for Emergency Vehicles  at Reduced Speeds” and Red 
means “Bridge Closed completely”. The inspector prints out 
the recommendation sheets for public awareness. Civil 
engineers may also find the data useful information for 
follow-up inspection. 
 If the time required for carrying out the inspection is too long, 
the efficacy of the system for rapid inspection is decreased, so 
training and rehearsal drills for qualified personnel and rapid 
inspection are required. 
 
2.4 The strategy of an inspection tour 
 If a long time is required to inspect all bridges, the 

inspection team should limit the inspection to bridges with 
high priorities. However the risk potential of non-inspected 
bridges cannot be ignored. Thus, the problem between the 
risk potential for inspection and the time required can be 
thought of as a trade-off relation. Normally, all bridges should 
be inspected immediately following an earthquake. The 
priority of inspections should be considered carefully. For the 
strategy of the inspection tour, a check should be made to 
determine whether the inspection tour can be completed 
within the time limit for relief activity. If inspection for all 
bridge is impossible, risk potential can’t be decreased. This 
proposal’s methodology defines the sum of the R values as 
previous risk potential in the region. After inspections and 
recommendations for each bridge, the risk potential will 
gradually decrease. When the inspection tour is finished, the 
sum of non-inspected bridges’R value will be shown as 
non-inspected bridges’ risk potential. The non-inspected 
bridges’ risk potential can be used as an important index for 
evaluating a post earthquake bridge inspection strategy. 
 The time required per bridge is an important parameter. This 
depends on the proficiency of the system and bridge structure. 
Of course the inspection can be carried out without the 
system; the team needs the handbook and calculation for 
making the recommendation level by themselves. The team 
may take a long time. When considering the time required for 

inspecting and assessing each bridge, this is ample motivation 
for the training of personnel. 

3 CASE STUDY 

3.1 Example Area  
 The study area is in the Western Kentucky region located in 
the New Madrid and the Wabash Valley Seismic zones. This 
is potentially one of the most destructive fault zones in the 
United States. The broad impact has direct implications for 
virtually every aspect of mutual emergency response. 
 Kentucky’s parkway were constructed during the 1960s and 
‘70s to augment the state’s interstate highways. Unlike roads 
called parkways in other states, Kentucky’s parkways are not 
closed to commercial and recreational traffic. Hence, it is 
essential that the parkways remain functional and operational 
following an earthquake, especially, in the Western Kentucky 
region.  
 

 
Fig.2.Purchace Parkways in Western Kentucky and PGA for 
a 250-year earthquake event8) 
 
 
  I.E. Harik et al. have evaluated bridges on and/or over the 
parkways in Western Kentucky for seismic events[7], [8]. 
Their investigation included not only bridges, but also their 
corresponding approaches and embankments. As a result of 
their research, the risk to the Julian M. Carroll Purchase 
Parkway (after this “Purchase PKWY”) is higher than other 
parkways. On such purpose, I.E.Harik et.al.used the Peak 
Ground Acceleration map showed in Fig.2 which 
corresponds to a 250-year earthquake event in Western 
Kentucky. The 250-year earthquake event implies that there 
is a 90% probability for the expected earthquake not being 
exceeded in 250 years. PGA showed in Fig.2 were calculated 
from a time history response spectra. The result of the 
investigation, preliminary analysis and ranking, shows that 13 
bridges of the Purchase PKWY are deemed critical because 
they were constructed in the 1960s, in which seismic design 
was not taken into consideration. Purchase PKWY is 
connected with the state of Tennessee, so it is an important 
route for response on multi-state issues. 
 
3.2 Strategy and Scenario 
One of the important issues of the inspection strategy is the 

accessibility of inspection teams. However there are no deep 
ravines and no elevated roads in the area. So, it is considered 



 

494 
 

 

that the inspection team may be able to move beyond the 
damage bridge site. Therefore, the inspection team 
transportation speed may be set at about 48km/h(30miles/h).  
There are two main purposes of the inspections. One is to 

make a rapid recommendation of bridge safety. The other is to 
provide road information as to whether people can travel from 
origin to destination smoothly. To accomplish the first 
purpose, the team goes to bridges which are estimated to have 
serious damage in advance, and displays a recommendation 
regarding the risk to the public. Although people are able to 
avoid dangerous bridges, they will be given more detailed 
road link information later on. If the second purpose takes 
precedence, the team checks all the bridges in the road section. 
It is recommended to sweep the road link step by step. 
However, it will require substantial time, as all bridges should 
be inspected to ensure that they have only slight damage. It 
will be difficult to accomplish the two objectives at the same 
time due to the restriction of human inspection resources. The 
problem is how to assign priorities and use inspection 
manpower efficiently. 
In order to provide both information of bridge safety and 

road information to the public timely, the dispatch patterns of 
the Kentucky Transportation Cabinet personnel are defined 
under the following strategies: 
Strategy 1 
The required time of inspection per bridge is varied between 

20, 30 and 40 minutes. The time relates to the skill of the 
inspection team. This will have a large impact on the 
inspection completion time. In all cases, the inspection team 
will start from the I-24 junction. 
Strategy 2 
If the time required to inspect all bridges in one road section 

is considered to be too long, a more efficient method may be 
to omit the low risk bridges. The R value can be used for 
screening in order to shorten the time for inspection in this 
road section.  Since all of bridges are not inspected, it is 
necessary to show how many risk potential of bridges are 
dispelled by the inspection teams. The inspection percentage 
(I) is defined as follows, 
 

(%)100*
 

  
T

S
I                          (2) 

 
Where S is sum of inspected bridge’s risk potential, and T is 
the total of all bridges’ risk potential   
 
Strategy 3 
If two inspection teams can be assigned, deciding how to 

divide the roles between them is important for the inspection 
strategy. This study proposes how to share the role based on 
theR value. One team is the express team that checks the high 
risk bridges. This team aims to display recommendations for 
dangerous bridges as soon as possible. This may permit the 
avoidance of traffic congestion and maintain public safety. To 
establish safety in this road section, the other team checks all 
bridges except those which have already been awarded 
recommendations by the express team. The aim of this 
method is to share the bridges that have border R value among 

both teams. Therefore, the R value can be varied for sharing 
the teams’ roles and to create the optimal strategy. 
 
3.3 Result of Bridge Risk Potential  
Fig.3 shows the frequency distribution of the R value versus 
the Number of Bridges or “Number”of the Purchase PKWY. 
The original data source is provided by the Kentucky 
Transportation Center report [9]. Although many bridges are 
varied between R=0 to 45, 8 bridges are over 75. It means that 
some specific bridges have a high risk potential and many 
bridges have a lower probability of being damaged by an 
earthquake.  In addition, two peaks can be seen between R=0 
to 45. One peak can be seen in the low level range from 0-10. 
The second peak is in the range of 20 to 30.  The “Ratio” 
values in Fig. 3 defines the number of bridges with an R value 
less than or equal to a specific value of R on the abscissa axis 
over the total number of bridges. 

 
Fig.3. The frequency distribution of the bridge risk potential 
 

4 RESULTS AND DISCUSSION 

4.1 Results of Each Strategy 
Strategy 1 
The fastest case (or 20 minutes per bridge) implies an 

inspection with a computer assist system by a well trained 
team. The middle case (or 30 minutes per bridge) is with 
computer assistance, but by a non-trained team. The results 
are shown in Table 1.In all cases, the inspection teams start 
from the I-24 junction. Cases with the computer assist system 
may decrease the time of inspection drastically. The 
improvement of inspection time per bridge is effective for 
short inspection tours.  
Strategy 2 
In strategies 1, there are recommendations to check all 

bridges in the road section. However, there is the possibility 
that inspections will take considerable time the 61 bridges. 
Therefore, the case for checking only high risk bridges is 
debatable. Through examination of Fig.3, it is found that high 
risk bridges are limited in Purchase PKWY. For rapid 
recommendations, it may not be necessary to inspect all 
bridges here.  
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 As the Kentucky Transportation Center, bridges having an R 
>35, are listed as high risk bridges[7]. In addition, Fig. 3 
shows that the mid range bridges’ risk potential varies from 
R=20 to 30. Thus, the target bridges for inspection are 
selected based on their R value. 
 Fig.4 shows the risk potential in cases when the inspection 
team checks bridges based on their risk potential. In case that 
the team inspects bridges having R> 20, the inspection will 
finish within 10 hours. The inspection percentage I is 
approximately 72.8%. The number of bridges inspected is 23 
out of 61. This number implies that 37.7 % of the bridges are 
inspected in this road section. In case bridges having R>35 
are inspected, the inspection tour will finish in approximately 
5 hours. The inspection percentage I is 45.6%, and the 
number of bridges that have been inspected is 9 out of 61 (or 
14.8% of the bridges in this road section). 

Fig.4.The decrease of the non-inspected bridges’ risk 
potential for different R values 
 
Strategy 3 
Fig. 5 shows the result of the inspection of bridges having 

R< 20 and R> 20. The express team for high risk bridges 
(shown “HR Team”) inspects 23 bridges having R> 20, and 
another team for low risk bridges (shown “LR Team”) 
inspects 38 bridges  having R< 20. The HR team may finish 

the inspection after 10 hours. At this point in time, because 
inspection of high risk bridges has been finished, people may 
be able to use the road slowly and carefully. The other team 
may finish about 17 hours later. Bridges can receive risk 
recommendations and people can travel using the road 
according to the recommendation displayed at each bridge.  

Fig.5.The decrease of the non-inspected bridges’ risk 
potential by the express team for high risk bridges (R> 20) 
and the team for low risk bridges (R< 20) 
 
Fig.6 shows the result of the inspection of bridges having R< 

35 and R> 35. The HR Team (R> 35) inspects only 9 bridges, 
and the LR team inspects 52 bridges. The HR Team may 
finish the inspection after 5 hours. The LR Team may finish 
about 17 hours later.  
 Comparing the cases when the cutoff values for Rare 20 and  
35, the completion time of the comprehensive bridge 
inspection in the case of the cutoff value is 20 may be faster 
than in the case when it is 35. This is because the number of 
bridges inspected is balanced among two teams in the case 
when the cutoff value is 20. However, in the case when the 
cutoff value is 35, the inspection of the check high risk 
bridges is faster.  
 Decision making regarding the inspection strategy is difficult 
without estimating the magnitude of the earthquake in the 
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Table 1.  Results of the four post earthquake inspection strategies 

Strategy Case 
Provisional inspection 
duration for high risk 

bridges(Hours) 

Inspection 
duration for all 
bridges (Hours) 

Percentage of 
Inspected 

Bridges   (%)

Strategy１ 

Well trained team with computer assist - 22.1 100.0

Non trained team with computer assist - 32.2 100.0

Non trained tem without computer assist - 42.4 100.0

Strategy2 
(One team) 

Bridges with R> 20 are inspected 9.4 - 72.8

Bridges with R> 35 are inspected 4.7 - 45.6

Strategy3 
(Two 
teams) 

One team inspects bridges with R> 20 and 
another team inspects bridges with R <20

9.4 14.4 100.0

One team inspects bridges with R> 35 and 
another team inspects bridges with R < 35

4.7 19.1 100.0
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region. For example, if some bridges were to collapse, the 
road link cannot be opened early by rapid inspection. Rapid 
inspection for high risk bridges may be required for the public 
safety. On the other hand, if many bridges suffer damage 
without collapse, all bridges should be checked early to open 
the road link. In this scenario, when a severe earthquake 
occurs, the cutoff value of R = 35 is a better to choice. 

Fig.6.The decrease of the non-inspected bridges’ risk 
potential by the express team for high risk bridges (R> 35) 
and the team for low risk bridges (R< 35) 
 
4.2 Discussion and Adoptable Strategy 
 Table 1 presents the result of all four strategies, and the 
following can be deduced: 
1. If an inspection team, without training, carries out the 
inspection for all bridges, an inspection time of over 40 hours 
may be required. This may prove to be too late for relief 
activity. By deploying a well trained team with an assist 
system, the inspection will be finished in about 22 hours. 
Training is significant in reducing the inspection time per 
bridge. 
2. In cases that only high risk bridges are inspected by a well 
trained team, the inspection will be finished in about 5 hours. 
Although all bridges may not be able to receive 
recommendations, people can go through the Purchase 
PKWY carefully. This may be the swiftest strategy,  
3. If two inspection teams are deployed, the high risk bridges 
can be inspected in about 5 hours, and all bridges within 15 
hours. 
In conclusion, a well trained inspection team dispatched to 

inspect high risk bridges with R> 35, travelers can expect to 
go through the Purchace PKWY within 4.7 hours following a 
major earthquake. It’s the adoptable plan for this area. 
 

5 CONCLUTION AND FUTURE DIRECTIONS 

 
 This paper presented a rapid inspection tour planning 
following an earthquake. The combination of the bridge 
ranking with pre-earthquake investigation and the computer 
assist system is our principal proposal in this paper. The 

proposed model is inexpensive, as daily system maintenance 
is not required. It may be a useful method for rural areas in 
which it is difficult to set many telemeter sensors. A sample 
application for the Purchase PKWY in Western Kentucky 
region was provided with the recommendation that inspection 
time will be reduced dramatically by using more than one 
team with good training and bridge risk ranking information.  
 As Western Kentucky is a flat land area, accessibility to the 
bridges’ sites by the inspection team is not accounted for in 
this paper. We have fixed the speed of the inspection team 
and haven’t done a sensitive analysis for this parameter. In 
cases where ravines and steep cliffs form the landscape of the 
priority route(s), urban areas, and other characteristics, 
transportation of the inspection team(s) by helicopter or other 
special transportation should be considered. Other strategies 
will need to be formulated to suit the geographical 
characteristics of each area. 
The previous field survey was done in 2002 in Western 

Kentucky area. And the R value was calculated by Seismic 
retrofitting manual in 1995 version. However, new manual is 
published in 2006[10]. Equation (1) hasn’t changed in new 
version. The attempt with 2006 version is need in future. 
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ABSTRACT: Seven organophosphoric acid triesters (OPEs) 
were measured in the water emissions from five active landfill sites 
and three closed inactive landfill sites. Many kinds of OPEs were 
detected and the highest concentration levels are 10,000ng/L orders 
of magnitude. The OPE concentration levels for the closed inactive 
landfill sites were almost same with those for the active landfill sites. 
It will be necessary for the closed inactive landfill sites to do 
continuous monitoring and further maintenance. The same OPEs 
were measured in the inlet waters and the outlet waters from two 
sewage plants. The OPE concentration levels in the inlet waters were 
almost same with those for landfill sites. The OPE concentrations in 
the outlet waters were lower than those in the inlet waters. Some 
OPEs could be removed in the treatment process of sewage plants. It 
is probably effective for OPE reduction to introduce the treatment 
process into landfill sites. 
 
Keywords: Organophophoric acid triesters, active landfill site, 
closed inactive landfill site, sewage plant 

1. INTRODUCTION 

Organophosphoric acid triesters (OPEs) are ubiquitous 
environmental pollutants because OPEs have been used for 
plasticizer, flame retarder, antifoaming agent, surface active 
agent and so on. Several OPEs have carcinogenic and/or 
neurotoxic properties. Some reports indicate the elution from 
plastic products and the emissions from landfill sites. 
However, little is known about the occurrence and the 
emission characteristics of OPEs from landfill sites and 
sewage plants. The purposes of this paper are to measure 
OPEs from active landfill sites, closed inactive landfill sites, 
and sewage plants and to investigate the OPE emission 
characteristics from those sites and plants. It is determined 
that the water emissions from landfill sites and sewage plants 
have an influence on OPE pollution in aquatic environments. 

2. METHODS AND MATERIALS 

2.1 Landfill site description 

This study focused on five active landfill sites shown in Table 
1. The landfill areas were from 8,469-100,816 m2.Many kinds 
of wastes were disposed in B landfill. Plastics were disposed 
in almost landfills. 

 
 

In 2007, the water emissions from A landfill site, B landfill 
site and C landfill site were taken three times on 11 November, 
1 and 26 December. Furthermore, the water emissions from A 
landfill site were taken five times on 20 November 2007 and 
six times on 6 January 2008 to investigate temporal change of 
OPE concentrations. 
In 2008, the water emissions from A landfill site and B 
landfill site were taken three times on 29 July, 17 October and 
21 November. The water emissions from C landfill site were 
taken four times on 14 June, 29 July, 17 October and 21 
November. 
In 2009, the water emissions from A landfill site and B 
landfill site were taken three times on 20 July, 25 August and 
25 September. The water emissions from C landfill site were 
taken five times on 20 June 18 July, 25 August, 25 September 
and 31 October. Furthermore, the water emissions from D 
landfill site and E landfill site were taken one time on 25 
August and 31 October, respectively. 
This study focused on three closed inactive landfill sites 
shown in Table 2. Many kinds of wastes were disposed in G 
landfill site. 

 
In 2008, the leachates from F landfill site were taken twice on 
17 October and 21 November. 
In 2009, the leachates from F landfill were taken five times on 
20 June, 18 July, 25 August, 25 September and 31 October. 
The leachates from G landfill site were taken twice on 18 July 
and 31 October. Furthermore, the leachates from H landfill 
site were taken four times on 18 July, 25 August, 25 
September and 31 October. 
For active landfill site, there were 20 samples, 9 samples, 
12samples, 1 sample and 1 sample from A, B, C, D and E, 
respectively. For closed inactive landfill site, there were 7 
samples, 2 samples and 4 sample from F, G and H, 
respectively. 

2.2 Sewage plant description 

This study focused on two sewage plants shown in Table 3.  

Organophosphoric Acid Triesters from Landfill Sites and Sewage Plants in Japan

Haruki Shimazu, School of Science & Engineering, Kinki University 

First International Conference on Geotechnique, Construction Materials and 
Environment, Mie, Japan, Nov.21-23, 2011, ISBN: 978-4-9905958-0-7 C3051 

F G H
Opetation time 1986～approx.1990 1986～2007 -

Landfill classification Inert landfill Controlled landfill Inert landfill

Area [m2] 12,445 20,445 -

Capacity [m3] 65,822 309,380 -

Plastics, Ash, Glass,

Metals, Incineration residue,

Glass, Metals, Papers,

Rubber. Plastics, Rubber,

Slag, Sludge,

Textiles.

-

Table 2. Closed inactive landfill sites monitored in this study

Composition of  waste

A B C D E
Opetation time 1995～ 1991～ 1990～ 1989～ 1982～

Landfill classification Inert landfill Controlled landfill Inert landfill Inert landfill Inert landfill

Area [m2] 13,421 64,688 100,816 11,478 8,469

Capacity [m3] 135,404 874,850 1,302,908 104,270 35,098

Glass, Ash, Glass, Glass, Glass, Rubble.

Metals, Incineration residue, Metals, Plastics,

Plastics, Metals, Papers, Plastics, Rubble.

Rubber. Plastics, Rubber, Rubble.

Slag, Sludge,

Textiles.

Composition of  waste

Table 1. Active landfill sites monitored in this study
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The treatment capacities for I sewage plant and J sewage plant 
were 75,000 m3/d and 380,000 m3/d, respectively. The 
treatment processes were anaerobic-anoxic-oxic process and 
step aeration process. 
In 2009, the inlet water in I sewage plant was taken one time 
on 19 October. The outlet waters in I sewage plant were taken 
twice on 18 September and 19 October. Furthermore, the inlet 
waters in J sewage plant were taken eight times on 29 
September, 2 and 3 October to investigate temporal change of 
OPE concentrations. The outlet water in J sewage plant was 
taken one time on 29 September. There were 3 samples and 9 
samples for I and J, respectively. 

2.3 Analytical methods and instruments 

Seven OPEs shown in Table 4 were measured. Those are 
object chemicals because many kinds of studies have been 
reported that they are fluently detected in aquatic and airborne 
environments. 

 
In the preparation, the water sample is filtered with glass fiber 
prefilter (MILLIPORE AP40, nominal pore size 0.7μm). 
OPEs in the filtered water are given as the solved OPEs. 
OPEs in the suspended matter on the glass fiber are given as 
the suspended OPEs. 
Each 1000 ml filtered sample is passed into the solid phase 
extraction column (WATERS PS-2) at the rate of 20 ml/min. 
The column is dried with air by means of sanction pump. The 
chemicals are eluted by passing 5 ml of dichloromethane 
through the column. The extract is concentrated to 0.1 ml 
under a N2 flow. Hexane is added to the extract until 2 ml. 
Each glass fiber prefilter sample is dried in a dark place 
overnight and put into a vial with 15ml of dichloromethane. 
The chemicals are extracted with ultrasonic waves. The 
extract is filtered and concentrated to 0.1 ml under a N2 flow. 
Hexane is added to the extract until 2 ml. The chemicals in 
these extracts are determined with gas chromatograph with 
mass spectrometer (Agilent technologies, 5975B inert XL 
E/CI MSD). 
The operation condition for GC/MS (gas chromatograph with 
mass spectrometer) is shown in Table 5. After qualifying by 

three typical SIM mass, each OPE is quantified by the largest 
SIM mass. The detection limits were calculated from 
threefold values of signal-noise ratio in the baseline of 
chromatogram. The recoveries and the variation coefficients 
for solved OPEs in this analysis ranged from 70% to 120% 
and from 7% to 20%, respectively.  

 

3 RESULTS AND DISCUSSION 

3.1 OPEs from active landfill sites 

Seven OPEs were measured in the water emissions from five 
active landfill sites. The solved OPEs and PAHs in the water 
emissions from the active landfill sites are shown Table 6. 

 
For active landfill sites, the solved OPEs for the high detected 
frequencies were TBP, TBXP, TCEP, and TEP. The 
suspended OPEs for the high detected frequencies were TBP 
and TEP. The highest concentrations of the solved OPEs and 
the suspended OPEs were 20900 ng/L for TEP and 1340 ng/L 
for TBP. 
The total concentrations and the component ratios of OPEs in 
water emissions from active landfill sites were shown Fig.1. 
The concentrations and component ratios were different in 
each landfill site. The total of solved OPEs and suspended 
OPEs from B landfill site were lower than those from the 
other landfill sites because many kinds of wastes were 
disposed. However, the OPE concentrations for A and C 
landfill sites were high. It may be due to plastic wastes 
because typical OPEs containing plastic products such as 
TBXP, TCEP, and TEP were so high [1]. 
The temporal changes of OPEs in the water emissions from A 
landfill site on 20 November 2007 were shown in Fig.2. TBP, 
TBXP, TCEP, and TEP ranged from approximately 1000 
ng/L to 2000 ng/L. The specific trends of OPE concentrations 
were not observed. The trends of OPE concentrations on 6 

Chemicals CAS Number abbr. logKow
Tributyl phosphate 000126-73-8 TBP 4.00
Tri-2-butoxyethyl phosphate 000078-51-3 TBXP 3.75
Tri-2-chloroyethyl phosphate 000115-96-8 TCEP 1.44
Tris (1,3-dichloroisopropyl) phosphate 013674-87-8 TDCPP 3.65
Triethyl phosphate 000078-40-0 TEP 0.80
Tris (2-ethylhexyl) phosphate 000078-42-2 TEHP 4.23
Triphenyl phosphate 000115-86-6 TPP 4.59
* These abbreviations are used in this study.
** logKow values are obtained from reference 

Table 4. Measured OPEs in this study

I J
Opetation commencement 1986 1972

Service area [km2] 28.81 72.13

Service population 163,209 651,737

Treatment capacity [m3/d] 75,000 380,000

Treatment process Anaerobic-anoxic-oxic process Step aeration process

Table 3. Sewage plants monitored in this study

5975B inert XL E/CI MSD (Agilent Technologies)

Column HP-5MS(30m×0.25mmf, 0.25μm)

Oven temperature 50℃(1.5min)→20℃/min→180℃→5℃/min→280℃(1min)

Injection temperature 250℃

Injection method Splitless, 2μL

Carrier gas He

Detector temperature 230℃
SIM mass TBP : 99, 151, 211     TBXP : 125, 199, 227

TCEP : 249, 205, 251     TDCPP : 191, 209, 193
TEP : 155, 99, 127     TEHP : 99, 113, 211
TPP : 326, 325, 215

Table 5. Operation condition for GC/MS in this study

[ng/L]* DR** [ng/L]* DR**
TBP 337(49.0-2670) 39/43 61.4(9.22-1340) 43/43
TBXP 1250(49.2-6110) 26/43 755(456-834) 5/43
TCEP 926(47.4-3850) 31/43 252(8.12-713) 18/43
TDCPP 51.9(20.6-83.1) 2/43 204(41.3-366) 2/43
TEP 1400(43.1-20900) 40/43 18.4(4.32-415) 36/43
TEHP 31.0(3.9-58.1) 2/43 8.77(1.17-29.0) 18/43
TPP 58.7(15.0-329) 13/43 49.1(18.1-204) 5/43
* Median(min-max)
** Detection rate

Table 6. OPE concentrations in the water emissions from the active landfills
Solved OPEs Suspended OPEs
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January 2008 were almost same. It probably indicates that 
these OPEs were gradually dissolved from plastic wastes 
and/or contaminated soils and emitted to the environment [2]. 

3.2 OPEs from closed inactive landfill sites 

Seven OPEs were measured in the water emissions from three 
closed inactive landfill sites. The solved OPEs and PAHs in 
the water emissions from the closed inactive landfill sites are 
shown Table 7. 
For closed inactive landfill sites, the solved OPEs for the high 
detected frequencies TBP, TBXP, TDCPP, and TEP. The 
suspended OPEs for the high detected frequencies were TBP, 
TEP, and TEHP. The highest concentrations of the solved 
OPEs and the suspended OPEs were 6870 ng/L for TBP and 
3780 ng/L for TBP. The OPE concentration levels for the 
closed inactive landfill sites were almost same with those for 
the active landfill sites. In spite of the closed inactive landfill 

 
sites, the OPE concentration levels were high. It shows that 
the closed inactive landfill sites need continuous monitoring 
and further maintenance. 

3.3 Effects of water temperature and rainfall on OPE 
emissions from landfill sites 

 Effects of water temperature and rainfall on OPE emissions 
from landfill sites were investigated. Figure 3 shows the 
relationship between OPE concentrations in the water 
emissions from the landfill sites and water temperature. The 
correlation coefficient for the active landfill sites is so low 
because wastes are continuously disposed in the active 
landfill sites. However, the relationship between OPE 
emissions and water temperature for the closed inactive 
landfill sites is a little significant. The disposed wastes 
containing OPEs were so closed for a long time that water 
temperature could depend on the elution characteristics for 
OPEs. Figure 4 shows the relationship between OPE 
concentrations in the water emissions from the landfill sites 
and rainfall. For both active landfill sites and closed inactive 
landfill sites, the significant relationship between OPE 
emissions and rainfall were not observed. The quantity of 
water emissions is not related with total of rainfall for seven 
days before sampling. It could be due to the complex 
mechanism of rainfall elution from landfill sites. 
 

[ng/L]* DR** [ng/L]* DR**
TBP 1490(321-6870) 13/13 50.4(4.05-3780) 13/13
TBXP 628(210-4230) 8/13 6.21 1/13
TCEP 89.3 1/13 29.2 1/13
TDCPP 52.5(37.0-277) 7/13 ND 0/13
TEP 1360(30.9-4290) 13/13 15.8(2.05-503) 10/13
TEHP 3.00 1/13 6.59(3.36-17.8) 10/13
TPP ND 0/13 ND 0/13
* Median(min-max)
** Detection rate
*** ND means Not detected.

Table 7. OPE concentrations in the water emissions from the closed inactive landfills
Solved OPEs Suspended OPEs
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3.4 OPE partition characteristics in water emission from 
active landfill sites 

Suspended OPEs / solved OPEs partition coefficients (Ksw) 
in water emissions from active landfill sites are shown Fig. 5. 
The shown OPEs were detected both filtered water and 
suspended matter. Each dot means the median value of Ksw. 
Each Ksw range means from minimum value to maximum 
value. TEP is the most hydrophilic and TPP is the most 
hydrophobic, as shown in Table 4. The trend indicates that 
logKsw would be higher for hydrophobic OPEs. 

 

3.5 OPEs from sewage plants 

 Seven OPEs were measured in the inlet waters and outlet 
waters for two sewage plants. The solved OPEs and PAHs in 
the inlet waters and the outlet waters for the sewage plants are 
shown Table 8 and Table 9. 
In the inlet waters, the solved OPEs for the high detected 
frequencies were TBP, TDCPP, TEP, TEHP, and TPP. The 
suspended OPEs for the high detected frequencies were TBP 
and TEHP. The highest concentrations of the solved OPEs 
and the suspended OPEs were 36200 ng/L for TBXP and 842 

 

 
ng/L for TBP. The temporal changes of OPEs in the inlet 
waters from O sewage plant were investigated. The specific 
trends of OPE concentrations were not observed as those for 
A landfill site shown in Fig.2. In the outlet waters, the highest 
concentrations of the solved OPEs and the suspended OPEs 
were 2690 ng/L for TBP and 71.0 ng/L for TBP. The 
concentration levels for TBXP, TEHP, and TPP in the outlet 
waters were lower than those in the inlet waters. Some OPEs 
could be removed in the treatment process of sewage plants. 

4 CONCLUSION 

Seven OPEs were measured in the water emissions from five 
active landfill sites and three closed inactive landfill sites. The 
same OPEs were measured in the inlet waters and the outlet 
waters in two sewage plants. Many kinds of OPEs were 
detected and the highest concentration levels are 10,000ng/L 
orders of magnitude. The OPE concentration levels for the 
closed inactive landfill sites were almost same with those for 
the attractive landfill sites. It will be necessary for the closed 
inactive landfill sites to do continuous monitoring and further 
maintenance. The OPE concentrations in the outlet waters 
were lower than those in the inlet waters for sewage plants. 
Some OPEs could be removed in the treatment process of 
sewage plants. It is probably effective for OPE reduction to 
introduce the treatment process into landfill sites. 

5 REFERENCES 
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plastics into water”, J.Environ. Chem., Vol.6, No.1, 1996, pp.43-47 

[ng/L]* DR** [ng/L]* DR**
TBP 1050(133-2690) 3/3 25.0(5.60-71.0) 3/3
TBXP 871(564-1400) 3/3 50.7 1/3
TCEP 1810(1600-2170) 3/3 ND 0/3
TDCPP 109(106-138) 3/3 20.8 1/3
TEP 143(103-203) 3/3 5.64(2.14-9.14) 2/3
TEHP 5.30(1.89-8.72) 2/3 15.6(8.77-22.5) 2/3
TPP 16.5 1/3 ND 0/3
* Median(min-max)
** Detection rate
*** ND means Not detected.

Table 9. OPE concentrations in the outlet waters for the sewage plants
Solved OPEs Suspended OPEs

[ng/L]* DR** [ng/L]* DR**
TBP 764(441-14,700) 9/9 159(40.3-842) 9/9
TBXP 6920(1530-36200) 9/9 140 1/9
TCEP 3150(1320-4500) 4/9 ND 0/9
TDCPP 190(106-404) 7/9 ND 0/9
TEP 129(86.3-357) 9/9 36.1 1/9
TEHP 76.4(28.7-115) 9/9 266(118-508) 9/9
TPP 79.4(61.2-108) 9/9 ND 0/9
* Median(min-max)
** Detection rate
*** ND means Not detected.

Table 8. OPE concentrations in the inlet waters for the sewage plants
Solved OPEs Suspended OPEs
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ABSTRACT: Arsenic pollution in the ground water has been 
widely found in the Tomida district in northern Yokkaichi city as 
shown in previous studies. The biggest illegal disposal site of 
industrial waste in midland of Japan was found in this area. 

 In order to identify the source of this pollution, we have 
investigated the ground water pollution around this illegal landfill 
site.  In this study, sampling of well and the seepage water was 
carried out at 13 observation sites, and the concentrations of the 
following materials such as pH, EC, COD, T-N, T-P, D-Fe, D-Mn, 
NH4-N, NO3-N, Cl, Mg, Ca and 1,4dioxan were analyzed. In order to 
identify the origin of this water pollution (D-Fe, D-Mn and Arsenic) 
and to examine relation to the illegal disposal place, the analysis of 
the ion ingredient of the ground water was also investigated. 
However, the ion composition of the water in the place which left 
remote from this landfill site was clearly different from the analysis 
of the ion ingredient of the water of this disposal site. The results 
indicated that the pollution (Arsenic, etc) found widely in the area 
which left far from the disposal site is not directly related with the 
illegal disposal site. 
 
Keywords: Arsenic pollution, Illegal disposal site,     
                  Ion composition of ground water  

1. INTRODUCTION 

Arsenic pollution in the ground water has been widely found 
in the Tomida district in northern Yokkaichi city as shown in 
previous studies which were carried out in 2008[2]. The 
biggest illegal disposal site of industrial waste in midland of 
Japan was found in this area, and many toxic substances (As, 
Pb and 1,4Dioxan) are detected in the ground water of the 
landfill site[1]. In order to identify the relation of this 
pollution with the disposal, we have investigated the ground 
water pollution around this illegal landfill site[4][5].    

2. FEATURES OF THE INVESTIGATION SITES 

Investigation was carried out at 12 sites, and outline of the site 
is shown in Table 1. It was found that the higher values than 
the Japan environmental standard of Arsenic were detected in 
St3, St8, St12 in previous research[2]. 
The concentrations of EC,COD,CL values are very high 

levels around this illegal landfill disposal site. 
 

3. SURVEY DATE AND ANALYTICAL METHODS 

Survey and observation was carried out in 9 May, 2011 and 
parameters and analytical methods used in this survey were as 
the following features; 
 

 
 

 
Table. 1 Features of the survey sites 

 
Site Features of the 

ground water 
Distance from 
the boundary 
of dump site 

Well 
depth  

St1 Leaching water     500m  --- 

St2 Deep well for 
irrigation 

    800m 200m 

St3 Artesian water from 
well 

    1 km 200m 

St6 Leaching water     1.5km  ---  

St7 Deep well for 
irrigation 

    2 km 200m 

St8 Deep well for 
irrigation 

    2 km 200m 

St9 Deep well for 
irrigation 

    2.5km 200m 

S12 Leaching water from 
retaining wall 

    500m  --- 

St51 Leaching water, near 
disposal site 

    100m  --- 

St52 Leaching water near 
disposal site 

    100m  --- 

St54 Leaching water near 
disposal site 

    200m  --- 

St55 Leaching water from 
disposal site 

      0m  --- 

 
pH: Glass-electrode,  
EC: Platinum electrode,  
COD: Acidic Potassium per manganese method,  
TN: Ultra violet absorption method, 
TP: Molybdenum Ammonite method,  
NO3-N: Simple analysis (of Pack test),  
NH4-N: Simple analysis (of Pack test),  
NO2-N: Simple analysis (of Pack test),  
C l: Simple analysis (of Pack test),  
F-: Simple analysis (of Pack test),   
1,4Dioxan: LC-MS,   
As: Data of the previous report [2][3]  

 

4. RESULTS AND DISCUSSIONS 

Results are shown as the following Tables. In order to 
investigate the data, survey sites are divided in three groups, 
one group is the site of near this landfill site (within 300m 
from dumping site, St51, St52 , st54, St55, to be indicated as 
N-group), another group is the sites remote from this landfill 
site (over 1 km away, St3 and St6 to St9, to be indicated as 

Ground Water Pollution around the Oyachi–Heizu District of Yokkaichi City

Takemoto Y,  Takahashi M,  Awaya K,  Ioka M  and  Guo P, Kayou -cho 1200, Yokkaichi, Mie, Japan 512-8512 
Yokkaichi University, Faculty of Environmental and Information Sciences 

First International Conference on Geotechnique, Construction Materials and 
Environment, Mie, Japan, Nov.21-23, 2011, ISBN: 978-4-9905958-0-7 C3051 
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R-group), and the other group (St1, St2, St12, to be indicated 
as O-group) in Fig 1.  
 
        Yokkaichi-Higashi I.C.                     
                                Yokkaichi University      
                                                         Heizu station( Sangi ) 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig.1 Investigation sites around the biggest  
illegal disposal site 

 

4.1 Grouping of the Results 

D-Fe, D-Mn were detected in many site independently in all 
groups. In N-group, where is regarded as the place of highly 
influenced by the disposal, high concentrations of EC, COD, 
CL, Mg, Ca, 1,4 dioxan were detected, these contaminants are 
regarded as reaching substance from dumping site. However, 
contrarily, in R-group, concentration of these contaminant 
were low. In the previous research, high concentration of 
Arsenic was found in St3, St12, St8, these sites belong to 
R-group or O-group. From these results, we considered that 
the As contamination found widely in these area is not 
directly related with the illegal waste disposal. 
  

4.2  Results of Analysis  presented by the Tables 

We show our analyzed results of  the ground water pollution 
in the following Tables. 
 

Table. 2  Results of the analysis ( No.1) 
 

Parameter St１ St２ St３ 

pH 6.8 6.5 7.9 
EC  mS/cm 0.44 0.42 0.23 

COD  mg/L 4.6 2.5 1.7 

TN  mg/L 1.2 1.9 0.78 

TP  mg/L 0.02 0.06 0.56 

F-   mg/L 1 1 0.6 
As  mg/L 0.005 0.002 0.012 

D-Fe  mg/L  8 10 <0.05 

D-Mn mg/L 1 1.5 <0.25 

NH4  mg/l 0.5 --- 0.5 

NO2  mg/l <0.02 <0.02 <0.02 

NO3  mg/l <0.5  <0.5 

Cl   mg/L 30 50 6 

Mg  mg/L 20 15 0.5 

Ca  mg/L 60 30 2 

1,4Dioxan 
mg/L 

0.019 0.009 <0.005 

 
Table. 3  Results of the analysis ( No.2) 

 
Parameter St６ St７ St８ 

pH 6.3 6.6 7.4 
EC  mS/cm 0.18 0.22 0.19 

COD  mg/L 0.7 0.9 1.5 

TN  mg/L 0.11 0.74 1.2 

TP  mg/L 0.08 0.08 1.5 

F-   mg/L 1.3 1 0.8 
As  mg/L  <0.001 0.014 

D-Fe  mg/L  3 10 0.8 

D-Mn mg/L <0.25 1 <0.25 

NH4  mg/l 0.2 --- 0.7 

NO2  mg/l <0.02 <0.02 <0.02 

NO3  mg/l <0.5 <0.5 <0.5 

Cl   mg/L  6  4  3 

Mg  mg/L  5  8  3 

Ca  mg/L  8 10  3 

1,4Dioxan 
mg/L 

<0.005 <0.005 <0.005 

St8 

St9 

St7 

St6 

St3 

St2 St1 

St12 

St54 

St52 
St55 

St51 

Dump 
site 

Toshiba 
semiconductor 
factory 
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Table. 4  Results of the analysis ( No.3) 
 

Parameter St９ St12 St51 

pH 6.5 6.9 6.8 

EC  mS/cm 0.19 0.71 0.60 

COD  mg/L 0.1 16 16 

TN  mg/L 2.8 1.8 6.4 

TP  mg/L 0.01 0.18 0.63 

F-   mg/L 0.7 0.8 0.8 

As  mg/L  0.020 <0.0005 

D-Fe  mg/L 0 10  1 

D-Mn mg/L <0.25 0.5 <0.25 

NH4  mg/l --- 1 0.5 

NO2  mg/l <0.02 <0.02 <0.02 

NO3  mg/l 10 <0.5 <0.5 

Cl   mg/L  7 0 30 

Mg  mg/L 10  30 8 

Ca  mg/L 10 80 50 

1,4Dioxan 
mg/L 

 <0.005 0.024 

 
Table. 5  Results of the analysis ( No.4) 
 

Parameter St52 St54 St55 

pH 6.5 7.3 7.9 

EC  mS/cm 0.94 2.4 3.9 

COD  mg/L 23 14 64 

TN  mg/L 3.3 2.0 86 

TP  mg/L 0.45 0.25 0.35 

F-   mg/L 1.3 0.5 7.5 

As  mg/L   <0.001 

D-Fe  mg/L   8 0.3  10 

D-Mn mg/L  2  5 <0.25 

NH4  mg/l --- 0.5 50 

NO2  mg/l <0.02 <0.02 1.5 

NO3  mg/l <0.5 <0.5 20 

Cl   mg/L 50 600 1000 

Mg  mg/L 20 30 150 

Ca  mg/L 50 30  70 

1,4Dioxan 
mg/L 

--- 0.097 0.23 

 

4.3 Results of Analysis  presented by the Radar Charts 

Results of analysis are presented by the graph of the radar 
chart in the following.  We select the concentrations of 
EC,COD,Cl ,Mg,Ca as drawing with the radar charts. 
 
Group of  high concentration of calcium ion (Ca) is St51 and 

St52. 
The high dense calcium ion (Ca) pollution indicates that 
waste wood and gypsum wall board from houses and 
buildings seem to have been filled in the underground of these 
sites.   
 

 
 

 
 
Group of  high concentration of Cl ion is St54 and St55. 

High values of chloride ion (Cl)  indicate the influence of 
contamination   from the waste disposal field.   
  The high concentration of chloride ion in the groundwater, 
soil water, and river water are often observed because 
chloride ion (Cl) is nonreactive and not sorptive and has no 
redox or precipitation. Near the waste disposal site 
groundwater with high ammonium ion (NH4) and chloride 
ion (Cl) usually dominates.  
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There are the places with less ground water pollution in the 

long range from the waste disposal field.  For example, 
St3,St6 and St9. 
 

 
 

 

 

 
 

5 CONCLUSION 

In order to identify the origin of the ground water pollution 
(D-Fe, D-Mn, As, P) in northern Yokkaichi city, investigation 
has carried out. Ion composition of the ground water in the 
place remote from landfill site was clearly different from the 
ion ingredient of the water of disposal site. These results 
indicate that the pollution in order to identify the origin of the 
ground water pollution (of Fe, Mn, As) found widely in the 
area which left from the disposal site is not directly related 
with the illegal disposal site. So, it is necessary that we should 
advance the research more and more. 
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ABSTRACT: The East Japan Mega Earthquake with a moment 
magnitude of 9.0 occurred off the shore of Tohoku Region of Japan. 
Although the seismologist of Japan anticipated an earthquake with a 
magnitude of 7.5 in the source area, the magnitude of this earthquake 
was much greater than their anticipation. Furthermore, the 
anticipated level of the tsunami induced by this earthquake also 
exceeded the level anticipated by the seismologists of Japan. 
Therefore, the damage caused by the tsunami was tremendous and 
killed more than 28000 people due to the insufficiency of the 
counter-measures. The authors first present the characteristics of the 
tsunami and then describe damage to buildings and various 
structures. In the final part of the article, lessons from this 
earthquake are described and some recommendations for tsunami 
resilient structural design are put forward. 
 
Keywords: Tsunami, East Japan Earthquake, damage, lessons  

1 INTRODUCTION 

The East Japan Mega Earthquake with a moment magnitude 
9.0 took place at 14:46 (JST) on March 11, 2011[1]. The 
earthquake was a subduction plate-boundary earthquake and 
the rupture area was 450 km long and 200 km wide. This 
earthquake caused gigantic tsunami waves, which destroyed 
many cities and towns along the shores of Tohoku and Kanto 
Regions of Japan. The casualties caused by this tsunami 
exceed 28,000 people. The tsunami destroyed and heavily 
damaged buildings of various types, transportation facilities 
and infrastructures. The authors visited an area from Orai to 
Hitachi in Kanto region and Iwanuma to Rikuzentakata in 
Tohoku region and made observations on the damage of 
various structures (Figure 1).  

 In this paper, the authors first present the characteristics of 
the tsunami and then describe damage to buildings and 
various structures. In the final part of the article, lessons from 
this earthquake together with those from the Aceh earthquake 
are described and some recommendations for tsunami 
resilient structural design are put forward. 

2  CHARACTERISTICS OF THE TSUNAMI 

The earthquake was an offshore plate boundary earthquake 
with a sense of thrust faulting. The estimated inclination and 
offset of the fault were between 14-16 degrees and 25-30 m, 
respectively. The seabed was uplifted by 5 m while the land 
sank-down by about 0.8 m with a horizontal movement of 4.6 
m [2]. The crustal deformation caused the intrusion of the sea  

 
 

front into the land as illustrated in Figure 2. If the strained 
overriding plate slip along the plate boundary, it rebounds to 
its unstrained state. As a result, the upper surface (before) 
configuration changes to “after” configuration. This 
configuration change causes ground uplift near the plate front 
and subsidence of ground away from the plate front. As a 
result, the sea front moves towards the land and causing 
inundated areas.  This caused inundation problems 
particularly in the settlements during the high tides and the 
erosion along the seashore. 

 
Figure 1: Investigation routes and epicenter location  

 
Figure 2: An illustration of mechanism for the inundation 
problem along the seashore.  
 
The Port Authority Research Institute (PARI) operates 
DARTS along the shores of Japan [3]. Figure 3 shows 
locations of DARTS and their records of tsunami waves. The 
DARTS are approximately 20 km away from the shore and 
the sea depth varies between 125 m and 204 m. The 
maximum tsunami height by DARTS was about 7m.   
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Figure 3: Locations and measured tsunami heights by 

DARTS along the Tohoku region (modified from 
PARI[2]). 

 
There are two different definitions for characterizing the 
tsunami height, namely, the tsunami height at the shoreline 
and inundation-height or run-up height (Figure 4). As it was 
previously difficult to measure the tsunami height at shoreline, 
the inundation tsunami-height obtained from traces of 
tsunami front on the land is commonly quoted as the tsunami 
height in the past. This may have tremendous values 
depending upon how it is measured. For example, the 
newspapers reported a tsunami height of 38.9 m at Aneyoshi 
(Miyako)  measured by Tokyo University of Marine Science 
and Technology, which probably includes the splash zone.  
The maximum tsunami height at shoreline in this earthquake 
was measured as 15.3 m at Onagawa town by the authors. 
Figure 5 shows the measured tsunami height together with 
estimations from some empirical relations.  

 
Figure 4: Illustration of different tsunami heights (modified 

from PARI[2]) 
 
The maximum tsunami waves arrived at major towns and 
cities such as Kamaishi, Rikuzentakata, Kesennuma, Minami 
Sanriku, Ofunato and Onagawa about 30-40 minutes after the 
earthquake. Figure 6 shows a computational result for the 
arrival time estimation for Ishinomaki City. The arrival times 
of the maximum tsunami waves at several locations are 
roughly equal to those estimated from the single source model 
with the use of seabed topography and epicenter location.   

Japan has a warning system based on a database of 
previously computed results for scenario offshore 
earthquakes. This system performed well until this 
earthquake. Once the epicenter and magnitude of the 
earthquake are determined, the system evaluates the expected 
tsunami heights at shores and their arrival times. As the 
magnitude of this earthquake could not be accurately 
determined for a considerable time following the earthquake, 

the appropriate warnings could not be issued until 15:33 [1]. 
When it was issued, it was too late for the cities and towns, 
which were already heavily hit by the tsunami waves.  

 
Figure 5: Comparison of observation with empirical relations 

for tsunami shoreline and run-up heights [4,5,6]. 

 
Figure 6: Estimation of the arrival time of tsunami wave at 

Ishinomaki. 

3 COUNTER MEASURES AGAINST TSUNAMI 

Counter-measures against tsunami can be broadly classified 
into two categories, specifically, software measures and 
hardware measures. Software measures involve 
recommending people to escape locations with higher 
elevations and/or earthquake and tsunami resistant high 
buildings and terraces. However, when higher ground is far, it 
may be extremely hard for elderly or sick people, pregnant 
women and small kids to escape higher grounds, which may 
be called as horizontal evacuation. At such places, the vertical 
evacuation in the form of escaping to higher buildings, 
terraces and towers becomes the most effective software 
counter measure [6].  
   Hardware countermeasures are a) Constructing high 
breakwaters, b) Constructing evacuation terraces; c) Tsunami 
gates at the estuary of rivers, and d) Planting trees. Japan with 
rich experiences of tsunami damage has tried very hard to 
implement both software and hardware counter-measures. 
However, tsunami shore-height was generally assumed to be 
up to 5-6 m in hardware countermeasures so far. The actions 
of tsunami waves can be impact, surge, drag, buoyant and 
hydrostatic forces. Tsunami-resistant structures must be 
capable of resisting against these forces.   

4 RESPONSES OF STRUCTURES AGAINST 
TSUNAMI WAVES AND ASSOCIATED DAMAGE 

The authors investigated an area from Orai to Hitachi in 
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Kanto region and Iwanuma to Rikuzentakata in Tohoku 
region.  Figure 7 shows the images of Rikuzentakata City 
before and after the tsunami as an example. There were many 
hardware counter-measures implemented in Rikuzentakata 
City. These counter measures were the construction of 
breakwaters along the river and seashore, tsunami gates at the 
estuary of small rivers and planting very dense pine trees. 
When two images are compared with each other, it is easily 
noticed that none of hardware counter-measures were 
effective. Tsunami waves overtopped breakwaters, the 
pine-tree forest and tsunami gates resulting in the inundation 
of the almost entire city. This observation clearly indicated 
that if the tsunami wave height at shoreline is greater than the 
height of any of these hardware counter-measures, the 
counter-measures become ineffective. Figure 8 shows some 
views of counter-measures after the tsunami in Rikuzentakata.  
In this section, responses of structures observed in various 
locations against tsunami waves are described. 

 
Figure 7: Images of Rikuzentakata City before and after the 

tsunami (images from GSI [2]). 

4.1 Responses of Timber, Masonry, and RC and Steel 
Framed Buildings 

Timber buildings are the less-resistant building type among 
all other types of buildings (Figure 9). As they are very light, 
there are easily uplifted and carried away and crushed. 

Therefore, such structures should not be built in 
tsunami-prone areas. Although stone masonry buildings are 
rare in the tsunami affected areas, they are much more 
resistant against tsunami waves (Figure 10). Steel-framed 
structures also performed poorly (Figure 11). The infill panels 
of the steel-framed structures were punctured by impact 
forces of tsunami and debris, and steel frames bended or 
buckled.  Reinforced concrete (RC) structures or steel 
reinforced concrete (SRC) structures performed much better 
among all building types (Figure 12). Except damage to some 
of RC or SRC buildings observed in Onagawa town, almost 
all of these type buildings were structurally sound and they 
were the only remaining structures in all visited towns and 
cities. 

 
Figure 8: Views of the state of counter-measures after the 

tsunami. 

 
Figure 9: Views of damage to timber buildings. 
 
In Onagawa town, RC or SRC buildings were even damaged 
and some of them were toppled and dragged for several ten 
meters (Figure 13). It was interesting to note that one building, 
which had piles with a diameter of 30cm and length of 4 m, 
was uplifted from its piled foundations and dragged for about 
70 m. The back-analysis of damage to RC and SRC buildings 
in Onagawa should be the starting point for the 
tsunami-resistant building design in years to come.  
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Figure 10: Views of damage to masonry buildings. 

 
Figure 11: Views of damage to steel-framed buildings. 

 
Figure 12: Views of damage to RC buildings. 

 
Figure 13: Views of damage to RC or SRC buildings. 

4.2 Responses of Railways and Railway Bridges 

Damage to railways and railway bridges occurred along 
railway lines running close to the seashore. The piers of 
railway bridges were toppled, rails were dragged and 
embankments were scoured (Figure 14). Furthermore, trains 
were uplifted and dragged for a considerable distances. 

 
Figure 14: Damage to railways and railway bridges 

4.3 Responses of Roadways and Roadway Bridges 

Fundamentally damage to roadways and roadway bridges 
were similar to that of railways and railway bridges and it 
occurred when roadways were running close to the seashore. 
The bridge decks were uplifted and dragged and 
embankments were scoured (Figure 15).  

 

 

Figure 15: Views of damage to roadways and roadway 
bridges. 
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4.3 Responses of Airports 

The Sendai Airport, which is about 1 km away from the sea 
shore and at the elevation of 2m above sea, was inundated by 
the tsunami. Tsunami height at the airport was about 4.9-5.7 
m. The runway and ground floor facilities were all damaged 
by the inundation, mud and debris of the tsunami (Figure 16) 
The airport was cleaned up and it started its function on April 
13, 2011 with some domestic flights. The piers and 
embankments of railway and roadway bridges were also 
scoured and at some locations and there were deck falls 
(Figure 17).   

 

Figure 16: Views of damage to Sendai Airport 

 

Figure 17: Views of souring at piers and embankment damage 
of roadways and railways in Sendai Airport 

4.4 Responses of Embankments 

The damage to embankments by tsunami waves is due to 
tsunami induced liquefaction and erosion from drag forces. 
Such damages were observed along river embankments, at 
railway and roadway embankments (Figure 18). Furthermore, 
the erosion of approach embankments of railway and 
roadway bridges was also common in the tsunami-affected 
areas.     

 
 Figure 18: Views of souring in embankment of roadways and 
railways in Sendai Airport 

 4.5 Responses of Rock Slopes and Tunnels 

The damage to slopes by tsunami waves is due to drag and 
hydrostatic forces. In some places, shotcrete was peeled off  
(Figure 19). Tsunami waves inundated the West Makiyama 
Tunnel (Ishinomaki) up to 1 m. However, the damage to the 
tunnel itself was none (Figure 20).  

 
Figure 19: Views of damage to slopes  

 
Figure 20: Views of inundated Makiyama Tunnel 
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4.6 Responses of Gigantic Breakwaters and Causes of 
Their Damage 

Japan constructed gigantic breakwaters at various locations. 
Breakwaters at Kamaishi, Ofunato, Rikuzentakata and Taro 
were all damaged and they could not perform as they were 
supposed to be. The Kamaishi gigantic breakwater was 61 m 
high from the sea bottom. Figure 21 shows a cross-section of 
the gigantic breakwater. The caissons of the breakwater were 
sank down and tilted after the tsunami. The video images 
taken during the arrival of tsunami clearly demonstrated that 
the tsunami surf appeared at locations where they should not 
be. This simply implied that the damage to caissons of the 
breakwater already took place before the arrival of the 
tsunami due to ground shaking induced by the earthquake. It 
is most likely the rubble mound below the caissons sank 
down due to ground liquefaction of seabed soil. This is 
actually a commonly observed phenomenon in the past 
earthquakes as well as in this earthquake (Figure 22).    

 
Figure 21: An illustration of cross section of Kamaishi port 

gigantic breakwater [3]. 

 
Figure 22: Settlement of tetra-pods in Shin-Urayasu caused 

by the 2011 East Japan Earthquake. 

5 CONCLUSIONS 

The following conclusions and lessons may be drawn from 
the observations reported in this article and previous 
earthquakes: 
1) The shore height (inundation height at seashore) is the 
most important parameter for the design of structures against 
potential tsunamis. The shore height induced by this tsunami 
is in accordance with the estimations from the empirical 
relations by Abe (1979) and Aydan (2008).  

2) Although Japan has been well prepared for tsunami and its 
disasterous effects, the anticipated tsunami height for 
implementing hardware measures was much less than that 
induced by this tsunami.  
3) The observations on the damage induced by the tsunami of 
the 2011 East Japan mega-earthquake were basically similar 
to those of 2004 Aceh (or Off Sumatra). 
4) Timber buildings can not stand against high tsunami waves. 
Steel framed structures are also weak against tsunami waves 
due to the weakness of the infill panels. Reinforced concrete 
buildings performance was best to resist gigantic tsunami 
waves provided that they are well built against ground 
shaking. Therefore, timber buildings must not be allowed in 
tsunami-vulnerable areas.  
5) This earthquake also showed that the vertical evacuation in 
relatively flat areas was important to save lives. 
6) The effectiveness of planting trees against tsunami must be 
re-evaluated.  
7) Very strong impact, surge, buoyancy, and dragging forces 
of the tsunami waves were the primary factors for the damage 
to bridges despite they are well-designed against ground 
shaking.  
8) The failure of breakwaters to protect the settlements may 
have been caused by the failure of seabed ground due to the 
strength loss resulting from the reduction of effective stress 
under high prolonged tsunami waves and/or ground 
liquefaction. 
9) The inundation of ground along sea shores is due to 
rebound of strained overriding plate. It would be quite 
difficult to preserve the previous shorelines for a considerable 
period of time. The current shoreline may further retreat due 
to erosion by high waves. 
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ABSTRACT: The 2011 East Japan Mega Earthquake with a 
moment magnitude 9.0 occurred on March 11, 2011. This 
earthquake shook almost the entire Japan. There are several strong 
motion networks and these networks recorded strong ground 
motions, which may be of great value for the earthquake engineering 
community, as it is very rare to have such a rich source of strong 
ground motions. The authors processed the acceleration records 
obtained by NIED (namely, K-NET and KIK-NET), Port Authority 
Research Institute (PARI) and Tokyo Metropolitan University in 
this study. In this article, the authors present the outcomes of their 
studies on the strong motions induced by the East Japan mega 
earthquake with an emphasis on those in Tokyo Bay Areas. 
 
 
Keywords: 2011, East Japan, earthquake, strong motion 

1 INTRODUCTION 

The 2011 East Japan Mega Earthquake with a moment 
magnitude of 9.0 occurred off the shore of Tohoku Region of 
Japan [1]. The earthquake was subduction plate-boundary 
earthquake and the rupture area was 450 km long and 200 km 
wide. Although the seismologist of Japan anticipated an 
earthquake with a magnitude of 7.5 in the source area, the 
magnitude of this earthquake was much greater than their 
anticipation.  

This earthquake shook almost the entire Japan. There are 
several strong motion networks operated by several 
organizations and institutes. These networks recorded strong 
ground motions, which may be of great value for the 
earthquake engineering community, as it is very rare to have 
such a rich source of strong ground motions. The authors 
processed the acceleration records obtained by NIED[2] 
(namely, KNET[3] and KIKNET[4]), Port Authority 
Research Institute[5] (PARI) and Tokyo Metropolitan 
University (TMU). This earthquake also induced heavy 
ground liquefaction particularly in reclaimed ground around 
Tokyo Bay area. As an inland earthquake with a magnitude of 
7.2 is anticipated in Tokyo Bay area, the ground shaking 
characteristics of Tokyo Bay area are of great importance in 
view of seismic responses of various structures. In this article, 
the authors will presents the outcomes of their studies on the 
strong motions induced by the East Japan mega earthquake 
with an emphasis on those in Tokyo Bay Areas. 

2 CHARACTERISTICS OF THE 2011 EARTHQUAKE  

 The magnitude of the 2011 East Japan Mega-earthquake was 
estimated to be between 8.9 and 9.1, depending upon the 

 
 

institutions. The Japan Meteorological Agency (JMA) had 
difficulties to determine the magnitude of the earthquake 
soon after the earthquake due to several technical reasons and 
the magnitude was updated to 9 after several days.  
  The earthquake occurred along the subduction zone between 
North American plate (NAM) and Pacific plate (PAC) 
(Figure 1) and the inclination of the rupture plane was 
estimated to be 14-16 degrees. The faulting was due to thrust 
faulting with an estimated offset of 25-30 m. The seabed was 
uplifted by 5 m while the land sank-down by about 0.8 m with 
a horizontal movement of 4.6 m [6]. The rupture initiated in 
the area where an earthquake with a magnitude of 7.5 was 
anticipated and it propagated bi-laterally. The rupture plane is 
about 450 km long and 200 km wide and it consisted of 4 
distinct segments. There have been numerous aftershocks and 
some of aftershocks were greater than magnitude 7 (Figure 2). 
The aftershock activity occurred in and around the rupture 
area and some of shocks along the boundary between North 
American Plate and the Eurasian plate (EUR) took place in 
Shizuoka, Nagano and Akita prefectures.  The rupture front 
stopped at the boundary between the Philippine Sea Plate 
(PHS) and Pacific Plate. As the stress distribution entirely 
changed after this earthquake, it is feared that it may initiate 
mega-earthquakes in Kanto, Tokai, Tonankai and Nankai 
subduction zones. 

 
Figure 1: Location of the 2011 East Japan earthquake and 
tectonics of the region (modified from GSI [6]). 
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Figure 2: Aftershock distributions as of April 8, 2011. 

3 STRONG-MOTION NETWORKS 

There are several strong-motion networks in the 
earthquake-affected area, operated by several institutes and 
organizations. Following the 1995 Kobe earthquake 
(Hyogo-ken Nanbu earthquake), Japan established two strong 
motion networks, namely, KNET and KiKNET and they are 
operated by the NIED. The KNET network is for measuring 
strong ground motions at the the free-field ground surface 
while the KiKNET network is for measuring the 
strong-motions at the bed-rock and ground surface.   The 
Japan Meteorological Agency also has a strong-motion 
network throughout Japan, which is used to estimate intensity 
scale and its distribution. However, the strong-motion records 
of this network are not always easily accessible.  The Port 
Authority Research Institute (PARI) has a strong motion 
network covering the major ports in Japan and their data is 
accessible through the Internet. In addition, Tohoku 
University, Electrical Power Companies, Japan Railways, 
Japan Expressways (NEXCO), Building Research Institute 
(BRI), Tokyo University, Tokyo Metropolitan University and 
other institutes and organizations have their own networks. 
However, their records are generally not accessible through 
the Internet. In this article, the records obtained by the KNET, 
KiKNET, PARI and Tokyo Metropolitan University (TMU) 
are processed and the results are reported.  

4 CHARACTERISTICS OF STRONG-MOTIONS 

Figure 3 shows the NS, EW and UD components of 
acceleration records of some selected strong motions stations 
of  KNET and KiKNET networks from Shimizu to Hachinohe. 
As noted from the figure, the records strongly reflect the 
rupture propagation. While the strong motion stations to the 
north of the epicenter clearly shows the rupture sequence of 4 
segments, the records of the stations to the south of the 
epicenter are superimposed so that it is indistinguishable. 

 
(a) NS component 

 
(b) EW component 

 
(c) UD Component 
Figure 3: Acceleration records of some selected strong 

motion stations of KNET and KiKNET of NIED.  
 
Figure 4 shows the maximum ground acceleration contours, 
which are obtained using the data of KNET and KiKNET. 
The highest ground acceleration reaching to the level of 3g 
was recorded at the Tsukidate strong motion station of KNET. 
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Although the ground conditions are very good at this station, 
it is still difficult to understand why such a high ground 
motions recorded at the Tsukidate station.  

 
Figure 4: Maximum acceleration contours. 
 
The attenuation of maximum ground acceleration and 
maximum ground velocity are shown in Figure 5 together 
with several empirical attenuation relations. As noted from 
the figures, none of attenuation relations [7,8,9,10] can 
estimate the attenuation of maximum of ground acceleration 
and velocity except the relation proposed by Aydan and Ohta 
[11].  In other words, so-called NGA(Next Generation 
Attenuation)-like relations can not estimate the strong motion 
attenuation recorded during the 2011 East Japan 
Mega-earthquake.   

Aydan and Ohta [11] relation given below in which the 
position of observation point, inclination and length of 
earthquake fault and ground properties are considered: 

)(*),,,(*)(
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where Vs, 
*,, L and M are the shear velocity of ground and 

the angle of the location from the strike and dip of the fault 
(measured anti-clockwise with the consideration of the 

mobile side of the fault) and earthquake magnitude. *L  (in 
km) is a parameter related to the half of the fault length. The 
following specific forms of functions in Equation (1) are as 
follow 
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*L , which is the half of the fault length, is related to the 

moment magnitude in the following form 

wcMbeaL *                                                                 (3) 
The specific values of constants of Eqs. (1)-(3) for this 
earthquake are given in Tables 1 and 2.  
Table 1: Values of constants in Equation (2) for inter-plate 

earthquakes 

 A B(m/s) D E F G(Mw)

Amax 2.8 1000 0.5 1.5 0.5 1.05 
Vmax 0.4 1000 0.5 1.5 0.5 1.16 

Table 2: Values of constants in Equation (3) for earthquakes 

Faulting Type a b c 
Normal faulting 30 0.002 1.35 
Strike-slip faulting 20 0.002 1.40 
Thrust faulting 20 0.002 1.27 

 

 
(a) Attenuation of maximum ground acceleration 

 
(b) Attenuation of maximum ground velocity 
Figure 5: Attenuation of maximum ground acceleration and 

velocity. 
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(a) Acceleration response spectra 

 
(b) Velocity response spectra 
Figure 6: Response spectra of acceleration records at several 

selected station nearby the earthquake epicenter 
 
The acceleration and velocity response spectra of selected 
strong motion stations in the close vicinity of the earthquake 
epicenter are computed and shown in Figure 6. It is important 
to notice that the response spectra of the Tsukidate strong 
motion station is extremely high and such high values of 
response spectra can not be enveloped by neither Japanese 
seismic design code or other countries code. The response 

spectra of acceleration and velocity are particularly high at a 
period less than 0.2s. As the damage was particularly light in 
the close vicinity of the Tsukidate strong motion station, this 
may be explained through the characteristics of the strong 
motion spectra of acceleration and velocity although the 
maximum values of strong motions were unusually high. 

 
Figure 7: Response spectra of acceleration records at Sendai 

K-NET and PARI strong motion stations. 
 
One of the interesting observations regarding the strong 
motion records recorded by several institutes was that the 
records were quite dissimilar, quantitatively. Figure 7 shows 
the acceleration response spectra of records in Sendai City. 
The strong motion stations of the KNET and PARI are very 
close to each other. While very high motions are observed in 

 

 
Figure 8: Spectral response accelerations of selected strong motion stations around Tokyo Bay. 
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the records by the KNET for a considerable period range, the 
high ground motions are only limited to the short period in the 
records by the PARI. Furthermore, the maximum ground 
accelerations of the PARI is almost twice or three-times 
smaller than those of the KNET. Similar situations were 
observed at other strong motion stations. This topic deserves 
very detailed further investigations including the 
characteristics of the strong motion instruments as well as 
local ground conditions.   

5 CHARACTERISTICS OF STRONG-MOTIONS 
AROUND TOKYO BAY AREA 

There are many strong motion records obtained by various 
institutes and organizations around Tokyo Bay area. In this 
article, the strong motion records obtained by KNET, PARI 
and Tokyo Metropolitan University (TMU) are only reported. 
Tokyo Bay area is roughly 375 km away from the earthquake 
epicenter, the surface ground accelerations ranged between 
100 to 280 gals. Figure 8 shows the acceleration spectra of 
strong motion stations around the Tokyo Bay. The strong 
motion stations such as Yokosuka and Shinjuku are located 
on relatively hard ground while the rest of stations are on the 
soft sedimentary ground. Particularly, the spectral 
amplification of ground motions with long period 
components at Urayasu, Yokohama, Kisarazu strong motion 
stations are of great significance.   

Next, the spectral acceleration of surface ground motion 
taken at Chiba by KNET, KiKNET and PARI strong motion 
networks are compared with each other (Figure 9). As noted 
from the figure, the absolute values are quite different from 
each other although the results seem to be similar. Without 
any doubt, the differences may be related to the difference of 
the ground conditions at each station. However, the 
difference in the characteristics of the strong motion devices 
might also have some influences on the measured strong 
motions. This aspect still needs some further clarification as it 
was pointed out in the previous section. 

 
Figure 9: A comparison of acceleration response spectra at 

Chiba of K-NET, KiK-NET and PARI strong 
motion networks. 

 
Figure 10 shows the acceleration spectra of strong motions 
taken at ground surface and bedrock (underground) at K6 
Zushi Elementary School (TMU), Hiroba Tokyo 
Metropolitan University (TMU), Yokohama (KiKNET), 
Shinagawa (PARI) and Chiba (PARI & KiKNET). As noted 
from the figure, The ground motions are highly amplified for 
periods up to 1 second. However, the horizontal ground 

motions at Chiba strong motion station of KiKNET are 
amplified for periods more than 2 seconds. 

 
(a) K6-Zushi Elementary School 

 
(b) Hiroba 

 
(c) Yokohama 

 
(d) Shinagawa 

 
(e) Chiba 

Figure 10: Acceleration response spectra of K6 Zushi 
Elementary School, Hiroba Tokyo Metropolitan 
University, Yokohama, Shinagawa and Chiba. 

 
Except the response acceleration at Yokohama station of 
KiKNET, the ground amplification generally ranges between 
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3-5 times. However this value reaches up to 20 times at 
Yokohama strong motion station of KiKNET. This is an 
extremely high value and it deserves further detailed studies 
before drawing any conclusion.   

6 CONCLUSION 

The following conclusions can be drawn from this study as 
follow: 
1) Numerous strong motions stations operated by several 
institutes and organizations recorded ground motions induced 
by the 2011 East Japan Mega-earthquake. It is probably the 
first case to obtain such an extensive source of information 
for a mega earthquake. Ground motions recorded by the 
KNET and KiKNET networks of the NIED were extremely 
high particularly in the vicinity of the initial rupture area.  
2) The current attenuation relations for strong ground motions 
are mostly incapable of estimating the attenuation of 
maximum ground motions. However, the ground motion 
records differed depending upon the network even though 
they were very close to each other. This topic strongly 
deserves very detailed further investigations including the 
characteristics of the strong motion instruments as well as 
local ground conditions. 
3) Although the Tokyo Bay area was roughly 375 km away 
from the earthquake epicenter, the surface ground 
accelerations ranged between 100 to 280 gals. The ground 
motions were amplified at locations with thick soft 
sedimentary deposits. Particularly, the spectral amplification 
of ground motions with long period components at Urayasu, 
Yokohama, Kisarazu strong motion stations were of great 
significance. 
4) The ground motions around the Tokyo Bay area were 
highly amplified up to 1 second. However, the horizontal 
ground motions at Chiba strong motion station of KiK-NET 
were amplified more than 2 seconds. 
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ABSTRACT: This study looks at Maebashi City in Gunma 
Prefecture, one example of a local city with a stock of many parks 
from post-war urban revival planning projects, and aims to consider 
future park developments by evaluating park planning and use 
through an understanding of (1) the features of park arrangement in 
urban revival planning projects, and (2) the changing use of planned 
parks.  

First, this study will demonstrate the features of park arrangement 
planning in post-war urban revival planning projects. Next, this 
study will investigate the changing use of three parks placed through 
urban revival planning projects: Maebashi Park, Shikishima Park, 
and Hirose Riverside park road.  

By evaluating the features of parks planning and subsequent park 
use, this study considers present issues and future focal points in 
park planning. This study has focused on three parks in Maebashi 
City's urban revival planning projects, and considered the changing 
use of these parks. It has found that all three parks began by opening 
up scenery, and by clarifying park recreational functions they have 
become large-scale facilities for public gatherings. 

However, while park recreational functions have increased, there 
is also the possibility that the original intent for a connection with the 
scenery has been diluted.  
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
 

 
 
 
 
 
 

 
 
Therefore, in future park preparation, even as partial 

improvements, three considerations are significant in landscape 
design: (1) the origin of the natural scenery and land, (2) integrating 
natural features and nature with design, and (3) subsequent use of the 
park. 

Keywords: Maebashi City, change of using, Urban Park 
 
1. INTRODUCTION 

This study looks at Maebashi City in Gunma Prefecture, one 
example of a local city with a stock of many parks from post-war 
urban revival planning projects, and aims to consider future park 
developments by evaluating park planning and use through an 
understanding of (1) the features of park arrangement in urban 
revival planning projects, and (2) the changing use of planned parks. 

First, this study will demonstrate the features of park arrangement 
planning in urban revival planning projects. Next, this study will 
investigate the changing use of three parks placed through urban 
revival planning projects: Maebashi Park, Shikishima Park, and 
Hirose Riverside Park Road. By evaluating the features of urban 
park planning and subsequent park use, this study considers present 
issues and future focal points in park planning.  
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Hirose Riverside Park Road 

Higashi Park 

Maebashi Park 

Shikishima Park 
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Figure.1 War-devastation urban revival planning in Maebashi City[1] 
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2.  Features of Park Planning in Urban Revival Planning 

Projects in Maebashi City  
The Japanese park system began by official notice of the 

Department of State in 1873. Planned preparations were made with 
the promulgation of regulatory reforms in Tokyo in 1889. Through 
the promulgation of the former City Planning Law of 1919, 
opportunities arose for securing planned parks even in local cities 
through the use of "rezoning projects."   

However, genuine park preparation began with the urban disaster 
revival planning projects that followed the World War II, and the 
enactment of the City Park Law of 1956. The city planning of 
Maebashi City progressed with the promulgation of the city 
Planning Law of 1919, and in 1929 city planning zones were 
determined. These brought opportunities for city planning projects 
in Maebashi City. However, because approximately 80% of the city 
was destroyed in the world War II, city planning projects could not 
be carried out.  

In 1946, Maebashi City was designated a war-devastated city, and 
this was used as an opportunity to examine city plans from before the 
war, and to move forward with road and park planning.  

The area of rezoning projects for war-devastation urban revival 
planning projects in Maebashi City was set in 1946 at 343.2 hectares, 
and the cabinet approved a plan for major thoroughfares.  In 1947, 
Gunma Prefecture officially announced route 120.  

This plan included three items regarding parks in the basic policy 
of city revival planning. First is the planning of parks, sports grounds, 
and park roads. Second is the securing of over 10% of urban area as 
open space.  Third is the designation of agricultural land, mountain 
and forests surrounding the urban as open space. Park arrangement 
was attempted under these three items.  

However, citizens protested, demanding the prefecture "make it 
Maebashi City's original planning. Therefore, the basic policy for 
post-war urban revival planning was changed in 1949. The aim 
became quick execution of projects. 

Already in Maebashi City preparations had been made for 
Maebashi Park along the left bank of the Tone River flowing 
north-south through the city center, and for Shikishima Park. 
However, due to the rising demand for open spaces and tree, park 
plans through war-devastation urban revival planning projects were 
proposed.  

First, Maebashi Park was prepared for the west side of Maebashi 
City, and Higashi Park was planned for the east side of the city.  Also, 
a park road was planned for Hirose riverside flowing east-west 
through the city, connecting the parks (figure 1). 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
3. Changing Use of Maebashi Park   

The establishment of Maebashi Park was decided by resolution of 
the Maebashi city council in 1903 in commemoration of the 
Russo-Japanese War of 1905.  

It is recorded that this place was used for recreational 
cherry-blossom viewing. Cherry-blossom viewing was a popular 
outdoor recreation in Japan from the Edo period. Records of park use 
show a design of cultivated cherry-blossom trees and garden-like 
views with additional trees. Monuments were erected, increasing 
symbolism, and the park was used as a place for holding national 
events.  

Female factory workers and geisha used the park as a place to 
enjoy cherry-blossom viewing and strolls. With symbolism in its 
scenery from the Meiji era, and use for strolls and events, everyday 
use of Maebashi Park increased, and the convenience of the facility 
improved with the arrangement of gazebos and flower beds.  

Everyday use of the park increased, and a boat dock facing the 
Tone River was built.  Neighboring farms were bought, and the park 
was expanded.  

Waterfalls and fountains (picture 1), and children's playing 
equipment were built in the expanded areas. On the other hand, 
management problems such as public disturbances, crime, and 
safety appeared in the park. Lighting was set up to prevent crime, 
and moral edification was conducted in response to vandalism of 
facilities. Records show that bicycle competitions and plays were 
abundantly held. During public gatherings, rice cakes called 
"hagi-mochi" were sold in the park.  

Accompanying the park's change from scenery viewing to more 
daily use, park use became more integrated with daily life, and 
modern culture such as food and the arts ripened.  

In 1946 at the start of urban revival planning projects, Maebashi 
Park became a normal park of approximately 18.6 hectares. In 1954, 
to celebrate the 60th anniversary of the founding of Maebashi City, 
the Maebashi Ground Fair was held.  

In 1986 to celebrate the 100th anniversary of the founding of 
Maebashi City, a plan for improving Maebashi Park was revealed 
that would make the park a general park of 64.4 hectares, and even at 
present plans for refurbishing the park are being advanced (picture 
2)[6].  
 
4. Changing Use of Shikishima Park  

Shikishima Park lines the clear waters of the Tone River, rich in 
scenery symbolized by stretching pine forests, and blessed with 
views of the Three Jōmō Mountains of Akagi, Haruna, and Myōgi.  

Picture.1 Maebashi Park[2] Picture.2 Maebashi Park[3] 
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In 1921, an outdoor school was created in the summer in 
Maebashi City using pine forests, and it served as a place for 
improving the constitution of children. In 1922, the Maebashi City 
Council resolved to make the land a park site, and the park was made 
by disposing of the riverbed and national forest.  

Such was the origin of Shikishima Park, which opened an area 
that included a riverbed blessed in natural scenery to the public as a 
recreational garden.  

In 1925, a local youth labor service built a sports ground. The park 
name of "Shikishima Park" was decided by accepting submissions 
from Maebashi citizens. In 1924, citizens donated Yoshino 
Cherry-blossom, improving park scenery. In 1929, Dr. Honda 
Seiroku and Dr. Inoshita Kiyoshi proposed a lake with islands as 
seen in the Chinese Imperial Garden, a stone-made rest area 
imitating a French garden, and toilets (Picture 3).  

In a place blessed with a natural environment favorable enough to 
house an outdoor school, athletic facilities were enriched.  

In 1930, a baseball field was built. In 1920, U.S. and Japanese 
professional baseball teams met for a friendly game that including 
Sawamura Eiji and homerun-king Babe Ruth. In 1938, municipal 
rental boats were opened for people to enjoy the scenery.  

In 1950, the grounds were expanded for the construction of a 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Gunma Prefectural General Sports Ground. In 1953, a volunteer 
park beautification club was organized of townspeople to clean the 
park, and townspeople conducted cleaning activities. In 1956, Meiji 
Shine conveyed 500 irises, and an iris garden was created.  In 1971, 
with the creation of a rose garden, the institutionalization of the park 
as a tourist resource progressed. In 1983, a national sports festival 
was held at the sports grounds of Shikishima Park (Akagi Kokutai). 
In 1985, with the addition of a drainage channel, a water playground, 
and a large wooden playground in the connection point between the 
recreational walking zone and the sports facility zone, the park was 
given general functions that various generations could use (Picture 
4). In 1989, Shikishima Park was chosen by the Parks & Open Space 
Association of Japan as one Japan's top 100 parks.[7]  
 
5.  Changing Use of Hirose Riverside Park road 

The Hirose River was a part of life during the Edo period as a 
transportation route for boats, and in the early Meiji period powering 
water wheels. The city center side was mainly used as commercial 
land, and the new city center side was mostly used as industrial land 
(silk factories). On holidays, many female factory workers would 
cross the Hitone Bridge to enjoy the city center (figure 2).  
 
 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 

Picture.4  Shikishima-Park[3] 

Figure.2 Shinkeizu in Maebashi city[5](1909) 

Picture.3  Shikishima-Park[4] 
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Hagiwara Sakutarō, who influenced modern poetry, announced 
his poem "Kyōdo Bōkyōshi" in 1925, which includes reference to 
Hirose River, and he is said to have liked this scenery. In 1930, 
preparations began for Hirose River park road, 3.6 meters wide and 
283 meters long. In the early Shōwa period, Hirose riverside was 
prepared as a street.  

Following the end of the World War II, in 1948 Maebashi Park 
(general park) was planned to the west of the city center, Higashi 
Park (normal park) was planned to the east of the city center, and 
"Hirose Riverside Park road" was planned as a park road connecting 
the two parks in light of city disaster prevention.  

The land for "Hirose Riverside Park Road" was secured through 
rezoning projects for the purpose of urban disaster prevention in 
Maebashi City's central areas. Weeping willows were planted at 
even intervals on both banks, and a dirt promenade along the right 
bank was built. A concrete bench was built along the promenade, 
and a green tract of land was built in a concrete tree-planting box. 
Through this preparation, the weeping willows planted alongside 
both banks of the river became familiar to citizens as the scenery 
representing Maebashi City.  

In 1970, a monument inscribed with a poem entitled "Hirose 
River" was built. This was followed by many other hometown poetic 
monuments erected in the promenade. In 1974, Maebashi City 
enacted the "Maebashi City Water and Green Community 
Development Ordinance," and for five years from 1974 to 1979 
reconstructed Hirose Riverside Park road as a cultured and 
high-quality space, with the theme of making a symbolic road of 
water and tract.  

Inside, a stone walking path was added, a viewing lake and 
monument were built, and preparations focusing on recreation and 
scenery-viewing progressed.  

After this, cultural hues were deepened in the areas surrounding 
Hirose Riverside Park Road, and in 1993 the Maebashi Museum of 
Literature was built along the Hirose Riverside Park road, with materials 
from poets on display and for research including the work of Hagiwara 
Sakutarō. Every year since 1999, from autumn to winter both sides of 
the riverside promenade are lit with lights by volunteers, making an 
elegant scene[8].  
 
 
 
 
 
 
 
 
 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
6. CONCLUSION 

This study has focused on three parks in Maebashi City's urban 
revival planning projects, and considered the changing use of these 
parks. It has found that all three parks began by opening up scenery, 
and by clarifying park recreational functions they have become 
large-scale facilities for public gatherings.  

However, while park recreational functions have increased, there 
is also the possibility that the original intent for a connection with the 
scenery has been diluted.  

Therefore, in future park preparation, even as partial improvements, 
three considerations are significant in landscape design: (1) the origin of 
the natural scenery and land, (2) integrating natural features and nature 
with design, and (3) subsequent use of the park.  
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Picture 5 Hirose Riverside Park Road[2] Picture 6 Hirose Riverside Park Road[3] 
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ABSTRACT: Recently, the interest about water/green environment 
rises. But, it does not become clear enough, that water/green 
environment influences Quality of Life. The purpose of this study is 
the analyzing Quality of Life quantitatively with the data of the 
questionnaire survey, from the viewpoint of water/green 
environment. The subject area was Maebashi City, Gunma 
Prefecture. We used “factor analysis” and “covariance structure 
analysis”. Result of factor analysis we obtain five factor of the 
Quality of Life: Safety, Convenience, Environment, Housing 
conditions, Comfort. In addition we clarify evaluation structure of 
Quality of Life in consideration of water/green environment such as 
the river or the park by using covariance structure analysis. As the 
result, we made clear that Quality of Life is different depending on 
individual attribute and district characteristic, and that water/green 
environment affected Quality of Life. And we show measure effects. 
 
Keywords: water/green environment, Quality of Life, 
evaluation, covariance structure analysis 

1. Research Background and Purpose 

In these modern times, with advancing industrialization and 
urbanization, the scenery of the water and green environment 
has been transformed. People in these present times, have a 
heightened desire, a craving for spaces where they can live at 
ease. Their interest for the Quality of Life with as much 
natural contact with those familiar green spaces, waterfront 
and the beautiful townscape has increased. In this research, 
based on the results of a questionnaire survey regarding the 
Quality of Life of the residential areas of Maebashi city, 
special attention is paid to the living environment of the 
residential areas that incorporate water/green and the like. 
Our purpose is a making structural model, for the evaluation 
of Quality of the Life, as seen from the inhabitant’s point of 
view. 

2. Research Position 

In the research that pays attention to the Quality of Life, 
Kaji’s research is enumerated [1]. They clarify structural 
analysis of the consciousness of the inhabitants. Moreover, 
they showed the relation between living environment and 
evaluation of inhabitants to living environment, and offer an 
evaluation method of their living environment and the 
Quality of life. After this research, various evaluation 
methods and models have been proposed by Morimoto [2], 
Yoshida [3], Doi [4], and Morita [5]. In addition, a Quality of 

 
 

Life research which pays attention to water environment, 
Taniguchi is also included [6]. They propose that in order to 
improve the quality of life, an improvement in the water 
environment and a better evaluation of this model need to be 
made. Not just as research, a plan which designates 
improvements to the charm of the water spaces in Tokyo is set 
out as a goal [7]. Such as this plan, many urban development 
plans that pay attention to the water environment are going on 
all over Japan.  
The main focus of this research is on the Quality of Life 
especially to the living environments with water and green. 
The Quality of Life of the inhabitants is determined by city 
activity and living environment. City activity consists of 
traffic, land utilization and economic activity etc, living 
environment consists of the proximity to rivers, forested land, 
farmland and the growth plants and other living things. These 
two are thought to exert mutual influence on each other. In 
addition, it is clarified that the Quality of Life is different 
depending on individual attributes and district characteristics 
by existing researches. In this research, individual attributes 
and district characteristics are considered. As we a model 
which evaluate all the Quality of Life and which pays 
attention to a water/green environment has been established. 
This research aims to provide a useful model through which 
all aspects of quality of life can be measured quantitatively 
especially focusing on the water/green environment. 

3. Questionnaire Survey of Quality of Life 

3.1 Research Area 

The area in which the Quality of Life questionnaire survey 
was conducted is designated as Maebashi city, Gunma 
prefecture. Maebashi city has three “class A rivers”: Tone 
river, Hirose river and Momonoki river. In addition, the 
hydrophilic park which begins in the Shikishima park located 
in Maebashi city. And, Maebashi city advertises itself as: 
“The city of water, green and poetry”. Maebashi city 
promotes businesses such as promenades along the rivers as 
well as other services and the reforestation an improvement of 
the cycling road following the plan which is called “The 
general plan for the Greening of the Maebashi city” [8]. 
Specially, we designated research area as Maebashi city of 
the left bank of Tone river that is affected by water 
environment. Research area is shown in Fig.1 on the next 
page. 
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Fig.1: Research Area 

 

3.2 Summary of Questionnaire Survey 

Summary of questionnaire survey is shown in Table 1, and 
items of evaluation are related the Quality of Life (Subjective 
evaluation) is shown in Table 2. The survey was distributed to 
4,000 households inside the area of our research, we received 
2,118 responses. When those responses where appraised and 
reviewed as being valid and complete, the effective results 
were reduced to 1,646. Items of Subjective evaluation (Table 
2) refer to appraisal items of Quality of Life research by [3] 
and [5], it added the item regarding water and green 
environment (A12, A13). 

4. Factor Analysis 

Factor analysis was applied to items of Subjective evaluation, 
the component of Quality of Life was extracted. With this 
analysis, because A17 and A20 is correlatively high which is 
shown in Table 2, it excluded the item of A20. Also A21 was 
excluded of analysis. Concerning items of Subjective 
evaluation, the typical five latent variables where sum of 
squares exceeds 1.0 were extracted. The Table 3 is something 
which rearranged the factor loading after the varimax rotation. 
We defined factor collected those where the respective factor 
load quantity is high, “Safety” and “Convenience”, 
“Environment” and “Housing conditions”, “Comfort” . A12 , 
A13 which are thought that the relation to green and water 
environment is high during Subjective evaluations, 
“Environment” in the Quality of Life which is defined, it has 
the respective factor loading 0.821 and 0.737. It understood 
that the element regarding water and green is related to the 
Quality of Life largely. 

Distribution:Mid-November, 2008
Collection:December 14, 2008 (Mailing deadline)
Maebashi City of the left bank of the Tone River
Population:99,000  Household number:42,000
Systematic random sampling to household
Sampling rate:9.5%

Object persons Members of 4,000 households
Distribution:Posting
Collection:Mailing
1) Parsonal attribute, Household attribute, House style
2) Five stage evaluations of Quality of Life
  (1.Very good, 2.Good, 3.Average, 4.Poor, 5.Very poor)
Household:1,293 (Recovery rate:32.3%)
Pesons:2,118   Valid vote:1,646

Sample number

Date

Research Area

Sampling

Survey method

Survey items

 
 

Table 1: Summary of the questionnaire survey 
 
 

Variable Variable name (Survey items of QoL)
A1 Safety against the flood damage
A2 Safety against the earthquake and fire
A3 Crime prevention
A4 Safety against the traffic accident
A5 Sanitary condition
A6 Noise and vibration
A7 Accessibility to the post office and bank
A8 Convenience for the commuting
A9 Accessibility to the hospital and welfare facility
A10 Convenience for the shopping
A11 Convenience for the public transportation
A12 Prodigality of the green environment
A13 Prodigality of the water environment
A14 Convenience for the sport and recreation
A15 Goodness of the sunshine and ventilation
A16 Extent of the house and garden
A17 Easiness of the walking in the district
A18 Goodness of the townscape
A19 Usability of a car in the district
A20 Usability of a bicycle in the district
A21 Comprehensive evaluation  

 
Table 2: List of Subjective evaluation 

 
 

Factor1 Factor2 Factor3 Factor4 Factor5

Safety Convenience Environment
Housing

Conditions
Comfort

A1 0.765 0.139 0.036 0.136 0.060

A2 0.750 0.067 0.183 0.211 0.146

A3 0.602 0.185 0.156 0.081 0.132

A4 0.598 0.103 0.249 0.104 0.236

A5 0.441 0.277 0.285 0.179 0.161

A6 0.373 0.081 0.323 0.290 0.110

A7 0.109 0.731 0.090 0.042 -0.022

A8 0.049 0.723 0.029 0.063 0.155

A9 0.145 0.698 0.121 0.050 -0.011

A10 0.082 0.577 0.053 0.126 0.159

A11 0.157 0.541 0.069 -0.013 0.232

A12 0.130 0.064 0.821 0.103 0.093

A13 0.252 0.058 0.737 0.276 0.095

A14 0.209 0.250 0.504 0.139 0.174

A15 0.194 0.100 0.174 0.723 0.079

A16 0.233 0.079 0.251 0.688 0.224

A17 0.324 0.303 0.169 0.158 0.623

A18 0.291 0.169 0.270 0.299 0.504

A19 0.294 0.358 0.164 0.239 0.390

Sum of squares 2.761 2.656 2.029 1.494 1.138

Contribution ratio 14.53% 13.98% 10.68% 7.87% 5.99%

Cumulative
contribution ratio

14.53% 28.51% 39.19% 47.05% 53.04%

Variable

 
 

Table 3: Result of Factor analysis 
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5. Presumption Evaluation Model of Quality of Life 

5.1 Covariance Structure Analysis 

In main research of the Covariance structural model, when 
Quality of Life is appraised, we use Yoshida’s model [3]. 
This model can analyze the individual attribute, district 
characteristic, Subjective evaluation, and Quality of Life. 
Covariance structure analysis can display the complicated 
statistical model graphical causal relation between variables 
the arrow (path) with by the path figure which is displayed. It 
is possible because with the structural equation model to form 
the model which is based on the hypothesis of the analyst in 
comparison with former multivariate analysis, it is flexible to 
interpret data which is given. 
Individual attribute and district characteristic were designated 
as Objective variable, those Latent variable (Quality of Life) 
exists also constructed the Covariance structural model 
between Subjective evaluations. Causal relation between 
Objective variable and Latent variable is called structural 
equation, this is suitable to multiple regression analysis. In 
addition, causal relation of Latent variable and subjective 
appraisal value is called measurement equation, this is 
suitable to factor analysis. 

5.2 Presumption Covariance Structure Model 

Continuously, considering five Quality of Life, it set the caus
al relation of individual attribute and district characteristic, al
so presumed the Covariance structural model. We obtain dat
a of district characteristic on the map. Goodness of fit of the 
model became GFI=0.80. Sufficient goodness of fit you cann
ot say, but sign condition of path coefficient, the appropriaten
ess of interpretation of variable, it illuminated in purpose of t
his research which pays attention to water/green environment
 the figure adopted the model of Fig.2 on next page. The Tabl
e 4 is summary of Objective variables, and the Table 5 is pat
h coefficient of the variable which is used for the model is sh
own in Fig.2. Table 4 and Table 5 are on the next page. 
“Safety”, the flood damage, earthquake, fire, crime preventio
n and traffic accident, is the Latent variable which is related t
o the safety regarding hygiene. It is found that from the fact t
hat path coefficient of the dummy of 65 years old or more of 
objective variable has shown negative value, as for the senior
 citizen degree of safety decreases. “Convenience” is the Lat
ent variable which is related to the convenience of shopping 
and public traffic. From the fact that path coefficient of the a
ges 65 and older dummy and the employee dummy of Object
ive variable has shown negative value, the senior citizen and 
the employee is a tendency where convenience decreases. On
 the one hand, path coefficient of the student dummy has sho
wn correct value, as for the student, it is found that it is the te
ndency which appraises the convenience of research area hig
h. 
“Environment” is the Latent variable which is related to wate
r/green environment which has paid attention in this research 
and sport recreation. As Objective variable is distance to the 
city park, path coefficient it reaches negative value, the city p
ark becomes far, as for appraisal of “Environment”. It is foun

d that it decreases. 
Path coefficient of the employee dummy and the apartment 
dummy where “Housing conditions” is the Latent variable 
which is related to sunshine, through wind sequence and the 
extent of the house and garden, is Objective variable has 
shown correct value. “Comfort” is the Latent variable which 
is related to the easiness of walking, easiness of using of the 
automobile. Objective variable becomes the variable whose 
distance to the waterfront is significant, has shown the fact 
that extent and the comfort where distance to the waterfront 
becomes far decrease. Like above, to improve the Covariance 
structural model is also conversely. 
In Objective variable, the fact that it is related to water/green 
environment is distance to the city park and distance to the 
waterfront. Waterfront such as Tone river, Hirose river and 
Momonoki river, and city parks has been distributed to 
research area, it became the model which can explain the 
Quality of Life of residence area with the approach 
characteristic to water/green environment. In addition, also it 
was the model which can explain the Quality of Life with 
individual attribute, concerning the change of Quality of Life 
due to the change of future population became the model 
which can be appraised. 
At the time of Covariance structure analysis of this research, 
the fact that Amos of the SPSS co. is used. 

6. Evaluation Measures 

By using Covariance structural model, evaluate water green 
environmental measure. The next two measures, “waterfront 
development” and “City parks development” were set. Fig.3 
shows positions about new waterfront and city parks on the 
next page but one. 

6.1 Waterfront Development 

Such as Tone river, Hirose river and Momonoki river which 
are existence as waterfront in research area extension is 
34.5km. In addition, there is a irrigation canal 29.1km inside 
research area, presently, it is the space which the resident 
can’t get close, part has become the culvert. These like the 
Hirose river and the Momonoki river you service as the 
waterfront inside the city, it makes the space where the 
resident can become familiar in the waterfront. Because of 
this, rivers extension inside research area reaches 
approximately 2 times, it is supposed that “Comfort” 
improves due to the fact that distance to the waterfront 
becomes short from each area. 

6.2 City parks Development 

67 city parks are maintained inside service research area, the 
city park exists in inner 47 areas of 84 areas inside research 
area. Among 37 areas where the city park is not serviced, 6 
areas of urbanization control area are excluded, the city park 
(the block park) to set one each in 31 areas of area designated 
for urbanization. Because of this, the number of city inside 
research area parks becomes with 98 and approximately 1.5 
times from 67, “peripheral environment” improving is 
supposed due to the fact that distance to the city park becomes 
small from each area. 
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Fig.2: Estimated Covariance structure model 

 
Division Definition

Z1 Ages 65 and older dummy Sample aged 65 and over = 1, the others = 0
Z2 Student dummy Sample is a student = 1, the others = 0
Z3 Employee dummy Sample is an employee = 1, the others = 0
Z4 Apartment dummy Sample lives in the apartment = 1, the others = 0
Z5 Distance to city park Square of distance to city park (square kilometer)
Z6 Distance to waterside Square of distance to waterside (square kilometer)

Personal
attribute

District
characteristic

Variable name

 
 

Table 4: Objective variables 
 

Objective
variables

Path
coefficient

Latent
variables

Path
coefficient

Subjective
evaluation

Z1 -0.185(6.656) 0.754(18.526) A1

0.802(18.927) A2

0.643(17.231) A3

0.677(17.670) A4

0.557(15.935) A5

0.492(　∞　 ) A6

Z1 -0.070(2.536) 0.729(19.973) A7

Z2 0.058(2.137) 0.725(19.992) A8

Z3 -0.057(2.089) 0.696(19.506) A9

0.609(18.030) A10

0.562(　∞　 ) A11

Z5 -0.076(2.793) 0.863(20.881) A12

0.792(21.611) A13

0.575(　∞　 ) A14

Z3 0.088(4.291) 0.516(3.7350) A15

Z4 0.116(5.626) 1.172(　∞　 ) A16

Z6 -0.110(3.913) 0.838(18.232) A17

0.656(19.455) A18

0.605(　∞　 ) A19

The value in round brackets is “t value”.

Safety

Convenience

Environment

Housing
conditions

Comfort

 
Table 5: Path coefficient 
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Fig.3: Waterfront and City parks Development 
 

 

 
Fig.4: Result of Waterfront development 

 

 
Fig.5: Result of City parks development 
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6.3 Evaluation of Water/green environmental Measures 

The result of measuring of water/green environment, measure 
improves each one “Comfort” “Environment”. Increase of 
evaluations of “Comfort” and “Environment” after the 
waterfront and city parks development shows Fig.4 and Fig.5 
on the previous page. In order to grasp regional the effect to 
the whole research area, population of classified by appraisal 
value ranking of Quality of Life was rearranged. The Fig.6 
shows change of “Comfort” due to the service of the 
waterfront. The Fig.7 shows change of “Environment” due to 
the service of the city parks. Sooner or later the population 
which enjoys the improvement effect of quality of life with 
the measure which relates to water/green, has increased. 
 

 
Fig.6: Change of “Comfort” due to measuring 

 

 
Fig.7: Change of “Environment” due to measuring 

 

6. Research Conclusion 

Summary of Objective variable of this research (individual 
attribute and district characteristic), Latent variable, 
Subjective evaluations which is due to questionnaire survey 
uniformly, also it was possible to construct the covariance 
structural model. It was constructed individual attribute and 
the district characteristic regarding water/green form the 
Quality of Life. When appraisal of waterfront and city parks 
service measured which relates to water green environment. 
We verified that “Comfort” and “Environment” improves. As 
from above, the purpose in this research cleared that the 
appraisal structure of Quality of Life which includes 
water/green environment, it is thought that it was possible to 
do measure appraisal. 

7. Future Topic 

Future topic is improvement the evaluation model of Quality 
of Life. In this research, water quality content of the rivers 
and waterfront as water environment is not included. In 
existing research, a model involves the water cycle, matter 
cycle model which can estimate the change of water quality 
and water content. In the future, we would like to examine the 
appraisal Quality of Life with water quality and water content. 
In addition, in order for appraisal of measure other than 
water/green environment to become possible, we would like 
to keep adding various district characteristic. 
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ABSTRACT: Large-scale green space planning in the 
Tokyo Metropolitan Area was formulated in 1939 with the 
"Tokyo Green Space Plan," and a greenbelt was proposed, 
however the plan was cancelled due to the end of the war.  In 
1958 the "First Capital Region Plan" was formulated, and a 
greenbelt was again proposed, however the second and later 
plans became plans that approved of urbanization. 

This paper focuses on the Capital Region Plan, and aims to 
(1) organize changes in green space planning in the Tokyo 
Metropolitan Area, (2) analyze the circumstances of 
urbanization of the area designated a greenbelt in the First 
Capital Region Plan, and (3) extract issues regarding green 
space planning in the Tokyo Metropolitan Area 
 
Keywords: Tokyo Metropolitan Area, Capital Region Plan, 
National Plan, greenbelt 
 

1.  Changes in Green Space Planning in the Tokyo 
Metropolitan Area 

 
1.1 Tokyo Green Space Plan 

In 1939 the "Tokyo Green Space Plan" was formulated.  
Although this planned area had no legal basis, it included a 50 
kilometer region, 962,059 hectares of production green 
spaces and scenic districts centered around on Tokyo.  A 
greenbelt was planned for Tokyo's outer region, following 
rivers into urban areas[1]. 

The base section of the greenbelt was set in the city plan as 
a planned city green space, and preparations were made 
through site purchases.  In 1940, with the war escalating, 
Tokyo industrialized six green spaces for air defense, and by 
1945 had realized the plan by deciding on 22 green spaces for 
the city plan.  The air defense designation prohibited the 
construction of buildings other than those affiliated with 
agriculture, forestry, livestock, or park sports grounds. 

However, after losing the legal backing of air defense with 
the end of the war, these large green spaces became a target 
for opening agricultural space, and 62% of the 746 hectares of 
purchased sites were transferred to private landowners. 

1.2 First Capital Region Plan  

Due to the rapid concentration of population in Tokyo 
during the period of high economic growth, chaotic urban 

 
 

expansion became a problem, and the National Capital 
Region Improvement Act was enacted (1956).  Based on this 
Act, the first through fifth National Capital Region 
Improvement Plans (abbreviation: “Capital Region Plan”) 
were formulated, aiming to facilitate the construction and 
ordered development of a metropolitan area suitable to be the 
center of Japanese politics, economics, and culture. The First 
Capital Region Plan of 1958 referenced the Greater London 
Plan, creating Suburban Area (Greenbelt), and aimed to 
"control the chaotic and swollen development of Built-up 
Area, and facilitate healthy development by creating an outer 
greenbelt."  The greenbelt was planned on the outer side of 
Built-up Area, with a width of 10 kilometers, and satellite 
cities were planned outside the greenbelt (Figure 1). 

However, the understanding of municipalities and land 
owners of the areas designated as Suburban Area was not 
gained, and improvement was made difficult by opposition 
activities of residents.  Furthermore, the land use planning 
system regarding green spaces was left incomplete.  In 
addition, achievement of the plan became difficult with the 
chaotic development of Suburban Area in the 1960s due to 
the intense concentration of population and the rapid 
expansion of urban areas, making change unavoidable.. 

1.3 Second Capital Region Plan 

The Second Capital Region Plan was formulated in 1968 
(Figure 2).  The Suburban Area (Greenbelt) of the First 
Capital Region Plan was changed to Suburban Development 
Area "in order to prevent chaotic urbanization through 
planned maintenance of urban areas and preservation of green 
spaces," and the concept of a greenbelt faded.  Most of the 
urban areas in the 50 kilometer zone designated as Suburban 
Area in the First Capital Region Plan became Suburban 
Development Area meant for commuting to Tokyo. 

The greenbelt concept partially remained.  Among the 
green space in the Suburban Development Area, areas in 
danger of chaotic urbanization were designated Suburban 
Green Space Preservation Area (18 zones, 15,693 hectares).  
Furthermore, 9 districts, 758 hectares of Suburban Green 
Space Preservation Area that were considered important 
districts especially in need of preservation were designated 
Suburban Green Space Special Preservation Area, making 
permission of the governor necessary before conducting 
certain development activities. 
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Figure 1: First Capital Region Plan[2] 

Built-up Area 

Suburban Area 
(Greenbelt) 

Figure 2: Second Capital Region Plan[2] 

Built-up Area 

Suburban Development 
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Figure 3: Kawaguchi City and Greenbelt 

Greenbelt 
Kawaguchi City 

Built-up Area 

2.  Changing Land Use of Suburban Area over Time 

This section takes up Kawaguchi City in Saitama 
Prefecture, planned in the First Capital Region Plan as 
Suburban Area (Greenbelt), and analyzes its subsequent land 
use over time.  Kawaguchi City contains both a designated 
Built-up Area and a designated Suburban Area[4] (figure 3). 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

2.1 Changes in Land Use Planning 

In 1963, five years after the formulation of the First Capital 
Region Plan, approximately 20% of Kawaguchi's Suburban 
Area was designated an urbanization area, however in 1970, 
with the increased demand for housing due to rapid 
population growth, approximately 85% had become an 
urbanization area.  As a result, Kawaguchi City had nearly as 
much designated urbanization areas as existing urbanization 
areas (figures 4 & 5).  Compared to Built-up Area, the ratio of 
land use of Suburban Area for residential uses had greatly 
increased. 

  
 Residential zone 

Category I exclusively residential zone 

Category II exclusively residential zone 

Commercial zone 

Neighborhood commercial zone 

Quasi-industrial zone 

Industrial zone 

Exclusively industrial zone 

Urbanization 
Promotion 
Area 

 
      Figure 4: Percentage of Various Land Use Plan of the 
Suburban Area (Kawaguchi City) 
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Category I exclusively residential zone 

Category II exclusively residential zone 

Commercial zone 

Neighborhood commercial zone 

Quasi-industrial zone 

Industrial zone 

Exclusively industrial zone 

Urbanization 
Promotion 
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Figure 5: Percentage of Various Land Use Plan of Built-up 
Area (Kawaguchi City) 
 

This indicates that Kawaguchi City, after the First Capital 
Region Plan (1958) was revised by the Second Capital 
Region Plan (1968), rapidly transitioned towards 
urbanization areas, and its character as a Tokyo bed town 
strengthened. 

Viewed from a map (figure 6), in 1963, following the 
formulation of the First Capital Region Plan (1958), 
approximately 80% of the Suburban Area was designated an 
urbanization control area. 

In 1968, when the Second Capital Region Plan was 
formulated, residential demand increased, and the designation 
of urbanization control areas for residential use can be seen.  
In 1970, in the period between the formulation of the Second 
and Third Capital Region Plans, approximately 70% of the 
area that had been designated as Suburban Area in the First 
Capital Region Plan had become designated for residential 
use.  In 1985, when the Fourth Capital Region Plan was 
formulated, 85% of the Suburban Area of the first plan had 
been designated for use, leading to urbanization, and at the 
same time an intention to halt the increasing population in 
Suburban Area can be seen. 

2.2 Changes in the Record of Land Use over Time 

Looking at the change in the record of land use over time 
(figure 7), in Built-up Area designated in the First Capital 
Region Plan, there was an urban land use structure, with 
building sites occupying approximately 80%.  Looking at the 
Suburban Area of the first plan, after the period of the Second 
Capital Region Plan in 1976, building sites increased 
annually, and the ratio of fields and rice paddies decreased.  
This can be seen as due to Kawaguchi City assuming the role 
of Tokyo's bed town, taking on the increase in housing in its 
Suburban Area.  Population continued to increase in 
Suburban Area, and green spaces (forests, fields, rice  
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Figure 6: Changes in Land Use Planning (Kawaguchi City) 
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paddies) in 1996 were approximately 30% of the overall 
Suburban Area and decreasing annually. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Figure 7: Changes in the Record of Land Use (Kawaguchi 
City) 

3.  Issues in Green Space Planning in the Tokyo 
Metropolitan Area 

 

3.1  Verifying the Greenbelt Concept 

The concept of a greenbelt in the First Capital Region Plan 
was an admirable plan meant to sketch an ideal city, however 
in reality this had little practical effect, and it remained as 
regional green spaces.  This section will investigate the 
reasons why the greenbelt concept was not fully realized, 
covering the formative concepts of the plan, land use 
planning of the Suburban Area of Kawaguchi City, and 
changing land use. 
(a) Expansion of Urban Areas Due to Population 
Concentration during the Greenbelt Concept Period 

Following the war, the concentration of population from 
rural areas to Tokyo can be called rapid and extraordinary.  In 

Kawaguchi City, designated as Suburban Area, the 
population was 144,000 when the First Capital Region Plan 
was formulated, and 343,000 in 1976 at the formation of the 
Third Area Plan, a 2.4 times increase.  The policy of 
preserving green spaces can be seen to have been unable to 
resist the trend for expansion of urban areas due to the 
concentration of population in a short time.  The area division 
system with regulatory power was introduced, however 
urbanization control areas were not arranged on a broad scale, 
and green spaces were reduced in each municipality. 
(b) Political Understanding and Popular Support for the 
Greenbelt Concept 

The period when Suburban Areas were planned coincides 
with Japan's high economic growth, which produced a 
housing shortage due to the concentration of population in 
large cities, and political consideration for satisfying housing 
demand took precedent over the greenbelt policy for 
controlling the expansion of urban areas.  Furthermore, with 
the social background of prioritizing the economy, there was 
no understanding among municipalities and citizens, and 
regulation was difficult.  Even among experts, arrangement 
and concern for green spaces was not established.  Because 
there was no political or popular understanding, there was no 
agreement regarding the Suburban area, and the plan became 
weak with no regulatory or legal effect. 
(c) Substance of the Greenbelt Plan 

The Suburban Area was 10 kilometers from the city center.  
On the other hand, the greenbelt of the Greater London Plan 
was 20 kilometers from the city center.  Viewed from this 
comparison, the Suburban Area created in the Capital Region 
Plan can be called too close to the city center.  As a result only 
partial green spaces remained.  This can be understood to be 
due to the fact that, in addition to not foreseeing the 
population increase, the Greater London Plan and the Town 
and Country Planning Law were not sufficiently studied, and 
the experience of England was not made use of. 

3.2  Issues in Green Space Planning in the Tokyo 
Metropolitan Area 

In 2005, the population of Japan began to decline, and 
further population decline is assured.  The greenbelt concept 
of the First Capital Region Plan could not resist the pressure 
of population concentration during the period of high 
economic growth, however its significance today is worth a 
second look.  In order to realize the creation of compact cities 
with a small environmental impact, city planning with 
appropriate arrangement of green spaces should be 
considered. 

During the period of the First Capital Region Plan, 
residential policy took precedent over green space policy, 
however today the significance of green spaces is being 
reconsidered.  The role of green spaces in creating scenery, 
food production, and disaster prevention measures is 
increasing.  The administration, citizens, and experts share 
the value of green spaces, and there is a need to study the 
proper structure of cities and green space planning. 
In addition to the Capital Region Plan, in 2009 the "Regional 
Plan of Metropolitan Area" was formulated, and a network 
connecting existing waterside space and green space has been 
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proposed.  This plan does not indicate a concrete method for 
preserving green space.  What is needed is the creation of a 
green space plan in the Tokyo Metropolitan Area that is based 
on a study of the experiences of the greenbelt plan in the 
Greater London Plan, Japan's Capital Region Plan, and green 
space planning in various countries, as well as an 
understanding of present land use in Japan, and future 
population and economic trends. 

4 REFERENCES 
[1] Committee of Metropolitan Area (1959), Metropolitan Area Research, 

Tokyo. (in Japanese) 
[2] Suzuki, S. (1993) Current of City Planning -Tokyo, London, Paris and 

New York-, Sankai-do, Tokyo. (in Japanese) 
[3] Sato, A. (1977) History of the Development of Japanese Park Green 

Spaces (upper) (lower), Chikuma-syobo, Tokyo. (in Japanese) 
[4] Maruyama, M. Nakagawa, Y. (2004) A study on the changes of green 

space policies of National Capital Region Improvement Plan, 
Proceedings of annual conference of the Japan Society of Civil 
Engineers, Vol59(4), pp334-335. 

[5] Takeuchi, T., Ishikawa, M. (2009) A study on the effect of urban 
development projects on the open space environment in areas once 
designated as green districts, LRJ, 72(5), pp.705-708. 

[6] Takeuchi, T., Ishikawa, M. (2009) A study on the green space policies 
on the planned areas for Green Belt in the National Capital Region 
during the period of urban expansion -a study in the North Tama Area-, 
Journal of the City Planning Institute of Japan, No.44-3, pp.877-882. 



 

533 

 

 

ABSTRACT: In road policy assessment, it is very important to 
present the influence and effect of the project simply, and to hold 
information in common with relatives. Thus, traffic simulation 
plays a part in road policy assessment. In this paper, we present 
how to deal with traffic simulation and introduce an example of 
the application, in Road Policy Assessment accompanied Railway 
Elevation. Lastly, we show possibility of traffic simulation in 
Road Policy Assessment.  
 
Key Words: traffic simulation, road, road traffic, traffic 
flow, road policy, road policy assessment, railway elevation 

1. INTRODUCTION 

Traffic simulation is a tool to represent traffic flow on the 
road network by use of computer, and to estimate the 
influence of new road or land development on the traffic 
flow beforehand. The result of the simulation is represented 
as visual information in the series. 
In recent years, public involvement is introduced to 
transportation policy on the view point of promoting 
democracy and transparency. As relatives contained local 
residents are likely to get mutual understanding, if 
information such as traffic congestion and/or the length of 
congestion is shown as ever changing visual scene. Whence, 
the meaning of traffic simulation is recognized as a tool of 
making mutual consent for promoting transportation policy. 
In this study, we try to verity the usefulness of traffic 
simulation for promoting road policy in urban area. 
 
2. OUTLINE OF TRAFFIC SIMULATOR “VISION” 
2.1 Model Structure 
 
Traffic simulator “VISION” consists of traffic flow model 
and route choice model.1) Traffic flow model determine 
behavior of each vehicle such as speed and vehicular gap on 
the condition of those at previous time. 
By the repetition of the procedure, the condition of traffic 
flow on the road network is refreshed periodically (periodic 
scanning). 
Thus, traffic flow is represented as continuous flow on the 
road network. 
The input to the model is the data with respect to road 
network represented as the graph with nodes and links, and 

 
 

behavior of traffic flow on the roads. 2) Traffic demand is 
also given to the model as a dynamically changing origin 
and destination traffic volume matrix. The output of the 
model is ever changing traffic flow condition shown 
visually. Also quantitative data on traffic volume, length of 
congestion travel speed and exhaust emission are provided 
as output of the model. These output of the simulator, visual 
graphics output and quantitative information, make it easy 
to explain and understand the effect of transportation and/or 
land development projects. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
Fig.1 Input and Output of the Traffic simulation “VISION” 
 
2.2 Traffic Flow Model of the Simulator “VISION” 
In the traffic simulator “VISION”, we use car-following 
theory as a traffic flow model. 3) The acceleration of a 
vehicle is determined by a function of the gap distance with 
the preceding car and the difference between desired speed 
of the car concerned and the actual speed of the preceding 
car. 
The function is given by 
 
                           (1) 
 
where, VS : acceleration, S0 : desired speed, S : speed of the 
preceding car, d : gap distance with the preceding car, α, β, 
γ, δ : parameters.  
 
The desired speed varies as regulated speed the road, radius 
of the curve, and longitudinal gradient. 
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At also varies as driver’s behavior, reflecting the prove car 
examination data. Every car can change a lane in response 
to the driving situation. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig.2 Calculation of the Vehicular Behavior through Traffic 
Flow Model 
 
Route choice model depends ever-changing travel times on 
each road, these are the result of the simulation. The 
probability each route is selected takes large it travel time of 
the route gets short, applying Dial’s method. Route choice 
is refreshed for every time intervals. 
Route choice has on significant influence to the 
reappearance of the simulation result. The higher rank 
planning of the project examines the effect and influence to 
the surrounding road traffic by traffic assignment procedure 
in a wide range road network. To make sure of consistency 
with the higher rank planning, the route choice probability 
also reflects the result of traffic assignment. 
 
3. PROCEDURE OF THE INVESTIGATION 
In the traffic simulation “VISION”, we integrated route 
choice model into the original traffic simulator with 
car-following traffic flow model and fixed route choice 
model. Traffic demand, which is expressed as origin and 
destination demand matrix, is made out based on traffic 
assignment in the higher ranking planning. Also the road 
network is made out of a graph with the mass of nodes and 
links. At first, we execute a simulation to test the 
reappearance of traffic simulation on the present road 
network. Traffic volume on each branch in the intersection, 
travel speed on each section, length of congestion and so on 
is examined comparing the simulated result and observed 
values. After the reappearance of the simulation is verified, 
we execute the simulation on each measure to improve 
traffic situation. The examination procedure is shown in 
Figure.3. 
 
 
 
 
 
 
 
 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig.3 Examination flow of the traffic simulation 
 
4. THE SUBJECT TO APPLY TRAFFIC SIMULATOR  
We can utilize traffic simulator “VISION” in the following 
subjects as a tool to estimate the effect and influence of the 
project. 
4.1 Application to the Measures to Improve Traffic 
Congestion 
The simulator can be applied to the subject to improve 
traffic congestion, such as improving intersections, 
changing traffic management, and taking grade separation. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig.4 Example of the Application (Providing Lanes) 

Input of the Desired Speed 

Position of the vehicular stop by signal 
or Temporary Stop 

Vehicular Gap and Speed through Car-Following

Calculation of the Movement 

Route choice model into the original traffic simulator with 
car-following traffic flow model and fixed route choice 

Integrated route choice model 

OD table and road network are made out based on traffic 
survey

Execute the simulation to test the reproductivity of traffic 
situation

Execute the simulation on each measures to improve traffic 
situation

Cars going straight on are
too much 

Cars turning right affect
flows on the main line 

Increase of the lane smooth 
traffic movement 

Providing the lane turning
smooth traffic movement 
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4.2 Application to Road Providing Plannings 
The simulator can be applied to road providing planning, 
such as widening of existing road, providing by-pass and 
making ramps at intersections.  
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig.5 Example of the Application (Increase of the lane) 
 
4.3 Application to Estimate the Influence of the Project 
The simulator can be applied to estimate the influence of 
the project, such as changing lanes followed by 
construction work, in and out of working trucks, location of 
commercial facilities and various events. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig.6 Example of the Application (Improve of the cars 
going in and out the roadside) 
 

 
 
 

 
 
 
 
 
 
 
 
 
 
 
 

Fig.7 Example of the Application (Improve of the bus stops) 
 
5. EXAMPLE OF THE TRAFFIC SIMULATOR 

“VISION” 
5.1 Estimating the Influence of Railway Elevation 
We testified the traffic management measures as the 
presumptions to provide station plaza accompanied by 
railway elevation project. 
Traffic flow not only automobile traffic bat also pedestrians 
and bike traffic in the surrounding areas of the plaza was 
represented precisely. 
This simulation made clear the production of new traffic 
congestion caused by changing traffic moving as the result 
of railway elevating and providing station plaza. 
 
 
 
 
 
 
 
 
 
 
 
 

 
 
 
Fig.8 Traffic Movement by the provision of the Station Plaza 
 
5.2 Estimating the Influence of Traffic Management 
Measures on the Arterial Roads 
We testified the influence of traffic management measures 
to traffic flow in surrounding areas. 
The change of travel speed and/or traffic congestion was 
represented visually. 
In some places of the network, traffic congestion turns hard 
by introducing traffic management measures. Overall travel 
times and emission of carbon dioxide in the objective area 
can be decreased by some measures. 

Increase of the lane Improve 
traffic movement and air 
environment by the roadside
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Fig.9 Traffic Movement under Traffic Regulations 
 
6. ESTMATING INFLUENCE TO URBAN AREA 

THROUGH PROVIDING NEW ROAD 
6.1 Outline of Providing Roads in the Surrounding Areas of 
Himeji Station 
Now, the project of railway elevation of Japan railway lines, 
Sanyo line, Bantan line, and Kishin line, is proceeding. In 
December of 2009, railway elevation was finished. And the 
construction of new station building is now under way. In 
about 2016, new station building and new station plaza will 
be completed. Also, construction work of the roads to 
connect north and south area of the station will be finished. 
Traffic conditions before and after providing new roads 
were simulated to estimate influence to traffic in changing 
urban areas.  
 
 
 
 
 
 
 
 
 
 
 
 

Fig.10 Road Network Surrounding Himeji Station 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig.11 Condition of the Existing Road Network (year 2008) 

 
 
 
 
 
 
 
 
 
 
 
 
 
Fig.12 Condition of the Future road Network (about year 
2016) 
 
6.2 Reappearance of the Simulation 
To testify the reappearance of the simulation, 4) traffic 
volumes on each branches of the main intersections were 
compared with observed values and simulated values. The 
correlation coefficient is 0.97, and then we may think of 
good reappearance of the simulation. 
Also, the length of traffic congestion and/or travel speed 
were compared with observed values and simulated values. 
Especially, blocking times and length of congestion were 
testified at railway crossings.  
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig.13 Traffic Movement through the Simulation on 
Existing Road Network 
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6.3 Simulation of the Future Situation 
Fig.15 illustrates the future situation of the traffic at the 
time when all of the project concerning railway elevation 
was completed. The density of roads get intimate by the 
project, and traffic flow on the network is made disperse 
and smooth. Also, congestions at railway crossing are 
canceled. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig.15 Traffic Movement through the Simulation on Future 
Road Network 
 
6.4 Estimating Effects of the Project 
(1) Outline of the Influence 
Comparing the result of the simulation in present situation 
and in the future situation, some traffic congestions are 
improved considerably, and traffic flow in urban area is 
made smooth. Especially, the graphics output as animation 
pictures plays an important role in the presentation. 
(2) Estimating the Effects 
To show the effect of the project quantitatively, the 
following items were calculated in the present and future 
simulation. 
① Shortening of Overall Travel Times 
Fig.16 illustrates the shortening of overall travel times. It 
shows the shortening of overall travel times is about 16% of 
the present value in a peak hour. 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig.16 Comparison of Overall Travel Times 
 
 

② Benefit of the shortening of Travel Times 
Fig.17 illustrates the benefit of the shortening of travel 
times. About 25 hundred million yens are generated per 
year in the daytime from 7:00AM to 7:00PM. 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig.17 Comparison of the shortening of Travel times 
 
③ Cutback of Overall Travel Distance 
Fig.18 shows overall travel times in present and future 
situation. 
Cutback of overall travel distance is about 7.2% in the peak 
hours compared with present situation. 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig.18 Comparison of Overall Travel Distance 
 
④ Cutback of Co2 Emission  
Fig.19 Co2 emission shows in present and future situation in 
the region. 
Cutback of Co2 emission is about 12.8% in the peak hours 
compared with present situation. 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig.19 Comparison of the Carbon Dioxide Emission 
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⑤ Improvement of Average Travel Speed 
Fig. 20 shows the comparison of average travel speed on 
the main route in the city. 
Average travel speed raises 12.5% in the peak hours 
compared with present situation. 
 
 
 
 
 
 
 
 
 
 
 
Fig.20 Comparison of Average Travel Speed on the 
Senbagawa Line 
 
7. POSSIBILITY OF TRAFFIC SIMULATION IN 

THE FUTURE 
To estimate the effect of transportation projects, 
macroscopic models are used in the ordinary analysis 
method. 
Traffic demand is estimated such that traffic flow is steady. 
That means every vehicle is the same and travel speed does 
not change on a road for every times. But in actual, every 
vehicle is not same and travel time varies by time and by 
road conditions. Macroscopic and/or whence a steady 
model has the limit in estimating effects of the projects. 
On the other hand, traffic simulation technique has 
individual information of the vehicles so. We can get 
information taking into account the characteristics of 
individual vehicles. Thus more precise estimation is 
possible to the effect of projects. 
If dynamic travel demands, i.e. dynamic origin and 
destination demand matrix traffic simulation provides 
ever-changing traffic flow in the region. Then, we can 
analyze traffic conditions and effect of the project more 
precisely through the output of visual animations. In the 
future, three dimensional computer graphics and/or virtual 
reality technique will provide more real and intelligible 
pictures of traffic situation. Thus, we will be able to build 
more reliable estimating systems of transportation projects. 
 
8. IMPROVEMENT OF TRANSPORTATION AND 

LAND DEVELOPPMENT 
Improvement of transportation in the urban area in Himeji 
city, elevation of railway and traffic management measures 
concerned, aims to open the space in the downtown area 
from cars to human beings. 
Elevation of railway connects front and back area of the 
station in a body. That promotes various kinds of human 
activities in downtown area of the city. 
Motorization caused the expansion of urban area and 
development in suburban area. That came to subsidence of 
the position in downtown area. 
Now, downtown area of the city is being revitalized through 
improvement of transportation in downtown area. 

Traffic management measures produce smooth flow of 
traffic in downtown area. That concludes improvement of 
transportation in downtown area will reactivate commercial 
activities in the area. 
Moreover, the open space in downtown area will produce 
many activities and spiritual response of human beings. 
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ABSTRACT: Many valuable marshy plants, including 
carnivorous plants, which were designated as a national protected 
species in 1937, have been found in Kanasyouzu. Kanasyouzu is a 
spring area in Japan’s Mie prefecture situated next to a cliff. The 
ground water level is quite high, which makes it possible to 
nurture wetland plants. In this study, we examined the discharge 
characteristics and, parameter estimation of a spring model to 
determine how spring water discharge is affected by change to the 
land cover condition. The annual average discharge was 
determined to be approximately three liters per second. The spring 
model was composed of four tank model and land cover 
conditions over the top tank. Model parameters were estimated by 
optimizer including simulated annealing, which is often used as a 
probabilistic procedure, and the Levenberg-Marquardt method, 
which is not as commonly used. The discharge was calculated 
under gravel and asphalt coating conditions that were both better 
and worse than the current coating condition. The results showed 
that the discharge under the worse condition decreased by 
approximately 20 percent and that the discharge under the better 
condition increased by approximately 30 percent. 
 
Keywords: spring water, tank model, parameter estimation, 
impact of land cover change 

1. INTRODUCTION 

Attempts to restore the Kanasyouzu marsh plant 
community (KMPC), which is located in Mie prefecture, 
Japan, have revealed a recent resurgence of marshy 
vegetation. Kanasyouzu is an area that includes a spring 
situated next to a cliff. According to the local residents' 
association, in the past, a lot of water gushed out from 
Kanasyouzu - so much that it was used as irrigation water. 
KMPC has a high ground water level, which makes it an 
ideal environment for many wetland plants. However, land 
use has changed as the area has experienced urbanization 
and industrialization, and the water discharge has decreased. 
After an absence, spring water has recently been identified, 
and a study of the spring is considered important in order to 
restore the wetlands. 
Tank model was primarily developed by Sugawara [1]. In 
terms of spring water analysis, non-linear two-hole tank 
model was developed by Oyama and Mizuno [2]. Kodama 
and Komura [3] used four tank model with two outlet of top 
tank for spring in Tokyo, Japan. As topographicly-similar 
study to this paper, tank model was applied in order to 
investigate hydrological cycle of hilly land where housing 
land development had progressed according to [4]. 
We obtained local annual data relevant to the KMPC, 
including rain, air temperature, discharge, and calculated 
evaporation in 2010. We then used a four tank model to 
analyze the land cover. Optimization, including simulated 
annealing and the Levenberg-Marquardt algorithm, was 
used to estimate the many parameters needed for the model. 

 
 

We then examined the effect that changes to the land cover 
condition had on the spring water discharge. 

2. METHOD 

2.1 Location and landscape of KMPC 

Fig. 1 shows (a) the location of the Kanasyouzu marsh plant 
community (KMPC) and (b) a shaded 3D-contour map of 
the surrounding area. Most of the slopes around it are 
oriented northward or eastward. Kanasyouzu is situated 
next to a cliff, and the ground gradually slopes up toward 
the southwest from the KMPC site. It is located at the foot 
of a mild range of hill. These details helped us to determine 
the orientation of restoration area. 
The annual amounts of spring water, precipitation and 
evaporation were used to determine the size of the recharge 
area, which is 150,000m2 and indicated by the dotted line in 
Fig. 1 (b). The contour map in Fig. 1 (b) was drawn on a 10 
meter resolution digital elevation model with fundamental 
geospatial data provided by the Geospatial Information 
Authority of Japan (Geographical Survey Institute, GSI). 
Table 1 lists the area ratio of land-cover classification in the 
recharge area. There are many factories and companies 
related to the automotive industry around the KMPC. 
Office buildings, factories, and residences, account for 30% 
of recharge area. Gravel parking lots, bare ground, and 
roads account for 25%. Roads and parking lots paved with 
low permeability asphalt account for 13%. Sanded school 
ground makes up 10% of bare area. Forest, which is 
situated next to the KMPC, accounts for nine percent. There 
is a small parcel of paddy field in the recharge area. 
Non-agricultural land cover comprises to 80% of area of the 
recharge area. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Impact Estimation of Land Cover Changes of Recharge Area on Spring 
Discharge in Marshy Environment 

Masaaki KONDO and Takamitsu KAJISA, Graduate School of Bioresources, Mie University 

First International Conference on Geotechnique, Construction Materials and 
Environment, Mie, Japan, Nov.21-23, 2011, ISBN: 978-4-9905958-0-7 C3051 

Fig.1 (a) Location of KMPC marked as star and 
(b) color-drawn contour map with road (DEM 
data provided by GSI was drawn.) 
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2.2 Observation method 

We set up 90-degree triangular v-notch weir in a channel to 
determine the hourly discharge of spring water from 
January 27th to December 31st, 2010. We used the weir 
because it is useful for measuring small discharges like the 
spring water in the KMPC. The weir was set at a location 
where the water discharged from a paddy field adjacent to 
the KMPC did not disturb the measurement of the spring 
during irrigation season.  
A water-stage recorder was used for the measurement. An 
overflow depth of h was determined after the corrections to 
make up for the influence of water temperature, barometric 
pressure, and water level. We convert the formula for flow 
by Numachi et al. [5] as 
 
 
 

(1) 
 
 
 
where W is 0.1 m from channel bottom to notch bottom, and 
B is the 1.5-meter width of the water channel. 
 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Rainfall data was observed by Suzuka Construction 
Department which is located 1.3 km away from the KMPC. 
The air temperature was determined once in every hour via 
an instrument screen located in the KMPC. Possible 
evapotranspiration, ETp, was estimated using the 
Thornthwaite system (2) based on monthly average 
temperature [6]. 
 

(2) 
 
 
 
 
 
 
where D0 is possible hours of sunshine in a 12-hour unit 
depending on latitude and ETp is possible 
evapotranspiration per day (mm/day). 

2.3 Analysis 

Our spring model was composed of four tank model in 
series with land cover conditions over the top tank (Fig. 2). 
Precipitation R’ (3) was added to the top tank after taking 
into account the permeability rate (1-f) in lieu of R. The 
run-off coefficient, f, was treated as constant with time. 
Values of f were cited from [7]. We assumed that rain flow 
depended on the land cover over the top tank being run off 
through street drains beside roads. 
 
 

 (3) 
 
 
where the alpha is the area ratio of land cover in the 
recharge area. 
Possible evapotranspiration, ETp, was estimated by using 
the Thornthwaite system [8]. Actual evapotranspiration, ET, 
was determined by multiplying the ETp by 0.7. ET was 
subtracted from the top tank in the case of a sunny day. In 
cases of over 5 mm of rainfall per day, actual 

Fig.2 Spring model 

Table 1 Area ratio of land-cover classification and its 
run-off coefficient 

Fig.1 (continued) 

(b) 

(a, runoff 
coefficient of 
side outlet; 
 z, height of 
outlet;  
b, permeability 
coefficient;  
s, height of 
storage) 
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evapotranspiration was assumed to be zero. Rainfall data 
was the observation value. Spring water was assumed to be 
the total discharge combined from all outlets beside the 
tanks. 
Analysis of a digital aerial photograph of the recharge area 
around the KMPC enabled us to estimate the area ratio of 
land cover, alpha, shown in Table 1 [9]. 
Considerable skill is required to estimate the many 
parameters in this type of tank model. In this study, 
simulated annealing (SA) [10] was applied to the model 
parameter estimation as a global optimization. In addition 
to SA, the Levenberg-Marquardt (LM) algorithm [11] was 
used to estimate the parameters because this algorithm has 
not been frequently applied as global optimization 
according to [12], [13]. Fourteen model constants are the 
unknown parameters. The initial tank depths were designed 
for optimizing the parameters. Equation of evaluation 
function is as following (4). Time step is one day, and the 
total number of time steps is 339 days. 
 
 

(4) 
 
 
where, Qm is the measured discharge and Qc is the 
calculated discharge. 
Model parameters were estimated to use the data between 
January 27th and June 30th. These parameters were then 
verified from July 1st to December 31st. 

3. RESULTS 

3.1 Properties of spring water 

Fig. 3 shows the changes of the spring water discharge with 
time. Rainfall is also shown. From January to February, no 
overflow was observed because the rainfall was extremely 
low. Several spell of low rainfall resulted in no flooding. 
Starting in March, the flooding appeared in response to the 
increased precipitation. 
The monthly average spring water is shown in Fig. 4. The 
average during the winter season ranged from 0.1 to 1.5 L/s, 
and was on the decrease due to little rain. In spring season, 
the average is 3 to 4.5 L/s, starting out small, and then 
gradually increasing. The rainfall in July and August in 
2010 was lower than usual because of the record-breaking, 
scorching summer. However, between 1 and 4 L/s of spring 
water was still observed. Spring water at the channel was 
last observed in the KMPC in the summer of 2009. During 
the fall season, spring water increased due to the heavy 
autumnal rain. 
The annual average discharge was determined to be 
approximately 2.7 liters per second, and the annual amount 
of spring water was 85,000m3. The spring was not 
measured between January 1st and January 26th because 
the amount of spring water was considered to be too little in 
the consideration of low rainfall. 
We compared the spring water in KMPC with that of a 
spring near the Kokubunji cliff line because both are 
springs near cliffs. A previous report [14] has shown that 
the average spring in the Shinmei-no-mori Mitsuike special 
conservation area in Setagaya Ward is 3.2 L/s when 
numerically integrated for a times series of spring  

 

 

 

 

 

 

 

 

 

 

 

 

 

 
 
 
 
 
 
 
 
 
 
 
 
 

 

discharges. Although rainfall conditions such as the amount 
of spring water and rainfall pattern differ every year, the 
KMPC was comparable in annual discharge to the Mitsuike 
spring famous in Japan. 

3.2 Parameter estimation results 

The model parameters were estimated with optimizers 
including simulated annealing (SA), which is often used as 
a probabilistic procedure and the Levenberg-Marquardt 
(LM) algorithm, which is not used as much. 
Fig. 5 shows the calibration results of (a) SA and (b) LM. 
The measured discharge, Qm, is indicated by a plus mark 
and the calculated discharge, Qc, is indicated by a thick 
solid line. While Qc is only passably in agreement with Qm 
during the entire term, both agree to some extent early in 
March. It seems that low rainfall during January and 
February resulted in not only a long dry spell but also the 
discharge difference in March. Fig. 6 shows the validation 
results of  SA and LM. The precious evaluation equation (5), 
referred to in [15], showed that both methods had equal 
accuracy, E = 0.97. In addition, the LM algorithm was 
advantageous in terms of its computation time. 
 
 

(5) 
 
 

Fig.3 Change of spring water and rainfall with time 
in 2010 

Fig.4 Monthly average spring water in 2010 
(average indicated with dotted line is 2.7 L/s)
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4. DISCUSSION 

We roughly classified the land cover of the recharge area 
into two groups (Table 1). The municipality and companies 
take up the roads, parking lots, and bare areas, while 
farmland fields and forests are privately owned. Almost all 
of the recharge area used for non-agricultural purposes is 
owned by the municipality or companies. This means that 
the results of this study could have an effect on future 
environmental strategies. 
We examined how changes to the land cover affected the 
spring. Provided that the asphalt used in roads and parking 
lots changed from low (f = 0.8) to high (f = 0.3) 
permeability, and that parking lots, roads, and bare areas 
made of gravel were turned into such asphalt (f = 0.8, or f = 

0.3), the annual amounts of spring water were calculated by 
using of the rainfall pattern of 2010 and the model 
parameters estimated in section 3.2. 
Table 2 shows the annual amount of spring water under a 
combined land cover. The discharge under the current land 
cover was normalized to 100, and it is compared with other 
conditions in Table 2. The combination of high 
permeability asphalt increased spring water by 
approximately 30% compared to the current land cover. 
The combination of low run-off coefficients had an effect 
on the recharge, which resulted in the increased flow from 
the spring. 
When the surfaces of parking lots, roads, and bare areas 
were covered with low permeability asphalt, the spring 
water was reduced by approximately 20% compared to the 
current condition. This means that the worse condition in 
low permeability will further reduce the spring water in the 
winter season. 

5. CONCLUSION 

We set up a triangular weir to determine the discharge of 
spring water in Kanasyouzu. Rainfall in July and August of 
2010 was lower than usual because of the scorching 
summer. However, even in these months some spring water 
was observed. The annual average discharge was 
determined to be approximately three liters per second, 
which is equal to that of the famous Mitsuike spring in 
Japan. 
We created a spring model composed of four tank model in 
series with land cover conditions over the top tank. The 

Fig.5 Parameter calibration with (a) SA method and (b) LM method 

Fig.6 Parameter verification with (a) SA method and (b) LM method 

Table 2 Impact of change of land-cover condition 
on spring water 

(a) (b)

(a) (b)
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model parameters were estimated by optimizers including 
simulated annealing (SA), which is often used as a 
probabilistic procedure, and the Levenberg-Marquardt 
(LM) algorithm, which is not often used. The parameters 
calibrated with the LM algorithm were equally as precious 
as those with SA. In addition, the LM method was 
advantageous in terms of computation time. 
We used the spring model with land cover conditions, and 
the estimated model parameters, to calculate the discharge 
under both better and worse coating conditions than the 
current gravel and asphalt have. 
The results showed that the discharge under the worse 
condition decreased by approximately 20 percent and that 
the discharge under the better condition increased by 
approximately 30 percent. 

6. ACKNOWLEDGMENT 

The authors would like to extend sincere thanks to Suzuka 
Municipal Office for providing the digital aerial 
photograph. 
 

REFERENCES 
[1] Sugawara M, “Runoff analysis”, Tokyo, KYORITSU SHUPPAN, 

1975. 
[2] Oyama M and Mizuno A, “Numerical simulation of spring water 

discharge (characteristics and application of a nonlinear two-hole 
tank model)”, J. of Groundwater Hydrology, vol.36, 1, 1994, 
pp.1-11. 

[3] Kodama H and Takamura H, “Water balance of cliff line spring 
water; For the Seijyo-santyoume Ryokuchi spring water of the 
Tokyo Setagaya Ward”, Chishitsu News, No.655, 2009, pp.50-58. 

[4] Ando Y, Mushiake K, and Takahashi Y, "Hydrological cycle of hilly 
land and effects of urbanization on it", Proceedings of hydraulic 
engineering, JSCE, vol.25, 1981, pp.197-208. 

[5] Japan Society of Civil Engineers, “Manual of Hydraulic 
Engineering”, Tokyo, Maruzen, 1990, p.284. 

[6] Japan Society of Civil Engineers, “Solving Problems based on 
Manual of Hydraulic Engineering”, Tokyo, Gihodo shuppan, 1999, 
p.37. 

[7] Tsutsumi A, Jinno K, and Oheda Y, “Study on the rainwater recharge 
model using the groundwater variation”, Proceedings of hydraulic 
engineering, JSCE, vol.45, 2001, pp.367-372. 

[8] Thornthwaite C W, "An Approach toward a Rational Classification 
of Climate", Geographical Review, Vol. 38, No. 1. 1948, pp.55-94. 

[9] Kondo M and Kajisa T, “Effect of land-cover classification in 
recharge area on Spring Changes at Kanasyouzu Marsh Plant 
Community”, Proc. of Kyoto branch of JSIDRE, vol.67, 2010, 
pp.611-612. 

[10] Goffe, Ferrier, and Rogers, “Global Optimization of Statistical 
Functions with Simulated Annealing”, J. of Econometrics, vol.60, 
1994, pp.65-100. 

[11] Doherty J, “Model-independent parameter estimation user 
manual:5th edition”, WNC, 2004 

[12] Kobayashi K, Takara K, and Tachikawa Y, “Parameter estimation of 
a distributed rainfall-runoff model by a Levenberg-marquardt 
optimization algorithm”, Proc. of hydraulic engineering, JSCE, 
vol.51, 2007, pp.409-414. 

[13] Kim J H, Paik K R, Lee D R, and Kim H S (2001), "Comparison of 
optimization algorithms in parameter calibration of tank model", 
Electronic version of the XXIX IAHR CONGRESS 
PROCEEDINGS,<http://www.iahr.org/e-library/beijing_proceedin
gs/Theme_A/COMPARISON%20OF%20OPTIMIZATION%20AL
GORITHMS.html>, browsed on Apr. 1, 2011 

[14] Tokyo's Setagaya Ward Office (2010) “Report of spring water 
investigation at Kokubunji cliff line in Setagaya Ward”, < 
http://www.city.setagaya.tokyo.jp/030/d00016969.html>, browsed 
on Mar. 17, 2011. 

[15] Kunimatsu T and Muraoka K, “Model analysis on river pollution”, 
Tokyo, Gihodo shuppan, 1994, p.160. 

 

 
 
 
 
 
 
 
 
 
 
 
 



 

547 

 

 
Numerical Study on Characteristics of Levee Breach Flood Disasters in Alluvial 

Floodplain 
 

Md. Serazul Islam1 and Tetsuro Tsujimoto2 

 

1PhD Candidate and 2Professor, Department of Civil Engineering, Nagoya University, Japan.  
(Furo-cho, Chikusa-ku, Nagoya, 464-8603, Japan) 

 
 

ABSTRACT: Levee breach flood disaster is one of the common 
natural hazards in Bangladesh. During flooding season, large 
amount of water flows through Bangladeshi river and it causes 
earthen levee failure and huge damage occurs in the inhabitants 
inside the levees. Thus it is important to recognize the process of 
inundation and we have attempted to do through numerical 
simulation. As for simulation scheme, schematic model area is 
considered with main channel, levee and floodplain, and they are 
roughly composed of the same sediment characteristics because 
the flood plain have been formed by flooding sediment, the 
levees have been made by piling up the sediment dredged from 
the river bed. Therefore, we treat these three components 
simultaneously in the simulation model.  
The main channel, levee, floodplain and flow parameters are 
selected in conformity with the study field of Sirajganj district 
and Jamuna River in Bangladesh. And RIC-Nays a two-
dimensional numerical model for flood flow and morphology is 
utilized in this study upon confirmation through the experimental 
and other numerical study. Based on the calculated results, 
evolution process of levee breach and inundation of water and 
sediment in the floodplain are investigated. Levee breach is 
considered to initiate in the middle of the levee with crest 
opening. We change the opening size in vertical and longitudinal 
scales, and the inflow discharge. For the floodplain slope is also 
taken into account.  
 

Keywords: Levee, floodplain, sedimentation, inflow discharge. 

1. INTRODUCTION 

Bangladesh is a disaster prone country where flood and 
river embankment failure resulting in inundation and 
sedimentation to the country side floodplain are common 
and frequent natural disasters. On the average, the area 
inundated every year is about 26,000 km2, nearly 18% of 
the country’s total area [1]. The average flood discharges 
of the three main (Ganges-Brahmaputra-Meghna) rivers 
individually are within the range 14,000 to 100,000 m3/s 
[11].  The mean annual rainfall within Bangladesh varies 
from 1250 mm to 5700 mm [13]. During the rainy seasons 
(June to September), nearly a trillion cubic meter of water 
laden with about two billion tons of silt passes through the 
main rivers, it’s come from upstream catchment in India, 
Nepal, Bhutan and China. These sediments settle over the 
river beds, floodplains and low lying areas during the 
inundation and with the recession of flood water. As a 
result river channels and their distributaries are silted up 
with sediments composed of fine sands and silts causing 
drainage congestion and overbank flow resulting in river 
embankment failure [8], [9].  
Levee breached during the rainy seasons due to excess 
load of flooding water. Failure of levees not only increases 
the siltation in the river beds and floodplains but it causes 

huge damage in agricultural production, residents, roads 
and other infrastructures. Due to geographical position of 
Bangladesh, we do not avoid levee breach disaster and 
suffering to the inhabitants in the floodplain. In order to 
save huge amount of money, lives, agriculture and ecology, 
it is most important to carry out research on investigation 
of flood disasters over the alluvial floodplain during levee 
breach for the vulnerable area of Sirajganj district in 
Bangladesh. This kind of study is rare in the available 
literatures except for few numerical, field investigation 
and experimental studies which can be found in Tsujimoto, 
Mizoguchi and Maeda [14], Aureli and Mignosa [3], and 
Fujita and Tamura [5].  
Computational simulation can make comprehensive 
analysis on levee breach flooding and its impacts on the 
entire floodplains. In this paper, we have attempted to 
recognize the process of inundation and sedimentation in 
the floodplain after levee breach in a numerical simulation 
scheme for different breach opening lengths, depths and 
discharge conditions by changing the inflow duration in 
the river channel.  

2. DESCRIPTION OF STUDY AREA  

Sirajganj district is located in the northwestern part of 
Bangladesh. Geographically, extension of Sirajganj 
District is within the area of longitude from 89°20’ west to 
89°50’ east and in latitude it is 24°00’ south to 24°20’ 
north. Total area of the district is 2497.92 km2 and it is 
relatively a plain land area. Most of the area of this district 
goes under water during the rainy season. Total cultivable 
land is 1799.64 km2, fallow land 157.02 km2, and forestry 
0.50 km2. The annual rainfall is 1610 mm. The mighty 
Jamuna River is following at the right edge of the district 
[10]. Fig. 1 depicts the map of study area of Sirajganj 
district with Jamuna River and flood protection levee. 
Embankment breach is the most common phenomenon for 
Jamuna River especially on Jamuna right embankment 
(JRE). There are so many evidence of breaching of 
embankment during severe flood year of 1988, 1998, 2004 
and 2007. In the year 2007, JRE at Khokshabari was 
breached of 700 m out of 52 km total length and 
floodwater entered into the breached embankment at 
Polashpur, Meghai, Dhekuria and Shubhogaccha areas in 
Kazipur Upazila of Sirajganj district (The Financial 
Express, 27 July 2007). At least 3500 homesteads and 
about 6.07 km2 of croplands in 35 villages in the five 
Upazilla have damaged in two weeks. The five affected 
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Upazilla was Kazipur, Sirajganj Sadar, Belkuchi, 
Shahzadpur and Chauhali [7].  
 

 

3. MODEL SET-UP TO DESCRIBE EVOLUTION 
PROCESS OF LEVEE BREACH 

We analyze a process appearing in river, levee and 
floodplain in a same simulation scheme during flood. RIC-
Nays, a two-dimensional (2D) model for flood flow and 
morphology is utilized in the present study upon 
confirmation through the experimental and other 
numerical study. It is developed by Hydraulic and 
Hydrology laboratory, Hokkaido University [12]; where 
shallow-water equations for 2D unsteady flow expressed 
in general coordinate system are solved on the boundary-
fitted structured grids using the finite-difference method. 
Bed-load is calculated by Ashida and Michiue (1972) 
equation; the effect of cross-gradient and the influence of 
secondary flow, are taken into account [2], [4], [6]. In 
considering suspended sediment, an exponential profile of 
concentration is assumed to know planar distribution of 
depth-averaged concentration and the 2D advection-
diffusion equations are solved. Finally the bed 
deformation is determined using the 2D sediment 
continuity equation. Equations are solved for the unknown 
nodal values by an iterative process. First the flow field is 
computed utilizing initial and boundary conditions; the 
sediment transport field is then computed, to evaluate 
sedimentation rates, and followed by bed topography 

changes. Fig. 2 depicts the outline of the simulation steps 
for computation.  

 
As for simulation scheme, the main channel, levee, 
floodplain and flow parameters are selected in conformity 
with the study field of Sirajganj district and Jamuna River 
in Bangladesh. Schematic model area is spatially limited 
in a part of actual field, which is 5500 times less in 
horizontal scale. For the first case of simulation, 
computation reach is 900 m long (L) and 500 m wide (Y) 
(river channel=100 m, levee=25 m and floodplain=375 m) 
with a bed slope of river channel is 7.5cm/km. Fig. 3 (a, b) 
depicts one of the model fields for simulation, which 
approximates the levee breach area of the JRE, 
Khokshabari and model layout with computational domain 
(square cells with ∆x=5 m and ∆y=5 m) of river channel, 
breach levee and floodplain, respectively.  

 
The country side bank regions of main channel are 
provided with mild slope of 1:9. Levee slope is considered 
as Sl= 1:2 on both country side and river side and levee 
height is taken as hL=5 m from the floodplain and 7 m 
from the river bed. Idealized flow and sediment 
parameters are considered in the computation: inflow 
discharge in the river channel before breach, 750 m3/s (Q) 
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Fig. 3 (a) simulated model area; (b) Plan view of the reach
with river channel, breach levee and floodplain.
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is considered with the peak flow of Jamuna River in 
flooding season, and the median size of sediment is chosen 
as dm= 0.10 mm for the whole domain. Overflow starts 
from the hypothetical notch on top of the levee as a trigger 
of breach where initial breach is 100 m long (Lb) and crest 
height is 2 m (hc) from the floodplain.  Though the river 
discharge has a hydrograph in general, a uniform 
discharge corresponding to the peak is assumed here. Solid 
boundary is imposed on the left side of the floodplain. 

4. MODEL VALIDATION 

The present study model is verified with experimental and 
numerical data of Aureli and Mignosa (2001), where they 
investigated the flow velocity field near breach in the main 
channel without considering morphological change in the 
floodplain [3]. They were conducted the experiment in a 
laboratory flume which was 10 m long and 0.30 m wide 
and consider the breach region was 2.60 m long and 2.00 
m wide. Inflow discharge and slope were maintained equal 
to 0.035m3s-1 and 0.1%. The manning’s roughness 
coefficient for the bottom and walls of the laboratory 
flume was 0.009 and breach width was considered as 0.28 
m. The simulation time was 29.5 sec for computed and 
measured velocity profile. Longitudinal velocity 
measurement made at different sections with distances of 
y = 0.28, 0.26 and 0.16 m in the main channel are 
compared with the experimental and numerical values and 
Ric-Nays model results which are shown in Fig. 4, the 
present model results agree satisfactorily with the 
experimental and numerical data by Aureli and Mignosa 
as a whole but it was not perfect match due to the presence 
of solid wall normal to the breach opening in a laboratory 
flume and it induced strong curvature in the water surface 
with a vertical pressure distribution. 
 

 5. EFFECT OF FEATURES OF FLOW AND 
SEDIMENTATION PATTERNS OVER THE 
ALLUVIAL FLOODPLAIN 

5.1 Effect of Inflow Duration 

In Bangladesh, alluvial floodplain was formed by flooding 
and levees were constructed by dredging from river bed. 
Normally river bed is lower than the floodplain level. To 
observe the time dependent evolution process over the 
floodplain due to levee breach of 100 m is carried out for 

inflow discharges of 750 m3/s each with duration of 3, 10 
and 20 minutes, respectively for levee crest height of 2 m 
from floodplain and floodplain slope is not taken into 
consideration are shown in Fig. 5. Initially river water 
depth observed high and it decreased by increasing inflow 
duration in the main channel because of river flow 
diverted to the floodplain through breach with time. 
Floodplain inundation depth increased in certain duration. 
It can be concluded that after certain period of time at any 
specific discharges, inundation depth is not increase in the 
floodplain with time. The sediment deposition thickness is 
highest at just downstream of the levee breach and it 
decreased gradually towards the downstream of the 
floodplain with increases distance from the breach location. 
Fig. 6 depicts the transverse distribution of velocity and 
sedimentation profile in the main channel, levee and 
floodplain at x =450 m on breach with time. Overtopping 
water passes from the river to the floodplain through the 
breach initially at high velocity and the velocity reduces 
with time because of elevation difference in levee crest 
and floodplain. River water flows from left to right side in 

the main channel and some portion of water diverted to the 
floodplain through breach levee. So, it is clearly seen that 

Fig. 5 Simulated flow field in the vicinity of the river,
breach levee and floodplain (S= 0) where hc = 2m from
floodplain; contours indicate the water depth (h) and
deviation of bed elevation (dzb) with time. 

Fig. 6 Transverse distribution of velocity (u) and
sedimentation (dzb) profile at x=450 m on breach with
time where hc=2m from floodplain.  
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high velocity is observed at short duration near the breach 
inside the river, top of the levee and as well as floodplain 
adjacent to the breach. It is concluded that along the flow 
direction velocity is high and it decreased with time. Also, 
velocity distribution pattern is not same in the floodplain 
due to vortex form in the floodplain. Sediment deposition 
is occurred near the breach and it decrease along the flow 
direction in the floodplain. Depth of sedimentation 
increased with time and it is clearly observed at x =450 m.  
Fig. 7 shows the comparison of flow and sedimentation 
pattern over floodplain where floodplains slope is taken 
into consideration as 10 cm/km. This slope criterion is 
taken from actual field condition. Due to sloping 
floodplain, mass transfer rate observed high from river to 
the floodplain through breach levee. Velocity of flow is 
changed rapidly in compare to without slope condition and 
slightly more sediment deposited in the sloping floodplain 
near to the breach. 
Considering small crest opening as 1 m from top of levee 
and sloping floodplain as S = 10 cm/km, the transverse 
velocity and sedimentation profile in the main channel, 
levee and sloping floodplain at x = 450 m on breach with 
time are shown in Fig. 8. Inside the river, top of the levee 
and floodplain adjacent to the breach velocity is observed 
high and it decreased with time in the main channel. Also, 
near breach deposition is observed high as larger crest 
opening.  
Using advection time ratio of 100, the time duration in the 
simulation corresponds to 33 hours in the field, which is 
within a possible range and the simulation covers long 
enough time span. 

 
5.2 Effect of Inflow Discharges  

Inundation and sedimentation patterns over the floodplain 
at different discharges are shown in Fig. 9. To observe the 
discharge dependent inundation and sedimentation process 
over the floodplain due to levee breach of 100 m is carried 
out for 15 minutes each with inflow discharges of 700, 750 
and 800 m3/s, respectively. Floodplain inundation depth 
increased with increase of inflow discharges in the main 
channel. More area of floodplain sedimentation observed 
at high inflow discharge in the main channel. Transverse 
velocity and sedimentation profile in the main channel, 
levee and floodplain at x = 450 m on breach with 
discharge are shown in Fig. 10. Adjacent to the breach 
inside the river, top of levee and floodplain; velocity 
observed high at any inflow discharges and then it 
decreased suddenly in the floodplain due to river water 
passes through the levee crest at a high gradient to a low 
gradient in the floodplain. Sediment deposition area is 
increased and depth decreased by increasing inflow 
discharges in the main channel. 

  

5.3 Effect of Breach Lengths on the Levee  

Fig. 9 Simulated flow field in the vicinity of the river,
breach levee and floodplain where hc = 2m from floodplain;
contours indicate the water depth (h) and deviation of bed
elevation (dzb) with inflow discharges. 
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Fig. 10 Transverse distribution of velocity (u) and
sedimentation (dzb) profile at x=450 m on breach with
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Fig. 7 Comparison of transverse distribution of velocity
and sedimentation profile in the floodplain at x= 450 m
on breach considering with and without floodplain slope
where hc=2m from floodplain.  
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Levee breach is considered to initiate in the middle of the 
levee with crest opening. To investigate inundation and 
sedimentation process over the floodplain with different 
lengths of levee breaches as 100 m, 200 m and 300 m, 
respectively are carried out with duration of 15 minutes 
and discharge of 750m3/s which are shown in Fig. 11. 
Floodplain inundation depth increased with large breach 
opening than smaller one. Sedimentation depth and 
deposition area is more when overflow water passes at 
larger breach opening. At different breach opening length, 
the transverse velocity and sedimentation profile in the 
main channel, levee and floodplain at x =450 m on breach 
is shown in Fig. 12. Near breach velocity is observed high 
at small breach opening and the velocity is reduced by 
increasing breach length in the levee. Sediment 
depositions took place over the floodplain along the flow 
direction.  
 

 
6.  LEVEE DEFORMATION DUE TO OVERFLOW          

THROUGH BREACH 

Levee deformation is observed along the river flow 
direction at top of the levee (y=115 m).  To investigate 
levee deformation through overflow breach of 100 m is 

carried out for 1 and 20 minutes, respectively and 
discharges, 750m3/s and 1550 m3/s for levee crest height 
of 2 m and 4 m from floodplain, respectively are shown in 
Fig. 13. We have seen that vertical deformation observed 
0.4 m in 1 minute at hc=4 m and no vertical erosion at hc=2 
m whereas 0.65 m and 0.45 m vertical erosion observed in 
20 minutes at hc=4 m and hc=2 m, respectively.   
 

Not only vertical erosion but also more horizontal erosion 
is observed when overtopping water passes through small 
crest opening in breach levee at hc=4 m. It can be 
concluded that levee breach overflow causes more 

Fig. 11Simulated flow field in the vicinity of the river,
breach levee and floodplain where hc = 2m from
floodplain; contours indicate the water depth (h) and
deviation of bed elevation (dzb) with breaching lengths. 
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Fig. 13 Time dependent comparison of levee evolution
process with crest opening at top of the levee (y= 115 m). 

Fig. 14 Levee deformation at top of the levee (y= 115 m)
with (i) inflow discharges; and (ii) different breach lengths.
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deformation and consequences as more sedimentation in 
the floodplain at small crest opening than larger one. 
Obviously, breaching section of higher duration is higher, 
and it results that the large amount of discharge causes 
serious inundation as well as sedimentation in the 
floodplain. To observe levee deformation is carried out for 
15 minutes through breaches of 100 m and different 
discharges of 700, 750 and 800 m3/s, respectively [Fig. 14 
(i)] also different initial breach opening as 100, 200 and 
300 m and discharge of 750m3/s [Fig. 14 (ii)]. In discharge 
dependent conditions (i), slightly more vertical erosion is 
observed with inflow discharge increases in the main 
channel and breach length dependent conditions (ii), 
breach enlarged in vertical and horizontal direction for all 
length of breaches but vertical enlargement is observed 
more when water passing through small breach (100 m) 
opening as compared to larger (300 m) one. 

7. CONCLUSIONS 

The conclusions drawn are as follows: 
 

i.    Floodplain inundation depth is increased in certain 
duration. Inundation depth increased with increase of 
inflow discharge in the main channel and with large 
breach opening than smaller one. 

ii. Near breach velocity is observed high both in the river 
and in the floodplain at short duration and any inflow 
discharges in the main channel. Velocity is reduced by 
increasing breach length in the levee. 

iii. Sediment deposition is occurred near the breach and it 
decrease along the flow direction in the floodplain. 
Deposition depth increased with time, discharges in the 
main channel and breach length in the levee. 

iv. Levee breach overflow causes more deformation and 
consequences as more sedimentation in the floodplain 
at small crest opening than larger one. 

 

However, details laboratory experiments and field 
observation are required to get more clarification about the 
process of levee breach inundation and sedimentation as 
well as inhabitant’s suffering who are lived in the alluvial 
floodplain. In the study area there are different land use 
pattern and effect of flood disasters are not same in 
everywhere. In order to get basic differences of flood 
disasters using various land type of study area we have 
plan for future study. 

LIST OF SYMBOLS 

The following symbols are used in this paper: 

L length of channel m 
Y wide of channel m 
YFP wide of floodplain, m 
SL levee side slope - 
S floodplain slope - 
hL height of levee m 
t time min  
Q inflow discharge rate m3/s 
dm mean sediment diameter mm 
b length of levee breach m 

hc levee crest height m 
y distance in y-direction m 
x distance in x-direction m 
h depth of flow m 
zh water surface elevation m 
dzb deviation of bed elevation m 
v longitudinal velocity m/s 
u transverse velocity m/s 
z bed elevation m 
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ABSTRACT: Sludge exerts a very big environmental load to local 
sea area. Here, attention was paid to micro-bubble technology for 
application to the purification of sludge. The important point in this 
technique is to activate the bacteria existing in the area by 
micro-bubbles. 
In this study, our objects are to develop a new powerful purification 
system for sedimentary sludge using a micro-bubble device and by 
activating microorganism. As the results of our experiments, we 
succeeded in reducing the time needed to purify the sludge.  
 
Keywords: Micro-bubble, Microorganism, Purification, Sludge 

1. INTRODUCTION 

It is very important to reduce sedimentary sludge in the ocean. 
Plans to reduce the sludge are usually dreading or sand 
covering. Dredging is a simple way and aims to cut off the 
sludge. But after cutting off, treating the dredged sludge takes 
much more time and, of course, cost. Sand covering, in 
general, gives a big load to living organisms and the 
ecological system. Here, a more efficient way is needed to 
reduce the sludge while not imparting environmental load in 
the local sea area. 
Now, we have micro-bubble technology. Micro-bubbles can 
change conditions into an aerobic state. If the bubbling stops, 
the situation changes into anaerobic state, according to recent 
research. So, we selected a method for decomposing the 
sludge by microorganisms. 
Therefore, our research targets purification experiments on 
oceanic sedimentary sludge by micro-bubbles and 
microorganism activator.  
 

2. EXPERIMENT  

2.1 Experimental Devices 

The experimental devices consist of two parts, shown in Fig. 
1 and 2. The water circulates through two tanks. One tank 
generates micro-bubbles. The micro-bubbles have micro-size 
diameter and high solubility. 
The other part is the experimental tank. The sludge is put in 
this tank. The two tanks are separated due to the high flow 

velocity created by the bubble generating pump.   
We used sludge sampled from the ocean, as shown in Fig 3. 
Microorganism activator is used; this is liquid and mainly 
comprises Kelp and also includes nutrients and some 
enzymes. 
Our used activator is reported to show effective results in 
purification for grease trap.  
 
 

 
 
 
 
 
 
 
 
 
Fig. 1 Experimental Devices 
 
 
 
 
 
 
 
 
 
Fig. 2 Experimental Devices 
 
 
 
 
 
 
 
 
Fig.3 Catching Sludge 
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2.2 Experimental Procedure 

At first, the sludge is put in the tank and the micro-bubble 
device is powered on. After 6 hours, the microorganism 
activator is put in the tank. The measurement items are 
dissolved oxygen (DO), water temperature, pH, hydrogen 
sulfide (H2S), total nitrogen (T-N) and total phosphorus (T-P). 
In Case 8, only the micro bubble device was operated. 
Experimental condition is shown in Table 1. 
 
Table 1 Experimental Conditions 
 
 
 
 
 
 
 
 
 
 
 
 
 

3. EXPERIMENT  

3.1 DO, Water Temperature and pH as Environmental 
Conditions for this Experiment  

Measured results of water temperature, pH and DO in all 
experimental cases are shown in Fig.4 to Fig.6, respectively. 
Water temperature up to 12 hours increased rapidly, and then 
became constant between 25 and 30 centigrade.  It seems this 
was caused by the heat from friction of the micro-bubble 
device. pH up to 6 hours increased a little and then became 
constant. The constant value was 8.0 to 8.6. Dissolved oxygen 
up to 6 hours increased a little and then became constant. It 
seems oxygen dissolved and reached the saturation point. 
From these results, we can recognize anaerobic state 
changing into aerobic state.  
It seems that these results are very good conditions for growth 
of microorganisms. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
  Fig. 4 Changes in water Temperature 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig. 5 Changes in pH 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig. 6 Changes in DO 
 

3.2 Effects on Activator of Microorganisms   

Checking the mechanism in this experimental system, the 
density of sulfate was analyzed. Comparing with the effects 
on activator of microorganism, experimental conditions are 
shown in Table 2. 
The density of sulfate is shown in Fig. 7. The result was 
obtained by the iron chromatography. The slope of the 
density of sulfate in Case 7 is bigger than the one in Case 3. 
But the slope in Case 8 is almost no change or less. It seems 
that sulfate increases due to the activity of sulfur bacteria. It 
also seems sulfate increases according to the circulation 
velocity. On the other hand, there is no effect in Case 8 for 
only bubbling.    
The content of sulfur is shown in Fig. 8. This result was 
obtained by the elementary analysis. These are normalized 
expression divided by the initial value at time=0. The initial 
values are 3.18, 1.66 and 1.66 in the order of Case 3, 7, 8.  
Especially in Case 3, the content of sulfur up to 6 hours did 
not change but after 6 hours it decreased rapidly since the 
activator of microorganisms was put in the experimental tank 
after 6 hours. It seems that microorganisms changed the 
sludge into the sulfur. 
This is similar in Case 8 which is only bubbling. But we 
cannot see the same thing in Case 7 in which circulation 
velocity is fast, and also the values decrease. 

Case
Room

Temp. (degree)
Density of

Activator (ppm)
Circulation

Velocity (cm/s)

① 20 100 0.6

② 23 100 0.6

③ 20 200 0.6

④ 30 200 0.6

⑤ 20 200 5

⑥ 20 200 8.4

⑦ 20 200 10.7

⑧ 20 0 0.6
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Table 2 Experimental condition for checking the mechanism 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig. 7 Result of density of sulfate 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig. 8 Result of content of sulfur 
 
 

3.3 Effects of Purification in Relation to Water 
Temperature   

We checked the effects of purification in relation to the water 
temperature. Comparing with the water temperature, 
experimental conditions are shown in Table 3. When the 
density of activator is 100 (ppm), Case 1 and Case 2 are 
shown. When the density of activator is 200 (ppm), Case 3 
and Case 4 are shown. Case 8 is only bubbling by the 
micro-bubble device. The H2S is shown in Fig.9, and also the 
reduction speed of H2S in Fig.10. 
When the density of activator was 100 (ppm), comparing with 
Case 1 and Case 2, the reduction speeds of H2S in Case 1 was 
faster than in Case 2, and then the average water temperature 
in Case 1 was 25.1 degrees centigrade.  

When the density of activator was 200 (ppm), comparing with 
Case 3 and Case 4, the reduction speeds of H2S in Case 3 were 
faster than in Case 4, and then the average water temperature 
in Case 3 was 25.7 degrees centigrade.  
Therefore, the reduction speed of H2S is more effective at 
water temperature of about 25 degrees centigrade, but 
purification at over 25 degrees centigrade takes a little longer.  
Moreover, H2S except in Case 8 was reduced to the lower 
limit for measurement within 24 hours. H2S in only bubbling 
case in Case 8 took a little longer. 
 
 
Table.3 Experimental condition for purification effect in 
relation to water temperature 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig. 9 Changes in H2S 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig. 10 Changes in speed of H2S 
 
 
 

Case
Room

Temp. (degree)
Density of
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Circulation

Velocity (cm/s)
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Measured results of T-N and T-P are shown in Fig. 11 and 12, 
respectively. T-N has tendency of decreasing. Reduction ratio 
of T-N has no differences among all cases. T-P has also no 
difference among all cases. Here, water temperature does not 
influence the reduction ratio on T-N and T-P.  
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig. 11 Changes in T-N 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig. 12 Changes in T-P 
 
 

3.4 Effects of Purification in Relation to Circulation 
Velocity   

We checked the effects of purification in relation to the 
circulation velocity. Comparing with the circulation velocity, 
experimental conditions are shown in Table 4. Measured 
results of H2S are shown in Fig.13 and also the reduction 
speed of H2S in Fig.14. The reduction speed in Case 7 was 
faster than in the other cases. When the circulation speed 
became faster, reduction speed became faster. However, we 
could not clarify the maximum circulation speed for suitable 
purification. Moreover, reduction of H2S in the case of only 
bubbling in Case 8 took a little longer.    
Measured results of T-N and T-P are shown in Fig. 15 and 16, 
respectively. T-N in all cases decreased. Reduction speed of 
T-N in Case 7 was almost the same or a little faster. This was 
caused by the high initial value of Case 7. T-P in all cases 
decreased. The circulation speed does not influence the 
reduction of T-N and T-P. T-P in Cases 3, 5 and 6 increased 
from 0 to 24 hours, but it did not increase in Cases 7 and 8.  
It is assumed the circulation velocity in Case 7 was too fast to 

allow microorganisms to grow. 
 
Table 4 Experimental condition for purification effect in 
relation to circulation velocity 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig.13 Changes in H2S 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig.14 Changes in speed of H2S 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig.15 Changes in T-N 
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Fig.16 Changes in T-P 
 

4. CONCLUSION 

We carried out purification experiments on oceanic 
sedimentary sludge by micro-bubbles and microorganism 
activator. 
As a result, our system could purify the sludge up to 120 
hours by microorganism activation. Our system could reduce 
the hydrogen sulfide in the sludge to the lower limit for 
measurement within 24 hours.  
As the mechanism for our experimental system, it seems that 
microorganisms change the sludge into the sulfur.  
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
  
 
 
  
 
 
 
 
 
 

From the comparison with water temperature, it seems 
microorganisms are more active at around 25 degrees 
centigrade and purification takes a long time when the 
temperature is over 25 degrees centigrade.  
From the comparison with the circulation velocity, the 
purification speed of hydrogen sulfide accelerates as 
circulation speed gets faster.  
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● Computational Mechanics  
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● Soil Dynamics  
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● Pavement Technology  
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● Ecology and Land Development  
● Water Resources Planning  
● Environmental Management 
● Public Health and Rehabilitation  
● Earthquake and Tsunami Issues  
● Safety and Reliability  
● Geo-Hazard Mitigation 
● Case History and Practical Experience 

The proceedings contain 7 keynote papers along with 115 technical papers from 22 countries. The technical 
papers are selected from the vast number of contributions submitted, after review of the abstracts. The final 
papers included in the proceedings have been peer reviewed rigorously and revised as necessary by the 
authors. We are grateful to the authors of the contributed papers for their resourceful papers and their help in 
maintaining the high assessment of the papers and the co-operation in complying with the requirements of the 
editor and the reviewers. We wish to express our sincere thanks to the Organizing Committee Members, 
National Advisory Committee Members and International Advisory Committee Members for their valuable 
supports. We acknowledge the support of Japanese Geotechnical Society (JGS), Japanese Society of 
Irrigation Drainage and Rural Engineering (JSIDRE), Mie University, JCK Comp. Ltd and Glorious 
International. 
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ABSTRACT: Having undertaken comprehensive analysis in 
characterizing various aspects of clayey geomaterials, the 
expanded applications of the fundamental theories and 
geo-concepts developed from that knowledge are discussed in 
simulating the impact of geotechnical changes through modeling. 
Of particular interest is the simulation of post-seismic and/or 
dynamic loading destructuration. Destructuration and 
restructuration models are then introduced through engineering 
application of a versatile GECPRO (Geotechnical Engineering 
Changes Probing) Model, developed from a 
mechanistic-empirical geo-mathematical perspective, designed 
to probe, predict and simulate changes in geo-properties of clayey 
ground and geomaterials. Applications of the GECPRO model in 
bridging the small strain parameters determined from the field as 
well as sophisticated laboratory tests and, the failure parameters 
measured in the laboratory, which are vital in geotechnical 
engineering design, whilst probing geo-changes, are also 
demonstrated.  
 
Keywords: model, destructuration, reconsolidation, 
restructuration, geo-changes, GECPROM 

1. INTRODUCTION 

The response and behavior of ground or geotechnical 
structures subjected to seismic loading is, in most cases, 
complex and challenging to the geotechnical engineer. 
Such challenges can only be progressively solved through 
intensive Research & Development involving the 
application of sophisticated testing equipment, advanced 
analytical tools, as well as highly undisturbed samples in 
the case of laboratory testing. Nevertheless, this can be 
economically curtailing particularly for developing and 
least developed countries. Furthermore, the continuously 
changing physical environment in the face of global 
astronomical development and increased intensity and 
frequency of seismic action only serves to aggravate the 
situation. 
Consequently, it is imperative that techniques which are 
versatile yet reasonably affordable and able to provide 
reliable solutions to such challenges be developed. 
Mukabi et al. [1] introduced some recently developed 
geo-scientific theories, concepts and geo-mathematical 
functions providing the basis for some new perceptions 
and approaches that can be incorporated within global 
geotechnical engineering systems aimed at enhancing 
precision and confidence levels of data, parameters, as 
well as constitutive and numerical models that are 
employed in the characterization of ground and 
geomaterials for design, construction control as well as 
risk prediction and mitigation. The importance of adopting 
the Modified Critical State Theory (MCST) and the most 
 
 

versatile modes of applying the Consolidation and Stress 
Ratio (CSSR) functions were also briefly introduced in [1]. 

2. MODELING PROPERTIES ASSOCIATED 
WITH DESTRUCTURATION 

2.1 Introduction of Generalized Models 

The generalized models are proposed for the 
characterization of stiff to very stiff (hard) well cemented 
and highly structured Pleistocene clays reconsolidated 
tracing any designated anisotropic stress path and 
subjected to static and/or dynamic (monotonic and/or 
cyclic) loading under undrained and/or drained conditions. 
Conceptual models for four aspects of destructuring, 
namely; swelling, cyclic prestraining, SHANSEP 
reconsolidation and remolding (reconstitution) and two 
models for restructuration (ageing and controlled 
prestraining) [1], are proposed. The generalized models are 
schematically depicted in Figs. 2.1, 2.2 and 2.4. 
 

 
Figure 2.1 Projection Models for: (a) Overall stress ~ strain 
{(εa)FYS(YF)}., and, (b) Stiffness decay characteristics 
{(εa)ELS(YI)}	~	{(εa)FYS(YF)}.	
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Some of the basic mathematical relations that are 
applicable in the respective models within YI and YS 
sub-yield envelopes are introduced hereafter. Modeling of 
the behavior within the rest of the sub-yield can be 
determined retrospectively, by interpolation or 
extrapolation based on the concepts and equations 
introduced in this Study. 
It is important to note that, whereas the sizes of the 
sub-yield and yield surfaces may be determined from yield 
strain and 3D Transformation Mapping method proposed 
in this Study, derivation of the shape, directions of strain 
increment vectors as well as magnitude and rate of 
engagement, engulfment, and diminishing rate is rather 
complex [1] and has yet to be investigated 
comprehensively. 

2.2 Damage Caused by Swelling 

In this case, the simulation considers a model whereby 
mainly suction stresses and moisture equilibrium 
(gradients) change as a result of loading components and 
environmental factors and destructures (ref. to Fig. 2.2).  

 

 

 
Figure 2.2 Varying states of destructuration models; (a) 
Pre-destructuration kinematic multiple yield surfaces 
depicting mode of engulfment, (b) progressive 
destructuration and, (c) Heavily destructured state. 

2.3 Damage Caused by Prolonged Cyclic Prestraining  

The damage and/or change in the geotechnical engineering 
properties and characteristics caused by light densification 
was investigated by performing Cyclic Prestraining (CP). 
Fig. 2.3 compares the stress-strain behavior of lightly 
prestrained to non-prestrained characteristic curves. The 
results indicate that although the CP effects are virtually 
insignificant in the YI zone, they become exceedingly 
pronounced in the subsequent zones up to post-failure. 
Furthermore, the overall stress ~ strain behavior presented 
in Fig. 2.3 shows that the CP specimen exhibits a 
considerably lower peak strength and less brittle 
characteristics in the region of large scale plastic straining. 

 

Figure 2.3 Comparison of cyclically prestrained stress ~ 
strain characteristics for (a) Overall stress ~ strain relations 
{(εa)ELS(YI)}	~	{(εa)FYS(YF)} ሺεୟ  4%ሻ.  

 
Figure 2.4 Cyclic Prestraining structuration/ destruction 
model [Initial Yield Surface {(εa)ELS(YI)}]. 
The modeling functions are defined as: 
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Fundamentally, the preliminary study on this topic tends to 
show that, depending on the magnitude of the amplitude, 
number of loading cycles and frequency, CP may enhance 
the inherent microstructure linear elastic and recoverable 
properties as well as the deformation resistance and shear 
strength; or otherwise damage, or even completely destroy 
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the soil structure (microstructure, fabric) of well structured 
and cemented Pleistocene clays [1].  

2.4 Destruction Caused by Heavy Densification 
(SHANSEP Reconsolidation) 

In this case, destruction caused by heavy densification is 
simulated by adopting the SHANSEP concept. As 
discussed in the preceding sections, densification within 
the natural boundary limits of a geomaterial enhances its 
properties. However, excessive densification beyond the 
yield stress leads to large scale straining (softening) and 
destruction of cementation, bonding and thixotropic 
components as well as causing change in the preferred 
particle orientation and inherent/induced anisotropic 
properties of natural clayey geomaterials. The basic 
definition functions of this characterization are presented 
in the following equations where the degree of destruction 
due to densification is expressed as a function of OCR. 

(1) For OCR≦2.5 

ோܧ ൌ
ሺܧሻ௬ோ

ሺܧሻோ.
ൈ 10ସ ൈ 
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൨	(Mpa)              (3) 								

Where,  RoE  is the resulting initial modulus,  refoE

=915Mpa is the reference initial modulus,  PyoE is the 

pseudo-yield initial modulus determined at the stress level 
(pseudo-yield stress) which is higher than the yield stress 
  ya  and from which the specimen is rebound [1], 

expressed as; 
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and, ܱࣛ6.85=ܴܥܱࣞ ,5.22=ܴܥܱࣝ ,1.78=ܴܥܱࣜ ,0.225=ܴܥ and 
 are constants for stiff to hard Pleistocene clays 4.1 =	ܴܥܱࣟ
determined in this Study. 

(2) For OCR>2.5 
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Deterioration leading to the reduction of the initial yield 
strain {(εa)ELS(YI)} (Elastic Limit Strain) is defined from 
the equation below. 

ሾߝሿ
ோ ൌ ࣛ௬௦ lnܱܴܥ  ሺߝሻ

௬
                                        (6) 

Where, ሾߝሿ
ோ  is the resulting size of the initial yield strain, 

ሺߝሻ
௬  is the initial yield strain determined at the 

pseudo-yield stress level and ࣛ௬௦ =3.1×10-3 is the 
geomaterial constant. 

2.5 Destruction Caused by Remolding 
(Reconstitution) – Destructuration Model 

As discussed in [1], reconstitution of natural clays results 
in total remolding and destruction of the vital structural 
components, fabric, diagenetic properties, inherent 
anisotropy and; transformation to enhanced rheological 

behavior of otherwise well cemented and highly structured 
Pleistocene clays. This model considers cases whereby 
clayey ground is subjected to strong vibrational and/or 
earthquake loading, resulting in large plastic straining. 
Consequently, characterization of the behavior of 
progressive failure and determination of the original in-situ 
properties [2] based on retrospective analysis for purposes 
of performance based design and prediction, is considered 
of utmost importance. A Destructuration Index, ࣞܫ which 
defines the degree of destruction as a result of seismic 
loading, is introduced as: 

ࣞூ ൌ
ௌࣵ
ௌೝ

 (7) 

where, 
fS  is a soil factor depending on the seismic zone 

considering local amplification due to stratification of 
subsoil and topographic effects, ࣵ is the reference peak 
ground acceleration, ݃ is the gravity of acceleration and ܵ 
is the soil resistance to deformation. ࣞܫ is introduced into 
the CSSR functions [3] that quantitatively correlate the 
non-disturbed properties to those of the remolded ground 
enabling the retrospective derivation of the intact 
(non-disturbed) initial shear/Young’s modulus and initial 
yield strain (Elastic Limit Strain) from the proposed 
equations expressed as: 

ሾܩሿூ ൌ ቈ
ߟோߤ

ܭ
ோ െ ൛ߤோܣథ ݂ௌோ

ோ ൟ
 

ൈ ࣞିଵ ൈ ሾܩሿோ (8) 

where, ሾܩሿூ  is the initial shear modulus of the intact 
ground and ሾܩሿோ is the initial shear modulus determined 
from CU TC and CD TC laboratory tests performed on 
specimens reconstituted from the original clayey 
geomaterial. 
The corresponding elastic yield strain is determined as: 

ሾߝሿ
ூ ൌ ቈ

ߟோߤ
ܭ
ோ െ ൛ߤோܣథ ݂ௌோ

ோ ൟ
 

ൈ ࣞିଵ ൈ ሾߝሿ
ோ  (9) 

3. QUASI-RESTRUCTURATION MODELS 

Due to the diagenetic, intricate nature and complexity of 
natural well cemented and highly structured clayey 
geomaterials, perfect recoverability is most definitely not 
envisaged. Nevertheless, it is considered that, with ageing, 
restructuration can be achieved to a certain degree [1]. As a 
consequence, the restructuration models are defined 
predominantly as functions of secondary consolidation 
time. The coupling effect of strain amplitude and loading 
rate controlled CP has not been exhaustively examined for 
its inclusion in this Study. 
The post-destructuration Structural Recoverability Models 
(SRM) are mathematically defined in the following 
equations. 

ௌோܧ ൌ ࣛௌோ
ா ln ௌݐ

ௌோ   (MPa) (10)	ௌ்ሻݐௗሺܧ
 

The rate of recoverability for the initial elastic modulus is 
computed from; 
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డா
ೄೃ

డ௧ೄ
ೄೃ ൌ

ࣛೄೃ
ಶ

௧ೄ
ೄೃ  (11) 

The rate of recoverability for the elastic yield strain is 
computed as: 

డሾఌೌሿೊ
ೄೃ

డ௧
ൌ ࣛೄೃ

ಶ

௧ೄ
ೄೃ  (12) 

The Secondary Consolidation Time (SCT) required to 
achieve the structural recoverability initial modulus is 
therefore computed from: 

ௌݐ
ௌோሺܧௌோሻ ൌ .ݔ݁ ൜

ாೄೃିாುሺ௧ೄሻ

ࣛೄೃ
ಶ ൠ (13) 

where, ܧௌோ  is the initial modulus after quasi structural 
recoverability, ܧௗሺݐௌ்ሻ is the post-destructuration initial 
modulus determined after Short-Term Consolidation 
(STC) and ࣛௌோ

ா =19.3 is LTC related material constant. On 
the other hand, the elastic yield strain is computed from, 

ሾߝሿ
ௌோ ൌ ࣛௌோ

ா ln ௌݐ
ௌோ  ሾߝௗሺݐௌ்ሻሿ

ௗ	(%) (14) 

Hence, the SCT required for SR is then determined as: 

ௌݐ
ௌோሺߝሻ

ௌோ ൌ .ݔ݁ ቊ
ሺఌೌሻೊ

ೄೃିൣఌೌ
ುሺ௧ೄሻ൧ೊ

ࣛೄೃ
ࣟ ቋ (15) 

where ሺߝሻ
ௌோ  is the elastic yield strain after 

quasi-structural recoverability, while ሾߝௗሺݐௌ்ሻሿ is that 

determined within STC and ࣛௌோ
ࣟ =7×10-4. Note that in all 

cases, ݐௌ
ௌோ=Δݐௌ

ௌோ=ݐௌ
்=ݐௌ

ௌ். 
The degree of recoverability can thence be confirmed from 
the following relations. 

ோܧ ൌ ࣛௌோ
ா ln ௌݐ

ௌோ   (Mpa) (16)	ௌ்ሻݐௗሺܧ
 
ሾߝሿ

ோ ൌ ࣛௌோ
ா ln ௌݐ

ௌோ  ሾߝௗሺݐௌ்ሻሿ
ௗ	(%) (17) 

where, E୭ୖ is the post-recovery elastic modulus, ሾߝሿ
ோ is 

the post-recovery elastic yield strain and ࣛௌோ
ா =5.42, 

ࣛௌோ
ࣟ =1.4×10-3 are geomaterial constants. 

4. PROPOSED GEO-CHANGES PROBING 
MODEL (GECPROM) 

4.1 Derivation of GECPROM Mathematical 
Functions Based on Experimental Testing 

An appreciably versatile mechanistic-empirical 
geo-mathematical model (GECPROM) encompassing 
most of the concepts developed in this Study as well as 
other related studies, is proposed. GECPROM is designed 
to probe and estimate changes in vital seismic 
geo-properties for clayey geomaterials and ground. The 
significant advantage of this model is that various 
geotechnical changes and geostructural behavior can be 
modeled from a single sophisticated experimental test, 
whilst simultaneously catering for the effects of drainage 
conditions, loading rate, and consolidation 
stress-strain-time history. The complete and perfect model 
would, categorically, have to be multidimensional with 
relativistic coaxiality, relations and consequences. The 

GECPROM is primarily designed to be adopted at the 
study or investigative stage facilitating basic data and 
information that can then be applied for design of 
foundations, pavements and other geostructures and/or 
comprehensive experimental testing and research regimes, 
input for global and constitutive models, 
counter/cross-checking and designating the confidence 
levels of laboratory and field experimental testing, 
construction control, risk analysis and technical mitigation 
measures in seismic zones besides the integral role of  
prediction of ground response and retrospective behavior. 
This model is to be further developed to incorporate the 
CSSR modules and MCST concept [1], [3] in order to 
effectively complement the ESDAM (Environmental, 
Strength and Deformation Analysis Model [4] based on 
some of the concepts developed in the process based 
sedimentary model that merges the Simsafadim-Clastic 
and Discrete Element model [5]. Fig. 4.1 represents the 
generalized web mesh Central Processing (CP) graphical 
component of the GECPROM in a 2D pᇱ~q stress plane.  

 
Figure 4.1 Graphic representation of the base CP 
GECPROM module in 2D  pᇱ െ q , effective stress plane. 

Some of the fundamental functions and mathematical 
equations of the GECPROM are briefly introduced herein. 

(1) Probing and prediction of shear and elastic moduli 

The fundamental equation for the shear modulus 
developed from CSSR functions is expressed as: 

ሾܩሿᇲ ൌ ൜ࣛᇲ ሺܭ௦ሻ
ఈ ൈ ቀ

ᇲ


ᇲቁ
ఉ
൨  ࣜᇲ

ೞൠ ൈ ሾܩሿᇲ  (18) 

 
where ሾܩሿᇲ  is the initial shear modulus at a variable 
stress point ᇱ, ܭ௦=ߪᇱ ⁄ᇱߪ  is the arbitrary or designated 
consolidation stress ratio traced to ᇱ, ሾܩሿᇲ  is the initial 
shear modulus determined at in-situ overburden pressure, 
ࣛ

ᇲ =0.95 and ࣜᇲ =0.35 are geomaterial constants, the 
values of which are applicable for most natural stiff to hard 
clayey geomaterials, while 1.16=ߚ and 0.4=ߙ for stress 
states in the 1st quadrant and 1-=ߙ for stress states in the 4th 
quadrant accordingly. 
In developing the model functions it is important to 
consider the relativistic rates of change of ሾܩሿᇲሺΔ,  ሻ atߜ
least within the 1st quadrant of the {ᇱ,q} stress plane for 
stress ratio and orientation whereby, ߰ᇲ = ᇱ ⁄ᇱ  and 
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ߜ = ௦ܭ  and the total derivative is expressed in a 
generalized form as: 

ௗሾீሿᇲ

ௗటᇲ
ൌ

డሾீሿᇲ

డటᇲ
 ൬

డሾீሿᇲ

డఋೖ
൰ ൈ

ௗఋೖ
ௗటᇲ

 (19) 

∴
݀ሾܩሿᇲ

݀߰ᇲ
ൌ ࣛ

ᇲ ሺܭ௦ሻఈ ൈ ߚ ቆ
ᇱ

ᇱ
ቇ
ఉିଵ

൩ 

ቊࣛᇲ ቈܭߙ௦
ఈିଵ ൈ ቀ

ᇲ


ᇲቁ
ఉ
 

಼ࣜೞ

ೞ
ቋ ൈ

ௗఋೖ
ௗటᇲ

 (20) 

The change of variables within the model is made by 
applying Leibnitz’s theorem of the chain rule expressed as: 

డሾீሿᇲ

డకೕ
ൌ ∑

డሾீሿᇲ

డటᇲ
∙
డట

ᇲ

డకೕ
, ݆ ൌ 1,2,⋯ ,݉,

ୀଵ  (21) 

Whereof, for higher derivatives of products, the 
differentiation generalizes to: 

݂ሺሻ ൌ ∑ !

!ሺିሻ!
ሺିሻݒሺሻݑ

ୀ  (22) 

Furthermore, infinitesimal changes in stress at cross stress 
points are delineated and converged by simply applying 
Taylor’s theorem for multi-variable functions expansion 
with ݂ as a substitution for ሾܩሿᇲ; 

݂൫߰ᇲ, ൯ߜ ൌ ݂൫߰ᇲ , ሺߜሻᇲ ൯ 
߲݂
߲߰ᇲ

Δ߰ᇲ 


డ

డఋೖ
Δߜ 

ଵ

ଶ!

ۏ
ێ
ێ
ێ
ێ
ۍ

డమ

డటᇲ
మ ൫Δ߰ᇲ൯

ଶ

2
డమ

డటᇲఋೖ
Δ߰ᇲ, Δߜ


డమ

డఋೖ
మ ሺΔߜሻଶ ے

ۑ
ۑ
ۑ
ۑ
ې

⋯⋯ (23) 

The more generalized form applied in analyzing a 
multivariable function for stress points sprouting in 
݊-directions with X as the vector from the origin, is then 
expressed as; 

݂ሺવሻ ൌ ∑ ଵ

!
ሾሺ∆વ ∙ ሻ݂ሺવሻሿવୀવ

ஶ
ୀ  (24) 

Where the deviatoric stress increment magnitude, Δݍ  is 
larger, exhibiting less error factors, the following equation 
may be employed. 

ሾܩሿ ൌ

ە
ۖ
۔

ۖ
ۓ

ࣛ ln

ۏ
ێ
ێ
ێ
ۍ ቀݍ ᇱൗ ቁ

ൈ ቆ
ሼವ,ೆሽ

ᇲ

ᇲ
ቇ
ଵషభ

ے
ۑ
ۑ
ۑ
ې
 ࣜ

ۙ
ۖ
ۘ

ۖ
ۗ

ൈ ሾܩሿᇲ  (25) 

The model function analyses for (25) are analogous to 
those presented in (18) – (24). 

(2) Geo-mathematical determination of Initial Yield 
Strain (IYS) for varying conditions 

GECPROM retrospectively reflects and mirrors the 
conditions applied during the testing at stress point ᇱ . 
Unlike the initial shear and elastic moduli which can be 

ideally considered to be only stress state dependent, the 
Initial Yield Strain {(εa)ELS(YI)}  representing the threshold 
of the initial sub-yield surface, ூܻ , which is dependent on 
various factors such as consolidation stress-strain-time 
history, shear strain rate, drainage conditions and OCR [1], 
is rather complicated in terms of modeling it in singularity. 
In the generalized state therefore, the ሺߝሻ is expressed 
as a function of multi-variables in the form; 

ሺߝሻ ൌ ,௦௦ߪ൫݂ݍ~ᇱ ࣦௌௌு, ,ௌ்ߜ ߶ைோ, ,ߙ ߮,  ሶௌோ൯ (26)ߝ

where,  ߪ௦௦ is the current stress state, ࣦௌௌோ represents the 
consolidation stress-strain history, ߮ௌ் ൌ ሺ݀ߝ ⁄ݐ݀ ሻௌ் is 
the secondary consolidation time (ageing), ߶ைோ  is the 
overconsolidation ratio factor, ߮  defines the drainage 
conditions and ߝሶௌோ  is the strain rate effect. However, 
corroborative deduction made from [1] and the preceding 
subsections indicates that the variables can essentially be 
simplified as: ݂ሾሺߪ௦௦, ࣦௌௌோ, ߮,  .ሶௌோሻሿ  (ref. to Fig. 4.2)ߝ
The generalized analytical function of the resulting ሺߝሻ

ோ  
expressed in compound terms is: 

ሺߝሻ
ோ ൌ

∯∯∮
݂൫ߪ௦௦, ࣦௌௌோ, ߮, ,ߙ ௦௦ߪሶௌோ൯݀ߝ

ࣦ݀ௌௌோ݀߮݀ߙ݀ߝሶௌோ

ሼ,ఌೌೊሽ
ሼ,ఌೌሽ

 (27) 

Furthermore, (27) can be transformed into a more 
simplified analytical function whereby the resulting ሺߝሻ

ோ  
is considered to be the zonal cumulative magnitude 
bounding at the ሺߝሻாௌ  for each singularity effect, the 
summation of which is then given by; 

∑ ሺሺߝሻாௌሻ
ሺఌೌሻೊ

ಿ

ୀ .                                                        (28) 

 
The Boundary Limits (BL) for each of the effects on the 
initial yield strain are determined as follows; based on the 
stationary saddle point of inflection, Taylor’s Theorem of 
multivariable functions (23), Taylor’s Remainder 
Theorem and the Euler-Lagrange Equation for stationary 
points for Integrals, as well as Maclaurin’s series [6], [7]. 

I. Stress States (࢙࢙࣌) BL 
The basic generalized equation defining the impact of 
stress states is expressed as: 

ሾߝሿ
ఙೞೞ ൌ

൜ࣛ
ᇲ
ఌ ሺܭ௦ሻ ൈ ൬

ᇱ
ᇱ
൰


൨  ࣜ

ᇲ ,ఌ
ೄ
ೝ

ൠ
ఈ

߰ሺఌೌሻೊ

 

ൈ ൣሺߝሻ൧ᇲ
, ฬ߰ሺఌೌሻೊவଵ,ఈୀିଵ

≦ଵ,ఈୀାଵ                                        (29) 

where, constants ࣛ
ᇲ

ఌ =0.98, ࣜᇲ ,ఌ=0.32, ݈=0.4, for stress 

states in the 1st quadrant and, ݈=-1, in the 4th quadrant, 
while ݉=1.16. 
Considering ߩᇲ ᇱ= ⁄ᇱ  and ߢ ൌ ௦ܭ  then the Boundary 
Conditions (BC) are defined as: 

߲ଶሺߝሻ
ఙೞೞ

ᇲߩ߲
ଶ ൏ ݎ	0

߲ଶሺߝሻ
ఙೞೞ

ଶߢ߲
൏ 0																																	ሺ30ሻ 
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Figure 4.2 Resulting Initial Yield Strain, ሺߝሻ
ோ  {(εa)ELS(YI)} simplified Analytical Function Model (AFM)

and;   

డయሺఌೌሻೊ
ೞೞ

డఘ
ᇲ
య ് 	ݎ	0

డయሺఌೌሻೊ
ೞೞ

డయ
് 0 (31) 

Carrying out 2nd order partial differentiation w.r.t ߩ  we 
obtain, 

ቆ
߲ଶሺߝሻ

ఙೞೞ

ᇲߩ߲
ଶ ቇ



ൌ ࣛ
ᇲ ሺܭ௦ሻ ൈ ݉ሺ݉ െ 1ሻ ቆ

ᇱ

ᇱ
ቇ
ିଶ

൩

ିଵ

 

ൈ ൣሺߝሻ൧ᇲ
൏ 0 (32) 

Performing the same w.r.t ߢ we obtain, 

ቆ
߲ଶሺߝሻ

ఙೞೞ

ᇲߩ߲
ଶ ቇ

ఘᇲ

ൌ

ە
ۖ
۔

ۖ
ۓ ࣛ

ᇲ ቈ݈ሺ݈ െ 1ሻܭ௦ିଶ ൈ ቆ
ᇱ

ᇱ
ቇ




 
௦ࣜೄܭ

ሺషమሻ
െ ௌܭ݉

ሺିଵሻࣜೄ
ሺషభሻ

ሺܭ௦ ሻଶ
൩
ۙ
ۖ
ۘ

ۖ
ۗ
ିଵ

 

ൈ ൣሺߝሻ൧ᇲ
൏ 0 (33) 

ߝ൫ܴߜ
భ൯ , indicated in the lower BL of the second 

component, which defines the interface of the transition 
and transposition from the end of ߰ሾߪ௦௦ሿ  to the 
beginning of ߰ሾࣦௌௌுሿ depicted in Fig. 4.2 is solved 
analogous to (23) along with Taylor’s Remainder Theorem 
resulting in the function; 

ߝ൫ܴߜ
భ൯ ൌ ൝

ൣሺߝሻாௌ
ࣦೄೄಹ൧


െ ൣሺߝሻாௌ

ࣦೄೄಹ൧
ିଵ

݊!
ൡ 

ൈ ݂ሺሻሺߦሻ, |lim→ஶ ܴߜ → 0 (34) 

In the case where it is necessary to determine the nature of 
a stationary point and stationary values for multivariable 
functions, the function is expanded as a Taylor series about 
the stress point in reference to (24), which is the full form 
of the approximation; 

Δ݂ ൌ ݂൫ઢࢇࢿ෪ ൯ െ ݂ ቀ൫ઢࢇࢿ෪ ൯

ቁ 

ൎ
ଵ

ଶ
∑ ∑ డమ

ሺఌೌሻሺఌೌሻೕ
ΔሺߝሻΔሺߝሻ  (35) 

Defining a matrix ܯ having elements given by 

ܯ ൌ
డమ

ሺఌೌሻሺఌೌሻೕ
, (36) 

Equation (35) can then be rewritten in the form; 

Δ݂ ൌ
ଵ

ଶ
ઢ|ܯ்|ࢇࢿΔ|ߝ| (37) 

where ઢ|ࢇࢿ|  is the column vector with Δሺߝሻ  as its 
components and ઢ|ࢇࢿ|்  is its transpose. Since ܯ is real 
and symmetric it has ݊ eigenvalues ߣ  and ݊ orthogonal 
eigenvectors ݁, which can be normalized to the form; 

݁ܯ ൌ ,݁ߣ ݁ܶ݁௦ ൌ  ௦, (38)ߜ

where the Kronecker delta symbol ߜ௦ ൌ 1 for ݎ ൌ  and ݏ
௦ߜ ൌ 0 for ݎ ൏  ;in these terms yields |ࢇࢿ|Expanding ઢ .ݏ

ઢ|ࢇࢿ| ൌ ∑ ܽ݁ , (39) 

where, ܽ  are coefficients dependent upon ઢ|ࢇࢿ| . 
Substituting this into (41) yields; 

Δ݂ ൌ
ଵ

ଶ
ઢ|ܯ்|ࢇࢿΔ|ߝ| ൌ

ଵ

ଶ
∑ ܽଶߣ  (40) 

Consequently, for the stationary point to be; 

(i) minimum; Δ݂ ൌ భ
మ
∑ ఒೝೝೝ  0 : for all sets of 

values of the ܽ 
(ii) maximum; Δ݂ ൌ భ

మ
∑ ఒೝೝೝ  0 : therefore,  

eigenvalues of 0<ܯ 
(iii) saddle; Δ݂ ൌ భ

మ
∑ ఒೝೝೝ ൏ 0: therefore, eigenvalues 

of 0<ܯ 
Considering (34), which is a two variable function, i.e. 
=ᇲߩ

ᇱ ⁄ᇱ  and ߢ ൌ  is given by ܯ ௦ then the matrixܭ

ܯ ൌ

ۉ

ۈ
ۇ
డమሺఌೌሻೊ

ೞೞ

డఘᇲ
మ

డమሺఌೌሻೊ
ೞೞ

డఘᇲడ

డమሺఌೌሻೊ
ೞೞ

డడఘᇲ

డమሺఌೌሻೊ
ೞೞ

డమ ی

ۋ
ۊ

 (41) 

Hence, 

ANALYTICAL FUNCTION MODEL

Virgin Loading
Unloading
Reloading

(εa)ELS DEFINITION MODEL

ሾሺܽߝሻܵܮܧሿ݊ൌ1
ݏݏߪ  

Local Saddle Point 
of Inflection

߲3Δݍ
߲Δ3ܽߝ

൏ 0,
߲3Δݍ
߲Δ3ܽߝ

് 0

Δݍ 

ܽߝ

ܴሺܽߝሻܵܮܧ  

lim
݊→∞

ܴሺܽߝሻܵܮܧ ൌ 0Δݍ 

Δܽߝ  

ሺܽߝሻܻܫ
ܴ

1ߠ ൌ 2ߠ ൌ 3ߠ ൌ 4ߠ ൌ 5ߠ
Δ݂1ሺݏݏߪሻΔ݊1

െ1 ൌ Δ݂2ሺࣦܪܵܵܥሻΔ݊2
െ1 ൌ Δ݂3ሺ߮ܥܦሻΔ݊3

െ1

ൌ Δ݂4൫ܿߙ൯Δ݊4
െ1 ൌ Δ݂5ሺߝሶܵ ܴሻΔ݊5

െ1

݂ሾߝሶܵ ܴሿሺΔ5,Δ4ሻ  Linear‐elastic recoverable 
geoproperties

0

0
1ߠ  

Δ݊1 

ܴሺܽߝሻܻܫ
ܴ

lim
݊→∞

ܴሺܽߝሻܻܫ
ܴ ൌ 0

݈߰݅݉ ሾݏݏߪሿ 

൫Δݍ൯ݏݏߪ
 

ሾܽߝሿܵܮܧ
ݏݏߪ  

݂ሾݏݏߪሿሺΔn1,0ሻ  

൫Δݍ൯ࣦܪܵܵܥ

൫Δݍ൯߮ܥܦ

൫Δݍ൯ߝሶ ܴܵ

൫Δݍ൯ܿߙ

݂ሾࣦܪܵܵܥሿሺΔn2,Δn1ሻ

݈߰݅݉ ሾࣦܪܵܵܥሿ 

Δ݊2 2ߠ  

3ߠ

4ߠ

5݈߰݅݉ߠ ሾ߮ܥܦሿ

݂ሾ߮ܥܦሿሺΔn3,Δn2ሻ

݈߰݅݉ ܿߙൣ ൧

Δ݊4

݈߰݅݉ ሾߝሶܵ ܴሿ 

ܿߙൣ݂ ൧ሺΔn4,Δn3ሻ

Δ݊5

Δ݊3

ሾܽߝሿܵܮܧ
ሶߝ ܴܵሾܽߝሿܵܮܧ

ܪܵܵܥࣦ ሾܽߝሿܵܮܧ
ܥܦ߮ ሾܽߝሿܵܮܧ

ܿߙ
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ቈ
డమሺఌೌሻೊ

ೞೞ

డఘ
ᇲ
మ െ ߣ ቈ

డమሺఌೌሻೊ
ೞೞ

డమ
െ ߣ െ ቈ

డమሺఌೌሻೊ
ೞೞ

డఘᇲడ

ଶ

 (42) 

which is solved to yield; 

ߣ2 ൌ ቆቈ
߲ଶሺߝሻ

ఙೞೞ

ᇲߩ߲
ଶ െ ߣ  ቈ

߲ଶሺߝሻ
ఙೞೞ

ଶߢ߲
െ 	ቇߣ

േ

ۣ
ളള
ളള
ളള
ളള
ളለ
ቆቈ

డమሺఌೌሻೊ
ೞೞ

డఘ
ᇲ
మ െ ߣ െ ቈ

డమሺఌೌሻೊ
ೞೞ

డమ
െ ቇߣ

ଶ

4 ൈ ቈ
డమሺఌೌሻೊ

ೞೞ

డఘᇲడ

ଶ  (43) 

Equation (43) is then solved to determine the minima. 

An analogous procedure is applied for analyzing the 
functions of the other controlling factors whose 
generalized equations are presented as follows. 

II. Consolidation Stress-strain history (खࡴࡿࡿ) 

ሾߝሿ
ఙೞೞ ൌ ࣦࣛೄೄಹ

ఌ lnሺߜௌ் ൈ ߶ைோሻ  ൣሺߝሻ൧ே
௧

 (44) 

where ࣦࣛೄೄಹ
ఌ =1.9×10-3 is a constant, ߜௌ்  is the 

secondary consolidation factor, ߶ைோ  is the 

overconsolidation factor and ൣሺߝሻ൧ே
௧

 is the initial yield 

strain determined under normally consolidated conditions 
at a standard time period designated after the end of 
primary consolidation. 

III. Drainage conditions (ࡰ࣐) 

ሾߝሿ
ఝವ ൌ ቈ

ሺΔߪᇱ െ ᇱሻߪΔߥ2
ሺΔߪᇱ െ Δߪᇱሻ


ఉ൫ௗ ௨ൗ ൯

	

ൈ ቂ
ఙೝᇲ

ఙೌ
ᇲ ቃ

ൈ ൣሺߝሻ൧൛ௗ ௨ൗ ൟ

 (45) 

where Δߪᇱ ,	Δߪᇱ are the effective axial and radial stresses 
respectively determined at the threshold of ൣሺߝሻ൧൛ௗ ௨ൗ ൟ

, 

ሾߪᇱ ⁄ᇱߪ ሿ  is the stress ratio during consolidation, 
 is ߥ and (undrained :ݑ drained and :݀) ሻ=+1ݑሺߚ ,ሺ݀ሻ=-1ߚ
the Poisson’s ratio. For perfectly drained conditions 0.2≑ߥ 
and 0.5≑ߥ for perfectly undrained state. Under partially 
undrained conditions ߥௗ can be determined as 

ௗߥ ൌ ቄ
ሺாሻ
ሺாሻೠ

ሺ1  ௨ሻቅߥ െ 1 (46) 

where ሺܧሻௗ, ሺܧሻ௨ are the initial drained and undrained 
elastic moduli respectively. 

IV. Cyclic prestraining (ࢉࢻ) 

ሾߝሿ
ఈ ൌ ࣛఈ

ఌ ln ߙ  ൣሺߝሻ
ோ ൧

ሺ௧ሻ
, 

ቤ
డ2ሺఌೌሻ
డఈ

2 ൌ 0	ܽ݊݀, 
డ3ሺఌೌሻ
డఈ

3 ൨
ఋோ

൏ 0	 (47) 

Refer to Fig. 2.3 depicting cyclic prestraining 
structuration/ destructuration model and the modeling 
functions. 

V. Strain rate ሺࢇࢿሻࡵࢅ
ሶࢿ  ࡾࡿ

ሾߝሿ
ఌሶ ೄೃ ൌ ቂࣛఌሶೄೃ ln ቀ

ఌሶಲೄೃ
ఌሶೃೄೃ

ቁ  ࣜఌሶೄೃቃ ൈ ሺߝሻ
ఌሶ ೄೃ  (48) 

where, the subscripts SR denote Strain Rate, ASR: Applied 
Strain Rate during testing or arbitrarily designated and 
RSR: Reference Strain Rate. 

4.2 Examination of Abrupt Variations in Small 
Stress-strain Characteristics 

In cases whereby the stress-strain characteristics change 
abruptly as a result of, for example, excessive cyclic 
prestraining, swelling, excessive densification or other 
form of destructuration, structuration or geotechnical 
changes, the theories and concepts related to the calculus 
of variations are applied [6]. In particular, the 
Euler-Lagrange (EL) equation is applied provided that all 
functions are sufficiently smooth, differentiable and within 
differentiable spaces. 
Consider that the characteristics in Fig. 4.2 change 
drastically and as a consequence, the functions defined in 
the preceding section can no longer satisfy any of the 
conditions within the Δݍ~Δߝ space. It would then be a 
matter of extreme importance that we are able to evaluate 
and determine the forms of such changes in order to retrofit 
the analytical functions. 
Take for example that stress~strain characteristic changes 
occur within the range ሺߝሻாௌ

ఙೞೞ  and ሺߝሻ
ோ  then, examining 

the changes on the basis of the EL approach yields; 

ܫ ൌ  ,ݍሺΔܨ Δݍᇱ, Δߝሻ݀Δߝ
ሺఌೌሻೊ

ೃ

ሺఌೌሻಶಽೄ
ೞೞ  (49) 

where, Δݍᇱ=	Δݍܣ/	݀Δߝ. 

Suppose that ΔݍሺΔߝሻ is the function required to make ܫ 
stationary then, 

ΔݍሺΔߝሻ → ΔݍሺΔߝሻ   ሻ (50)ߝሺΔߟߙ

where, parameter ߙ  is small and ߟሺΔߝሻ  is an arbitrary 
function with sufficiently amenable mathematical 
properties. For the value of ܫ to be stationary w.r.t such 
variations, 

ௗூ

ௗఈ
ቚ
ఈୀ

ൌ  ሻ (51)ߝሺΔߟ	݈݈ܽ	ݎ݂	0

Substituting (49) into (50) and expanding as a Taylor series 
in ߙ, then the following equation is obtained. 

,ݍሺΔܫ ሻߙ ൌ න ݍሺΔܨ  ,ߟߙ Δݍᇱ  ,ᇱߟߙ Δߝሻ݀Δߝ
ሺఌೌሻೊ

ೃ

ሺఌೌሻಶಽೄ
ೞೞ

	

ൌ න ,ݍሺΔܨ Δݍᇱ, Δߝሻ݀Δߝ
ሺఌೌሻೊ

ೃ

ሺఌೌሻಶಽೄ
ೞೞ

	

 ቀ
డி

ப
ߟߙ 

డி

ᇲ
ᇱቁߟߙ ݀Δߝ

ሺఌೌሻೊ
ೃ

ሺఌೌሻಶಽೄ
ೞೞ  0ሺߙଶሻ (52) 

With this form, for ܫሺΔݍ,  ሻ the condition in (51) impliesߙ
that for all values of ߟሺΔߝሻ, we require; 
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ܫߜ ൌ  ቀ డி
ப

ߟ 
డி

ᇲ
ᇱቁߟ ݀Δߝ

ሺఌೌሻೊ
ೃ

ሺఌೌሻಶಽೄ
ೞೞ ൌ 0 (53) 

where, ܫߜ denotes the first-order variation in the value of ܫ 
due to the variation defined in (49) for the function 
ΔݍሺΔߝሻ. Integrating the 2nd  term by parts yields; 

ቂߟ
డி

ᇲ
ቃ
ሺఌೌሻಶಽೄ

ೞೞ

ሺఌೌሻೊ
ೃ

ൌ  ቀ డி
ப

ߟ 
డி

ᇲ
ᇱቁߟ ݀Δߝ

ሺఌೌሻೊ
ೃ

ሺఌೌሻಶಽೄ
ೞೞ ൌ 0(54) 

Considering ሾሺߝሻ
ோ ,	 ሺߝሻாௌ

ఙೞೞ ሿ  and, ሼΔൣݍሺߝሻ
ோ ൧ , 

Δൣݍሺߝሻாௌ
ఙೞೞ ൧ሽ  are fixed, then it becomes a prerequisite 

condition that; ൣߟሺߝሻ
ோ ൧ൌൣߟሺߝሻாௌ

ఙೞೞ ൧ൌ0, in which case; 

ቂߟ
డி

ᇲ
ቃ ൌ ൫ሺߝሻ

ோ , ሺߝሻாௌ
ఙೞೞ ൯ ൌ 0 (55) 

Consequently, since (53) must be satisfied for an arbitrary 
function; ߟሺΔߝሻ, then; 

డி

ப
ൌ

ௗ

ௗఌೌ
ቀ డி
ᇲ
ቁ (56) 

Other Euler’s equations applied take the form: 

 
ௗ

ௗఌೌ
ቂܨ െ Δݍᇱ

డி

ᇲ
ቃ െ

డி

பఌೌ
     (57) 

and, 

 
డி

ப
െ

డమி

பఌೌ பᇲ
െ Δݍᇱ

డమி

ப பᇲ
െ Δݍᇱᇱ

డమி

ሺபᇲሻమ
ൌ 0     (58) 

where, ∂Δݍᇱൌ∂ ቂ
ௗ

ௗఌೌ
ቃ,	Δݍᇱᇱൌ

ௗమ

ௗఌೌ
మ 	and	ሺ∂Δݍ

ᇱሻଶൌ∂ ቂ
ௗ

ௗఌೌ
ቃ
ଶ
. 

4.3 Application of GECPROM in Modeling of 
Pre-failure Deformation of Stiff Pleistocene Clays 

Adopting the GECPROM, pre-failure stress path, 
stress-strain and stiffness characteristics are modeled. 
Typical comparisons of the modeled vs. experimental 
curves are presented in Figs. 4.3, 4.4 and 4.5, respectively. 

 
Figure 4.3 Comparison of experimental and modeled Shear 
Stress Paths (SSP) 
 
The paraphrased integral model equations applied in the 
GECPROM, along with others not reported in this paper, 
for generating the simulation and prediction curves, are 
expressed in a generalized form as: 

ௌܧ ൌ
ௗ௱

ௗ௱ఌೌ
ൌ ߰ாೄ ൈ ൝

ܩ ൌ ௌܧ
2ሺ1  ሻൗߥ ሻߝாೄሺߙ



ߚாೄሺߝሻ
  ாೄߛ

ൡ (59) 

ቚ݉ ൌ 1
݊ ൌ 0

݄݊݁ݓ	 	0 ≦ ߝ ≦ 0.1 and, ቚ݉ ൌ 2
݊ ൌ 1

ߝ	݄݊݁ݓ	  0.1 

and, 

ܧ  ൌ %ሻୀ.ଵߝாሺߙൣ  ா൧ߚ ൈ 10ሺܽܲܯሻ (60) 

where, ߙா  and ߚா  are determined simultaneously at 
 .ሻ is derived from (66)ߝ=0.001% and 0.01%, and ሺߝ

When ߝ>0.1 

(1) For Intact specimens 

ௌܧ
ூ ൌ ߰ாೄ

ூ ൈ ൞

ாೄߙ
ூ ሺߝሻଶ

ߚாೄ
ூ ሺߝሻ

ߛாೄ
ூ

ൢ ൈ 10(MPa) (61) 

(2) For Reconstituted specimens 

ௌܧ
ோ ൌ ߰ாೄ

ோ ൈ
ఈಶೄ
ೃ

ሺఌೌሻ
ൈ 10 (62) 

Consequently, the Δݍ~Δߝ relations are generated through 
the integration of (59) ~ (62), i.e.; 

 For 0≦ߝ≦0.1% 

Δݍ ൌ නΔݍᇱ ݀Δߝ ൌ ߰ாೄ	

ൈ  ቐ
ሻߝாೄሺߙ



ߚாೄሺߝሻ


ߛாೄ

ቑ ൈ 10
ఌೌୀ.ଵ%
 ݀Δߝ (63) 

 For ߝ>0.1% 

Δݍ ൌ ߰ாೄ
ூ ൈ  ൞

ாೄߙ
ூ ሺߝሻଶ

ߚாೄ
ூ ሺߝሻ

ߛாೄ
ூ

ൢ ൈ 10
ఌೌவ.ଵ%
.ଵ ݀Δߝ (64) 

Δݍ ൌ ߰ாೄ
ோ ൈ 

ఈಶೄ
ೃ

ሺఌೌሻ
ൈ 10

ఌೌ
.ଵ ݀Δߝ (65) 

The sub-yield surface strain limits are mathematically 
defined as: 

 Initial elastic yield surface strain limit, ூܻ 

ሺߝሻ ൌ
ாߚ െ 0.1ሾሺܧሻோ

ଶ ⁄ܧ ሿ

ாߙ
	

݂൫ࣦௌௌு, ,ߙ  ሶௌோ൯ሺ%ሻ (66)ߝ

ሻߝாሺߙ ൌ
ாߚ െ 0.1 ൈ ሾሺܧሻ.ଵ

ଶ ⁄ܧ ሿ

ாߙ6
	

݂൫ࣦௌௌு, ,ߙ  ሺ%ሻ (67)	ሶௌோ൯ߝ

where ሺܧሻோ   , thenܧ

ሺߝሻ ൌ ሺߝሻ
ோ െ ሺߝሻ

ఈ,ఉ  (68) 

 Secondary sub-yield surface strain limit, ௌܻ 
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ሺߝሻೄ ൌ
ఉబ.బభି.ଵൣሺாబ.బభሻೃ

మ ாൗ ൧

ఈబ.బభ
 ሺߝሻ (69) 

 Tertiary sub-yield surface strain limit, ்ܻ  

ሺߝሻ ൌ
ఉబ.భି.ଵൣሺாబ.భሻೃ

మ ாబ.బభൗ ൧

ఈబ.భ
 ሺߝሻೄሺ%ሻ (70) 

 Ultimate yield surface strain limit, ܻ 

ሺߝሻೆ ൌ
ఉభି.ଵൣሺாభሻೃ

మ ாబ.భൗ ൧

ఈభ
 ሺߝሻሺ%ሻ (71) 

(3) Limiting Elastic Modulus (LEM) at given SS 

On the other hand, at any given Stress State (SS), the 
Limiting Elastic Modulus, ܧாெ is computed as follows. 

ாெܧ ൌ ൛0.1ܧ  ாߙ ൈ ሺߝሻൟ ൈ 10	ሺܽܲܯሻ (72) 

This represents the Limiting Elastic State [LES], beyond 
which the elastic and/or shear moduli cannot increase 
notwithstanding any further effects such as OCR, ageing, 
strain rate, cyclic prestraining, and drainage (which would, 
on the contrary, be detrimental beyond this state) provided 
that the soil fabric does not undergo change and is devoid 
of extrinsic geomaterial influence and/or contamination. 

(4) Limiting Yield Stress (LYS) 

The Limiting Yield Stress ሺܻܵܮሻ  , ሺߪᇱ ሻ  equation can 
therefore be derived from (4) ~ (6) and (72) as: 

ሺߪᇱ ሻ ൌ
ఙೌᇲ ൈைோഝಶൈாಶಽಽ

ሺாሻೌᇲ
  (73) 

where, ߶ா ൌ ாܧ ሺܧሻఙೌᇲ⁄  = 1 for HOC and ሺܧሻఙೌᇲ  is 
the elastic modulus determined at the in-situ overburden 
pressure (ߪᇱ ), while the limiting initial yield strain, 
ሺߝሻௌ  can be retrospectively extrapolated by adopting 
(74). 

ሺεୟሻଢ଼
ଢ଼ୗ ൌ ൝

ஒు
ಚ
'
‐.ଵሺሻಚ'

ు
ಚ
' ൡ

'

‐A୷ୱ lnሺOCRሻ  (74) 

where, ܣ௬௦=3.1×10-3 for intact specimen and 1.52×10-3 for 
reconstituted specimens are constants applicable for stiff to 
hard clayey geomaterials. 
The LYS is vital in determining the ultimate Boundary 
Surface (BS) and also establishing control parameters 
applicable in design, risk analysis and construction control. 

The results observed in Figs. 4.3 ~ 4.6 show virtually 
similar characteristics between the modeled and 
experimental curves for the very stiff, well structured and 
overconsolidated OAP Pleistocene clay, thereby verifying 
the confidence level of the GECPROM at this stage. 

 
Figure 4.4 Comparison of modeled and measured stress~strain relations for Over-Consolidated (OC) OAP clay for: (a) 
intermediate strains {(εa)ELS(YI)}	 ~	 {(εa)TYS(YT)}, ሺεୟ  1%ሻ;	 (b)	 small strains {(εa)SYS(YS)}, ሺεୟ  0.01%ሻ and, (c) very 
small strains {(εa)ELS(YI)}, ሺεୟ  0.003%ሻ. 

Figure 4.5 Comparison of modeled and experimentally determined strain level dependency of stiffness decay curves 
including predicted curves {(εa)ELS(YI)}	 ~	 {(εa)FYS(YF)},	ሺεୟ  1%ሻ for ageing effects for: (a) intact and reconstituted 
specimens, {(εa)ELS(YI)}	 ~	 {(εa)FYS(YF)}	 for	εୟ  1%	and , with prediction for ageing for: (b) intact and reconstituted 
specimens and, (c) intact specimens only. 
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On the other hand, Fig. 4.6 is a graphical depiction of the 
comparison of modeled and experimentally derived 
multiple kinematic sub-yield surfaces; 
hypothetic-empirically bound around the respective 
computed Yield Strain Limit [{YSL {(εa)YLS(YLS)}] related 
congruent p’~ q stresses. 
The following derivations can be made from this figure: 1) 
the intact specimen exhibits much larger sub-yield as well 
as yield surfaces compared to the reconstituted one; a 
manifestation of destructuration effects; 2) the orientations 
of  reconstituted specimen surfaces are different from 
those of  intact surfaces in all cases; a manifestation of the 
differences in structure; 3) by extension, it can therefore be 
considered that the intact and reconstituted surface sizes 
vary in all directions; 4) a link exists between the 
magnitude of stiffness and the configuration of the 
multiple kinematic sub-yield surfaces; 5) within the Yu 
surface, the magnitude and stress path rotation increases as 
the size of the sub-yield surfaces becomes larger; 6) the 
farther the distance of the current stress point from the 
failure line, the closer the range of engagement of the 
neigboring surfaces and, 7) the modeled and experimetal 
curves are practically the same in all cases demonstrating 
the confindence and reliability levels of the GECPROM. 

 
Figure 4.6 Comparison of modeled and experimentally 
derived multiple kinematic sub-yield surfaces; 
hypothetic-empirically bound around the Yield Strain 
Limit [{YSL {(εa)YLS(YLS)}]	congruent	p’~	q	stresses. 

As hypothetically suggested by various researchers; [8] – 
[12],  the scientifically determined results of this Study 
show that the history surface, YT is highly susceptible to the 
recent stress history and that the memory of the previous  
history is temporarily maintained notwithstanding changes 
in loading direction and stress path (also ref. to [1]). 

5. CONCLUSIONS 

Although these results confirm some theories, hypothesis 
and concepts that have been adopted in most constitutive 
multiple kinematic hardening models such as the 
translation laws, magnitude of strain development and 
mode of changes in stiffness, they also seem to contradict 
some others such as the dragging of surfaces by current 
stress states, their geometry, size, configuration and 

relativistic consequences. This is certainly a subject for 
further research. However, it can derivatively be 
concluded that: 
1) The methods of quantitatively determining the 

magnitudes of the  zonal sub-yield strain and the 
Limiting (Critical) Elastic State proposed in this Study 
are useful in modeling and prediction of geo-structural 
behavior, risk analysis and construction control. 

2) The proposed GECPROM is versatile and appreciably 
effective in probing, simulating, modeling and 
predicting geotechnical changes in ground and 
geomaterial properties. 

3) The GECPROM mathematical functions and modules 
may be useful in correcting the models that have been 
developed based on tests performed on reconstituted 
clays, in order to model the behavior of natural clays. 
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ABSTRACT: Developing and less developing countries are 
identified in risk of stillbirth due to insufficient emergency medical 
take-care supports. The regular check-up of the fetal 
electrocardiography could be an earliest prevention of this occurrence. 
This paper presents a research work aims to implement a simple, 
customize and portable emergency medical care system for fetal ECG 
monitoring from remote location. After acquisitions of the ECG 
signal from the abdomen wall of a pregnant woman (patient), the 
local terminal then transfers this ECG signal as data to the remote 
terminal at the expert physician for diagnosis purpose. At the remote 
terminal, the fetal ECG signals are then extracted from the ECG 
signals. In this case, computer network establishes a bridge between 
the patient and a distant expert physician. The network program 
developed based on the client/server applications. The developed 
network program is capable to support both the ECG data transfer 
and online chat session simultaneously. A specialist physician at the 
remote terminal can diagnose the fetal ECG signal and provides 
instruction to the local terminal in case of emergency. A number of 
cases studied by this developed system and found approximately 
same result compared with a commercial one.  

Keywords- Telemedicine; ECG; AFECG; FECG; FHR  

1. INTRODUCTION 

Nowadays, telemedicine is producing a great impact in our 
daily life for health take-care support, especially the patient 
whose are located in remote nonclinical environment or if 
there is no expert physician. The stillbirth rate is still higher in 
the developing and less developing countries compared to the 
developed countries due to insufficient emergency medical 
take-care supports. The telemedicine support for the FECG 
monitoring systems can be a sort of solution of this crisis.  An 
FECG monitoring systems based on the telemedicine support 
consist of three major parts: (1) data acquisition system, (2) 
networking system, and (3) fetal hart rate (FHR) monitoring 
system. The AFECG data acquisition system acquires the fetal 
ECG signal from mother’s abdominal wall and stores into a 
local computer terminal as a data. The network application 
serves the purpose to transfer the AFECG data to the remote 
terminal for diagnosis purpose. The AFECG signals are then 
processes at the remote terminal and extract the FECG from 
the AFECG signal by an FHR monitoring program. However, 
still the total systems are huge, complex and costly for 
individual. The AFECG signal obtains from the abdominal 
wall of the pregnant mother contains many vital information 
regarding the fetus. This signal provides significant 
information about the heart rate, arterial blood oxygenation, 
blood pressure and respiratory-rate, etc [1]. Most of the 

stillbirth occurs during the maternal sleep, since during this 
period, blood pressure of the mother becomes lowest, and also 
a cord compression occurs when the mother is lying down 
especially, in late term while there is a little space for the baby 
to move. An FECG monitor systems may have a potential 
effect to detect any dangerous fluctuation or decline in the 
baby's ECG and allows some scope for appropriate medical 
intervention. To observe such abnormalities, compact, 
portable, long-term ambulatory monitoring system has 
approved by the mainstay of fetal surveillance during 
pregnancy [1]. 

2. METHODOLOGY 

This research has been divided into three parts such as (1) 
developing a compact portable AFECG data acquisition 
system, (2) developing a customized network program for 
communication between local terminal and remote terminal 
(3) improving the accuracy of the existing techniques for 
automatic analysis of the AFECG signals for FHR monitoring. 
The overall flow of the research work as shown in Fig. 1. 
 

 
 

Figure 1. The basic block diagram of the overall system. 

2.1 Data Acquisition System 

The purpose of the data acquisition system is to collects the 
maternal AFECG signal and sends it to a local computer 
through RS232 serial port. The system developed based on a 
commercial ECG front-end ASIC hardware module named 
“CARDIC”. A microcontroller module (18F4550) controls all 
the functions of the system. An optical isolator is used in 
between the system and computer for electrical isolation, 
which prevent the damage from unexpected electrical short 
circuit condition as shown in Fig. 2. 
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Figure 2. Pictorial view of the AFECG data acquisition systems 

2.2 Networking 

The networking part is developed by using Visual Basic 
client/server pair applications. In brief, this part of the project 
is included two sections (1) chat section, and (2) file transfer 
section. The main purpose of the chat section is to establish a 
connection between patient (client) and physician (server), so 
they can make conversation to each other on real time. On the 
other hand, the file transfer section establishes a network 
connection using TCP/IP protocol, so that client can transfer 
any types and any size of data file(s) to the server terminal. 
The computers are identified by their 32-bit IP address and a 
16-bit number is used to identify the ports during the network 
communication. 

2.3 Software Design and Development 

The network program is in the form of client/server pair 
applications. The client application, known as Local Patient 
Monitoring System (LPMS), which is installed in the local 
terminal.  

 










 

Figure 3. (a) Local Patient Monitoring System (LPMS) and (b) Remote 
Patient Monitoring System (RPMS) 

On the other hand, the server application, known as Remote 
Patient Monitoring System (RPMS), is deeds to be install in 
the remote terminal. The most fundamental feature of the 
network program is to setup a connection between the local 
and remote terminal via TCP/IP. When a network connection 

is successfully setup, the user can send the data from local 
terminal to the remort terminal. The physician at the remote 
location can display the fetal ECG graph with the graph plot 
features of the RPMS. In addition, both the users can 
communicate via a simple chat program. The Fig. 3(a) and Fig. 
3(b) are the screenshot of LPMS and RPMS respectively.  

2.4 Summary of the Network Program 

Local Patient Monitoring System (LPMS) provides: 

 Dial up to predefined hospital or clinic terminal and 
hence setup a full duplex communication with RPMS  

 Setup a chat/dialog session with RPMS 
 Transfers the AFECG data  

Remote Patient Monitoring System (RPMS) provides: 

 Setup a network connection with LPMS  
 Setup a chat/dialog session with LPMS 
 Receives the AFECG data and processed for graph 

plots  

2.5 Networking Module and Algorithm 

 
 
 
 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Figure 4. (a) LPMS networking module flowchart and (b) RPMS 
networking module flowchart. 

The network module of LPMS works in synchronization with 
its counterpart RPMS. The function of these modules is to 
setup a full duplex connection between the local terminal and 
the remote terminal [2]. Multithread programming concepts 
are used for developing the network modules. Multithread 
programming is necessary due to the requirement of 
multitasking operation [3] in the networking applications. For 

 
(a)         (b)   

(a)    (b) 
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instance, some times LPMS is required to hold a chat session, 
at the same time it sends the AFECG signal RPMS terminal. 
Figure 4a and Figure 4b are the flowcharts for the LPMS and 
RPMS respectively. At any instance, when the client is 
connected to the X number port of the server, then the server 
assigned a thread that waits for its connections at port X. Ones 
the connection is accepted, the client and the server can 
communicate with each other through the connection bound at 
the port X. file module (in LPMS) 

 Sending/Receiving Data Module Algorithm: 

The send file and the receive file modules in the LPMS and 
the RPMS respectively are responsible for enables the 
transmission and reception of AFECG data via the networking 
module. The algorithm for sending AFECG data file and the 
fetal heart bit sound file are almost same except, the data types 
employed in each cases are slightly different.  
 
Fig. 5(a) and Fig. 5(b) are the flowchart for send file and file 
receive modules respectively. Based on the Figure 5a, the first 
step is to open a socket for connection. A socket is one 
endpoint of a two-way communication link between two 
programs running on the network [4]. It is bound to a port 
number so that the TCP layer can identify which data is send 
to which destination. Then, an I/O stream is opened for 
connection. The socket I/O stream will remain open until the 
LPMS is exited.  

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 5.  (a) Send file module flowchart (b) Receive file module flowchart 
and (c) Chat module flowchart. 

The algorithm for receiving the file is almost similar with the 

file-sending algorithm except, in this case data will be read 
from the I/O stream. The flowchart of the file receive 
algorithm is shown in Figure 5b. The socket and I/O stream 
will remain open until the RPMS exited. 

 Chat Session Module Algorithm: 

The chat session module is intended to provides connection 
for communication between the patient (or patient’s attendant) 
at LPMS and physician at RPMS. This is necessary because 
the physician cannot know the patient’s all health condition 
only through the data file, but also need to know the health 
condition during some discussions. Moreover in case of 
received data or file is corrupted, the physician can request for 
retransmission. Also a chat session can enable the online 
consultation. 
 
 Fig. 5 (c) shows the flowchart for chat session module. The 
logical flow of this module is almost same as the file send and 
file receive modules. The significant difference is that there is 
a write to and read from I/O stream mechanism are used in the 
case of chat module. 

3. FECG EXTRACTION AND DETECTION  

In this article, our intention is to focus on the network part of 
the systems then, we feel to need a brief description on the 
others parts of the systems like, FECG Extraction and 
detection from the AFECG signal. The algorithm of this 
portion is a crucial part of the ambulatory recorder for 
processing the AFECG signal. For measuring the FHR and 
maternal heart rate (MHR) [5] its needs to extract and detect 
the fetal and maternal R peaks from the AFECG signal. The 
algorithm has been developed for this purpose based on the 
digital filtering, adaptive threshold, and statistical properties of 
the time domain signal as shown in Figure 6. Equation 1 
expresses an AFECG signal obtains from the maternal 
abdomen wall. 

    (1) 

Where, R(t) is modulation functions from respiration, M(t) is 
MECG, F(t) is FECG, N(t) is noise and B(t) is low frequency 
baselines (< 10 Hz) from the muscle movement. After filtering 
the AFECG signal, the equation (1) can be written as equation 
(2). This equation consist only the maternal and fetal ECG 
signals with a small noise. 

                      (2) 

The algorithm then detects the maternal QRS complexes by 
threshold the maximum value of the match filter output [6]. A 
maternal ECG template is formed from the successfully 
detected the maternal QRS complexes using the R peak as the 
fiducial point [7]. This routine first measures the slope of the 
matched filter output by the equation (3). 

          (3) 

A maxima in the sample (n-1) is considered when the slope 

 
(a)     (b)      (c) 
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changes from y’(n-1)  0 to y’(n)  0. This duration is 
assumed minimum fetal QRS duration. In this search routine, 
the time instant of the successive three maxima such as max1, 
max2, and max3 are stored within an R wave search interval. 
When the value of max1 is greater than of the threshold, an R 
peak is assumed to be found and the value of max2 is 
considered as noise peak. If the value of max2 is validated as 
the R peak then the value of max3 is kept as a noise peak. In 
this way the threshold is continually updated the R peak and 
noise levels. A moving average routine is used to average the 
MECG template, the fetal QRS template, noise peaks and the 
RR intervals.  

4. RESULTS AND DISCUSSION  

A number of cases examined by transmission and reception of 
the data files. The received data after processed compared 
with the sent data and found almost same. Fig. 6 shows one of 
the result indicate the heart rate of a patient at 38 weeks of 
pregnancy. In this case, the AFECG signal is processed at the 
remote terminal by our developed program. It compared with 
the practical data and found the MHR and FHR recording 
performance is almost same. In addition, the chatting section 
of the network program also worked well. The developed 
algorithms can extract both the maternal and fetal heart rates 
in real-time utilizing a single-lead configuration. In this 
comparison, we used a simultaneous ECG signals from the 
same subjects. A few snap shot has been representing here in 
Fig. 7 and found they are almost same nature of graphs.  
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 6. FHR and MHR traces from patient (week 38) 
 

5. CONCLUSION 

The performance of the system for determining the FHR 
depends upon the FECG signal, which is obtained by 
subtracting the average MECG from the AFECG signal. It is 
found that the performance of the system also depends on the 

amplitude of FECG signal within the AFECG signal. If the 
FECG is very small (less than 3 V) accurate detection of the 
fetal R peaks would not be possible.  
 
The TCP/IP provides a reliable and point-to-point 
communication channel for the client-server application for 
transfer the AFECG signal through the Internet.  
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 7. Samples comparison- above three figures are our CARDIC based 
ECG records and below three figures are the commercial BIOPAC System 
ECG records 
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ABSTRACT: This paper presents a study on the effect of gypsum 
addition in improving the swelling and dispersion characteristics of 
four compacted expansive and dispersive soil samples from Sudan. 
Gypsum was added to the soil samples studied in amounts varied 
from 2 to 9% after being prepared at specified placement conditions. 
Swelling tests performed on two highly expansive soils included the 
free swell, linear shrinkage, swell percent and swelling pressure. 
The double hydrometer, pinhole and chemical tests were used for 
the evaluation of soil dispersion behavior in two samples of the 
River Nile alluvial deposits. The study results showed that the 
swelling potential of the highly expansive clay soils could be 
reduced significantly upon their treatment with around 5 to 6% of 
gypsum admixture but adverse effects may result if this gypsum 
content is exceeded. The results of dispersion tests indicated that the 
addition of 2 to 4% of gypsum resulted in an improvement in the 
dispersive characteristics such that the dispersion degree in the two 
soils changed from dispersive or highly dispersive to intermediate 
or completely non-dispersive states. 

Keywords: Expansive soils; dispersive soils; gypsum; soil treatment; 
swelling potential; dispersion phenomenon 

1.  INTRODUCTION 
Soil types that exhibit significant volume changes in 
associated with changes in their moisture content are referred 
to as expansive or swelling soils. Such significant changes 
due to the swelling/shrinking nature are likely to cause heavy 
distress or damage to engineering structures built on them. 
Expansive soils are internationally widespread and of major 
economic significance. The annual value of damages to 
various types of structures built on or within these soils runs 
into extremely high costs worldwide. In Sudan, the expansive 
soil problem has been recognized since 1967 and several 
studies have been carried out to study their engineering 
properties and evaluate the performance of some foundation 
types placed on them [1], [2], [3]. Sudan’s climate is wholly 
tropical and the expansive soils represent about 25% of the 
country area and occur within the central and eastern clay 
plains. The expansive soils treatment methods currently used 
include soil removal and replacement, remoulding and 
compaction, pre-wetting, and chemical stabilization. 
Dispersive soils may be defined as those soils that have 
repulsive forces between the clay particles that exceed the 
attractive forces when placed in water. The tendency of the 
clay soils to disperse or de-flocculate depends upon the 
mineralogy, soil chemistry, the salts dissolved in the pore 
water and the water causing soil dispersion. Many earth dam 
or highway embankments and hydraulic structures 
constructed partially or entirely with dispersive soils have 
suffered serious erosion problems or have failed as reported 
in published literature [4]. There are many studies carried out 

 
 

worldwide on the characterization of dispersive behavior of 
soils and evaluation of the methods and techniques which 
may be adopted for their treatment. The experience with 
dispersive soils when used for construction of civil 
engineering works is rather short in Sudan and there are only 
few reported studies and investigations [5] in this field.  

Most of the failures and distresses that have occurred in 
engineering structures associated with expansive and 
dispersive problems are related to the presence of the clay 
mineral montmorillonite in such soils. The mechanisms of 
soil swelling and soil dispersion are dependent on the 
thickness of the diffusion double layer and the concentration 
and valence of absorbed ions around clay particles. Soil 
swelling occurs due to the unbalanced electrical charge and 
cation exchange capacity produced by sodium based 
montmorillonite. However, soil dispersion seems to be a 
result of the presence of sodium ions adhering to 
montmorillonite particles rather than the sodium present in 
the pore water [6]. Soil tendencies to swell or disperse can be 
reduced by replacing sodium ions by compounds which may 
produce cations of lower ion exchange capacity to form a 
more balanced electrical charge in soil structure. 
Replacement of monovalent sodium by substances with 
divalent calcium ions such as lime and gypsum may lead to 
marked reduction in diffuse double layer thickness which in 
turn leads to a lower swelling potential and reduced potential 
for dispersion. By mixing lime or gypsum with a soil, the 
calcium present in these substances encourages the 
flocculation of the soil particles thereby improving the soil 
structure. 
Many previous investigations were performed using chemical 
admixtures to reduce the swelling potential of expansive soils 
and improve the behavior of dispersive soils. However, only a 
few studies can be cited in published literature on the use of 
gypsum stabilization for the treatment of expansive and 
dispersive soils. 
The study presented in this paper is aiming to contribute in 
this research area by investigating the effects of gypsum 
addition on the behavior of selected highly expansive and 
dispersive Sudanese soils. 

2. SOIL TYPES AND TESTING METHODLOGY 
Four different soil types collected in disturbed conditions 
from three different locations in the country were considered 
in this study. They included two potentially expansive soils 
collected from central and southern Sudan (designated 
hereinafter as Soils A and B) and two dispersive soils 
sampled from northern Sudan (designated as Soils C and D). 
Previous studies have shown that montmorillonite is the 
dominant clay mineral present in all the studied soils [5], [7].  
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Gypsum in a chemical form of hydrated calcium sulphate 
(CaSO4-2H2O) was added in predetermined quantities to 
portions of the soil samples and mixed properly and stored for 
curing to obtain variable gypsum percentages based on the 
total dry mass of the soil samples. The expansive soils 
samples were mixed with 3%, 6% and 9% of gypsum, 
whereas the dispersive soil samples were mixed with 2% and 
4% of gypsum.  
The basic index and engineering properties of the natural and 
gypsum treated soil samples were determined to classify their 
types in accordance to BS1377 soil testing standards.  
Compaction tests were performed according to the standard 
Proctor compaction test method to determine the optimum 
moisture content (OMC) and maximum dry density (MDD) 
for each soil.  
A concise summary is given in Tables I and Table II for the 
basic properties and the compaction test results of the 
expansive and dispersive soil types respectively before and 
after treatment with gypsum. 
 
 Table I   Index and compaction properties of expansive soils 

 
The main aspects relating to the effects of the gypsum on the 
swelling characteristics and dispersive behavior of study soils 
are described and discussed separately in the following 
sections. 
 
3. EFFECT OF GYPSUM ADDITION ON SWELLING 

BEHAVIOR OF EXPANSIVE SOILS  
 
3.1 General 
The behavior of expansive soils is normally evaluated in 
terms of two main swelling potential components; volume 
change and development of swelling pressure due to an 
increase in their moisture content. These two parameters are 
determined in the laboratory using an oedometer apparatus 
and the test results are used for the prediction of the soil heave 
under field conditions. 
 
 
 

Table II Index and compaction properties of dispersive soils 

 
 
3.2 Soil Conditions and Swelling Properties Considered 

Four direct and indirect tests were performed to evaluate the 
swelling potential of the two compacted expansive soils in 
their natural and gypsum treated states namely; linear 
shrinkage, free swell, swell percent (one dimensional volume 
change) and swelling pressure tests. The former two tests are 
used for the identification and classification of the swelling 
potential of expansive soils. The swell percent and swelling 
pressure tests were performed on samples prepared in the 
laboratory at two different initial placement conditions; one at 
OMC (denoted as Samples A1 and B1) and the other at a dry 
of optimum moisture content but with the dry density 
approximately maintained at the MDD value of each soil 
(denoted here as Samples A2 and B2). The swell percent and 
swelling pressure tests were performed in an oedometer 
apparatus on soil specimens, 76mm in diameter and 20mm 
thick. During testing, the samples were allowed to saturate 
under the conditions of free vertical swelling under a nominal 
load (0.125kN) in the swell percent test and a full restrained 
condition in the constant volume swelling pressure test. 
 
3.3 Analysis and Discussion of Swelling Test Results  
To evaluate the effects of gypsum addition on the swelling 
characteristics of Soils A and B, the various classification and 
swelling test results were plotted against gypsum content as 
shown in Figures 1 through 4. The variations of the plasticity 
index (PI), linear shrinkage (LS), free swell (FS) and clay 
content (CC) fraction with added gypsum percents are as 
shown in Fig. 1(a) and 1(b) for Soils A and B respectively.  
As may be noted from the graphical relationships shown in 
Fig. 1, the addition of up to 9% gypsum indicated small 
reductions in the values of the plasticity index (PI) for both 
soil types. However, mixing gypsum with soil samples has in 
general produced more significant changes in the values of 
the other three swelling indicative indices. The addition of 3 
to 9% gypsum content resulted in reductions in the free swell 
(FS) by 4 to 25%, linear shrinkage (LS) by 4.3 to 50% and 
clay content (CC) by 16.7 to 96%. It may also be noted that 
the effect of gypsum addition on the swelling potential 

Soil type A B 

Gypsum 
(%) 

0 3 6 9 0 3 6 9 

FC  (%) 83 87 88 86 80 81 80 78 

CC (%) 47 14 3 2 12 10 7.5 3 

LL (%) 66 58 66 65 62 58 56 60 

PI (%) 36 34 41 37 38 39 37 36 

OMC 
(%) 

27 28 28 28 23 24 24 25 

MDD 
(kN/m3) 

14.7 14.7 14.4 14.5 15.6 15.4 15.1 14.9

Soil type C D 

Gypsum (%) 0 2 4 0 2 4 

FC  (%) 57 55 60 73 72 70

CC  (%) 11 10 11 14 0 0 

LL (%) 44 34 36 37 33 36

PI (%) 18 7 7 11 7 7 

OMC   (%) 21 21 21 21 22 22

MDD (kN/m3) 16.1 16.7 16.8 16.2 16.5 16.4
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indices is more evident in the samples of Soil B than in those 
of Soil A.   

 
 

 
 
Figure1: Swelling indices versus added gypsum content for 
Soils A and B. 

To investigate the effects of gypsum addition on soil swelling 
in a rational manner, six published classification schemes 
were used to evaluate the swelling potential on the basis of the 
measured properties before and after treatment. A summary 
of the soil swelling potential rating comparisons for the 
natural and treated soil samples made according to the 
selected methods is given in Table III. 
It may be noted from Table III that similar swelling potential 
ratings were revealed by the three classification methods 
based on single indices (PI, FS and LS) in Soil A even for 
those samples mixed with 9% gypsum but the effects of 
gypsum in reducing the swelling potential of Soil B are 
obvious. The schemes based on soil indices combinations (e.g. 
PI and CC) and measured swelling parameters indicate 
clearly that the swelling potential in both soil types changed 
from a high or very high degrees to low or medium at 3% 
gypsum content and to mostly low swelling potential at 6% 
and 9% percentages. Based on these observations, it may be 
disclosed that the degree of swelling potential of highly 
expansive soils can be significantly reduced through mixing 
with 3 to 6% of gypsum. 
 

Table III Swelling potential classification of Soils A and B 
before and after treatment with gypsum 

 
Figures 2 and 3 show the variations in the swell percent and 
swelling pressure values respectively with added gypsum for 
the four samples (two from each soil) initially prepared at 
different placement conditions.  
 

 
 
 Figure 2 Swell percent versus gypsum content  
 
The trends of the swell percent versus gypsum percent 
depicted in Figures 2 indicate significant reductions in 
swelling potential in three samples of both soil types upon 
treatment with 5 to 6% gypsum. In Sample A2 of Soil A, only 
a slight reduction in the swell percent was noted for gypsum 
content ranging from 0 to 3%. The observed swell 
percent-gypsum content trends suggest that there is optimum 
5-6% gypsum content which seems to effectively reduce the 
swelling potential of highly compacted expansive soils placed 
around their OMC and MDD conditions.  However, gypsum 
contents exceeding 6% produced an adverse effect on 
swelling potential particularly in the two samples compacted 
at OMC whereby the swell percent increases considerably 
with increasing gypsum content.  
 

Swelling 
potential 
rating  method

Soil 
Index or 
property 
 

Soil A 
+ % gypsum 

Soil B 
+ % gypsum 

0 3 6 9 0 3 6 9
Holtz and 
Gibbs [8] 

Free Swell H H H H H M M M

Altmeyer 
[9] 

Linear 
Shrinkage

H H H H H H M M

Chen [10] PI H H H H H H H H

Van 
derMerwe[11]

PI and 
CC 

VH M L L M L L L

Thomas 
et al [12] 

Swell 
percent 

H M M M H L L H

Thomas 
et al [12] 

Swelling 
pressure 

M M M L M M L L

Swelling potential ratings: VH =Very high, H = High,  
M = Medium/ moderate/marginal and  L = Low 
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      Figure 3 Swelling pressure versus gypsum content 
 
Somewhat different swelling pressure versus gypsum content 
trends were noted in Figure 3 for the soil samples compacted 
at OMC and those compacted dry of OMC in both soil types. 
In the two samples compacted at OMC, the swelling pressure 
remained unchanged up to 3% and 6% of gypsum content in 
Soils A and B respectively but then it dropped to 50% of the 
magnitudes corresponding to untreated soil samples. 
Reductions in the swelling pressure values exceeding 60% 
have been reported in another study [13]  to occur as a result 
of adding 6% gypsum to expansive soil samples from India 
compacted at various dry densities.  
In the samples compacted dry of OMC, there was no change 
in the swelling pressure values up to 3% of gypsum content 
but beyond this the swelling pressure increased steadily to 6% 
and 9% gypsum content in Soils A and B respectively.  
In other words, the effect of gypsum content on the swelling 
pressure is generally conforming to that noted in the case of 
swell percent of the two samples compacted at OMC and 
MDD in both soil types. Fortunately, most of the design codes 
and specifications applied in practice call for the placement of 
compacted soil fill at field placement conditions equal or 
closely comparable to the OMC and MDD for most 
engineering projects.  
Based on the finding of this study, gypsum addition proved to 
be an effective technique in reducing the swelling potential of 
highly expansive soils placed at such placement conditions.  
However, gypsum addition does not seem to be an effective 
measure for treatment of expansive soil samples compacted at 
moisture contents below OMC values. Perhaps this may be 
attributed to the complex nature of soil swelling phenomenon. 
The behavior of expansive soils can best be evaluated by 
considering all the physical, chemical, and mineralogical 
factors. The role and importance of each of these factors in 
contributing to the total swelling magnitudes measured is 
largely dependent on the soil type and initial soil placement 
conditions. Further investigations are required to study the 
effect of placement conditions on the swelling behavior of 
compacted expansive soils that can be achieved by mixing 
with gypsum.  
 
 
 

4. EFFECT OF GYPSUM ADDITION ON THE 
BEHAVIOR OF DISPERSIVE SOILS  
4.1 General 
Dispersive soils cannot be identified through visual 
inspection or by using the results of standard laboratory soil 
classification tests and therefore some other special tests have 
been developed for this purpose. These include; the double 
hydrometer test, the pinhole test, the crumb test and the 
sodium absorption ratio (SAR) based tests.   
 
4.2  Materials and Sample Preparation 
Separate portions of the two samples representing Soils C and 
D were mixed with 2% and 4 % of gypsum and subsequently 
used for performing the required dispersion tests. The 
dispersion behavior of Soils C and D was evaluated by three 
different methods namely; the double hydrometer test, 
pinhole test described in Clauses 6.4 and 6.2 in Part 5 of the 
BS1377 respectively and chemical analysis done following 
the methods proposed by Sherard et al. [14] shown in Fig. 4. 
 

 
Figure 4 Relation between dispersion and soil pore water 
chemistry [14] 
 
Figure 5 shows the double hydrometer test results for the 
samples of the CL type material (Soil C) treated with 2 and 
4% gypsum tested with and without dispersant agents. 
Treated samples of Soil D were not tested by the double 
hydrometer method because of their extremely low clay 
fractions. 
 
4.3 Analysis and Discussion of Results  

4.3.1  Effects of Gypsum on the Soil Gradation and Index 
Properties 

Table IV shows the effects of mixing Soils C and D with 2 
and 4% gypsum on the fines content (FC), clay content (CC), 
liquid limit (LL) and plasticity index (PI). For Soil C samples 
mixed with gypsum, there was at most a slight increase in the 
FC whereas the CC did not change compared to the values 
corresponding to the untreated samples implying that the 
addition of gypsum did not seem to have caused any 
aggregation in this material. The LL and PI of samples treated 
with 2% gypsum were noted to be much lower than those of 
the untreated Soil C sample. Increasing the gypsum content 
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from 2 to 4 % did not lead to any further changes in the 
Atterberg limits test results.  
 

 Figure 5   Double hydrometer test results for Soil C 
 
For Soil D, the FC of treated sample indicated no change after 
gypsum treatment but the CC decreased significantly from 
14 % to zero. Practically the same LL values were obtained 
for untreated and treated samples of Soil D however there was 
a small reduction in the PI value compared to its value in the 
untreated material.  
 
4.3.2.  Effect of Gypsum Treatment on Soil  Dispersion  
A summary of the results of dispersion evaluation for the 
samples of Soils C and D in their natural state and after being 
treated with 2 and 4% of gypsum is given in Table IV. 
 
Table IV: Summary of soil classification and dispersion 
evaluation based on various test results. 

 
The double hydrometer test results showed that the treated 
samples of Soil C has an intermediate degree of dispersion 
whereas the pinhole test results revealed that the treated 

samples were non-dispersive (ND2 dispersion category). On 
the other hand, the chemical analysis of the pore water salts in 
the material revealed that the material was still dispersive 
even after being treated with gypsum. 
The pinhole test results showed that the treated samples of 
Soil D were completely erosion resistant (ND1 category) 
material. On the other hand, the chemical analysis of the pore 
water salts in the treated material revealed that the degree of 
dispersion improved upon treatment with gypsum from 
dispersive in its natural state to an intermediate degree of 
dispersion for 2% gypsum and almost non-dispersive for 4% 
gypsum. The evaluation based on chemical analysis results is 
relatively consistent with that based on the pinhole test results. 
The double hydrometer test was considered inappropriate for 
assessing the dispersion behavior in samples of Soil D treated 
with gypsum. 

5. CONCLUSIONS 

On the basis of the results of the study undertaken on the 
effects of added gypsum on the geotechnical characteristics 
of two highly expansive and two potentially dispersive 
materials from Sudan presented in this paper the following 
conclusions are drawn. 
 
a) Expansive Soils 
i) Gypsum addition has produced noticeable changes in the 
swelling potential of the two highly expansive soils (soils A 
and B).  The swelling potential ratings made according to 
certain widely used published classification schemes changed 
from high or very high in the natural states to a low or 
medium after treatment with 3 to 9% of gypsum. 
ii)  The swell percent of the untreated samples of Soils A 
and B compacted at OMC and MDD decreased considerably 
to about 50% and 10% respectively upon mixing with 5-6% 
gypsum. This gypsum content appears to represent an 
optimum value which may be used for the stabilization of 
highly expansive soils. However, gypsum contents exceeding 
6% caused an increase in measured swell percent values in 
both expansive soil types, thus producing an adverse effect on 
their swelling behavior. 
iii) The results of gypsum addition on the swelling pressure 
of the two soils were consistent with those noted in the case of 
swell percent of the samples compacted at OMC and MDD. 
However, gypsum addition does not seem to be an effective in 
reducing the swelling pressure of expansive soil samples 
compacted dry of the OMC values. 
 
b) Dispersive Soils 
i) The results obtained from the various dispersion tests 
performed (i.e. the double hydrometer, pinhole and chemical 
tests) clearly indicated that Soils C and D soil samples are 
potentially dispersive in their natural state with a degree of 
dispersion evaluated to vary from dispersive to highly 
dispersive.  
ii)  Additions of 2 and 4 % of gypsum did not affect the 
gradation or the clay content of Soil C, suggesting that the 
samples did not experience aggregation formation. As for 
Soil D, the addition of gypsum significantly reduced the clay 
fraction. The addition of gypsum considerably reduced the 

Soil type C D 

Gypsum 
(%) 

0 2 4 0 2 4 

FC (%) 57 55 60 73 72 70 

CC (%) 11 10 11 14 0 0 

LL (%) 44 34 36 37 33 36 

PI (%) 18 7 7 11 7 7 

DH D ID ID ID NA NA

Pinhole D1 ND2 ND1 D2 ND1 ND1

Chemical D D ND D ID ND
D1 = Highly dispersive, D2 = Dispersive  ID = Intermediate dispersion, 
ND2 = Non-dispersive, ND1 = Completely erosion resistant   
NA = Not appropriate, DH = Double hydrometter 
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plasticity of Soil C, but the reduction in the plasticity of Soil 
D was less significant.  
iii) The results from the three different dispersion tests 
performed showed that, for both soil types studied, the 
addition of gypsum resulted in significant improvements in 
their degree of dispersion such that the treated samples 
became non-dispersive. 
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ABSTRACT: Bearing Capacity is the measure of the 
load that the soil can sustain when a structure is built 
over it. Building codes, field tests, laboratory tests and 
analytical equations are the four main sources from 
which the bearing capacity of soils can be taken. 
Researchers have come up with a number of analytical 
equations over the years for the determination of bearing 
capacity. This study addresses the bearing capacity 
equations for vertical central loading ranging from 
Rankine (1885) to Padmini (2008). The data of 13 load 
tests done by various researchers were used to evaluate 
the bearing capacity theories studied. The bearing 
capacity values calculated from the equations were 
compared with the test values. Moreover mean squared 
error was also determined. The evaluation shows that in 
most cases Meyerhof’s Bearing Capacity equation 
provides much closer results to the actual ones, and 
therefore should be preferred except for square footings 
where the equation by Balla yields better results. 

 
1. INTRODUCTION 
 
Bearing capacity of soil is the capacity of soil to 
bear the load applied by the structures constructed 
over it. It is perhaps the most important aspect of 
soil.  
 
Bearing capacity values are obtained by four main 
sources; building codes, field tests, laboratory tests 
and analytical methods. The use of analytical 
equations for computing bearing capacity is one of 
the widely used methods. Over the ages a lot of 
researchers have developed different concepts 
about the bearing capacity calculations and hence 
have added to the wide range of equations which 
can be used for bearing capacity calculations. The 
problem with so many theories is to decide which 
may give the best result for a particular soil, under 
given conditions. 
 
The scope of work covers the bearing capacity 
equations dating back from Rankine’s theory to the 
present era bearing capacity equations. The aim of 
the study is to evaluate various equations under 
vertical central loading and propose the most 
suitable. 
 
2. METHODOLOGY 
 
Various equations developed over the years for the 
calculation of bearing capacity under vertical 
central loading were studied. The data of 13 load 
tests carried out and documented by Muhs and 
Weiss [1], Melovic [2] and Muhs et al [3] was used 
to evaluate and compare the bearing capacity 
equations studied. The bearing capacities were 

calculated using different equations for the primary 
data provided by the researchers and then 
compared with the actual bearing capacities 
mentioned. The mean squared error for each 
approach was calculated and the most suitable 
theory was then figured out. 
 
3. BEARING CAPACITY EQUATIONS 
 
Rankine was perhaps the first researcher who 
proposed an equation for calculation of the bearing 
capacity of cohesionless soils. He derived his 
equation from the Rankine’s earth pressure theory 
[4]. 
 

௨௧ݍ ൌ ܦߛ ቀ
ଵା௦థ

ଵି௦థ
ቁ
ଶ
                                           (1) 

 
Where 
 
 ௨௧ = Ultimate bearing capacityݍ
 Density of soil = ߛ
  = Foundation depthܦ
߶ = Angle of internal friction 
 
Rankine was unable to accommodate the effect of 
footing size on bearing capacity. Pauker came up 
with a similar equation for sands as the one given 
by Rankine. His equation became very popular but 
had the same limitations as that of Rankine’s [5].  
 

௨௧ݍ ൌ ସ݊ܽݐܦߛ ቀ45 
థ

ଶ
ቁ                                    (2) 

 
The Pauker-Rankine equation was modified by 
Bell to be used for cohesive-frictional soil. Again 
the effect of footing size was neglected [6].  
 
௨௧ݍ ൌ ܦߛ థܰ

ଶ  2ܿඥ థܰሺ1  థܰሻ                     (3) 
 
Where 
 

థܰ ൌ ଶ݊ܽݐ ቀ45 
థ

ଶ
ቁ                                            (4) 

 
The first prominent achievement in the field of 
bearing capacity calculation was by Terzaghi. He 
studied failure zones beneath strip footings and 
thereby developed his famous bearing capacity 
theory. The equation proposed by Terzaghi 
incorporated the influence of footing size on 
bearing capacity in the form of shape factors [7].  
 
௨௧ݍ ൌ ܿ ܰܵ  ݍ ܰ  1

2ൗ ܤߛ ఊܰܵఊ                    (5) 
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Where 
 
c = Cohesion 
q = Overburden soil pressure 
B = Width of footing 
Nc, Nq, Nγ = Bearing capacity factors 
Sc, Sγ = Shape factors 
 
Meyerhof modified the equation given by Terzaghi 
by adding depth factors and inclination factors. So 
the equation became equally applicable for inclined 
loads. Furthermore the values of bearing capacity 
factors were different from those given by Terzaghi 
[8], [9].  
 
qult = cNcScdc + qNqSqdq + 0.5γBNγSγdγ              (6) 
 
Where 
 
dc, dq, dγ = Depth factors 
 

 
Fig. 1: Balla’s bearing capacity factor Nc 
 

 
Fig. 2: Balla’s bearing capacity factor Nq 
 

Balla developed graphs (Fig. 1, 2 and 3) for 
calculating the bearing capacity factors to be used 
in Terzaghi’s Equation [10]. 
 
Hu studied the base angle of the triangular wedge 
below a rough foundation and proposed his own 
graph (Fig. 4) for determination of bearing capacity 
factors [11]. 
 
Terzaghi’s equation was simplified by Krizek, who 
developed an easy equation valid for ߶ = 0 to 35o 
[12].  
 
qult = [(228+4.3 )c+(40+5 )q+3 γB]/(40- )   (8) 

 
 
 
 
 
 
 

 
Fig. 3: Balla’s bearing capacity factor Nγ 
 

 
Fig. 4: Hu’s bearing capacity factors 
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Meyerhof’s equation was further extended by 
Hansen who included base factors and ground 
factors in addition to some slight changes [13]. 
 
௨௧ݍ ൌ ܿ ܾܰܵ݀݅݃  ݍ	 ܾܰܵ݀݅݃ 

	0.5ܤߛ ఊܰܵఊ݀ఊ݅ఊܾఊ݃ఊ    (9) 
Where 
 
ܾ, ܾ, ܾఊ = Base factors 
݃, ݃, ݃ఊ = Ground factors 
 
Vesic proposed a similar equation like the one 
suggested by Hansen. Both these equations are 
applicable for vertical as well as for inclined 
loading [14].  
 
Table I: Nc and Nq by Bolton and Lau 
 
  Nq Nγ 

ࣘ 
Smooth or 

rough 
Smooth Rough 

(deg) Strip Circle Strip Circle Strip Circle

5 1.57 1.65 0.09 0.06 0.62 0.68 

10 2.47 2.80 0.29 0.21 1.71 1.37 

15 3.94 4.70 0.71 0.60 3.17 2.83 

20 6.40 8.30 1.60 1.30 5.97 6.04 

25 10.7 15.2 3.5 3.0 11.6 13.5 

30 18.4 29.5 7.7 7.1 23.6 31.9 

31 20.6 34.0 9.1 8.6 27.4 38.3 

32 23.2 39.0 10.7 10.3 31.8 46.1 

33 26.1 45.0 12.7 12.4 37.1 55.7 

34 29.4 52.2 15.0 15.2 43.5 67.6 

35 33.3 61.0 17.8 18.2 51.0 82.4 

36 38 71 21 22 60 101 

37 43 83 25 27 71 124 

38 49 99 30 33 85 153 

39 56 116 36 40 101 190 

40 64 140 44 51 121 238 

41 74 166 53 62 145 299 

42 85 200 65 78 176 379 

43 99 241 79 99 214 480 

44 115 295 97 125 262 619 

45 135 359 120 160 324 803 

46 159 444 150 210 402 1052

47 187 550 188 272 505 1384

48 222 686 237 353 638 1847

49 265 864 302 476 815 2491

50 319 1103 389 621 1052 3403

51 386 1427 505 876 1373 4710

52 470 1854 663 1207 1812 6628

Based on soil strength parameters, Bolton and Lau 
established a bearing capacity calculation 
procedure. The values of ܰ and ఊܰ, given in Table 
I, were proposed for circular and strip footings 
subjected to vertical loading [15]. Qayyum 
experimented on sand under rapid loading and 
proposed a general ultimate bearing capacity 
equation applicable for vertical as well as inclined 
central and eccentric loading [16].  
 
The simplified form of the equation for vertical 
central loading is, 
 
௨ݍ ൌ ܤߛ0.45 ఊܰ                                                  (10) 
 
Salgado et al (2004) determined the bearing 
capacities of square, rectangular, strip and circular 
foundations in clay accurately based on finite 
element limit analysis. Using these analyses precise 
values of shape and depth factors were proposed 
[17]. 
 

݀ ൌ 1  0.27ට



                                               (11) 

ܵ ൌ 1  ଵܥ



 ଶටܥ




                                        (12) 

 
Where 
 
C1 and C2 are determined from Table II 
 
Padmini et al developed neurofuzzy models for the 
prediction of ultimate bearing capacity of shallow 
foundations on cohesionless soils [18]. 
 
 
Table II: Regression constants in (12) for the 

shape factor 
 

B/L C1 C2 

1 (circle) 0.163 0.210 

1 (square) 0.125 0.219 

0.50 0.156 0.173 

0.33 0.159 0.137 

0.25 0.172 0.110 

0.20 0.190 0.090 
 
 
4. DATA COLLECTION 
 
Data from 13 different Test scenarios was collected 
from literature. The researchers have actually 
performed these load tests on different soils and 
determined the bearing capacities. The data sets  
taken from [1], [2] and [3] are given in Table III, 
IV and V respectively. 
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Table III:  Data from Muhs and Weiss (1969) 

 
Data Set 1 2 3 4 

Depth, Df(m) 0 0.5 0.5 0.5 

Width, B (m) 0.5 0.5 0.5 1 

Length, L (m) 2 2 2 1 

Unit wt. γ (KN/m3) 15.69 16.38 17.06 17.06 

Angle of internal friction, φ 38.5 36.25 40.75 38.5 

Cohesion, c (KPa) 6.37 3.92 7.8 7.8 

Actual Bearing Capacity, qu (KN/m2) 1059.12 1196.41 2373.21 3236.20 

 
 
 

Table IV:  Data from Melovic (1965) 
 

Data Set 5 6 7 8 

Depth, Df(m) 0.4 0.5 0 0.3 

Width, B (m) 0.71 0.71 0.71 0.71 

Length, L (m) 0.71 0.71 0.71 0.71 

Unit wt. γ (KN/m3) 17.65 17.65 17.06 17.06 

Angle of internal friction, φ 22 25 20 20 

Cohesion, c (KPa) 12.75 14.7 9.8 9.8 

Actual Bearing Capacity, qu (KN/m2) 402.07 539.37 215.75 254.97 

 
 
 

Table V:  Data from Muhs et al (1969) 
 

Data Set 9 10 11 12 13 

Depth, Df(m) 0.3 0 0.3 0 0.3 

Width, B (m) 0.6 0.6 0.6 0.6 0.6 

Length, L (m) 1.2 1.2 1.2 1.2 1.2 

Unit wt. γ (KN/m3) 9.85 10.2 10.2 10.85 10.85 

Angle of internal friction, φ 34.9 37.7 37.7 44.8 44.8 

Cohesion, c (KPa) 0 0 0 0 0 

Actual Bearing Capacity, qu (KN/m2) 270 200 570 860 1760 

 
 
5. EVALUATION AND COMPARISON 
 
Using the data collected from various researchers, 
the bearing capacity values were calculated using 
the equations studied. The comparison is given in 
Table VI. It can be seen from the table that no 
individual equation gave the best results in all the 

cases. The safe values or under-estimated values 
closest to the actual ones were figured out for each 
case. The mean squared error was then calculated 
(Table VII). Although the mean squared error in 
case of cohesionless soil is minimum for Qayyum’s 
equation but as it is only applicable for surface 
loading so it is therefore neglected. 
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Table VI:  Comparison of Bearing Capacity Equations 
 

Primary 
data 

Data Set 1 2 3 4 5 6 7 8 9 10 11 12 13 

Depth, Df(m) 0 0.5 0.5 0.5 0.4 0.5 0 0.3 0.3 0 0.3 0 0.3 

Width, B (m) 0.5 0.5 0.5 1 0.71 0.71 0.71 0.71 0.6 0.6 0.6 0.6 0.6 

Length, L (m) 2 2 2 1 0.71 0.71 0.71 0.71 1.2 1.2 1.2 1.2 1.2 

Unit wt. γ (KN/m3) 15.69 16.38 17.06 17.06 17.65 17.65 17.06 17.06 9.85 10.2 10.2 10.85 10.85 

Angle of internal friction, φ 38.5 36.25 40.75 38.5 22 25 20 20 34.9 37.7 37.7 44.8 44.8 

Cohesion, c (KPa) 6.37 3.92 7.8 7.8 12.75 14.7 9.8 9.8 0 0 0 0 0 

Actual Bearing Capacity, qu (KN/m2) 1059.1 1196.4 2373.2 3236.2 402.1 539.4 215.7 255.0 270 200 570 860 1760 

Bearing 
Capacity 
equation 

Terzaghi 883.3 896.5 2189.7 1985.0 426.4 634.3 243.0 281.1 239.8 205.5 386.7 915.7 1463.1 

Meyerhof 807.1 1009.7 2597.8 2789.2 468.3 744.1 225.5 293.3 266.3 224.7 439.5 1058.9 1801.4 

Balla 1009.8 889.0 2157.5 1941.8 355.2 533.9 195.4 233.5 253.0 228.3 409.6 1017.5 1564.9 

Hu 904.4 859.7 1932.1 1887.6 338.8 476.2 199.2 230.9 298.5 336.6 465.1 992.8 1367.1 

Krizek - - - - 333.3 488.5 190.2 226.0 245.6 - - - - 

Hansen 711.8 949.2 2293.8 2218.1 490.8 779.8 218.8 303.7 220.0 130.9 341.2 504.1 1130.6 

Vesic 795.3 1025.5 2462.0 2425.2 504.0 800.3 227.6 313.4 259.8 182.1 405.4 682.5 1375.8 

Bolton & Lau 777.2 782.9 1840.9 1746.1 333.5 472.9 181.6 214.3 245.7 247.2 391.7 1014.3 1440.7 

Qayyum - - - - - - - - - 205.5 - 915.7 - 

Padmini et al - - - - - - - - 169 95 495 632 1986 

 The underlined values are safe values closest to the actual values. 
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Table VII:  Mean Squared Error 
 

Bearing 
Capacity 
Equations 

Mean Squared error 

c-φ soil   
(1 - 8) 

φ soil     
(9 ‐ 13) 

Overall

Terzaghi 216394 25155 142840

Meyerhof 49564 11789 35035

Balla 227749 17942 140153

Hu 269915 40494 181676

Krizek - - - 

Hansen 161589 116488 144242

Vesic 105803 41331 81006

Bolton & Lau 345756 32078 225111

Qayyum - 1568 - 

Padmini et al - 25982 - 

 
After Qayyum [16] the minimum value of error is 
for Meyerhof’s equation, which suggests that 
Meyerhof [8], [9] gives results closest to the actual 
ones. But Meyerhof [8], [9] yields over estimated 
results in case of square footings (data sets 5 – 8). 
Here the equation by Balla [10] gives close and 
safe results. 
 
6. CONCLUSION 
 
From the above discussion the following 
conclusions can be drawn. 
 

 No single equation gives the best results 
for all the cases. 

 Meyerhof’s bearing capacity equation 
gives better results than the others in most 
cases, but over estimate for square 
footings. 

 The equation proposed by Balla yields 
good results in case of square footings. 
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ABSTRACT: The use of live plants to stabilize slopes is attractive to 
society due to its environmental friendliness and sustainability. 
However, stability of the plant itself is a major safety concern. In this 
study, field pull-out tests are performed on selected native woody 
species that are commonly planted on slopes in Hong Kong to 
investigate their pull-out characteristics. The peak pull-out 
resistance for individual species is correlated to plant height, basal 
diameter, canopy size, and above-ground dry weight. It was found 
that basal diameter is a good predictor of the peak resistance. Root 
architecture of the plants was also studied. Attempts are made to 
predict the pull-out characteristics of a species from its root 
architecture. 
 
Keywords: Slope stability, Plants, Pull-out resistance, 
Soil-root interactions 

1. INTRODUCTION 

Slope instability remains a major geotechnical hazards in 
Hong Kong due to its rugged and hilly topography and 
frequent rainstorms in the summer. The traditional approach 
of concrete-covering for slope protection cannot meet 
nowadays requirement for a green and sustainable 
environment. The use of live plants as a slope cover thus 
becomes an attractive and favorable solution. Firstly, the 
plants increase the suction level of the ground soil through 
water absorption and transpiration. An increase in soil suction 
enhances the shear strength of the soil and thus improves 
slope stability. Secondly, the root system reinforces the 
ground through the mechanical interaction between roots and 
soil. It also protects the soil from erosion. The aim of this 
study was to find out the pull-out characteristics of selected 
woody plant species that are commonly planted on man-made 
slopes in Hong Kong. 
 
In this study, four native woody species with high ecological 
values, which had good survival rates in previous 
investigations in slope greening, were selected [1]. The 
pull-out characteristics of the plants is studied through a 
series of field pull-out tests. In addition, the height, basal 
diameter, canopy size and above ground dry weight of the 
plant were measured and attempts were made to correlate 
them to the peak pull-out resistance of the plant. Root 
architecture was studied to shed light on the pull-out 
characteristics. 

 
 

2. SELECTED SPECIES 

To offer a sustainable solution for slope greening, the plant 
species used must be able to promote natural regeneration in 
order to form a sustainable vegetation cover. Besides, plants 
with high ecological values are preferable as many slopes are 
situated in the countryside or even within Country Parks. As 
such, native plant species is preferred. On the other hand, 
many man-made slopes are quite steep (>45 degrees), large 
and tall trees on slopes may become a negative attribute to 
slope stability. Therefore, shrubs and small trees are more 
suitable for Hong Kong’s application [2]. In this study, the 4 
native species chosen are Rhodomyrtus tomentosa, 
Melastoma sanguineum, Schefflera heptaphylla and Reevesia 
thyrsoidea. The former two are shrubs and the latter two are 
small trees (Table 1). All of them have been commonly 
planted on man-made slopes in Hong Kong since the last 
decade. 
 
Table 1. The ecology of the four selected plant species 

Species 
Growth 

form 
[1] 

Typical 
height 
[3],[4]

Fruit 
type  
[3] 

Seed 
dispersal 

agent 
[5]-[7] 

Ecological 
status  

in Hong Kong
[5][7][8] 

Rhodomyrtus 
tomentosa 
 

Shrub 1-2 m Berry Bird, rat, 
civet 

Common 
pioneer 
species on 
Hong Kong’s 
shrubland 

 

Melastoma 
sanguineum 
 

Shrub 1.5-3 m Fleshy 
capsule 

Rat, bird 

Schefflera 
heptaphylla 
 

Small 
tree 

5-10m Berry Bird Common 
pioneer 
species on 
Hong Kong’s 
shrubland and 
secondary 
forest 

 

Reevesia 
thyrsoidea 
 

Small 
tree 

5 m Capsule Wind 

3. FIELD PULL-OUT TEST 

3.1 Site and Equipment 

The field pull-out tests were conducted in the natural sloping 
terrains in Hong Kong. A tailor-made pull-out apparatus was 
assembled to perform the tests. Fig. 1 shows the equipment 
set-up. It comprises of a reaction frame, a 10 kN load cell 
(TML TCLP-1B), a displacement transducer (Hoskin 
Scientifique DP-2000C), and a winch system. The sensors are 
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connected to an automatic data acquisition system (TML 
TC-31K). 
 

 
Fig. 1 Field pull-out apparatus. 

3.2 Size Characteristics of a Plant 

Prior to a pull-out test, some simple plant size characterizing 
parameters were recorded, including height, basal diameter, 
canopy size (which is defined as the average diameter of the 
plant crown), and above-ground dry weight. The former three 
parameters can be directly measured at the site whereas the 
last one can only be determined in the laboratory. The 
above-ground plant parts of the samples were first cut into 
pieces in the field. They were then brought back to the 
laboratory for oven drying at 105 degree Celsius overnight. 
The weight of the dried sample is its above-ground dry 
weight.  

3.3 Results and Discussions 

First the above-ground part of a plant was cut. The remaining 
stem was then tied to the cable in the winch system with a 
load cell and a displacement transducer connected. The stem 
was then pull-out steadily with the displacement and pull-out 
resistance recorded continuously until the whole root system 
was hanged freely from the ground. A total of 10 
Rhodomyrtus, 9 Melastoma, 18 Schefflera, and 10 Reevesia 
are uprooted. Fig. 2 shows the typical pull-out response of the 
plants where local fluctuation of the pull-out resistance can be 
seen. The pull-out resistance of a plant is attributed by three 
major factors: root-soil interface friction, tensile strength of 
individual root segments, and spatial distribution of the root 
(i.e., root architecture). When a root breakage or a root-soil 
slippage occurs, a sudden drop in the pull-out resistance is 
expected (see Point A in Fig. 2). Sometimes it is followed by 
a subsequent recuperation (see Point B in Fig. 2) due to the 
strength mobilization of other root branches until the entire 
root system is uprooted. 
 
In general, Rhodomyrtus shows smaller pull-out resistance 
with large displacement before the plant can be fully uprooted. 
On the other hand, Schefflera and Reevesia show larger 
pull-out resistance but smaller pull-out displacement (i.e., 
small displacement is required to uproot the plants). The 

behavior is highly related to the root architecture of the plant, 
which will be discussed more in a later section. 
 

 
Fig. 2 Pull-out response of the plants. 
 
Regression analyses were carried out to investigate the 
correlations between the peak pull-out resistance and the size 
characteristics of individual species. It is believed that with 
these simple empirical correlations the peak pull-out 
resistance of a plant can be quickly estimated in the field. 
Table 2 summarizes the peak pull-out resistance and other 
size-characterizing parameters for each species. It can be seen 
that plants between 0.5-2.5 m tall with canopy size from 
0.2-1.5 m are investigated. The pull-out resistance can be as 
low as 0.1 kN but as large as 6 kN. 
 
Table 2. Summary of the pull-out resistance and plant size in 
this study 

Species Peak 
pull-out 

resistance 
(kN) 

Height 
(cm) 

Basal 
diameter 

(cm) 

Canopy 
size 
(cm) 

Above- 
ground dry 
weight (g) 

Rhodomyrtus 
tomentosa 

 

0.21-2.45 58-191 0.4-1.4 18-160 5-697 

Melastoma 
sanguineum

 

0.17-2.95 56-210 0.6-4.6 19-139 5-1393 

Schefflera 
heptaphylla

 

0.31-6.28 55-250 0.9-7.1 25-127 9-759 

Reevesia 
thyrsoidea 

 

0.13-2.67 70-190 1.0-3.0 29-104 11-254 

 
Fig. 3 shows the correlation between the peak resistance and 
individual size parameters. In general a better correlation can 
be observed between the peak pull-out resistance and the 
basal diameter of the plant (see Fig. 3(b)). The peak pull-out 
resistance of the plants increases as their basal diameter 
increases which are more obvious in the cases of Schefflera 
and Reevesia. Coefficients of determination (R2 values) are 
relatively low in the correlation between the resistance and 
other size parameters (height: 0.17-0.86; canopy size: 
0.0004-0.61; and above-ground dry weight: 0.12-0.84). This 
means that plant height, canopy size and above-ground dry 

Winch system 

Displacement 
transducer Frame 

Data 
acquisition 
system 

Load cell 

0

1

2

3

4

5

6

0 50 100 150 200 250 300 350 400

Displacement (mm)

P
ul

l-o
ut

 r
es

is
ta

nc
e 

(k
N

)

Rhodomyrtus 

Melastoma 

Schefflera 

Reevesia 

A 

B 



 

591 
 

 

0

1

2

3

4

5

6

7

0 50 100 150 200 250 300

Pe
ak

 p
ul

l-
ou

t r
es

is
ta

nc
e 

(k
N

)d

Height (cm)

Rhodomyrtus

Melastoma

Schefflera

Reevesia

y = 0.75x - 0.12
R² = 0.13

y = 0.64x - 0.17
R² = 0.96

y = 0.90x - 0.68
R² = 0.75

y = 1.12x - 0.86
R² = 0.88

0

1

2

3

4

5

6

7

0 1 2 3 4 5

Pe
ak

 p
ul

l-
ou

t r
es

is
ta

nc
e 

(k
N

)d

Basal diameter (cm)

Rhodomyrtus

Melastoma

Schefflera

Reevesia

0

1

2

3

4

5

6

7

0 50 100 150 200

P
ea

k 
pu

ll-
ou

t r
es

is
ta

nc
e 

(k
N

)d

Canopy size (cm)

Rhodomyrtus

Melastoma

Schefflera

Reevesia

0

1

2

3

4

5

6

7

0 500 1000 1500

P
ea

k 
pu

ll-
ou

t r
es

is
ta

nc
e 

(k
N

)d

Above-ground dry  weight (g)

Rhodomyrtus

Melastoma

Schefflera

Reevesia

 
Fig. 3. Correlations between the peak pull-out resistance with 
plant characteristics: (a) height; (b) basal diameter; (c) 
canopy size; (d) above-ground dry weight. 
 

weight may not be good predictors of the peak resistance. 
Generally, Melastoma, Schefflera and Reevesia give larger 
pull-out resistance than Rhodomyrtus (shrub). Root 
architecture of the plant may shed light on the magnitude of 
the resistance against uprooting. 

4. ROOT ARCHITECTURE 

Root architecture describes the spatial distribution of a root 
system and it has been generally classified into three types: 
plate, heart and tap as shown in Fig. 4 [9].  
 

 
 
Fig. 4. Shape of a root system: plate, heart and tap (redrawn 
based on [9]). 
 

    
 

    
 
Fig. 5. Root architecture of: (a) Rhodomyrtus (top view);  
(b) Melastoma (top view); (c) Schefflera (side view);  
(d) Reevesia (side view).  
 
In this study, the plants were carefully dug out from the 
ground and the root architecture was studied according to this 
classification system. Fig. 5 shows the typical root system of 
the studied plants. Fig. 5(a) and (b) show a Rhodomyrtus and 
a Melastoma respectively which clearly demonstrate their 
plate root system. Fig. 5(c) shows a Schefflera which is 
classified as a heart system with many vertical, horizontal and 
inclined roots. Fig. 5(d) shows the root system of a Reevesia 
in which a tap root system can be easily observed. Fig. 6 gives 
a summary of the root architecture of the sampled plants in 
this study. It shows that the tap root system dominated in 
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these species except for Rhodomyrtus. In fact, all Reevesia 
specimens in this investigation show the tap root system. 
Previous investigations showed that plants with tap or heart 
root systems give generally higher resistance against 
uprooting [10]. This study confirms the findings - Schefflera 
and Reevesia give noticeably higher peak resistance against 
uprooting than Melastoma and Rhodomyrtus.  
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Fig. 6. A summary of the root architecture of the studied 
species.   
 

5. CONCLUSIONS 

Slope greening with native shrubs and small trees has 
received much public attention due to its sustainability 
potential. In this study, pull-out resistance and root 
architecture of four native shrub and small tree species are 
investigated. Pull-out characteristics of individual species is 
discussed with reference to its root architecture.  
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ABSTRACT: The Tokyo metropolitan government plans to 
organize a waterway transportation system utilizing boats and ships 
to enhance transportation capacity to carry injured and sick people 
during an earthquake disaster. However, the existing regional 
disaster prevention plan formulated by the Tokyo government does 
not stipulate specific operational procedures.  

This paper investigates the prospect of the implementation of 
earthquake disaster countermeasures using Inland navigation. To 
begin with, we examined the presence of agreements on disaster 
response procedures concluded between the municipalities in Tokyo, 
who installed and administered the piers, and the organizations 
representing boat and ship operators, such as fishermen’s unions, 
leisure fishing boat cooperative unions and marinas. We also 
surveyed 252 users of Inland navigation on their awareness of 
disaster prevention using Inland navigation. To conclude, we 
propose a concept of an institutional design which utilizes Inland 
navigation for emergency evacuation of vulnerable people affected 
by an earthquake disaster. 
 
Keywords: Inland navigation, Disaster prevention piers, 
Institutional design, Regional disaster prevention plan, 
Operating plan 

1. INTRODUCTION 

The Great Hanshin-Awaji Earthquake on 17 January 1997 led 
to enhanced recognition of the importance of Inland 
navigation and triggered the construction of disaster 
prevention piers throughout Japan. A disaster prevention pier 
serves as a base in reconstructing river administration 
facilities and conducting relief operations following the 
occurrence of flood, high tide and earthquake, which include 
shipments of aid supplies, relief efforts for people in isolated 
areas, transportation of disaster victims such as people unable 
to get home, removal of rubbles, and transportation of relief 
workers. In the Great East Japan Earthquake on 11 March 
2011, however, those piers did not function well and over 
100,000 people in Tokyo could not get home. It is attributed 
to the fact that the regional disaster prevention plans do not 
clearly stipulate the role of Inland navigation, which enhance 
the disaster mitigation capacity, and the usage of disaster 
prevention piers. It is also caused by the lack of a plan that 
considers vulnerable disaster victims. This study analyzes 
the transportability of sick and injured people, the disaster 
prevention agreements among relevant parties under the 
regional disaster prevention plans, and people’s awareness of 
disaster prevention. Finally, the institutional design on the 
utilization of Inland navigation and disaster prevention piers 
which focuses on the vulnerable disaster victims is proposed. 

 
 

2. DISASTER PREVENTION PIERS WITHIN 
REGIONAL DISASTER PREVENTION PLANS  

2.1 Organizations responsible for operation and 
administration of disaster prevention piers  

In principle, river administrators maintain disaster prevention 
piers. They or park administrators are in charge of their 
operation at normal times, and so does disaster prevention 
departments in time of a disaster. The regional disaster 
prevention plan formulated by the Tokyo government 
stipulates that each ward is the main administrator of the 
disaster prevention piers under the jurisdiction of Tokyo 
within its region in time of a disaster, in order to realize the 
comprehensive operation of the piers. The disaster prevention 
piers under the jurisdiction of the national government are set 
to be operated and administered by river administrators, but 
the detailed are not stipulated. 

2.2 Administration and operation of disaster prevention 
piers in regional disaster prevention plans  

As shown in Table 1, the Tokyo metropolitan government 
defines in its regional disaster prevention plan that the 
operation of disaster prevention piers and boats consists 
mainly of (a) construction of an emergency transportation 
network, (b) transportation of evacuees, (c) transportation of 
medical staffs and sick/injured people, (d) transportation 
alternative for victims unable to get home, and (e) 
transportation of materials and equipments. The specific rules 
for the operation, however, are not designated in the plan. The 
disaster prevention plans of the wards, the lower 
administrative organs in Tokyo, specify only (a) construction 
of the emergency transportation network.  Each ward defines 
different responses regarding the specific operation of the 
disaster prevention piers and it is not clearly stipulated. 
Table 1: Number of current disaster prevention piers and 
their operations 
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Administrative Body Year
National

government
Prefecture Ward Private Total

Emergency transportation
network

Evacuation
Medical staffs  /Sick and

injured people
People unable to

get home
Materials and
Equipments

Tokyo Metropolis 2007 10 15 33 1 58 ● ● ● ● ●
Chiyoda Ward 2007 0 0 3 0 3 ● ●
Chuo Ward 2009 0 4 1 0 5 ● ● ● ●
Bunkyo Ward 2007 0 0 1 0 1 ● ● ●
Taito Ward 2008 0 1 0 1 2 ● ● ● ●
Sumida Ward 2009 0 1 1 0 2 ●
Koto Ward 2008 1 2 7 0 10 ●
Shinagawa Ward 2007 0 0 1 0 1
Ota Ward 2009 1 0 1 0 2 ●
Kita Ward 2008 1 0 3 0 4 ● ● ●
Arakawa Ward 2009 0 1 2 0 3 ● ● ●
Itabashi Ward 2009 1 0 1 0 2 ● ● ●
Adachi Ward 2008 2 1 0 0 3 ● ●
Katsushika Ward 2008 2 1 1 0 4 ●
Edogawa Ward 2009 2 4 10 0 16 ●

studying the feasibility of a water way transportation system

Number of current disaster prevention piers (by administrator) Operation of disaster prevention piers or boats
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Table 2 shows the presence or absence of concrete 
operational plans in Tokyo and its wards. Currently, Tokyo 
has no uniform operational plan and has entrusted it to the 
wards in compliance with the article 5 of the Disaster 
Countermeasure Basic Act. However each ward does not 
specify the development of the concrete operational plan. 
Eight among 12 wards cite it as a subject of future 
investigation, and the two plan to consolidate the system in 
the next fiscal year. The result of the survey also presents that 
the certain properties of a river and a bridge restrict the 
navigation of the boats and it causes the inadequate 
development of the plan. 
Table 2: Existence of an employment plan 
 
 
 
 
 
 
 
 
 
 
 
 
 

2.3 Administration and operation of disaster prevention 
piers by river administrators  

The administration and operation of disaster prevention piers 
under the jurisdiction of the Minisry of Land, Infrastructure, 
Transport and Tourism are part of river management. At 
present, there is no concrete plan for the administration and 
operation of the piers but its formulation is under 
consideration. The Arakawa-Karyu Office in the Ministry of 
Land, Infrastructure and Transport is considering hosting a 
workshop to formulate the rules regarding the operation of the 
disaster prevention piers at normal times, but the 
administration and the operation of the piers and Inland 
navigation facilities remain as an issue. Some disaster 
prevention piers where municipalities bear the expenses and 
draw up the regulations are administered by the 
municipalities at normal times and by the national 
government in time of an earthquake. The details, however, 
are not defined. 

2.4 Anti-disaster measures based on disaster prevention 
plans of disaster prevention piers 

The Tokyo metropolitan government has concluded the 
agreement on transportation between thirteen boat and ship 
operators and the Fire and Disaster Management Agency, the 
Bureau of Construction and the Ports and Harbors Bureau, in 
the regional disaster prevention plan. However, the detailed 
operation remains unclear and is entrusted to the operators 
with full authority. Table 3 indicates that most municipalities 
have not concluded a disaster prevention agreement to 
evacuate the people who are unable to get home by boats. The 
government develops partnerships with public transport 

operators and has no adequate partnership with private sector 
entities, which exposes the weakness of the transportation 
infrastructure in time of an earthquake. Behind this lies the 
lack of radio communications networks for disasters and the 
insurance system which are available in the private sector, 
and the mechanism that clarifies the procedures of arranging 
boats and giving instructions and orders.  
Table 3: Presence or absence of disaster prevention 
agreement 
 
 
 
 
 
 
 
 
 
 
 

3 PUBLIC AWARENESS OF DISASTER 
PREVENTION AND EVACUATION BEHAVIOR 

3.1 Overview of survey 

We conducted an opinion survey of the users of Inland 
navigation on their awareness of disaster prevention, as 
shown in Table 4.  
Table 4: Investigation outline 
 
 
 
 
 
 
 
 

3.2 Need of Inland navigation in time of a disaster 

Fig. 1 shows the result of the survey on the need of Inland 
navigation when an earthquake occurs. Seventy-nine percent 
of respondents regarded it as necessary and 7 % as 
unnecessary, which shows a great need for Inland navigation 
in time of a disaster.  It is considered that people saw the 
damaged roads during the Great Hanshin-Awaji Earthquake 
and recognized the need of alternative traffic routes. 
 
 
 
 
 
 
 
 
 
Figure 1:  Recognition of the need of river boat 
transportation 

(12/12)
(8/12)
(2/12)

(1/12)

(1/12)

(5/12)
(1/12)
(5/12)

Wards in
Tokyo

No concrete operational plan at present

Details

* See it as a subject of  future investigation
* Incorporate the detailed operational plan in the regional disaster
prevention plan for the next year.

* Set no plan due to the difficulty in predicting the situation at a
time of disaster. Intend to use disaster prevention piers according
to the circumstances when the earthquake occurs.

* Unable to develop the plan because the property of  the river may
restrict the navigation of the boats.
* Consider the reception of supplies as a main operation.
* Consider the transportation for the rescue effort.
* Own no boat. Need to request the Tokyo Metropolitan
government to dispatch the boats when the disaster strikes, or to
make an agreement with a shipping company.

Tokyo
Metropolis

No uniform operational plan formulated

Details

* Entrust each ward with the specific operational plans, in compliance with the
article 5 of the Disaster Countermeasure Basic Act (obligation of
municipalities).
* Have no firm grasp of the navigable areas in the rivers.

Municipality Department in charge Concluded disaster prevention agreement
Edogawa Ward Disaster Countermeasures Division no
Katsushika Ward Disaster Prevention Department no
Adachi Ward Disaster Countermeasures Division no
Koto Ward Disaster Prevention Department no
Sumida Ward Disaster Prevention Department no
Arakawa Ward Disaster Prevention Department no
Chuo Ward Disaster Prevention Department no
Minato Ward Disaster Prevention Department yes
Shinagawa Ward Disaster Prevention Department no
Ota Ward Disaster Prevention Department no

Item Summary
Period August 1, 2008 ~ September 15, 2008
Type of boat 2 electric boats of 10 passengers
Fare Adult: 4,000 yen
Operating hours 4 hours
Method Interview, Self-completion questionnaire
Number of respondents 252 people
Navigation route Tour around Kanda River, Nihonbashi River and Sumida River

79 7 5 9

0% 20% 40% 60% 80% 100%

Necessary Not Necessary Neither Other
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3.3 Evacuation behavior in an earthquake disaster 

The public awareness of evacuation behavior in an 
earthquake disaster is shown in Fig. 2.  Thirty-nine percent of 
respondents said that they would walk home; 9 % walk to 
where they can take a taxi or a car; 22% take a boat and go 
home, if possible; 8% walk to a pier; 3% take a boat and go 
home; and 16% go to an evacuation center. The fact that 
about 40% of respondents intended to walk home during an 
earthquake indicates the low public awareness of the 
availability of Inland navigation and disaster prevention piers.  
In order to raise the awareness, it is necessary to disseminate 
information on the locations of the piers. 
 
 
 
 
 
 
 
 
 
Figure 2:  Evacuation behavior in times of earthquake 
disasters 

3.4 Awareness of using Inland navigation in an 
earthquake disaster  

Fig. 3 shows what people expect from Inland navigation 
during an earthquake disaster. Thirty-nine percent of 
respondents agreed that it could be used to transport goods; 
27% to transport people. Eighteen percent recognized its 
function as a hospital ship; 9% as a temporal evacuation 
center; and 7% as an accommodation. In order to respond to 
their diversified demand shown in the survey and make 
effective use of the boats, a concrete division of roles between 
administrative bodies and boat operators is required.  
 
 
 
 
 
 
 
 
Figure 3:  Awareness of using river boat transportation in 
times of earthquake disasters 

4 POSSIBILITY OF TRANSPORTATION OF SICK 
AND INJURED PEOPLE  

4.1 Problems of the structural design of disaster 
prevention piers  

Previous studies clearly show that the limited use of the 
disaster prevention piers at normal times prevents their full 
utilization in time of an earthquake disaster. The structures of 
the piers, which building codes are not defined in the 
Government Ordinance for Structural Standard for River 
Administration Facilities, lack sufficient consideration to 
vulnerable disaster victims. Many of the piers are not easily 

accessible to wheelchair users. A gurney cannot be used to 
transport sick and injured people and only the transport with a 
stretcher or by foot is possible (see Picture 1). 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Picture 1: Constructional example 

4.2 Disaster base hospitals  

The Tokyo metropolitan government has designated the local 
disaster base hospitals which are used in time of an 
earthquake disaster. There are also 152 rear area medical 
facilities and one field hospital system which is developed by 
the Ground Self-Defense Forces in the property of the 
municipalities who own disaster prevention piers. Six piers 
are within about 0.5 km as the shortest path from the rear area 
medical facilities; 4 are within about 1.0 km. Those 10 piers 
are accessible and they account for 14 % of the total. 

4.3 Navigability to disaster prevention piers 

The boats which can sail to the disaster prevention piers are 
limited due to the hull form, properties of the rivers, and 
fluctuation of physical environment. While all the intended 
boats can sail to the piers in Akashicho, the Wakasu Seaside 
Park, and Ryogoku, only small passenger boats can navigate 
in the Kanda River and the rivers in Koto Ward except the 
sections, such as the Onagigawa River, because of the 
restriction (Navigable width of the river > 1.5 × entire length 
of the boat). 

According to the Tokyo regional disaster prevention plan, 
the procurement of the affiliated boats starts from four days 
after the earthquake. If roads are blocked and no traffic is 
available immediately after an earthquake occurs, the water 
buses of the Tokyo Metropolitan Park Association are to be 
used as a way to transport medical staffs and severely affected 
people.  Privately-owned boats such as houseboats are not 
used in that situation. Since the water buses are not able to 
navigate in the Kanda River and the rivers in Koto Ward 
depending on the tide level and the restriction of the hull form, 
small boats are the mainstay of the transportation in an 
earthquake.  

Floodgates are closed as soon as an earthquake occurs, 
which make it impossible to use the waterway transportation 
to the disaster prevention piers located in the area below sea 
level. It also prevents boats from sailing the area enclosed by 
the floodgates.  

39 8 22 8 3 16 3

0% 20% 40% 60% 80% 100%

Walk home

Walk to where I can take a taxi or a car

Take a boat and  go home, if possible

Walk to a pier

Take a boat and go home

39 18 9 27 7

0% 20% 40% 60% 80% 100%
Transport  goods
Use as a hospital  ship
Use as a temporal evacuation center
Transport people
Use as an accommodation
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Figure 4:  Navigability 

4.4 Possibility of transporting sick and injured people 

Table 5 shows the possibility of utilizing the piers in 
transporting sick and injured people in the initial stage of an 
earthquake disaster. The Wakasu Seaside Park and the Ariake 
Passenger Ship Terminal in the Tokyo Bay area are available 
for receiving boats from urban rivers and cooperating with 
wide-area disaster management bases. The piers in Akashicho, 
Ryogoku and Shirahigebashi-south are available as a base of 
the banks of the Sumida River. Those five disaster 
prevention piers are expected to function as a center to 
transport sick and injured disaster victims.   
 Other piers have restrictions, such as operations of 
floodgates, conditions preventing navigation, and danger in 
transportation routes. Kameido, Tenjinbashi, and Ogibashi 
Lock Gate block the navigation due to the closure of the gates. 
Although the Yokojikken River and the Kanda River cannot 
be used in the initial period of an earthquake because of the 
procurement plan of Tokyo, the transportation of many sick 
and injured people become possible if the small boats which 
can sail the narrow rivers are available.  The waterway 
transportation is accessible in Ichibeigashi if quake resistance 
in inland areas is enhanced and the fire is contained.   
Table 5:  Possibility of transporting injured and sick 
people by disaster prevention piers 
 
 
 
 
 
 
 
 
 
 

5 CONCLUSION 

This study shows that there is a need to specify the rules 
regarding the administration and operation of disaster 
prevention piers in regional disaster prevention plans, to 
enhance public awareness of the piers, and to establish a 
system to transport vulnerable disaster victims efficiently. 
The concrete plan of administration and operation of the 
Inland navigation should be clearly incorporated in the 
disaster prevention plans of the municipalities and that of the 
Ministry of Land, Infrastructure, Transport and Tourism. 
Based on these observations, we propose the institutional 
design as follows. 

First of all, a council consisting of administrative bodies 
and private-sector entities should be established. It develops a 
system for operation, management and cooperation of 
disaster prevention piers. It also consolidates the disaster 
prevention support system which contains conclusion of 
disaster prevention agreements with private sector entities, 
rules of the uniform management of rivers, and a security 
system for boat operators. 

Second, we propose the development of an operational 
plan applicable to disaster base hospitals, disaster prevention 
piers, and boats suitable to its water area to construct a 
transportation network centering on each pier. It enables 
smooth and prompt transportation of sick and injured people 
in time of an earthquake. It is also important to organize a 
disaster mitigation system by developing information sharing 
system between hospitals and piers, and linking transmission 
systems, transportation operations and ship operations. 

Additionally, measures to support vulnerable disaster 
victims in an earthquake, such as development of structural 
standards of the disaster prevention piers friendly to their 
conditions, should be incorporated in the regional disaster 
prevention plans. Administrational and operational plans of 
the piers should also give attention to this issue. Furthermore, 
the system which enables the safe transportation of sick and 
injured people should be developed by promoting the 
accessibility of the piers at normal times.  

The development of these systems is considered to make 
the disaster prevention piers safer and enable more efficient 
use of the piers in time of an earthquake disaster.  
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Pier River Distance (m) Medical facility Type of boats
Obstacle in the initial

stage of disaster
Impact on water area

Potential
danger on the

land
Transportability

Akashi-cho 270-500 St. Luke's International Hospital Reception from water areas
Ryogoku 340-360 Doai Memorial Hospital
Shirahigebashi-south adjacent Shirahigebashi Hospital
Kameido 500 Tokyo Metropolitan Bokuto Hospital

Tenjinbashi 520 Yujin Hospital

Ichibeigashi Kanda River 720-1200 Juntendo Hospital, Surugadai Nihon University Hospital Securing of boats
Damaging road

bridges

Ogibashi Lock Gate Onagi River 960 Asoka Hospital Floodgate operation
Damaging road

bridges and
floodgates

Ariake Passenger Ship Terminal Tokyo Bay 700-820 Ariake Hospital

Wakasu Seaside Park Sunamachi-minami Canal 330 A field hopsital

Sumida River All types

Small boats

All types

/

/ / / Reception from urban rivers

Damaged
buildings,

Blocked roads
Transport to Ariake

Damaging road
bridges

Damaging road
bridges and
floodgates

Floodgate operation,
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ABSTRACT: The measure of strain that compares the initial and final 
configuration is called the finite strain, which is independent of the 
details of the steps toward the final configuration. When these  
intermediate strain steps are determined they are called incremental 
strains. The incremental strain may be more crucial for unraveling the 
deformation history of a formation than finite strain. In this paper two 
different strain sequence are considered for correlation and 
interpretation. For both the  strain sequences the finite strains reached 
are the same. In other words the initial and final configuration are 
identical. The steps or strain increments by which these final shapes 
were reached, are very different. It means the strain path of two 
examples is different, but  the finite strains are the same. In one 
example the incremental strains reflect a strain ellipse that becomes 
increasingly elliptical [the ratio of the long over the short axis [ X/ Y] 
becomes greater. In the second example the path  shows that the 
orientation of the X and Y axis was perpendicular to those of the finite 
strain ellipse during part of the history. Between these two examples 
the correlation co-efficient [r] is calculated. Geotechnically the two 
paths would represent very different strain histories of the formation, 
yet their finite strains would be identical. If the strain path is not 
followed accurately, many such important piece of information is lost. 
Geotechnically it means that the over consolidation ratio [OCR] for 
each strain path is different, because the geo fatigue experienced by 
each strain path is different. This interpretation is amply supported by  
correlation co-efficient[ r ].   
1.0 Strain Path  
The measure of strain that compares the initial and final 
configuration is called the finite strain ,identified by subscript 
f,which is independent of the details of the steps towards the 
final configuration. When these intermediate strain steps are 
determined they are called incremental strains identified by 
subscript i. The summation of all incremental strains (i.e.,their 
product) therefore , is the finite strain. There are many ways to 
measure finite strain in a rock,  
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but measurement of strain increments is more difficult. Yet, 
incremental strain may be more crucial for unraveling the 
deformation history of a rock or region than finite strain .The 
following figure 1 explains to explore the deformation history 
of a rock or region.(from Reference[1]as shown in figure1 
the finite strains for the distortion of a square in figure 1a and 
1b are the same, because the initial and final configuration are 
identical.The steps or strain increments by which these final 
shapes were reached , however, are very different. We say that 
the strain path of two examples is different , but the finite 
strains are the same. The path presented in figure 1a has 
incremental strains that reflect a strain ellipse that becomes 
increasingly elliptical . In other words , the ratio of the long 
over the short axis (X/Y)becomes greater .  The path in figure 
1b, on the other hand, shows that the orientation of the Xi and 
Yi axes was perpendicular to those of the finite strain ellipse 
during part of the history. Consider this in a geologic context; 
the  two paths would represent very different strain histories of 
a region, yet their finite strains would be identical. Therefore 
obviously, an important piece of information is lost without the 
knowledge of the strain path. It is therefore critical for 
structural analysis to distinguish finite strain from incremental 
strain.  
1.1 Coaxial and Non- Coaxial Strain Accumulation  
The principal incremental strain axis rotate relative to the finite 
strain axis, is called non-coaxial strain accumulation.The case 
in which the same material lines remain the principal strain 
axis at each increment is called coaxial strain accumulation as 
shown in figure 2a and 2b .  
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Figure 1The finite strains,Xf and Yf in (a) and (b) are the same,but the strain path by which each was 
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Figure 2  Non-coaxial [a] and coaxial [b] strain. The 
incremental strain axes are different material lines during 
non-coaxial strain. In coaxial strain the incremental strain axes 
are parallel to the same material lines. Note that the magnitude 
of the strain axes changes with each step. From [1]. 
 
2. CORRELATION 

     The word “correlation” is used to denote the degree of                          
     association between  variables. If two variables x and y are so  
     related  that variations in the magnitude of one variable tend to 
     be accompanied by variations in the magnitude of the other  
    variable, they are said to be correlated. If y tends to increase as x 
    increases , the variables are said to be positively correlated. If y 

decreases as x increases , the variables are negatively correlated 
    If the values of y are not affected by changes in the values of x , 
    the variables are said to be uncorrelated.  Correlation may also  

be linear or non-linear. If the amount of change in one variable 
tends to bear a constant ratio to the amount of change in the 
other variable , then correlation is said to be “linear”;because the 
scatter diagram would show a linear path. Here we shall be 
concerned with linear correlation or simple correlation only. 
This is measured by “Correlation Coefficient” 

 
   2.1 COVARIANCE 
   Given a set of n pairs of observations (x1 , y1 ), (x2,y2),…..(xn ,yn) 
    relating to two variables x and y , the covariance of x and y , 

usually represented by cov ( x, y) , is defined as      

   cov (x,y) =  
	


 ∑ሺ	࢞ െ    (ഥ࢟-y) ഥ࢞

  expanding the equation on the right, it can be shown that  

  cov ( x, y)  =		
࢟࢞∑


െ ቂ

࢞∑


ቃ	ቂ

࢟∑


ቃ 

  this is generally used for calculation as in [2]. 
 
 
 
 
 
 
 
 

   2.2 CORRELATION COEFFICIENT ( r )  
  Let (x1 ,y1) , (x2, y2) … (xn ,yn) be a given set of  n pairs of  
  observation on two variables x and y. The correlation coefficient 

or coefficient of correlation , between x and y  (denoted by the 
symbol  r ) is then defined as  

     r =  
௩ሺ௫	,௬	ሻ

ఙೣ			
 where σx and σy are the standard derivation of x 

and   
    y respectively  cov ( x,y) denotes the covariance of x and y 

(section 9.6). This expression  is known as Pearson’s product –  
    moment formula , and is used as a measure of linear correlation 

between x and y.The formula for r may be written in various  
other forms. Putting the explicit expression for cov(x,y) , σx and σy 

in (9.7.1), and multiplying both the numerator and the 
denominator by n , we have  

       r = 
∑ሺܠିܠ	ഥሻ	ሺܡିܡതሻ

ටൣ∑ሺ࢞ି࢞ഥሻ	.ሺ࢟ି࢟ഥሻ	൧
 

     now expanding  the expressions  
 

    r = 
∑௫௬ି௫௬തതതത

ටൣ∑൫	௫	²ି	௫²തതത൯	.		൫∑௬మି	௬²തതത൯൧
 

   
    Multiplying the numerator and the denominator  by n again  
    and  since nxത = ∑x and nݕത =∑y, we may write r   

       r = 
∑௫௬ିሺ∑௫ሻ	ሺ∑௬ሻ

ටൣሾ	∑௫మି	ሺ∑௫ሻ²ሿ	.ሺ	∑௬మି	ሺ∑௬ሻ²ሻ൧
        

     Note : In all the forms shown above , the denominators   
     contains two factors under the square root. They may be obtain  
     On replacing y by x , and x by y in the numerator. as in [2]. 
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           TABLE I Correlation Coefficient from strain ratios (x/y)     
                  from figure 1. 

 
    2.3 Properties of Correlation Coefficient: 
     
    (i) The correlation coefficient r is independent of the choice of 

both origin and scale of observations. This means that if  

    U = 
୶ିୡ

ୢ
 and  v = 

௬ି	ć

ď
    

    Where c,ć ,d ,ď are arbitrary constants (d and ď positive ), then  
     r xy = ruv  i.e. correlation coefficient between x and y  
            = correlation coefficient between u and v  
    In general , if X  = a + bx , Y = á + b` y, then  
      r xy  = ±  rxy 

     according as b and b` have the same sign or opposite signs.   
     (ii) The correlation coefficient r is a pure number and is 

independent of the units of measurement. This means that if, for 
example x represents height in inches and y weight in lbs., then 
the correlation coefficient between x and y will neither be in 
inches nor in lbs. or any other unit , but only in number.  

    (iii) The correlation coefficient r lies between  -1 and +1 ; i.e. r 
cannot exceed 1 numerically. 

       -1  r  +1 
 

²࢞࣌       =  
²࢞∑


  --ቀ

࢞∑


ቁ ² 

 

ો²ܠ  =  ቀ.


ቁ െ	ቀ.

ቁ ² 

 

       =	.	
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ો
ቀ		ୀ	ܡ

.
 ቁିቀ

.ૡ
 ቁ

² ²	  

 
     =  6.2 – (2.36)2 

 
    = 6.2 – 5.569 = 0.631 
 
 

 
 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 

Covariance  (x, y) = ቀ
ૡ.ૡ


ቁ െ	ቀ

.


ቁ	ቀ

.ૡ


ቁ 

 
                               = (7.656) – (3.1) (2.36) 
 
                              = 7.656 – 7.316 
                              = 0.34 
  

r =  
	ሻ	ܡ,ܠ	ሺܞܗ܋

ોₓોܡ
ൌ 	 .

ඥ.ૢૡ		√.
		ൌ 	 .

ሺ.ૠሻሺ.ૠૢሻ
 

 

   = 
.

.ૡૢ
 = 0.6083 

 
2.4 Strain History And Correlation Coefficient ( r ) 
(flexibility of r as a method ). 
The strain ratios need not necessarily be small values .The 
strain ratio can be larger in size. The statistical methods can 
handle different types of strain ratios. This is illustrated by a 
statistical method which is also applicable to strain ratios  
( coaxial stains ) The general data assumed to find the 
coefficient of correlation is given below : 
 
TABLE II Illustrative example for x,y. 

X 65 63 67 64 68 62 70 66 

Y 68 66 68 65 69 66 68 65 

 
Solution : Since the correlation coefficient is unaffected by 
change of origin ( and also scale ), let us change the origins of 
X and Y to 65 and 67 respectively so we can write x = X – 65 , 
y = Y – 67 .The new table for calculations for correlation 
coefficient is as follows : 
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TABLE III Correlation Coefficient ( r) data 
 

X Y x=X-65 y=Y-67 x2 Y2 xy 
( 1) ( 2) ( 3) ( 4) ( 5) ( 6) 7 
65 68 0 1 0 1 0 
63 66 -2 -1 4 1 2 
67 68 +2 1 4 1 2 
64 65 -1 -2 1 4 2 
68 69 +3 2 9 4 6 
62 66 -3 -1 9 1 3 
70 68 +5 1 25 1 5 
66 65 +1 -2 1 4 -2 
525 535 5 -1 53 17 18 

 
 
Conclusions : 

1. In a geologic context two different strain paths maybe 
very different in strain histories of a region yet their 
finite strains would be identical .without this if the 
finite strain analysis is carried out the correlation 
coefficient are will be unity or one.  

2. In reality the correlation coefficient is only 0.6083 
3. If an important strain history is lost and yet we get 

correlation coefficient as 1 is erroneous . 
4. The correlation coefficient r is flexible and the 

properties of r is capable of managing large data by 
shifting the origin as stated in illustration 2. 

5. The deviation of correlation coefficient from 1 
indicates different Geo – fatigue due to incremental 
strain during stress history of the region. 

6. By preparing correlation coefficient data for many 
Geo-profiles the stress history through strains could 
be prepared. 

7. Rapid change in strain data / correlation coefficient 
will indicate the complex Geology especially in 
Japan.  
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௩ሺ௫,௬ሻ

ఙₓʏ
ൌ
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ଵ

ටభయఱ
లర	

ൌ ଵସଽ

ඥሺଷଽଽ	ሻሺଵଷହሻ
ൌ 	 .65  

Therefore, the required correlation coefficient is .64 
The origin is changed to values near the means. The means of 
X and Y are 525/8 = 65.625 and 535/8 = 66.875 respectively. 
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ABSTRACT: This paper describes a series of  laboratory, pilot scale 
tests were performed on geocell reinforced sand beds with different 
number of geocell layers and with different heights of geocell in 
terms of H/D (H: the thickness of geocell and D: the loading surface 
diameter) under repeated loads to simulate the vehicle traffic loads. 
The influences of the thickness of geocell layers and arrangements 
of geocell layers embedded in bed were studied. Assessment of 
performance was investigated for different number of layers while 
the used mass of geocell material, was kept constant. For example, 
the experiment reinforced by two layers of geocell with H/D=0.5 has 
exactly the same mass of geocell compared with the experiment 
reinforced by one thicker layer of geocell reinforcement with 
H/D=1.0. The results show that the reinforced bed with more layers 
of geocell has more efficiency than one layer of geocell in reducing 
the surface settlement under repeated loading while the mass of 
geocell used in the foundation bed is kept constant.   
 
Keywords: geocell-reinforced sand; soil surface settlement, 
repeated load, geocell layers  

1. INTRODUCTION 

 
In recent decades, due to its economy, ease of construction 
and ability to improve the visual appearance, reinforced soil 
has been widely exploited in geotechnical engineering 
applications such as the construction of roads, railway,  
stabilization of slopes, improvement of soft ground, 
embankments and footings {(Das and Shin, 1994); (Raymond, 
2002); (Shin et al., 2002); (Hufenus et al., 2006); (Dash et al., 
2004); (Sitharam et al., 2007); (Al-Qadi et al., 2007); 
(Moghaddas Tafreshi and Khalaj, 2008);  (Sireesh et al., 
2009); (Moghaddas Tafreshi and Dawson, 2010a);  
(Moghaddas Tafreshi and Dawson, 2010b)}. Generally, when 
a reinforced soil is subjected to loading, it shows a higher load 
carrying capacity and a lower settlement compared with a soil 
mass without reinforcement {e.g., (Dash et al., 2003); (Yoon 
et al., 2004); (Patra et al., 2005)}. Among of the different 
types of geosynthetics-reinforcement, in the case of 
geocell-reinforcement, in addition to the tensile strength of 
the reinforcement and friction at the soil-geosynthetic 
interface, a confining stress will be developed on the infilling 
soil due to passive resistance provided by the cell structure 
{(Bathurst and Karpurapu, 1993); (Madhavi et al., 2006)} 
Thus, the lateral resistance in the geosynthetic restrains the 
lateral movement of the soil and, consequently, reduces the 
vertical deformation.  In this paper, an experimental study 
was conducted to understand the role of 
geocell-reinforcement to mitigate the hazardous effect of 
repeated loading. A series of tests on the single and double 
layers of geocell were performed to evaluate the role of 

 
 

different factors on the soil-geocell behavior such as number 
of geocell layers. 
 
2.    TESTING EQUIPMENTS 
The testing apparatus is comprised of three main parts include 
the loading system, the testing tank and the data acquisition 
system. The general arrangement of the laboratory test is 
shown in Fig.1. 
  

 
Fig. 1. General arrangements of tests. 
 
The loading system is composed of a loading frame, a 
hydraulic actuator and a controlling unit. The loading frame 
includes two stiff and heavy steel columns of 1600 mm height 
and a horizontal beam of 1270 mm length, which supports the 
hydraulic cylinder. The controlling unit is comprised of an 
electro-mechanical valve, which can regulate the intensity of 
the compressed oil required to produce a cyclic load with the 
desired amplitude and frequency. The soil beds were prepared 
in a test tank (rigid steel box) with inside dimensions of 
700mm in length, 700mm in width, and 600mm in height. 
According to the preliminary tests, the measured deflection of 
the side faces of the tank proved to be negligible and in the 
ranges to satisfy the rigidity of the system. The geometry of 
the test configurations for the geocell-reinforced bed is shown 
in Fig.2. In order to provide experimental control and 
repeatability of the tests, the compaction energy produces by 
means of hydraulic cylinder which applies constant pressure 
on a wooden stiff plate (680 mm * 680 mm). The wooden 
plate is fitted to the soil surface so all the energy will transfer 
to soil uniformly. A special data acquisition system was 
developed by which stress and settlement could be read and 
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recorded automatically. The system was able to read the data 
from channels simultaneously. An S-shape load cell was also 
used and placed in the loading shaft to measure the pattern of 
the applied loads on the trench surface accurately. Two 
LVDTs were placed on the loading surface to measure the 
settlement of soil surface during the repeated loads. The 
loading surface was simulated by a rigid steel plate and 
measured 110mm diameter (D) and 30mm thickness.  
 

  
Fig. 2. Geometry of geocell-reinforced foundation bed. 
 
3.    TESTING MATERIALS 
 
According to Fig. 2, the soil used in the tests was natural soil 
with grains size between 0.002 and 15 mm, D50=1.4 mm, 
Cc=1.2, Cu=13.86 and Gs=2.645. This soil is classified as SW 
in unified soil classification system. The maximum and 
minimum porosities of this soil (emax and emin) were obtained 
0.66 and 0.36, respectively. The relative density of soil was 
selected 70% in all of the tests.  Geocells used as 
reinforcement was made of a type of non-woven Geotextile – 
an innovative approach for use in ground stabilization. When 
cells fill with soil, the combination of geocell and soil 
provides an ideal surface for construction projects such as 
pavement, road, foundations, slopes, driveways and so on. 
The pocket size of the geocell kept constant of 50 mm). It was 
used at heights (H) of 25, 50, and 100 mm in the testing 
program. Fig. 3 shows an isometric view of the geocell used 
in the investigations. The engineering properties of this 
geotextile, as listed by the manufacture, are presented in 
Table 1. 
 

 
Fig. 3. Isometric view of the geocell 
 

Table 1. The engineering properties of the Geotextile used in the 
tests. 
Description Value 
Type of geotextile Non-woven polymer 
Type of polymer 100% polypropylene 
Area weight (g/m2) 190 
Thickness under 2 kN/m2 (mm) 0.57 
Thickness under 200 kN/m2 (mm) 0.47 
Tensile strength (kN/m) 13.1 
Strength at 5% (kN/m) 5.7 

 
4.    PREPARATION OF MODEL TEST 
 
At first the piston force and number of impact to achieve the 
desired density was determined by a series of trials with 
different piston force and number of impact. Sand was then 
compacted in layers of specific thickness depend on height of 
the geocell used to consistently maintain a relative density of 
70% in all the tests. According to the test type, each of the 
geocell-reinforced layer was placed carefully and prior to 
start compaction a surcharge approximately 10mm was 
applied above geocell-reinforced matters. Soil mixture placed 
either between the two geocell layers or inside the pocket of 
geocell. The surface of the soil was then leveled and the steel 
plate as a model of loading surface was centered in the testing 
tank. A load cell was placed in the loading shaft to record the 
applied loads and two LVDTs were placed on the steel plate 
accurately to measure the settlement of soil surface during the 
repeated loads. Reference {(Moghaddas Tafreshi and 
Dawson, 2010b)} reported that the optimum distance 
between of the topmost layer of the geocell and soil surface 
under repeated load should be approximately 0.1 times of the 
loading surface width. Hence, in this investigate in all tests 
the first layer of reinforcement was placed at u/D=0.1.  
 
5.    PATTERN OF APPLIED LOAD 
 
Trapezoidal load was used by many researchers for modeling 
traffic load and the loading arrangements were those 
representatives of typical trucks on LVRs in the United 
Kingdom. Although lorries may run with tyre pressures as 
low as 240kPa and as high as 900kPa, pressures of 400kPa 
and 800kPa were deemed to be closer to the operational 
values {(Brito et al., 2009)}.  
 

 
Fig. 4 Typical time history of initial static and repeated load on 
footing. 
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Fig. 4 shows the typical time history of applied load on the 
soil surface used in present experiments. As can be seen, the 
soil surface is subjected to a trapezoidal load having the 
minimum amplitude of 0 kPa and the maximum amplitude of 
400 kPa. A trapezoidal load cycles with a frequency of 0.5 Hz 
would be continued until the rate of change of total settlement 
drops to an insignificant amount or, alternatively, excessive 
settlement and unstable behavior is observed. In the case of 
stable tests, settlement due to up to 20,000 subsequent load 
repetitions was recorded. 
 
 
6.    TEST PARAMETERS AND TESTING PROGRAM 
 
14 tests in different series were planned and carried out in this 
research. According to table 2, the tests were scheduled to 
find out the effect of the distance between of the first geocell 
layer and second geocell layer (h), the number of geocell 
layers (N) and performance of a composite material 
(geocell-reinforced soil) on the behavior of foundation bed 
under cyclic load. All these variable parameters used to 
describe the tests are expressed in non-dimensional form with 
respect to loading surface width (D) as H/D and h/D. The 
value of b/D was kept constant 3.2 in all reinforced tests 
{(Moghaddas Tafreshi and Dawson, 2010a); (Moghaddas 
Tafreshi and Dawson, 2010b)}. It should be noted that some 
of the tests were repeated carefully at least twice to examine 
the performance of the apparatus, the accuracy of the 
measurements, the repeatability of the system, reliability of 
the results and finally to verify the consistency of the test data. 
The results obtained depicted a close match between results 
of the two or three trial tests with maximum differences in 
results of around 10%. This difference was considered to be 
small and is subsequently neglected. It demonstrates that the 
procedure and technique adopted can produce repeatable tests 
within the bounds that may be expected from geotechnical 
testing apparatuses. 
 
Table2. Tests schedule 

Type of 
reinforcement 

Number 
of 

geocell 
layers, N 

H/D h/D No. of 
Tests 

unreinforcement -- -- -- 1+1* 
geocell 

reinforcement 
1, 2 0.45 -- 2+2* 
2 0.25 0.1, 0.2 2+2* 
1 0.9 -- 1+1* 

 
7.    RESULTS AND DISCUSSION  
 
In this section, the tests results of the laboratory model are 
presented with a discussion highlighting the effects of 
investigated parameters. 
 
7.1.    THE EFFECT OF THE THICKNESS OF SAND 
BETWEEN TWO SUBSEQUENT GEOCELL LAYERS 
(h/D) 
 

In order to show the influence of the thickness of sand 
between two layers (i.e., the distance between two subsequent 
geocell layers: ratio h/D), two test series was done. Fig. 5 
summarizes the variation of the footing settlement 
(non-dimensional parameter as S/D) with time for the two 
geocell-reinforced beds (N=2) with a constant thickness of 
geocell (H/D= 0.45) and two different h/B values of 0.1 and 
0.2 (h/D = 0.1, 0.2) and also for unreinforced soil bed. The 
results illustrated in Fig. 5 show that in the case of geoecell 
reinforced beds, the rate of change of both the total settlement 
and accumulated plastic settlement reduces as the number of 
cycles (or time) increases.  
 

 
Fig. 5. Variation of settlement with time for unreinforced and 
reinforced beds (N=2, H/D=0.45 and h/D=0.1 and 0.2). 
 
The variation of settlement becomes stable after about 18000 
number of load cycles. Besides, Fig. 5 indicates that in the 
case of unreinforced bed, after the initial load cycles (about 
10 in this case), settlement of the footing increases 
significantly and then excessive settlement and, consequently, 
unstable behaviour is observed.  
The results depict for the reinforced beds the total footing 
settlement is considerably decreased relative to the 
unreinforced settlement. It is also clear that the rate of 
reduction in the total footing settlement reduces with increase 
in the value of h/D as no marked further decrease in footing 
settlement may be expected when the distance between two 
geocell layers, h/D increases to h/D>0.2.  
 
7.2.    COMPARISON OF SINGLE AND TWIN 
LAYERS OF GEOCELL REINFORCEMENT AT THE 
SAME MASS OF GEOTEXTILE MATERIAL USED 

 
The performance of single layer and twin layers of 
geocell-reinforcement, for the same mass of geotextile 
material used, in decreasing the settlement of a sand bedis the 
subject of Fig. 6 and Fig. 7. The variation of the footing 
settlement (in terms of S/D) with time (or number of load 
cycles) as a function of the number of layers of geocell (N) 
and thickness of geocell (H/D) as compared with 
unreinforced soil bed is shown in Fig. 6 and Fig. 7. 
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Overall, these figures indicate that for the same mass of 
geotextile material used, the value of maximum footing 
settlement decreases considerably due to more layers of 
geocell (N). On the other hand, the geocell-reinforced bed 
system with 2 layers clearly has a superior ability to reduce 
the maximum settlement of the footing as compared with the 
geocell-reinforced bed system with 1 layer system.  
For example, the maximum footing settlements for the 2 
layers of geocell-reinforced soil bed with H/D=0.225 (h/D= 
0.2) and for one layer of geocell-reinforced soil bed with 
H/D=0.45 at the end of loading are36% and 28% of the 
loading plate diameter, respectively (as per Fig. 6).  
 

 
Fig. 6. Variation of settlement with time for unreinforced and 
reinforced beds (N=2,H/D=0.225 with h/D=0.1 and N=1, 
H/D=0.45) 
 

 
Fig. 7, Variation of settlement with time for unreinforced and 
reinforced beds. (N=2, H/D=0.45 with h/D=0.2 and N=1, 
H/D=0.9) 
 
The increase in performance improvement of two layers as 
compared with one layer could be attributed to two following 
reasons (1) the thicker geocell may be made a major obstacle 
to achieve a suitable density inside of geocell's cells, 

consequently using more geocell layers with lower thickness 
(while the mass of geocell is kept constant) would be more 
beneficial, (2) if the reinforced zone is considered analogous 
to a beam, the competent thickness of soil layer between two 
layers increases the moment of inertia, and hence shear and 
bending rigidity of the geocell zone significantly increases 
Therefore, it would be expected the multiple geocell-sand 
mattress  has more effective than one layer with the same 
mass. 
The hysteresis loop of loading plate settlement for the 
unreinforced bed, the 2 layers of geocell-reinforced soil bed 
with H/D=0.225 (h/D= 0.2) and one layer of 
geocell-reinforced soil bed with H/D=0.45, shown in Fig.8. 
The hysteresis curve shows that there is an increase in the 
slope of the repeated pressure-settlement curve with an 
increase in the number of load–unload cycles. This 
corresponds to a reduction in the rate of change of peak 
settlement with number of load applications which, together, 
are indicative of a hardening of the reinforced system. The 
general behavioural patterns observed in these tests is in-line 
with those observed in the repeated load testing of 
unreinforced and reinforced bed as observed by several 
authors {(Moghaddas Tafreshi and Dawson, 2010b); 
(Werkmeister, 2005)}.  
 

 
Fig. 8. Hysteresis curve for unreinforced and reinforced beds 
(N=2, H/D=0.45 with h/D=0.2 and N=1, H/D=0.9). 
 
8.    SUMMERY AND CONCLUSIONS 
 
A series of laboratory tests have been carried out on the 
unreinforced and geocell-reinforced bed which is a 
representative of traffic load on the surface road. Benefits 
were assessed in terms of the decreased settlement of a soil 
surface subjected to the repeated loads. The various 
parameters studied in this testing program include: number of 
the geocell-sand mattress and thickness of sand between 
layers. The repeated load test results show that the rate of 
change in peak settlement and residual settlement reduced 
with the cycle numbers increasing. Also as the number of 
geocell layers increase, the settlement of the foundation bed 
decreased. Furthermore, the performance of the 
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geo-composite material increases when the number of 
reinforced layer increases, while the mass of geocell is kept 
constant. For example, the settlement for N=1 (H/D=0.45) is 
approximately 28% more than the settlement with N=2 
(H/D=0.225 and h/D=0.2) at the same mass of geocell. 
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ABSTRACT: Various sand deposits of varying gradation are 
available in different regions of Pakistan. The gradation of 
different sands was compared with the ASTM specifications. It 
was revealed that only two sands satisfy the ASTM gradation 
limits. The same was also confirmed by the results of 
workability and compressive strength. For betterment of the 
construction industry, optimization of sand was carried out. The 
grading curves of optimized sands became compatible with the 
ASTM specifications and the concrete made with improved 
sands showed up to 39% increase in compressive strength. The 
optimized sands were cost effective also. 

Key words: sand, concrete, Pakistan, Lawrencepur, stone dust, 

compressive strength 

1.  INTRODUCTION 

Since up to 30 percent of the total volume of concrete 
consists of sand/fine aggregate consequently fine 
aggregate characteristics significantly affect the 
performance of fresh and hardened concrete and have an 
impact on the cost effectiveness of concrete [1]. 
Gradation or particle size distribution of sand affects the 
properties of concrete like packing density, voids content, 
workability and strength [2]. Uniformly distributed 
mixtures generally lead to higher packing resulting in 
concrete with higher density and less permeability, and 
improved abrasion resistance. Consequently, uniformly 
distributed mixtures require less paste, thus decreasing 
bleeding, creep, and shrinkage [3]-[4]. The fine aggregate 
should be uniformly graded. If fine aggregate is too 
coarse it will produce bleeding, segregation and harshness, 
but if it is too fine, the demand for water will be increased 
[5].  
Various sand deposits of varying gradation are available 
in different regions of Pakistan. The existence of large 
water reservoirs usually transports finer sands towards 
downstream; consequently the sand in the Northern 
region is coarser as compared to the sand from Central 
and Southern regions. There is a general trend in the 
country to use coarser sand from Lawrencepur, a site 
located in the Northern region. Transportation cost of 
sand from this place to far flung areas in Centre and South 
makes any project cost intensive. This study was aimed at 
evaluating the grain size distribution and absorption of 

various types of sands in the light of ASTM standards and 
to contrast the effects of gradation on the strength and 
workability of concrete. Finally devising a technique for 
optimizing the gradation of fine sands by sieving the 
stone dust and mixing different fractions of stone dust 
with the natural sand to get optimized sand gradation and 
evaluating its effects on strength of hardened concrete. 
 
2. IDENTIFICATION OF SAND DEPOSITS 
 
Various well known material suppliers and construction 
firms were approached for identification of major sand 
deposits of the country. The locations of identified sand 
deposits are shown in Fig 1. 

3.  EXPERIMENTAL PROGRAM 

3.1  Sieve Analysis and Classification 

All the sand samples were classified by sieve analysis, 
carried out according to ASTM C-136-96 [6] and the 
classification of sand was done according to ASTM D-
2487-93 [7]. ASTM C-33-03 specifies the gradation limits 
for sands to be used as fine aggregate in concreting [8]. 
The gradation curves of all the sands were compared with 
the ASTM gradation limits to contrast the variations. 

3.2  Absorption Percentage 

All the sand samples were tested for their absorption 
percentage in saturated surface dry (SSD) condition 
according to ASTM C-128. 

3.3  Organic Impurities in Sands 

This test was conducted for all the sands according to 
ASTM C-40 [9]. The test procedure consisted of making a 
reference standard colour solution by dissolving reagent 
grade potassium dichromate in concentrated sulfuric acid 
at the rate of 0.25 gram per 100 ml of acid. The sand 
sample was filled in a glass bottle up to 130 ml mark and 
sodium hydro oxide solution (3% by mass in 97% water) 
was added up to 200 ml mark. The bottle was shaken 
vigorously and allowed to stand for 24 hours. After 24 
hours the colour of the sand solution was compared with 
freshly made reference colour solution. The darker colour
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Fig 1. Locations of Identified Sand Deposits 
 
 
than reference colour indicates the possibility of sand 
containing injurious organic impurities and requires 
further testing for sand before use in concreting. The 
lighter or equal colour means that the sand does not 
contain injurious organic impurities and no further testing 
is required. 
 
3.4  Evaluation of Sands in Concreting  

3.4.1  Concrete Mix 

The concrete mixes were prepared using sand / fine 
aggregate from eight different sources and remaining 
variables as constant with the cement: sand: coarse 
aggregate ratio of 1: 2: 4 (by weight) respectively, cement 
content (201.7 kg/cum) and water cement ratio of 0.5 with 
constant slump value. The course and fine aggregates 
were used in SSD condition. The course aggregate used 
was taken from Margallah quarry located in the Northern 
region. The cement used was Fauji cement (type 1, 
portland cement). The water used was normal tap water 
without any undesired colour. 
 
3.4.2 Workability of Fresh Concrete 

The workability was evaluated by measuring the slump of 
fresh concrete according to ASTM C-143. The concrete 
was filled in the slump cone in 3 equal layers with 25 
blows of tamping rod each. After leveling the top layer, 
the cone was lifted and slump was measured as reduction 
in original height. 
 
3.4.3  Compressive Strength of Hardened Concrete 
 
The test was conducted on 4x4 inches cubes (as per BS-
1881) and 4x8 inches cylinders (as per ASTM C-39). The 
compressive strength was determined at the age of 3, 7, 
14 and 28 days [10]-[11].  

 
 
 
 
4. TEST RESULTS AND DISCUSSIONS 
 
4.1  Sieve Analysis and Classification 
 
All the sand types are poorly graded sands classified as 
SP, except the Wadd sand which contains silt as well and 
classified as SP-SM. The Percentage of micro fines 
(material passing No. 200 sieve) is below 5% in all sands 
except Wadd sand which contains 9% micro fines. 
According to ASTM C-33, the allowable limit of micro 
fines in sand for concreting is up to 5% so all the sands 
satisfy the ASTM criteria except the Wadd sand. 
 
4.2  Comparison of Gradation with ASTM Gradation 
Limits 
 
The comparative results of all the sands with the ASTM 
gradation limits are shown graphically in Fig 2. All the 
sands are finer than ASTM gradation limits except the 
Qiblabandi and Bollari sand. The Qiblabandi sand is the 
best match to ASTM gradation limits while Bollari sand 
is little finer than Qiblabandi sand. 
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Fig 2. Sand Gradation versus ASTM Gradation Limits 
 
4.3  Absorption Percentage 

All the sands have absorption less than 3 % so they are 
within range of the limiting range as per BS-8007. The 
Qiblabandi sand has the lowest absorption percentage i.e. 
1.75% being the coarsest sand of all types while the 
Bollari sand has the highest absorption percentage of 
2.11% but it is also within range of the acceptable limit. 
 
4.4   Organic Impurities in Sands 

All the sand sample solutions have the colour lighter than 
the reference standard colour solution so all the sands do 
not contain injurious organic impurities and no further 
testing is required for the organic impurities (according to 
ASTM C-40). Consequently all the sands are suitable for 
concreting as per the results of this test. 
 
4.5   Workability of Fresh Concrete 

The slump values of the concrete made with different 
types of sands are ranging between 1.1 to 1.2 inches with 
same water cement ratio. This slump value was taken as 
constant for further compressive strength testing of 
hardened concrete. According to specifications, hand 
tamping was resorted in the preparation of cubes while 
vibrator insertions were used in preparation of cylinders 
[12]-[13].    

4.6   Compressive Strength of Concrete Cylinders and 
Cubes 

The compressive strengths of both of concrete cubes and 
cylinders follow the same trend line thus confirming the 
results. The comparative results of compressive strength 
of concrete cylinders are graphically shown in Fig 3. The 
Qiblabandi sand proved to be the best fine aggregate 
giving highest compressive strength of 3463 psi. 
Gradation meeting the ASTM specifications, lowest 
percentage of micro fines and within range fineness 
modulus of Qiblabandi sand are the supporting factors for 
the highest compressive strength. The trend of gradation 
of different sands as compared with the ASTM gradation 
limits is also confirmed by the results of the compressive 
strength. The Ghazi, Ravi and Chanab sands are below 
3000 psi which is not desirable for concreting works. 
 
5.   OPTIMIZATION OF SAND GRADATION 

Having observed the gradation of various sands, an 
endeavor was made to bring them within the specified 
limits of ASTM by adding a fraction of coarse material. 
The stone dust from Margallah quarry site was taken and 
various fractions of stone dust were produced by sieving 
the stone dust on Number 4, 8, 16, 30 and 50 sieves 
(These fractions are denoted as R4, R8, R16, R30 and 
R50 in this study). Different percentages of various 
fractions of stone dust were added to the sand samples 
and optimized samples were produced. The optimized 
samples were than tested for their gradation to check the 
compatibility with ASTM limits. The optimized samples 
were then used for making concrete cubes and cylinders 

thus determining the improvement in the compressive 
strength of concrete specimens. 
 

 

Fig 3. Comparison of Compressive Strength of 

Concrete Cylinders (psi) 

This resulted in significant improvement of sand 
gradation as well as the compressive strength of concrete. 
Six sands which were out of range of ASTM standards 
were optimized. Various different combinations were 
tried for making the improved sand samples to attain the 
best mix. 
 
5.1   Gradation of Optimized Sands 

The gradation curves of optimized sands were compared 
with the gradation curves of original sands in the light of 
ASTM gradation limits to determine the effects on the 
gradation curves. The comparison clearly shows that the 
gradation curves of optimized sands are satisfying the 
ASTM gradation limits where as the original ones were 
out of the limits. The comparison of original and 
optimized gradation curves is shown in Fig 4. 
 
5.2   Compressive Strength of Concrete  

The optimized sand samples were tested by making 
concrete cubes and cylinders with the cement: sand: 
coarse aggregate mix of 1: 2: 4 (by weight) and the 
variables like cement (201 kg/cum), water-cement ratio 
(0.5), curing conditions and course aggregate (Margallah) 
as constant. The concrete specimens were than tested for 
compressive strength at the age of 3, 7, 14 and 28 days to 
get the improved compressive strengths. These improved 
strengths were than compared with the original 
compressive strength values to get the percentage 
improvement. 
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Fig 4. Comparison of Optimized Gradation Curves 

with ASTM Limits 

 
5.3   Results of Compressive Strength of Optimized 
Sands 

The compressive strengths of both cubes and cylinders 
follow the same trend line thus confirming the results. 
The comparative results of compressive strength of 
concrete cylinders are graphically shown in Fig 5. The 
results show that there is significant improvement in the 
compressive strengths and all the improved sands are 
above 3000 psi which is the foremost requirement for a 
sand to be used in concreting works. The improved 
Lawrencepur sand and Durrani sand (with fineness 
modulus of 2.62 and 2.58) respectively are giving the 
highest strength of 3441 psi and 3547 psi respectively. 
 
6. COMPARISON OF ORIGINAL AND 

OPTIMIZED SAND PROPERTIES BASED 
ON COMPRESSIVE STRENGTH OF 
CONCRETE 

 
The cylindrical compressive strengths of optimized sands 
at the age of 28 days were than compared with the 
cylindrical compressive strength values of original sands 
to get the percentage improvement. 
 
 
 

 
Fig 5. Comparison of Improved Compressive strength 
of Cylinders (psi) 

 
6.1   Comparative Results of Cylinder Strength 

The comparative summary is shown graphically in Fig 6. 
The comparison of percentage improvement of optimized 
sands in comparison to original sands is shown in Fig 7. 
The results show that all the optimized sands gave 
increased compressive strength. The optimized Ravi and 
Chanab sands show the most significant increase of 37% 
to 39% in the compressive strength when compared with 
original sands. 
 
7.   CONCLUDING REMARKS 

Based on laboratory investigations and data analyses, 
following conclusions are drawn: 
 

 Local sands can be utilized in the construction 
projects by optimizing the gradation using stone 
dust to avoid high costs of transportation. 

 Even the best considered sand deposit requires 
fractions of stone dust to maximize its potential 
in concreting. 

 The optimized Ravi and Chanab sands show the 
most significant improvement of 37% to 39% in 
the compressive strength while the optimized 
Lawrencepur, Ghazi, Wadd and Durrani sands 
also show greater strength than original sands 
with percentage improvement of 8% to 16%. 

 The optimized Ghazi, Ravi and Chanab sands 
can be utilized in concreting works where as they 
were not suitable for concreting in their original 
form. 

 All the optimized sands show higher 
compressive strength than the original sands in 
concrete cubes and cylinders both and are above 
3000 psi which is the minimum criteria for any 
sand to be used as fine aggregate in concreting 
works. 

 
 

 
 
Fig  6. Comparison of Original versus Improved 
Cylinder Strength 



611 

 

 
 
Fig 7. Comparison of Percentage Improvement of 

Optimized Sands 
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ABSTRACT: The investigated landslide occurred in the spring of 
2004 on the road through the Balkan Mountains, Bulgaria. It was 
part of a larger ancient landslide that continues down the slope. To 
restore the traffic it was decided not to strengthen the whole land-
slide, but only the upper part near the road. It was designed and 
implemented strength support structure consisting of two rows of 
steel concrete piles incorporated by a beam. To prevent the influence 
of groundwater a horizontal drainage above the landslide was carried 
out. Geodetic monitoring network was built and periodic measu-
rements were held in the period 2005 - 2010 to monitor the beha-
viour of the structure. During this period the largest horizontal 
displacements were found in the area between first and second 
section of the pile construction. Geodetic monitoring was used to 
determine the most vulnerable area of the structure. It was reinforced 
with additional steel concrete piles combined with a beam. 
 
 
Keywords: landslide reinforcement, geodetic monitoring  
 

1. INTRODUCTION 

Roads often pass through hilly and mountainous areas and 
there a greater risk of old landslides activation exists. Some of 
the main causes of landslide appearance on mountainous 
roads are: steep gradient of slope, river erosion, weak soil 
cover above rock basement, usage of an unsuitable soil for 
construction of embankments, not enough geological survey, 
technological errors during execution of earth work as poor 
drainage and compaction of embankments, increasing the 
load due to more traffic and increase the weight of vehicles. 
The most common reasons are complex and lead to landslides, 
which reduce the width of the road or completely interrupt 
traffic through this section. The road Trojan-Karnare which 
crosses the Balkan Mountains is a typical example [1]. The 
aim of this study is to evaluate the trends of the observed 
deformations of the pile construction and to strength it. 

2. LANDSLIDE ACTIVITY AND CONTROL 
MEASURES 

2.1 Geology and geomorphology 

The region refers to highest part of the Balkan mountain. The 
southern slope of the mountain is consequent, deeply incised 
by many river valleys. The northern slope is steep only in its 

 
 

upper part, dismembered by river valleys in long transverse 
elevations. The territory in a close perimeter from the site is 
built of differing in genesis and composition rock complexes: 
Cherni Ossam Formation (соJ3t – K1bs) is characterized by 
thin fore-component rhythmic: sandstones, aleurites, marls 
and clayey limestones.  
Zlataritsa–Cherni Ossam Formation (z-соJ3k – K1bs) 
consists of alternation of thick benches with coarse 
two-component (flyschoid) rhythmic with benches, 
characterized by thin three-component rhythmic. 
Alluvial formations (аQh) are observed along the Beli and 
Cherni Ossam Rivers. Alluvium is represented by unsorted 
gravels and differing in grainsize sands and sandy clays. 
Deluvial (dQh) and eluvial (eQh) formations are built of 
sandy clays and differing in size gravels. They are observed at 
the foot of the slope sections. At some places the deluvial 
clays have significant thickness. The eluvial deposits are not 
thick and often they are entirely absent. 
A specific feature of the structures is their Early Cretaceous 
origin. They are distinguished by their linearity and moreover 
– by their complexity due to the numerous faults, most often 
normal faults, which is typical for the fold-block structure of 
the area. 
The region is characterized by low water abundance. The 
springs are very rare and have insignificant flow rate. They 
depend either on tectonic fissures or are formed in the base of 
Quaternary deposits. The groundwater is of the fissure type 
and is drained in the rivers. 

2.2 Landslide features 

The great distribution of clayey and flysch sediments, the 
strongly rugged terrain, the tectonic structure and the 
hydrogeological specific features create the conditions for the 
development of landslides along the valley slopes [2]. Their 
activation is associated with incorrect cutting of slopes and 
excessive loading from big embankments. The landslide 
activity has been repeatedly displayed, the last activation 
being in March, 2004. The developed landslide is a part of a 
bigger older landslide, which continues downwards along the 
slope. In the upper part its width is 36 m and the depth varies 
between 4,5 m and 6,3 m. The landslide body is formed by 
intensively mixed clays [3]. 
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2.3 Landslide control  

A radical solution to this landslide would be the construction 
of buttresses at the base of the slope foot, with the adequate 
drainage of the terrain. Due to different reason like private 
forests, the increasing range of the area and depth of the 
landslide under the road etc., it has been decided to develop 
stabilizing facilities in the close proximity of the roadbed for 
ensuring the road stability. The depth of the slide surface, the 
passing through a thick layer of asphalt concrete and an 
embankment of heterogeneous soil, as well as the 
requirement to carry out the construction works without 
stopping the traffic, made it necessary to perform the 
stabilization with a structure of two rows of piles, cantilever 
anchored in the strong marl layer, united by a beam (Fig.1). 
The piles were borehole-cast with a diameter of 0.4 m and a 
length of 10 m. The whole structure is 42.0 m long and [2] it is 
divided in three sections with a length of 14.0 m each. The 
grid is situated under the road bench and there are drainage 
openings in it with diameter 75 mm at a distance of 1.5 m 
from one another.  
To reduce the negative effects of ground water on landslide 
stability horizontal drainage above the road is built. Its 
purpose is to intercept water from the slope and take it away 
from landslide. 
 

 
 
Fig.1. Longitudinal cross section trough the pile wall 
1 – initial terrain, 2 – terrain after new landslide activation 

 
After implementation of the retaining structure landslide 
continued to move down the slope. For this reason the terrain 
sank and the top of the pilеs under the unifying beam partially 
had shown. 

3. GEODETIC MONITORING 

3.1 Geodetic grid  

Measuring and control system was built on the site for 
conducting geodetic surveying regime measurement. It 
consists of 2 pcs. basic benchmarks located outside the scope 
of the landslide and 6 pcs. observed benchmarks on the crown 
of unifying beam (fig. 2). Nine measurements have been 
carried out with a total station TOPCON GTS - 105 N during 
the period 2005 - 2010. Direct measurement accuracy for 
angles is 5" and for length 2 mm. Leveling of observed 
benchmarks is done by trigonometric leveling. Coordinate 
system is relative, as a starting benchmark was used BB 1 and 
conditionally accepted elevation 100.000 m. 
  

 
 
Fig.2. Location map of the geodetic measurement grid 
BB – basic benchmark, OB – observed benchmark 

3.2 Discussion 

The retaining pilе structure is subjected to the action of land-
slide pressure and dynamic loads from vehicles after its con-
struction. Because of these actions, it is strained and 
deformed. For this reason, relocations have been reported at 
the starting moment in all observed benchmarks (fig. 3). The 
landslide has a different depth in the area of pile construction 
and this affects the landslide pressure. It is the largest in the 
area between first and second section where the observed 
benchmarks 2 and 3 are located. There the largest displace-
ments are measured. 
The speeds of surveying displacements are not constant. For 
five years the vector displacement of observed benchmark 2 
is 74.46 mm, while for the benchmark 3 is 69.35 mm. The 
main part of these movements, respectively 40.01 mm and  
 
 



 

615 
 

 

0,0

25,0

50,0

75,0

100,0

125,0

30
.1

2.
20

04

30
.1

2.
20

05

30
.1

2.
20

06

31
.1

2.
20

07

30
.1

2.
20

08

30
.1

2.
20

09

30
.1

2.
20

10

time

ve
ct

o
r 

d
is

p
la

ce
m

e
n

t,
 m

m OB 1 OB 2

OB 3 OB 4

OB 5 OB 6

 
 
Fig.3. Diagrams of vector displacement of the observed benchmarks 

 
39.20 mm, were appeared during the first year of 
measurement. The trend is the gradual decay of the 
deformation. The most vulnerable area of the structure is in 
the area between first and second section. 
The landslide was activated several times in the past.  Then a 
new layer asphalt is performed to restore the level of road. So 
at this zone the thickness of asphalt in the sunken part of the 
road reached up to 3.10 m. This asphalt creates a barrier to 
groundwater and prevent their drainage, regardless of the 
constructed drainage. The water pressure on asphalt body 
increases additionally landslide pressure on the retaining 
structure. 

4. STRENGTHENING OF EXISTING 
CONSTRUCTION  

Horizontal displacement of a single pile is obtained according 
to following equation [4]: 

nnEI

l
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0

1                                                                 (1) 

   where: 

1  - horizontal displacement of a single pile with a free top 

on the level of the pile cap under the horizontal force H = 1, 
applied at this level. 
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where: 

0A - coefficient depending on the effective depth of the 

pile h ; 

EI -  stiffness of the pile; 

c - elastic characteristics of the pile; 

hh c                                                                               (4)     

К- modification of the subgrade reaction; 

b - effective width of the pile. For boring piles it has to be 
obtained trough: 

 )1(  dkkb f                                                                               (5) 

where: 

fk - coefficient depending on the form of the section of the 

pile. For a circular section fk =0.9; 
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 where: 

1k - coefficient depending on the number of drilling piles in a 

row parallel to the plane of action of the load, for n>4, 

1k =0.45; 

pL - average distance between the piles; 

The resulting displacements have not reached critical values, 
the structure is not threatened by the destruction and the trend 
of deformation is towards extinction, but to reduce the risk of 
new landslides activation and the interruption of the road it 
was decided to strengthen the construction in the area 
between first and second sections (fig. 4).  
 

 
 
Fig. 4. Plan of the most vulnerable zone of existing pile wall and additional 
strengthening with steel concrete support pile structure 

 
This reinforcement consists of four additional piles with 
diameter 320 mm and length 6.0 m, full of concrete B25 and 
reinforced with double T № 24, unified with reinforced steel 
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concrete beam Among the earlier support structure of the 
landslide and new one cross beams and short columns are 
applied (fig. 5). 

 
 
Fig.5. Cross section trough previously built pile wall (1) and new support 
structure (2) 
 

Additional support structure has been completed and it is 
expected that the displacements will be reduced completely. 
The monitoring of the construction should continue and the 
adequate measures should be taken, if necessary. 

5. CONCLUSION 

Landslides stabilization is a complex problem that requires a 
good understanding of geological, geomorphological and 
hydrogeological conditions of the particular landslide and the 
influence of various factors on its stability.  
The selection of earth retaining structures are often 
determined not only by geotechnical arguments but also by 
financial, economic and social considerations. 
Strengthening only a facility, such as this road, without taking 
into account the slope stability as a whole, can cause rupture 
of the landslide body, partially crossing the landslide masses 
between piles and stripping of the upper part of retaining 
structure. Ultimately, static scheme of strengthening changes 
and this can lead to deformation of the structure. The retai-
ning structure begins to strain after construction under the 
action of landslide pressure. The greatest load on it is in the 
section with the deepest slip  surface and most intensive 
landslide movements. This causes a correspondingly larger 
displacements in this zone. Subsequently, the load is redis-
tributed on the rest of the structure, hence deformations in this 
area delay and the landslide pressure is intaken more evenly. 

In such cases, very useful is to conduct geodetic monitoring. 
The data obtained make it possible to check the status of 
construction, the values of the displacements, the trends in 
their development. The most vulnerable area of the structure 
can be established and additional support to be implemented. 
In the case such action is timely taken the construction can be 
prevented from destruction. 
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ABSTRACT: This paper presents a new method for analysis 
tapered piles under lateral harmonic vibration. The behavior of 
tapered piles is assumed to be as elastic and linear. The soil consists 
of some elastic horizontal layers that they are homogeneous, 
isotropic, and linearly visco–elastic. The pile is divided to some 
segments and the differential equation for a given desirable 
segment is obtained and solved. Then the dynamic complex 
stiffness parameters are derived for the pile head. Parametric 
studies have been performed to investigate the influence of pile 
geometry, soil properties, and loading details on pile-soil system 
amplitudes. It has been found that under lateral harmonic 
vibrations, with increasing the pile taper angle, the resonant 
amplitude decreases. In addition, it has been concluded that under 
lateral harmonic vibrations, a tapered pile experiences lower 
amplitude than a cylindrical pile of the same length and material 
volume. 
 
Keywords: Tapered Piles, Lateral Harmonic Vibration,  
Stiffness, Damping 
     
1. INTRODUCTION 
There are various methods for studying behavior of 
dynamically loaded uniform piles. These are continuum 
approach (Novak, [1]; Novak and Aboul – Ella, [2]; and 
Nogami, [3]), boundary element method (Kaynia and 
Kausel, [4]; Sen, Kausel and Banerjee, [5]), lumped–mass 
method (Penzien, [6]); and finite element solutions (Blaney, 
Kausel and Rosset, [7]; Wolf and Von Arx, [8]; chow, [9]). 
Novak presented an approximate continuum approach to 
account for soil-pile interaction: it is assumed that the soil is 
composed of a set of independent horizontal layers of 
infinitesimal thickness, which extend to infinity. As each 
plane is considered independent, this model may be viewed 
as a generalized Winkler model. The planes are 
homogeneous, isotropic, and linearly elastic, and they 
consider being in a plane strain state. Using Baranov’s [10] 
solution for the horizontal soil reaction to a rigid circular 
disc with harmonic horizontal displacement (representing a 
pile cross section), Novak formulated the differential 
equation of the damped pile in horizontal vibration. He 
found the steady state (particular) solution for harmonic 
motion induced through pile ends, and used this solution to 
find the dynamic stiffness of the pile head for different 
boundary conditions. 
The existent methods are few for analyzing tapered piles 
under dynamic loads, so recently it has been attracted many 
investigators. The most studies in this piles, related to 
vertical harmonic vibrations such as finite difference method 
(Saha and Ghosh, [11]) and mathematical method (Xie and 
Vaziri, [12]).  

 
 

Investigations have been done on tapered piles includes: Full 
finite element, analytical solution and laboratory tests 
(Kurian and Moola, [13]), and centrifuge model tests (El 
Naggar and sakr, [14]). Field load tests were also conducted 
on tapered piles to investigate their load-carrying capacity 
(Rybnikov,) and indicate that bored cast-in-place tapered 
piles can have bearing capacity 20-30% higher than that for 
cylindrical piles with the same volume and same mean 
radius. The Ghazavi has also recently performed full-scale 
tests on a tapered pile driven into a cohesive soil profile in 
the field. These tests showed that, in long term, the tapered 
pile had 80% more capacity than a uniform pile of the same 
volume and length. Zil'berberg and Sherstnev [15] have re-
ported from their field tests that driven tapered piles in sandy 
soils can give a stiffer and stronger axial response resulting 
in a 200-250% increase in bearing capacity when compared 
to the capacity of cylindrical piles with the same volume and 
mean radius. The response of these piles under lateral static 
loads was also investigated El Naggar and Wei, [16]. El 
Naggar and Wei [17] also conducted tests in a pressure 
chamber on tapered model piles subjected to uplift loads. 
Ghazavi et al. [18] described the performance of tapered Pile 
during Pile driving and Ghazavi and Tavassoli [19] Study of 
Pile geometry on Pile driving. Also has proceeded analysis 
of kinematic seismic response of tapered piles (Ghazavi,  
[20]) and Response of tapered piles to axial harmonic loads 
and effect of angles on tapered piles has been discussed then 
obtained has been verified whit finite element methods and 
they were satisfactory (Ghazavi, [21]).  
SSM (Segment by Segment Method) is based on continuum 
method of Novak elasto- dynamic approach for analysis of 
piles. The SSM has been applied to uniform piles under axial 
compressive loads (Ghazavi et al. [22]), uplift static loads 
(Ghazavi et al. [23]), and axial and lateral harmonic 
vibrations (Ghazavi, [24], Ghazavi and Dehghanpour [25]) in 
this paper SSM was applied to analyze dynamic behavior of 
tapered piles under lateral harmonic loads. 
 
 
2. ANALYTICAL MODEL 
 
The characteristic effects of surrounding soil on the pile 
response are determined with stiffness   and damping 
parameters of soil – pile system. These effects can be taken 
in to account if a proper soil reaction is employed.  
For analyzing tapered pile, it was idealized to some 
cylindrical segments with different diameter that connected 
together by rigidly at nodes. This idealization was used in 
tapered piles under harmonic axial vibration [11-12] and 
[21]. 
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Surrounding soil reaction to the loaded tapered pile 
segments had been presented by Vs(z, t) and Vr(z, t), that 
shear resistance per unit length of the pile shaft and 
horizontal reaction at the horizontal annular projections of 
the pile shaft, respectively. Parameters z and t represent 
depth and time in order as shown in Fig l. 
 
 

 
Fig.1 Idealization of tapered pile for dynamic analysis in 

laterally inhomogeneous media using segment by segment, (a) 
Actual pile; (b) Idealized pile 

 

The soil response with time to motion of the pile toe, Fb(t), is 
taken as that of a viscoelastic half – space to rigid, mass less, 
circular disc of radius rb undergoing harmonic vibration. This 
can be expressed as:  

)()],,(),,([)( 21
tuDvaiCDvaCrGtF bbububbb                        (1)   

Where Gb is the soil shear modulus at the pile toe, Cul , Cu2 
are dimensionless complex parameters given in the form of 
polynomial expressions (Veletsos and Vbric, [26]),  ub(t) is 
the toe horizontal displacement, rb is pile radius at the pile 

tip, 
b

b
b V

r
a


  ,  where Vb is shear wave Velocity of soil 

below the tip,   is circular frequency,   is Poisson's ratio, 
D is material damping.  
The soil reaction on the pile is represented by springs and 
dashpots, which are modeled on elasto – dynamic theory. 
The interaction of the soil and the pile is then determined for 
each segment according to the characteristics of soil. This 
interaction can be demonstrated by a complex displacement, 
shear force, rotation and bending moment at the end of the 
adjacent segment. This procedure is performed from the 
lowest pile segment and extends to the next upper segment. 
This manner is continued to reach the topmost segment. That 
is why this procedure is called the SSM (Ghazavi [18-25]). 
In the analysis, it is assumed that the soil reaction associated 
with a given soil layer is identical to that of an infinite rigid 
pile undergoing a uniform displacement of the same 
properties as the soil of that layer. This assumption is 
essential to the solution and will be examined subsequently 

using other, existing solutions. This assumption has also 
been used by other researcher [2]. In one dimensional finite 
element analysis of cylindrical piles under torsional 
vibrations, Novak and Howell also used the same 
assumption. A somewhat similar assumption was also made 
and by Mylonakis and Gazetas [30] for axially loaded 
cylindrical piles in a layered soil profile. It is note that 
Novak and Aboul – Ella used finite element method (FE) for 
analysis of piles embedded in inhomogeneous soil and 
subject to lateral harmonic vibrations. By considering the 
typical embedded segment j at depths, shown in Fig 1 and on 
the basis of the above assumption, the following governing 
dynamic differential equation of a soil – pile system 
subjected to harmonic lateral load can be obtained [1]: 
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Where mpj the pile mass per unit length, Cpj is the damping 
coefficient of the pile material, EpjIpj is the bending stiffness 
of the pile segment j, Gsj is the shear modulus of the soil 
layer surrounding  the pile segment j , uj (z, t) is the local 
time – dependent complex amplitude at depth z from the top 
of segment j and Suj is Complex dimensionless soil 
resistance parameter defined elsewhere [1] as a function of 

Poisson's ratio and dimensionless frequency, 
sj

oj
j V

r
a


    

Here roj is the pile segment radius,   is the circular 
frequency, and Vsj the shear Wave velocity of the soil 
surrounding the pile segment j.  
The four terms in (2) represent the inertia force due to 
lumped mass of the pile, the damping force of pile material, 
the lateral interaction between pile segments, and the soil 
resistance, respectively. For harmonic vibration, the local 
displacement uj (z, t) is given by:  

 ti
ejj zutzu )(),(                                                                  (3)   

Where uj(z) is the complex amplitude at depth z from the top 

of segment j and   is the excitation frequency: 

  )()()( 21 ziuzuzu jjj                                                                 (4) 

Combining (2) and (3) gives  
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The above equation can be solved explicitly. The solution for 
the displacement at a point at vertical distance z below the 
upper node of segment j is given by: 
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Where Aj, Bj, Cj and Dj are integration constants determined 
using appropriate boundary conditions.  
If the displacement, rotation, shear force and bending 
moment transmitted by the pile at node 2 of segment j are 
know, the integration constants Aj, Bj, Cj and Dj can be 
calculated. Thus, the displacement, rotation, bending 
moment and shear force at node 1 of segment j are 
respectively given by (8a-8d). 
 
3. PARAMETRIC STUDIES FOR PILE GEOMETRY 

EFFECT 

In this section, four type of piles whit difference geometry 
under lateral harmonic load and have same length and 
volume had been studied and the results are compared. 
Properties of tapered piles and soil have presented in Table 
1. All piles are 10m of length and there volumes are 1.36 m3. 
Pile C is cylindrical. Pile T-C consists of a top tapered 
segment with 5m length and a lower cylindrical segment 
with 5m length. Pile C-T has top cylindrical part with 5m 
followed by a tapered part with 5m length. Pile T is tapered. 
Taper angles of piles are 5.0  and 5.1  that has been shown 
in Fig 2 and Table 2. 
  

 
 

Fig. 2 Pile configurations 
 
 
 

 Table2. Dimension of tapered piles for Fig 3. 

 

 

 

 

 

 

3

2
22

3
2

23
2

1
2

)cosh(cos)cos(cosh)sin(sinh)sin(sinh

jpp

jjjjjjjjppjjjjjppjjjjj
j

jj

jjjj

IE

hMuIEhIEhV
u



 


 

jjpp

jjjjjjjjppjjjjjppjjjjj

j
hIE

hMuIEhIEhV

j

jjjj

2

2
22

3
2

23
2

1
2

)sin(sinh)sinh(sin)cos(cosh)cosh(cos









 

2

2
22

3
2

23
2

1
2

)cos(cosh)cos(cosh)sin(sinh)sin(sinh

jj

jjjjjjjjppjjjjjppjjjjj

j
h

hMuIEhIEhV
M jjjj










 

3

2
22

3
2

23
2

1
2

)sin(sinh)sin(sinh)cos(cosh)cos(cosh

j

jjjjjjjjppjjjjjppjjjjj

j
h

hMuIEhIEhV
V jj








 

(8a)- (8d) 
 

Table1. Properties of tapered piles and soil 

Radius of equivalent circular pile, req
* 0.208 m 

Shear wave velocity in soil, Vs 84m/s 

Soil Poisson’s ratio, s 0.45 

Soil unit weight, s 17.5 kN/m3 

Pile modulus of elasticity, pE  1.962×107 

kN/m2 

Soil modulus of elasticity, sE  3.58×104 

kN/m2 

Pile unit weight, p 25 kN/m3 

(* req is radius of cylindrical pile of the same volume and length as 

tapered pile) 

 

 

 
 

 

 

 

 

 

 

 

5.1 5.0 Taper 
Angle

Piles

D2=0.126m D1=0.65mL=10m D2=0.326m D1=0.5m L=10m T 
D2=0.416m D1=0.416

m 
L=10m D2=0.416m D1=0.416mL=10m C 

D2=0.342mD1=0.603mL2=5
m 

L1=5
m 

D2=0.393mD1=0.48mL2=5
m 

L1=5
m 

TC 

D2=0.2111
m 

D1=0.4729
m 

L2=5
m 

L1=5
m 

D2=0.3497
m 

D1=0.4369
m 

L2=5
m 

L1=5
m 

CT 
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SSM was applied with assumption pinned–ended for all of 
above piles and Fig. 2 illustrate the dimensionless amplitude 
lateral versus the excitation frequency for piles with taper 
angles 5.0   that results have been shown in Fig. 3 the T 
pile have the least lateral and rotary response amplitude and 
after T Pile. There are T –C, C-T and C respectively. 
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Fig. 3 Variation of lateral dimensionless amplitude versus 

frequency for T pile ( 5.0 ) 

It is noted that in the C piles, the resulted values of are exactly 
the same as those reported by Novak [1].  
In Fig. 4, the dimensionless amplitude lateral versus the 
excitation frequency had been compared based on taper 
angle in T pile and observed with increasing taper pile, 
dimensionless response amplitudes will decrease.  
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Fig. 4. Comparison variation of lateral dimensionless amplitude 

versus frequency for T pile according to taper angle 
 

5. CONCLUSION  

A simple approach, called SSM, has been presented in this 
paper for determination of stiffness and damping parameters 
of laterally loaded tapered piles subjected to harmonic 
vibrations. The soil-pile interaction in this method is 
modeled within each segment and applied via the segment 
nodes to the analysis of the adjacent segment. Therefore, the 
stiffness and damping parameters for the whole pile-soil 
system are determined. According to results SSM, T, TC,  

 

CT and C piles respectively have the least lateral and rotary 
response amplitude and observed that for tapered piles of the 
same volume and length under lateral harmonic vibrations, 
with increasing the taper angle, the resonant frequency 
increases slightly. However, the reduction of the amplitude 
is more pronounced. 
The SSM is an efficient and simple method for analysis of 
tapered piles under harmonic vibration. In particular, the 
effects of the soil in homogeneity in the vertical direction 
even with complicated stratifications can be easily captured. 
This method involves less computational work than 
available numerical method based on the FE. 
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ABSTRACT: Soil nailing due to its unique advantages has gained 
great popularity in recent years. In urban areas, the impact of the 
created excavation on the surrounding structures and utilities is of 
great consequence. This paper is mainly focused on the investigation 
of the ground movements in soil-nailed walls. 1g models were 
constructed to study the impact of nail inclination on the movements 
induced by the excavation. Despite the limited use of 1g models 
owing to some similarity problems, they can provide valuable results 
with low costs. An intermediate method was used to simulate the 
excavation process and images were captured during this process. 
Then the captured images were analyzed using particle image 
velocimetry (PIV) method. The results provide a better 
understanding of the deformations in the soil-nailed walls. 
 
Keywords: nail inclination, physical modeling, PIV, soil 
nailing 

1. INTRODUCTION 

In recent years, due to an increase in urban construction there 
seems a necessity to create deep excavations to build new 
structures. Experience shows when the importance of the 
impact of the ground movements resulted from the created 
excavation on the adjacent structures is underestimated, great 
costs have been inflicted upon engineers. Soil nailing, due to 
its rapid construction and competitive costs, has gained great 
popularity in recent years. Ground movements induced by 
soil nailed excavations are relatively large compared to other 
retaining structures; however, this could be somewhat 
controlled using the optimum layout of the nails. This 
research was done to find the optimum layout for the nails. As 
discussed in Clouterre (1993) [1], the nails are more efficient 
at controlling lateral displacements of the structure when 
there is no inclination. A numerical study on the optimum 
layout of soil-nailed slopes was conducted by Fan and Luo 

(2008) [2]. Effect of nail orientation and geometric layout on 
the overall stability of soil–nailed slopes with various 
geometric conditions was investigated using a non-linear 
finite element approach. Stability of soil–nailed slopes was 
evaluated in terms of factor of safety. They found the 
horizontal placement of the nails to be the optimal nail 
orientation for slope angle of 90˚. The effect of the nail skew 
angle of soil nailing wall was investigated by Bang and 
Chung (1999) [3]. They developed a finite element method of 
analysis utilizing the generalized plane strain approach to 
analyze three dimensional stress, strains, and displacements. 
Shafiee (1986) [4] used finite element method to investigate 
the impact of the nail inclination on soil-nailed wall 
deformation. He concluded that the horizontal placement of 
the nail leads to a smaller deformation than the inclined nails. 

 
 

Experimental studies conducted by Marchal (1984) [5] 
showed that the direction of the nails with respect to the 
potential failure surface plays a role in the mobilization of 
tension and shear. Jewell (1980) [6], [1] experimentally 
verified that the optimum direction for the mobilization of 
tension in the flexible nails is approximately 30˚ in relation to 
the normal at the shear surface. The above mentioned list of 
the studies just gives a brief account of the conducted 
research and is not complete for the sake of succinctness. This 
paper is focused on the investigation of the effect of the nail 
inclination on the movements of the soil behind the 
soil-nailed wall. 1g models were constructed to study this 
issue and particle image velocimetry (PIV) method was 
employed to further investigate its behavior. PIV is an image 
analysis technique developed by D. J. White and W.A. Take  
in Cambridge [7]  

 
2. MODEL PREPARATION 
 
The dimensions of the box used for the tests were 
100 60 30cm. It was made of steel plates with the thickness 
of 3mm and stiffeners were used to minimize its deformation 
under the applied stresses. The box had a side made of 
plexiglass with a thickness of 3cm so that the model 
deformation could be monitored during the tests. Another 
plate of plexiglass was glued onto the opposite side of the 
plexiglass side in order to create symmetrical models and to 
reduce the sidewall friction. Dry sand was used to construct 
the models. The properties of sand are presented in Table Ι. 
The dry sand was pluviated using a special perforated 
container to construct uniform and repeatable models. Nails 
were made of rods with the diameter of 3mm.The end part of 
these rods were threaded using a threading die in order to use 
nuts to fix the nails on the facing. A uniform layer of sand was 
glued onto the nails to create rough nails which increased the 
diameter to 4mm. Hard facing was used in this research. It 
was made of an aluminum plate with the thickness of 1.5mm, 
and width and height of 30cm each. Since there is a good 
connection between the shotcrete and the facing in prototype 
walls, another uniform layer of sand was glued onto the inner 
surface of this plate and a rough surface was created. The 
thickness of the facing increased to 2mm after the sand was 
glued. The layout of nails is shown in Fig.1. Thirteen nails 
were used in the models. 
 

Table Ι. Properties of the used sand 

Φ GS CC CU γdmin γdmax 
28˚ 2.637 0.87 1.36 14.20 

KN/m3 
16.76 
KN/m3

Investigation of Ground Movement in Soil-nailed Walls Using 1g Models and 
PIV Method 

H. Mahdavi and M. Hajialilue-Bonab, Civil Engineering Department, University of Tabriz 
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Fig. 1. The layout of the nails and the dimensions of the facing 

 
3. TESTING PROCEDURE 
 
The first stage of the model construction involved pluviating 
the dry sand from a special perforated container, which was 
held approximately 50cm above the test box to gain 
uniformity. When an appropriate height was achieved, the 
facing was placed in the box. Then the pluviating process 
continued in both sides of the facing until the first row of the 
nails was reached. Then the nails were placed with the 
intended inclinations. In the next step, sand pouring was 
resumed on both sides of the facing and the model 
construction was completed. In order to model the 
construction process of soil-nailed wall, the fill on the front 
side of the facing was excavated to model the top down 
construction phases of the wall. The excavation was 
conducted in 8 stages using vacuum in the vicinity of the wall 
to prevent any disturbance. Images were captured using a 
Canon PowerShot G10 camera with the resolution of 14.1 
megapixels and a CCD sensor. Remote Capture software and 
a PC were used to capture the images in order not to disturb 
the camera during the test. Two 1000W lamps were used to 
illuminate the models during the production of images. Figs. 
2 and 3 show how the excavation process is modeled. 
 
 

 
 

Fig. 2. A completed model 
 

 
 

Fig. 3. Excavation of soil in front of the soil-nailed wall 
 
4. RESULTS OF THE 1G TESTS 
 
The details for the conducted tests and the schematic 
diagrams for them are presented in Table ΙΙ. Five models were 
constructed using different nail inclinations and all the other 
variables (such as Sv, Sh, nail length, back slope…) were 
considered to be control variables.  
 

Table ΙΙ. Details of the tests 
Test 
No.

Nail 
Inclination

Nail 
Length 

Test Configuration 

1 0˚ 30 cm 

2 10˚ 30 cm 

3 20˚ 30 cm 

4 30˚ 30 cm 

5 40˚ 30 cm 
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GeoPIV [8], [9] and Matlab software programs were used to 
analyze the captured images and to calculate the displacement 
vectors and shear strains in the soil behind the soil-nailed wall. 
In Figs. 4-7, both x and y axes are normalized to the wall 

height (H), and the origin is assumed to be the wall toe ( =0, 

=0). As shown in Figs. 4-7, the displacement vectors 

increase with increasing nail inclination. The reason for this 
could be explained in terms of tensile force in the nails. As the 
inclination of the nails increases, the tensile force in the nails 
decreases; therefore, the overall shear strength of the slope 
decreases [6]. The displacement observed in the test with the 
nail inclination of 40˚ was large and caused wild vectors in 
the results. The comparison of displacements for different 
cases is presented in Fig. 8. The displacement of wall top is 
chosen for this comparison. 

 

 
Fig. 4. Displacement vectors for nail inclination of 0˚ 

 
 

 
Fig. 5. Displacement vectors for nail inclination of 10˚ 

 

 
Fig. 6. Displacement vectors for nail inclination of 20˚ 

 

 
Fig. 7. Displacement vectors for nail inclination of 30˚ 

                

 
 

Fig. 8. Wall top displacements for different nail inclinations 
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In Figs. 9-12, the maps for shear strains are presented. Strain 
maps give a better view of the shear bands formed in the soil 
mass. The red color denotes large deformations and the blue 
color is assigned to zero strains. Same strain ranges (0-0.5) 
were chosen for all the diagrams in order to make a 
comparison between different tests. It can be clearly seen that 
with the inclination of the nails increasing, the movement of 
the soil increases i.e. the red colored area gets bigger. 
 

 
Fig. 9. Shear strains for nail inclination of 0˚ 

 
Fig. 10. Shear strains for nail inclination of 10˚ 

 

 
Fig. 11. Shear strains for nail inclination of 20˚ 

 

 
Fig. 12. Shear strains for nail inclination of 30˚ 

 
The other important issue is the interesting pattern of multiple 
shear bands formed in the nailed mass. Using Matlab Image 
Processing Toolbox and Curve Fitting Toolbox the shape of 
these shear bands were determined as parabolic. In Figs. 
13-16, the parabolic shear band and its formula are presented. 
It is worth mentioning that the axes and the presented formula 
are in pixels.  
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Fig. 13. Parabolic shape of the shear band, nail inclination=0˚ 

 

 
Fig. 14. Parabolic shape of the shear band, nail inclination=10˚ 

 

 
Fig. 15. Parabolic shape of the shear band, nail inclination=20˚ 

 
Fig. 16. Parabolic shape of the shear band, nail inclination=30˚ 

 
 
5. CONCLUSIONS 
A number of conclusions can be drawn from the 1g tests 
conducted in this research. The results are summarized as 
follows, 
 

- Displacement vectors increase with increasing nail 
inclination 
 
- Shear strains in the retained soil behind the wall 
increase with increasing nail inclination 
 
- The shear bands formed behind the nailed-wall 
with parabolic shape 
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